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ABSTRACT

The research presented in this report is a part of a larger research program on the seismic
rehabilitation of reinforced concrete frames using steel plate shear walls. Steel plate shear walls
are highly ductile, but seismically deficient reinforced concrete frames tend to be incompatible
due to their lack of ductility. Therefore, this rehabilitation scheme requires the improvement in
ductility of the concrete frames. The research presented herein is a comprehensive experimental
and analytical investigation into the improvement of behaviour of seismically deficient reinforced
concrete columns through confinement by steel collars. The experimental research was divided

into two phases.

In the phase 1 experimental program, the axial behaviour of collared columns was investigated
and it was demonstrated that a significant enhancement in both strength and ductility can be
achieved. In the phase 2 experimental program, the behaviour of collared columns under axial
load and lateral cyclic loading was investigated. The results showed that the confinement arising
from the presence of the collars leads to excellent cyclic behaviour, indicating that this scheme
shows promise of being an effective means of rehabilitating seismically deficient reinforced

concrete columns.

Existing concrete confinement models are unable to predict the behaviour of collared columns
because of the lack of an explicit flexural stiffness parameter. Therefore, a new confinement
model has been developed that takes into account the significant flexural stiffness of the
confining elements. This model requires as input the behavioural curves of collars in terms of the
confining pressure versus lateral strain relationships. These curves are obtained through finite
element analyses. Non-dimensional models were also developed for the confining behaviour of

HSS collars and solid steel collars with rigid corner connections.

Using the confined concrete material curves obtained by the proposed model, good predictions
of the behaviour of the axially loaded columns tested in phase 1 were obtained. Moreover,
envelopes to the moment versus drift hystereses were determined using the model that showed
very good agreement with the experimental results up to a lateral drift of about 10% for columns
tested with a long shear span and 5% for columns tested with short shear span in the phase 2

experimental program.
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NOTATION

shear-span;
a coefficient in Ramberg-Osgood model;

a factor to account for collar smearing;
variables of a physical problem;

A. = A, - A, ; area of the concrete in the gross column
cross-section,

cross-sectional area measured out-to-out of the transverse
reinforcement;

area of core bounded by centreline of perimeter ties

for conventional columns;
gross area of the column for collared columns;

area of cross section of a side of collar;
gross area of the section;

area of the reduced concrete core due to spalling of concrete
cover and parabolic spalling between ties;

total cross-sectional area of transverse reinforcement
(including crossties) within spacing  and perpendicular to
dimension &, \=2%4,,);

tie /!
cross-sectional area of the spiral;

cross-sectional area of the spalling concrete in column core;
cross-sectional area of longitudinal bars of column;
cross-sectional area of one leg of the hoop reinforcement;

distance from extreme compression fiber to the neutral axis of section;
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distance from the centroid of the tensile steel to the extreme

compression face of the column;

distance from the compression face of concrete to the

reinforcing bars in compression;

diameter of longitudinal bars of columns;

diameter of concrete core measured out-to-out of spiral;

diameter of spiral steel;

distance between the centroid of tensile and compressive longitudinal
bars of a columns;

area of ith moment versus curvature loop;

maximum elastic strain energy;

energy dissipated in ith loop of column under lateral cyclic loading;

cumulative normalized energy dissipated under lateral cyclic loading;

secant modulus of elasticity of unconfined concrete;

the slope of an ith secant line to average confining

pressure versus lateral strain curve of equivalent confining tube;

the slope of a general secant line to average confining pressure

versus lateral strain curve of equivalent confining tube;
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Ji

slope of an ith secant line corresponding to a general point i on the

),

confined concrete material curve; (EC )l, = ;
€

cc/i
initial tangent modulus of elasticity of unconfined concrete;
cumulative energy damage indicator;

modulus of elasticity of steel;

reference value of modulus of elasticity of steel;

stress of unconfined concrete in the spalling concrete;

compressive strength of concrete based on standard cylinders;

stress in concrete due to axial for columns under lateral cyclic loading;

conc_

4

c

applied stress on confined concrete in column; f,. =

stress of confined concrete corresponding to a general point i on the

confined concrete material curve;

strength of the confined concrete of the columns, (max. of £, );

lateral confining pressure;

unconfined concrete strength of the column; ! = 0.85f;
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/. cer = stress of confined concrete in the reduced core;

f. = stress in steel longitudinal bars of the column;

f = stress in longitudinal steel bars due to axial for columns
under lateral cyclic loading;

Sowe = stress in steel collars at true strain, ¢,,, ,

Sy = yield strength of steel;

fyh = specified yield strength of the spiral or hoop reinforcement;
Sog = reference value of yield stress of steel;

h = depth of the column cross section;

h = cross-sectional dimension of the column core, mm;

measured center-to-center of confining reinforcement, (= /; );

h = maximum horizontal spacing of hoop or crosstie legs on all
faces of the column,

= width of column (inside length of a collar);

column

Roer = depth of the collar perpendicular to column axis;
h, . -
= length of most damaged region of columns under cyclic loading;

I e = moment of inertia of collar;
K. _ .

s = strength enahcement factor;
H, = height of concrete column measured from the top of footing;
H, = distance of the point of application of lateral from the base of the column;
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ocep

ocef

distance of the point of application of vertical load from the column base;

maximum horizontal loads in columns under lateral cyclic loading;

ratio of enhancement in concrete strength to the lateral confining pressure;

modulus of toughness up to peak load;

modulus of toughness up to failure;

modulus of toughness for column concrete up to peak load;

modulus of toughness for column concrete up to failure;

strength enahcement factor;

length of column from base to the point of application
of horizontal load;

plastic hinge length;
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location of strain gage No. 1 on the longitudinal bars of the column;
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location of strain gage No. 5 on the longitudinal bars of the column;

location of strain gage No. 6 on the longitudinal bars of the column;

location of strain gage No. 7 on the longitudinal bars of the column;
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L = location of strain gage No. 8 on the longitudinal bars of the column;

L, = location of strain gage No. 9 on the longitudinal bars of the column;
L, = location of strain gage No. 10 on the longitudinal bars of the column;
L, = location of strain gage No. 11 on the longitudinal bars of the column;
L, = location of strain gage No. 12 on the longitudinal bars of the column;
L, = plastic hinge length;
M = applied moment on a column;
My = yield moment;
M, = ideal flexural strength;
M _ . . . .

max = maximum moments in columns under lateral cyclic loading;
M,. = nominal flexural strength based on confined concrete;
M, .. = nominal flexural strength based on unconfined concrete;
(M i ) = peak moment in a cycle;
M., = flexural strength at the first yield of tensile longitudinal steel

based on confined concrete;
M., = flexural strength at the first yield of tensile longitudinal steel
based on unconfined concrete;

N p = cumulative curvature ductility ratio;
n = strength enhancement ratio;
n = a coefficient in Ramberg-Osgood model;
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axial load on column;

maximum load carried by the concrete of the column, (max. of P

conc )’

maximum load carrying capacity of the column as obtained from test;

theoretical capacity of the column; P, =0.85f/( A, - A, )+ A, f,;

theoretical capacity of the column concrete; P,, = 0.85f( A4, - 4, );

theoretical capacity of the concrete core

of the column; P, =0.85f/(A,, -4, );

occ

theoretical capacity of the concrete core reduced

by spalling; P, =0.85f/(A,.. -A,);
total axial load on columns under lateral cyclic loading;
axial load load shared by concrete of columns under lateral cyclic loading;

axial load shared by steel longitudinal bars of columns
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1. INTRODUCTION

1.1 Foreword

With the rapid development of the science of earthquake engineering, many associated changes
have been made over the past three decades to design codes and standards. As a result of
these changes, many existing buildings have been deemed seismically deficient. Older codes
generally relied on the provision of strength to resist seismic loads without giving due
consideration to proper detailing to enhance ductility and energy dissipation at potential locations
of plastic hinges. New codes are based on the design philosophy of reducing seismic forces by
producing ductile, energy-dissipating structural systems that undergo inelastic structural
response during an earthquake. Buildings can also become seismically deficient simply due to
the rezoning of seismic activity in the area, which is related to developments in the geo-sciences.
A change of function of the building or a change of occupancy can also make the building
seismically deficient. For example, a building satisfying the Life Safety performance level for a
design earthquake may need to be upgraded to satisfy the Immediate Occupancy performance

level (ATC, 1976) if its function changes during its design life.

The collapse and damage of reinforced concrete buildings in recent earthquakes around the
globe have confirmed the existence of a large number of seismically deficient reinforced concrete
buildings. These buildings need to be seismically upgraded. The seismic performance of a
structure during an earthquake depends on its mass, stiffness, strength, deformability (ductility),
robustness, damping (energy-dissipating capability), and the characteristics of the ground motion
itself. The rehabilitation objectives can be achieved by modifying one or more of these

characteristics.

1.2 Seismic Rehabilitation

After the 1971 San Fernando, California earthquake, in which many reinforced concrete buildings
collapsed and/or became severely damaged, revolutionary changes were made in codes for the
design and detailing provisions for earthquake-resistant concrete structures and these codes
have continually been upgraded since then. At the same time, attention was given to the
rehabilitation of existing seismically deficient reinforced concrete structures. Various rehabilitation
schemes have been developed. Some schemes work primarily through the enhancement of

strength and stiffness, while others work predominantly through the enhancement of



deformability (ductility) and damping, resulting in the reduction of earthquake demand on the

structures.

Theoretically, it is possible to achieve certain rehabilitation objectives by increasing strength or
stiffness only. Generally, however, it is not possible to increase strength or stiffness alone. For
example, the addition of concrete shear walls, steel braced frames, steel moment resisting
frames, steel bracings, or buttresses would all increase both the strength and stiffness of the

structure.

The rehabilitation objectives may also require increasing the overall deformability of the structure
by increasing the deformability and energy dissipation capabilities of its critical components. This
can be achieved, for example, through jacketing. Different types of jacketing have been used in
the past for the rehabilitation of reinforced concrete frame elements such as: (1) concrete
jacketing; (2) steel plate jacketing; and (3) jacketing by composite materials. The enhanced
ductility of the structural members arising principally through confinement may not be utilized fully
due to the presence of non-ductile joints elsewhere in the seismically deficient structure and due

to drift limitations according to certain performance objectives.

Rehabilitation objectives can also be achieved by reducing the earthquake demand on the
structure by installing base isolation devices and/or energy dissipating units. In order to install the
energy dissipating units, a steel frame may also need to be installed on which energy dissipating
units are mounted. Due to installation of this frame, the stiffness of the structure also increases.
Energy dissipatation capability of the structure can also be improved by providing concrete

confinement.

The focus of the larger research program, of which this report is a part, is to investigate the
performance of seismically deficient reinforced concrete frames rehabilitated by thin, unstiffened
steel plate shear walls. These walls resist the lateral load through the development of a tension
field after out-of-plane buckling of the plates occurs. There exists no evidence in the literature of
a case where such a steel plate shear wall has been used as a means of rehabilitation for the
seismic upgrade of a reinforced concrete building. However, stiffened steel plate shear walls
have been used in the past for the upgrade of seismically deficient reinforced concrete buildings
in two known cases (Baldelli, 1983; and Robinson and Ames, 2000). The rehabilitation objectives
were achieved through the enhancement of strength and stiffness only. Ductility and energy
dissipating capabilities of the steel plate shear walls could not be mobilized because of the

presence of a non-ductile reinforced concrete frame bordering the steel plate shear wall.



Steel plate shear walls have also been used as a primary lateral load resisting system in a
number of new high-rise buildings, primarily in Japan and North America, to resist wind and
earthquake loads (Thorburn et al., 1983; Driver et al., 1996; Fujitani et al., 1996; Celebi, 1997;
and Astaneh-Asl, 2001). In earlier research, buckling of the steel plate shear wall was considered
to be the end of its useful behaviour. Hence, in several existing buildings with steel plate shear
walls as a lateral load resisting system, the out-of-plane buckling of the plate was prevented
either by providing stiffeners or by using thick steel plates. In Japan, heavily stiffened steel plate
shear walls are used that develop their full plastic strength prior to out-of-plane buckling. These
walls not only resist the large earthquake-induced lateral loads but also dissipate
earthquake-induced energy (Takahashi et al., 1973). In the United States, thick steel panels were
provided in early steel plate shear wall buildings to prevent out-of-plane buckling of the steel

panels under shear loading.

Later, work at the University of Alberta proposed the use of thin, ustiffened steel plate shear
walls. These provide an excellent lateral load resisting system for wind and earthquake loading,
especially in zones of high seismic activity. The system can be idealized as a vertical plate girder
cantilevered from its base, as shown in Figure 1-1. The boundary columns are analogous to the
flanges of the plate girder and the beams serve as the stiffeners. The boundary beams and
columns can be connected to each other either with shear connections or moment-resisting
connections. By providing moment-resisting beam-to-column connections, the redundancy of the

system is greatly improved.

1.3 Unstiffened Thin Steel Plate Shear Walls

The purpose of steel plate shear walls is to resist bending moment and shear force due to the
lateral load resulting from wind or earthquake. The shear force is resisted by the development of
a diagonal tension field in the steel infill panel. The bending moment is resisted primarily by the
development of axial loads in the columns. In plate girders, the bending stiffness of the flange is
low and is generally unable to provide anchorage to the diagonal tension field, resulting in a
partial diagonal tension field developing to resist the shear force. This limitation is overcome in
steel plate shear walls by providing flexurally stiff boundary columns that provide anchorage to

the diagonal tension field.

1.3.1 Evolution of Unstiffened Thin Steel Plate Shear Walls

Steel plate shear walls have been used as a lateral load resisting system in a number of

buildings, primarily in Japan and North America. It was Wagner (1931) who first demonstrated



through the behaviour of aluminium panels under shear used in aircrafts that the useful
behaviour of the panels does not end with their out-of-plane buckling. He demonstrated that if the
panels under shear loading are provided with stiff boundary members, the load-resisting
mechanism of the panels changes from pure shear to a diagonal tension field. He assumed that
the shear capacity of the aluminium panels with stiff boundary members depends purely on the
tension field action, usually called pure diagonal tension field theory. For relatively thicker panels
for which the buckling strength is not negligible, Kuhn et al. (1952) and Kuhn (1956) developed
an incomplete tension field theory based on the assumption that panel shear capacity depends
on both the diagonal tension field and the pure shear. Later, Basler (1961) extended the

incomplete diagonal tension field theory to the design of plate girders for shear.

Stiffened steel plate shear walls have been widely used in Japan to resist seismic lateral load.
Takahashi et al (1973) tested 12 single panels (stiffened and unstiffened) and two single bay,
two-storey, full-scale stiffened steel plate shear walls with and without reinforced openings, under
lateral cyclic loading. The stiffened single panels and steel plate shear walls (in which
out-of-plane buckling was prevented) showed excellent hysteretic behaviour under cyclic loading.
The hystereses were stable and exhibited little pinching, indicating that a significant amount of
energy was absorbed. Conversely, the unstiffened panels showed pinched hysteretic behaviour.
Based on this work, Takahashi et al. (1973) recommended that the elastic out-of-plane puckling
of the steel plate should be prevented. Only inelastic buckling of the individual panels between
the stiffeners was permitted. Although the energy absorption capability of the steel plate shear
walls increases significantly due to stiffening, the cost involved in stiffening the panels may

become prohibitive.

Later, the post-buckling strength of the steel plate shear wall was recognized in Japan by Mimura
and Akiyama (1977). They proposed a model to predict the behaviour of unstiffened steel plate
shear walls (with steel plates that buckle before reaching their shear yield loads) under

monotonic and cyclic loading.

In the early 1980s in North America, it was recognized that the post-buckling strength of steel
plate shear walls should be considered in their design and both analytical (Thorburn et al., 1983)
and experimental research (Timler and Kulak, 1983) was initiated to substantiate this idea. Later,
Tromposch and Kulak (1987) tested another steel plate shear wall specimen similar to the one
tested by Timler and Kulak (1983), but with some important differences. The major differences
between the work of Timler and Kulak (1983) and Tromposch and Kulak (1987) are: 1) In the
Timler and Kulak specimen, pin connections were provided between the beams and columns,

while in the Tromposch and Kulak specimen conventional shear connections were provided; 2) In



the Timler and Kulak specimen, no axial load was applied to the columns, while in the
Tromposch and Kulak specimen axial load was applied to the columns except in the last cycle
where the specimen was pushed monotonically to its ultimate capacity; 3) The Timler and Kulak
specimen was subjected to three cycles of loading up to the service load deflection and then it
was loaded monotonically to failure in one direction, whereas the Tromposch and Kulak
specimen was subjected to 28 fully reversed cycles with increasing load magnitude up to 67% of
the ultimate load capacity. Then the specimen was pushed in one direction up to its ultimate
load; and 4) In the Tromposch and Kulak specimen, relatively stiff boundary beams were used to

provide better anchorage to the thin infill panel.

Driver et al. (1996, 1998a, 1998b) reported the test results of a half-scale, four-storey unstiffened
steel plate shear wall under lateral cyclic loading and constant gravity load. This was the first
large-scale multi-storey test and was conducted to verify existing theories and design formulae.
The specimen was fixed at the base and lateral loads were applied horizontally at the four floor
levels and service gravity loads were applied to the columns. Moment-resisting beam-to-column
connections were provided to maximize the ability of the wall to dissipate energy under seismic
loading. This test provided further evidence supporting the suitability of unstiffened steel plate
shear walls for seismic applications. A nonlinear finite element model was also developed to
predict the behaviour of the large-scale steel plate shear wall. The strip model, developed by
Thorburn et al. (1983) was also substantiated by applying it to the large-scale steel plate shear

wall.

Lubell et al. (2000) reported quasi-static tests on two single- and one four-storey unstiffened steel
shear wall specimens. Each specimen was of one-fourth scale. The results showed significant
energy dissipation and good displacement ductilities exhibited by these walls. The strip model
developed by Thorburn et al. (1983) was used to predict the behaviour of these wall panels. It
was found that the strip model gives good prediction of the post-yield strengths (ultimate
capacities) of the steel plate shear wall specimens. However, the predictions of the elastic
stiffness of the specimens by the strip model were not satisfactory.

Rezai (1999) reported the seismic behaviour of an unstiffened steel plate shear wall under
shake-table tests. The specimen consisted of a single bay, four-story shear wall specimen of
one-fourth scale similar to the one tested by Lubell et al. (2000) under quasi-static loading. Due
to the limited capacity of the shake-table, the specimen could not be failed (the steel plate did not
yield). The effect of the first mode was found to be dominant. It was reported that the frequency
of the first mode of vibration decreased (, i.e., the time period of the fundamental mode of
vibration increased) with an increase in the amplitude of vibration of the shake-table due to a



reduction in the stiffness of the SPSW specimen at these large amplitudes of vibration. It was
concluded from the results of shake-table tests, that the design of steel plate shear walls would
often be controlled by the limit on lateral drift and not by strength. Based on this fact, the need for
the development of a sophisticated analytical tool for the accurate prediction of the stiffness of

steel plate shear wall was emphasized.

Behbahanifard (2003) reported the test results of a single bay three-story shear wall specimen
under seismic loading. The specimen consisted of the top three storeys of the four-storey
specimen tested by Driver et al. (1998a). For the accurate predictions of the behaviour of steel
plate shear walls, finite element models based on nonlinear dynamic explicit formulations were

developed.

Recently, the concept of the unstiffened steel plate shear wall has also gained popularity among
the researchers of other countries such as the United States (Cacesse et al., 1993; Elgaaly et al.
1993; Xue and Lu, 1994; Elgaaly and Liu, 1997; and Astaneh-Asl, 2001) and the United Kingdom
(Roberts and Sabouri-Ghomi, 1991; and Sabouri-Ghomi and Roberts, 1992).

1.3.2 Characteristics of Steel Plate Shear Walls

Based on the observations and test results of previous research, it is known that properly
designed steel plate shear walls possess superior ductility, robust resistance to degradation
under severe cyclic loading (stable hysteretic behaviour), high capacity for plastic energy
absorption, strength and high initial stiffness, high redundancy when moment-resisting
beam-to-column connections are provided, and less weight on the foundations as compared to
concrete shear walls, which further reduces the seismic loads on the building. Conventionally, in
steel frame buildings in Canada, concrete shear walls have been used as the lateral load
resisting system. After a significant amount of research on steel plate shear walls, it has become
evident that steel plate shear walls provide a competitive, and potentially superior, lateral load
resisting system with respect to economy and performance. In addition to the attributes listed
above, steel plate shear walls occupy less usable space as compared to concrete walls.
Moreover, the speed of construction of steel plate walls is higher than that of reinforced concrete
shear walls. Caccese et al. (1993) reported that cost savings of as much as 50% were achieved
in structures employing steel plate shear walls as compared to comparable moment resisting
frames. Similarly, it has been shown by Troy and Richard (1979) and Timler et al. (1998) that the
steel plate shear walls are more cost-effective than moment resisting frames and reinforced

concrete shear walls. Disadvantages of steel plate shear walls are that they require some form of



fire protection and may be susceptible to vibration when used as a shear core surrounding

elevators.

1.3.3 Steel Buildings with Steel Plate Shear Walls

Thorburn et al. (1983) reported that the Shin Nittetsu Building is the first steel building in Japan,
completed in 1970, in which steel plate shear walls were used as the lateral load resisting
system. This is an office building constructed for the Nippon Steel Company of Tokyo. The
building consists of 20 floors and was provided with five H-shaped stiffened steel plate walls to
resist the lateral loads. The 2.75 mx3.7 m steel panels of thicknesses varying from 4.5 mm in
upper storeys to 12 mm in lower storeys were stiffened orthogonally. The fire protection was

provided by encasing the steel plates in 50 mm thick dry wall.

Roberts (1995) reported that the second steel building in Japan in which stiffened steel plate
shear walls were used as the lateral load resisting system is the 53-storey Shinjuku Nomura
Office Tower. Stiffened steel plates of 3 mx5 m of thickness varying from 6 to 12 mm were bolted
to the frame members to form eight T-shaped shear walls. Sprayed fire protection of 50 mm thick

was applied to the steel plate shear walls.

The Olive View Medical Center building located in the northeast San Fernando valley, California
is the first building in the United States in which stiffened steel plate shear walls were used as a
primary lateral load resisting system. The reconstruction of this building was commenced in 1976
after the original building was badly damaged in the 1971 San Fernando earthquake and was
razed. As a reaction, this new building was kept highly stiff. In this six-storey building, reinforced
concrete shear walls were used in the lower two storeys and stiffened steel plate shear walls
were used in the four upper storeys. The thickness of the steel plates varied from 16 mm to
19 mm. This building sustained the January 17, 1994 Northridge earthquake safely with minor
structural damage but considerable non-structural damage and is located 16 km from the

epicenter of this earthquake.

In the 16-storey Moffit Hospital building in California, both concrete and steel plate shear walls
were used as lateral load resisting systems. The steel plate thickness varies from 10 mm to
32 mm. The reinforced concrete shear walls were placed around the elevator core to avoid the
problem of vibration due to the elevator movements. To provide more rigidity and fire resistance,
additional reinforced concrete walls of 250 mm thickness were constructed and connected on

both sides of the steel plate shear walls by reinforcing ties.



The lateral load resisting system of the 30-storey Hyatt Regency Hotel in Dallas, Texas consists
of steel braced frames in the long direction of the building plan and stiffened steel plate shear
walls in the short direction. The thickness of steel plates varies from 13 mm to 39 mm. The

construction of this building was completed in 1978.

1.3.4 Seismic Rehabilitation of Reinforced Concrete Buildings

Two known seismically deficient reinforced concrete buidings have been upgraded using
stiffened steel plate shear walls: (1) the VA Medical Center in Charleston, South Carolina and (2)
the Oregon State Library. A description of these buildings is given in the following. However, no
evidence was found of the use of unstiffened steel plate shear walls, which resist lateral load by
the development of a diagonal tension field, for the rehabilitation of seismically deficient

reinforced concrete frames.

1.3.4.1 VA Medical Center in Charleston, South Carolina (Baldelli, 1983)

During the San Fernando earthquake in 1971, two Veterans Administration hospitals collapsed
and as a result, all VA hospitals in the areas of earthquake activity were evaluated structurally.
The VA Medical Center in Charleston, South Carolina was found to be seismically deficient and it
was decided to strengthen the hospital complex consisting of several buildings. The three main
buildings each consisted of flat slabs with columns at 6.1 meters on center in the two major
directions and were originally designed to resist lateral loads caused by wind only. The resulting
design base shear was about 3% of the total dead load and was carried by isolated stair walls
and by frame action. According to the new VA earthquake code at the time of the upgrade, the
structure should be able to resist a base shear equal to 15% of the total dead load. It was found
by analysis that the columns of the buildings were severely over-stressed under this base shear

And, therefore, it became necessary to strengthen the complex.

It was decided to strengthen the buildings by adding shear walls in both the transverse and
longitudinal directions of the buildings. They provide additional load-resisting elements and
reduce the span of the roof and floor diaphragms. Previously, only concrete shear walls were
used in strengthening VA buildings but for the Charleston VA hospital, many of the new shear

walls were constructed of steel.

The analysis results showed that the central wing of the building in the transverse direction could
only be rehabilitated by adding shear walls at four locations approximately 30.5 meter apart.

Thus, in the five story building, a total of 60 shear walls (4 frames x 3 walls per floor x 5 floors)



were required. The walls could be either concrete or steel. The VA required that during the
strengthening operation, disruption of service in the building should be a minimum. Moreover, the
use of hospital floor space should be kept to a minimum and the new shear walls needed to be

able to accommodate future penetrations for piping or ducts.

In order to meet the above demands, shear walls made of steel were used for the interior
locations and concrete shear walls were used for the exterior locations between the columns.
The steel shear wall panels incorporated vertical and horizontal stiffeners and were prefabricated
and connected in place to minimize the disruption. A subpanel can be removed easily to create
an opening for ducts and the surrounding stiffeners can be strengthened. The connections of the
panel were designed in such way that welding can be done from one side only. Buckling of the
web plate was not permitted in the design of the steel plate shear wall panels. This design
feature was controlled by the thickness of the web plate and the area of the web plate enclosed
by stiffeners. Edge plates were provided at the end of the panel to make the connection with the
concrete frame with anchor bolts. The rehabilitation of the building was done by increasing

strength and stiffness without making use of the ductility of the steel plate shear walls.

1.3.4.2 Oregon State Library in Salem, Oregon (Robinson and Ames, 2000)

This building was constructed in 1937 as a cast-in-place reinforced concrete frame with pan joist
floors framing into rectangular girders and columns. After about 60 years of service, it was found
that the building required seismic strengthening. It was required that the library building remain
open and functional during the rehabilitation operation and that the renovation and strengthening
design preserve the historic finishes of the building. To meet these objectives, the seismic
upgrade of the building was completed using stiffened steel plate shear walls. The construction
of steel plate shear walls was less disruptive to building’s occupants as compared to the
construction of reinforced concrete shear walls. Furthermore, the moisture created during the

concrete pouring operation could damage the historic books in the building.

The steel plates were designed such that they could be carried by two workers and installed
manually without using cranes or large equipment. The connection of the steel plates to each
other was made with the help of structural Tees, which also acted as stiffeners for the plates.
Bolted connections were used instead of welded connections to avoid the risk of fire in the
library. The existing building had no well-defined lateral load resisting system so it was assumed
that the existing building was unable to resist any lateral load. Therefore, the steel plate shear
walls were designed to resist the full design lateral load. The connection of the steel plate shear

walls to the existing reinforced concrete building was made with both drilled-in expansion type



and adhesive type anchors. The seismic rehabilitation of the building was accomplished by
increasing the lateral stiffness and strength of the building, without making use of the ductility of

the steel plate shear walls.

1.4 Proposed Rehabilitation Scheme

As discussed in the foregoing, thin, unstiffened steel plate shear walls possess many technical
and economical attributes that make the system desirable as a lateral load resisting system,
particularly in high seismic zones. Therefore, a rehabilitation scheme for the upgrade of
seismically deficient reinforced concrete buildings is proposed that makes use of steel plate
shear walls. In addition to the attributes of the shear wall panels themselves, it was required that

the proposed scheme have following features:

1) Unlike the rehabilitation of concrete buildings by stiffened steel plate shear walls through
enhancement in strength and stiffness only (Baldelli, 1983; and Robinson and Ames,
2000), it is desired that the proposed rehabilitation scheme exploit the significant ductility
and energy dissipation capability of the steel plate shear walls, in addition to providing
increased strength and stiffness. Perhaps the main reason for not using the ductility of
the steel plate shear walls in the rehabilitation of these buildings was the problem of
ductility incompatibility between the steel plate shear walls and the reinforced concrete
frames. The existing seismically deficient reinforced concrete frames are non-ductile due
to poor detailing and construction practice at the time of their construction. In these

buildings, no effort was made to improve the ductility and robustness of these frames.

2) In the rehabilitation of concrete buildings using stiffened steel plate shear walls (Baldelli,
1983; and Robinson and Ames, 2000), the connection of the shear walls to the
reinforced concrete frame was made by mechanical and adhesive type anchor bolts, for
which chipping, drilling, and grouting were required. These procedures can be highly
disruptive in an occupied building. Therefore, in the proposed rehabilitation scheme, it

was required that chipping and drilling be minimized or eliminated.

The above requirements led to a system for rehabilitating deficient reinforced concrete frames
that is illustrated schematically in Figure 1-2. The connection of the steel plate shear walls to the
columns of the reinforced concrete frame is made using external steel collars and the connection
of the plate to the beam is made with through bolts (Figure 1—2(a)) or steel collars passing
through the slab (not shown), for which some drilling and chipping would be required. Besides

providing connection points for the shear wall, the steel collars enhance both the strength and
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ductility of the concrete columns through confinement and address the problem of ductility
incompatibility between the steel plate shear wall and the surrounding reinforced concrete frame.
The collars enhance the axial, flexural, and shear strength of the columns. Other methods of
connecting the steel plate shear walls to the reinforced concrete frame have been proposed (see
Driver et al., 2001) but are beyond the scope of this report. It is to be noted that although it is not
the main focus of this report, steel collars alone can be used for strength and ductility

enhancement of columns under static gravity load effects.

1.4.1 Challenges Arising and Proposed Solutions

In order to obtain better insight into the proposed rehabilitation scheme, a pushover analysis was
performed on a single storey, single bay reinforced concrete frame with steel infill panel. The
steel plate was modelled by the strip model originally proposed by Thorburn et al. (1983) for infill
panels within a steel frame (Figure 1-3). The diagonal strips were oriented at an angle from the
vertical, o, of 45 degrees. The deformed configuration of the panel (amplified 100 times) is
shown in Figure 1-4. It is clear from this figure that the tension field of the steel plate shear wall
induces high curvature ductility demand on the surrounding columns. In addition, the columns
are subjected to high shear forces. Reinforced concrete frames that are in need of seismic
rehabilitation generally are non-ductile, lack in shear reinforcement, and possess poor
reinforcement details in the joints and short lap splices at the locations of plastic hinges.
Therefore, it is highly improbable that the existing columns can resist these seismic demands.
This is the reason why the existing reinforced concrete buildings described previously (Baldelli,
1983; and Robinson and Ames, 2000) were rehabilitated by stiffening and strengthening, without

making use of the ductility of the steel plate shear wall.

In order to make use of the benefit of the ducility and energy dissipation capability of the steel
plate shear walls, the ductility and the shear resistance of the surrounding columns need to be
enhanced by some means. The curvature ductility, shear resistance, and energy dissipation
capabilities of the concrete columns can all be enhanced by confinement of the column concrete
using the proposed steel collars. In addition, the demand on the columns can be reduced by the

following methods:

1) minimizing the steel infill panel thickness;

2) use of a low yield point steel such as those available currently in Japan (Yamaguchi

et al, 1998) that also possess high ductility, enhanced hysteresis characteristics, lower

11



strain rate dependency, longer low-cycle fatigue life, and improved weldability over

conventional structural steels;

3) use of plate penetrations such as the machined slits described by Hitaka and Matsui
(2003) who reported, based on tests of 42 one-third scale specimens, behaviour that is
ductile and stable, and strength and stiffness that can be adjusted independently by

changing the slit configuration.

An elevation of a typical seismically deficient reinforced concrete frame that has been
rehabilitated using the proposed scheme is shown in Figure 1-5. For the columns to which the
steel plate shear wall is connected, a high degree of confinement is required because of the high
ductility demand imposed. In Figures 1-2 and 1-5, collars are shown at a closer spacing near the
joint and at a wider spacing near mid-height. The length of the region of closely spaced collars
depends on the nature of the demand imposed and may be a significant portion of the column
length, as for the case shown in Figure 1-3 which shows high curvature ductility demand away
from the joints. For columns away from the steel plate shear walls, it is anticipated that the
confinement requirement will be relatively low as compared to columns to which steel plate shear
walls are connected, and that the collars can be installed near the frame joints only. The
curvature ductility requirements at these locations depend on how much ductility is available from
the composite system. Structures designed for gravity loads only may possess a significant
inherent lateral strength capacity that may be adequate to resist minor to moderate earthquakes
(Bracci et al., 1995). Whether the joint requires strengthening to improve the overall ductility of

the system is case dependent, but methods are available to do so.

A signficant amount of research has been conducted on methods to improve the behaviour of
columns with short lap splices. Valluvan et al. (1993) studied the performance of short lap splices
in columns rehabilitated by different methods, but among them, confinement by
grouted-angles-and-straps was the best rehabilitation method. An angle-and-strap system
consists of four angles placed at the four corners of a column that are then connected to each
other by welding steel straps on to them. The stiffness of the proposed collars is much higher
than these angle-and-straps, so it is anticipated that short lap splices will behave at least as well
under collar confinement.

1.4.2 Steel Collar Configurations

Steel collars can be fabricated in various ways. For example, they can be made from steel hollow

structural sections (HSS), steel wide flange sections or channels, or cut from thick steel plates.
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The corner connections can be welded or bolted. Figure 1-6 shows examples of collars made
from steel HSS with bolted and welded corner connections, and solid steel collars cut from steel
plates with two continuous corners and two bolted corners. The bolted collars can simply be
clamped to the column at the required spacing. In order to install collars with welded corner
connections (Figure 1-6(b)), on-site welding is required which may not be economically feasible.
It is anticipated that the solid collars made by cutting thick steel plates may be most economical
as compared to other collar configurations. However, in the experimental program of this reseach
project, only the collars made from HSS were used due to their low weight-to-stiffness ratio.
However, numerical work on both hollow and solid collars having rigid corner connections has

been carried out (Chapter 6).

The development of economical collar configurations is ongoing at the University of Alberta. The
present focus is collars made by cutting steel plates with two rigid and two bolted corners
(Figure 1-6(c)). However, no matter what type of collar is used, for this purpose it must have
sufficient flexural stiffness to anchor the tension field of the steel plate shear walls without
significant deformation and without a significant reduction in the confining pressure on the
concrete column. The confining pressure of these collars is contributed by both axial and flexural
stiffness of the sides of the collars. The effect of axial and flexural stiffness of collars in confining

the concrete was segregated numerically by Hussain and Driver (2001).

1.5 Scope and Objectives

The proposed rehabilitation scheme results in a structural system that consists of steel plate
shear wall panels bounded by a reinforced concrete frame confined by steel collars, as shown in
Figures 1-2 and 1-5. The overall objective of the ongoing research program is to study the
behaviour of this composite system and to optimize it in terms of both performance and
economics. Before testing such a rehabilitated frame under simulated seismic loading, it was
considered important to conduct a comprehensive investigation of the fundamental behaviour of
the collared columns themselves since they play a pivotal role in the seismic performance of this
composite system (because the seismically deficient concrete frame is vulnerable as compared
to the steel plate shear wall). This study of the collared column behaviour forms the scope of the
report. Although the confined behaviour of locations of lapped longitudinal bars is important, this
has been left for future research. For organizational purposes, the scope of the report is divided
into two main phases: in phase 1, the behaviour of collared columns under concentric axial
loading was investigated, and in phase 2, the behaviour of collared columns under simulated

seismic loading was studied.
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1.51 Phase 1

In this phase, the behaviour of reinforced concrete columns confined externally by steel HSS
collars with bolted or welded corner connections under concentric axial loading was studied both
experimentally and numerically. In the experimental part of this phase, a total of 11 columns were
tested; five columns were confined by collars with bolted corner connections, four were confined
by collars with welded corner connections, and two columns (control columns) were provided
with conventional tie reinforcement in the test region for comparison. The major parameters
included in this study were: type of collars (bolted or welded); size of collars (axial and flexural
stiffness); and spacing of collars. Figure 1-2 shows a typical conventional hoop reinforcement
cage, an HSS collar with welded corner connections, and assembled and exploded views of an
HSS collar with bolted corner connections. Figure 1-7 shows a typical column with bolted collars

and a typical column with welded collars in the test setup.

Finite element models were developed to determine the behaviour of these collars in terms of
confining pressure vs. lateral strain. An existing empirical model, developed originally for FRP
confinement, was modified to provide a tool for determining the confined concrete material
curves based on the confining pressure vs. lateral strain response. In addition, non-dimensional
parameters for square solid and HSS collars were identified to eliminate the scale effect. Models
were then developed for predicting the behaviour of the collars in terms of these non-dimensional
parameters by performing nonlinear multiple regressions on the data generated by a parametric

study conducted through finite element analyses.

1.5.2 Phase 2

In phase 2, a total of nine columns were tested under simulated seismic loading. In one column
(control column), the confinement was provided by conventional tie reinforcement in the test
region. In the remaining eight columns, the confinement in the test region was provided by steel
HSS collars with welded corner connections. The major parameters included in this study were:
size of collars; spacing of collars; shear span; and axial load index. Figure 1-8 shows some of the
phase 2 columns at different stages of collar installation using epoxy grout. Figure 1-9 shows a

typical phase 2 column in the test set-up.

In addition to the experimental work, a plastic hinge analysis was performed to predict the

envelope curves to the hystereses of the collared columns.
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1.6 Report Format and Organization

Each chapter of this report has its own bibliography placed at the end of the chapter. The

notation is consistent throughout the report and is listed in the prefatory pages.

For organizational purposes, the report has been divided into seven chapters. Chapter 2
presents a literature review of subjects directly related to this report: the most common seismic
deficiencies in existing reinforced concrete frame buildings due to poor reinforcement details;
experimental and analytical studies on confinement; a historical account of ACI code
developments related to column confinement; and experimental studies on jacketed columns
which have certain behavioural characteristics that are similar to collared columns. Chapter 3
presents the experimental program, experimental results, and related discussion on the columns
tested under concentric monotonic loading. Chapter 4 presents the experimental program, test
results, discussion, and prediction of envelope curves to the hystereses of the columns tested
under simulated seismic loading. Chapter 5 presents a model for determining the confined
concrete material curves of the collared columns, which is then verified by comparing the
predicted results with experimental results given in Chapter 3. In Chapter 6, the confining
behaviour of collars in terms of confining pressure vs. lateral strain is presented.
Non-dimensional parameters are identified both for HSS and solid collars with rigid corner
connections. The results of parametric studies are presented and then empirical models are
developed by performing multiple nonlinear regressions on the data generated through finite
element analyses. Each of the developed models is then validated by comparison with a number
of typical cases. In Chapter 7, a summary, conclusions, and recommendations for future

research are presented.
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Figure 1-2: (a) Schematic diagram of the proposed rehabilitation system; (b)
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collar connections; (d) HSS collar with bolted collar connections

(assembled view); and (e) HSS collar with bolted collar
connections (exploded view).
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Figure 1-6: Schematic of different types of collars: (a) HSS collar with bolted
corner connections; (b) HSS collar with welded corner
connections; and (c) collar cut from steel plates
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(a) Column C05 (b) Column C06

Figure 1-7: Views of typical column specimens in set-up with: (a) bolted;
and (b) welded collars in the test region
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Figure 1-8: Three of the nine phase 2 columns at different stages of collar
installation

Figure 1-9: A typical phase 2 column in the test set-up.
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2. LITERATURE REVIEW

2.1 Introduction

The behaviour of columns plays a key role in the performance of reinforced concrete frames
during earthquakes. The failures of columns are generally more catastrophic than those of
beams. In past earthquakes such as the 1971 San Fernando (Fung et al., 1971), 1989 Loma
Prieta (NIST, 1990), 1994 Northridge (EERI, 1994), 1995 Kobe (EERI, 1995), and 1999 Kocaeli
(Sezen et al., 2003), non-ductile reinforced concrete frames were severely damaged and
collapsed. The most common deficiency in non-ductile reinforced concrete frames is inadequate
flexural strengths due to short and lightly confined lap splices located in the potential plastic
hinge regions. The brittle mode of failure that often occurs due to this deficiency can be mitigated
by providing external confinement by, for example, steel jackets in the plastic hinge region
(Aboutaha et al., 1996; Chai et al. 1990; and Valluvan et al., 1993). In spite of using the strong
column-weak beam concept in design, according to the recommendations of various codes, the
formation of plastic hinges in the columns above the bases (at the foundation) cannot be
avoided. In order to prevent the formation of plastic hinges in the columns of upper stories,
Paulay (1986) demonstrated that the ratio of nominal flexural strength of the columns to that of
the beams meeting at a joint should be in the range of 2.0 to 2.5. Satisfying the code
requirements of the strong column—weak beam concept, therefore, does not guarantee that the
plastic hinges will not form in the columns during strong earthquakes. Similarly, Mitchell and
Paultre (1994) also reported that the formation of plastic hinges in columns is still possible

despite the application of strong column—weak beam concept.

In the case of conventional concrete frames, plastic hinges generally form in the columns or
beams close to the joints. However, in the case of concrete frames with steel infill panels (steel
plate shear walls), the columns are subjected to high curvature ductility demands that extend well
beyond the joint region due to the demand from the tension field that develops in the plate, as
shown in the finite element model in Figure 2-1. In contrast, the beams are not affected as much
by the tension field because in multi-storey structures there is little difference in the magnitude of
oppositely acting tension field forces in the adjacent storeys. The present reseach focus is on the
improvement of curvature ductility of concrete columns with poor reinforcement details through
confinement using steel collars at locations away from the lap splices. The system can be used
for rehabilitation of concrete frames either with or without steel plate shear walls. The behaviour
of plastic hinges at the location of lap splices under steel collar confinement will be addressed in

future research. In addition to poor reinforcement details, buildings can also be seismically
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deficent due to configurational deficiencies such as: incomplete load path; vertical irregularities;
horizontal irregularities; and inappropriate beam/column relative strengths (ATC-40, 1996). The

discussion of these particular deficiencies is beyond the scope of this report.

This chapter provides an overview of the literature in key areas related to the present research.
As such, the nature of concrete confinement is reviewed and several of the most prominent
confinement models are discussed. In addition, the present requirements of ACI 318 pertaining
to confinement are described as well as the historical progression of their development. Due to
certain similarities with the behaviour of concrete confined by steel collars, some research into

confinement using steel jackets is also summarized.

2.2 Confinement of Concrete

Confined concrete is defined as concrete that is restrained in the directions normal to the applied
stress. There are two types of confinement: active confinement and passive confinement. When
the transverse stress is externally applied, the confinement is called active confinement; for
example, an axially loaded cylinder subjected to lateral fluid pressure is actively confined. The
tests conducted by Richart et al. (1928) on test specimens confined by lateral fluid pressure

showed that both the strength and ductility of the concrete were greatly increased.

The confinement of concrete by closely spaced spirals or hoops, or other non-prestressed
means, is passive in nature. At low levels of axial concrete stress, the transverse reinforcement
is virtually unstressed and thus the concrete behaves as if unconfined. The benefits of
confinement are seen when the axial stresses approach the uniaxial capacity. At this point, the
concrete increases in volume due to progressive internal fracturing and it bears against the
transverse reinforcement, which in turn applies a confining reaction to the concrete. This

confining action increased both the strength and the ductility of the concrete.

Numerous experimental studies have been performed on concrete confinement since the start of
research in late 1920s. Some studies were performed on small-scale specimens (Richart et al.,
1928, 1929; lyengar, 1970; Ahmad and Shah, 1982, 1985) and some were performed on
large-scale specimens (Vallenas et al., 1977; Sheikh and Uzumeri, 1980; Scott et al., 1982;
Mander et al., 1988a). These studies show that the behaviour of confined concrete is affected by

various factors summarized in the following.
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2.2.1 Comparison Between Hydraulic and Rebar Confinements

Richart et al. (1928) tested concrete cyclinders under constant hydraulic confining pressures.
However, from specimen to specimen, the confining pressure was varied. Enhancement in both
the strength and ductility of the concrete was achieved. The strength of concrete confined by an

active hydrostatic fluid pressure can be represented by the following relationships:

[21] f,cc = f'cn +k1ﬁ

and the strain at peak stress of the confined concrete, ¢, is given by the following equation:

cc?

/i

[2.2] E.. =&, [1+ k,—
f co

where:
flo = strength of confined concete;
Eec = strain at peak stress of the confined concrete;
fl = lateral confining pressure by fluid;
Eeo = strain at peak stress of unconfined concrete; and
S e = strength of unconfined concrete;

The values of the coefficients k; and k, depend on the concrete mix design and the lateral
confining pressure and are related to each other by the equation (Richart et al., 1928): k, = 5k; .

The coefficient k; assumes high values at low confining pressure and low values at high confinig
pressure. Saatcioglu and Razvi (1992) developed the following equation (also plotted in
Figure 2-2) between the coefficient k; and the lateral confining pressure, f,, by performing a

regression analysis on the test results of Richart et al. (1928):

[2.3] k, =6.7(f, )"
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A similar trend was observed by Balmer (1949) in his tests, where k, varied from 4.5 to 7.0, with

an average value of 5.6.

Richart et al. (1929) also conducted tests on spirally reinforced concrete cyclinders. It was found

that Equation 2.1 gives a good prediction of the confined strength of spirally reinforced cylinders
for an average value of k; = 4.1, i.e., the enhancement in strength of concrete with passive

confining pressure resulting from closely spaced circular steel spirals was approximately the
same as that for concrete with active confining pressure from hydraulic fluid. It was also reported
by lyenger et al. (1970) that confinement by hydrauric confining pressure and by circular spirals
produce almost identical enhancement in concrete strength. Furthermore, the expression for
strain at peak stress of confined concrete (Equation 2.2) based on the test results of concrete
under hydraulic confining pressure is used in the confinement model proposed by Mander et al.
(1988b). The confinement model proposed by Saatcioglu and Razvi (1992) makes use of both
Equations 2.1 and 2.2 based on the test results of hydraulically confined concrete. Both of these
models give a good prediction of the behaviour of concrete confined by steel rebars, confirming

the similarity between the hydraulic confinement and rebar confinement.

2.2.2 Enhancement in Strength and Ductility due to Confinement

It has been shown experimentally that square hoops do not confine the concrete as effectively as
circular spirals. This is because the confining reaction can only be applied in the corner regions
of the hoops since the bending resistance (flexural stiffness) of the transverse steel between the
corners is insufficient to restrain the expansion of the concrete along the whole length of bar.
Therefore, the concrete is only effectively confined in the corner and central regions of the cross-

section and disruption of a considerable portion of the core area occurs.

lyengar et. al (1970) reported the test results of a large number of small-scale cylinders and
prisms confined by circular spirals, square spirals, and hoops. A term “confinement index” was
defined to quantify the level of confinement. It was found that for the same level of confinement
index, the cylinders confined by circular spirals showed a greater enhancement in concrete
strength as compared to those confined by square spirals and hoops. However, confinement by
square spirals was found to be more effective than that of the square hoops. It was also found
that for the same value of confinement index, the strain at peak stress of confined concrete was
higher for concrete cylinders confined by circular spirals than that of those confined by square
spirals and hoops. Also, the strain at peak stress of concrete prisms confined by square spirals

was higher than that of prisms confined by square hoops.
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Mander etal. (1988a) tested a large number of full-size columns with circular, square or
rectangular cross-sections. Based on the test results, it was found that circular columns confined
by spiral reinforcement performed better than square and rectangular columns with respect to
both enhancement in concrete strength and strain at peak stress of confined concrete. Based on
the test results of full-scale concrete columns confined externally by steel HSS (hollow structural
sections) collars, Hussain and Driver (2004) also reported that both the strength and ductility of

concrete increases through confinement.

2.2.3 Effect of Gage Length

Ahmad and Shah (1985) studied the effect of gage length on the stress vs. strain curves of
unconfined and steel spiral confined concrete, through the test results of small-scale specimens.
For the unconfined concrete, the following observations were made: (1) stress vs. strain curves
for smaller gage lengths (102 mm) were stiffer than those obtained for larger gage lengths

(311 mm). However, only a very small difference was observed in the secant modulus of
elasticity, £, based on strain gages and large gage lengths (311 mm); (2) The strain at peak

stress for a small gage length is smaller than that for a large gage length; and (3) The curves for
small gage lengths were more ductile as compared to those for large gage lengths in the

descending part beyond the peak.

For the confined concrete specimens, the following observations were made on the stress vs.
strain curves: (1) For specimens with gage lengths less than or equal to the spiral spacing, a
flatter descending branch of the stress-strain curve was obtained when the spiral spacing was
close to the gage length; (2) In the specimens with gage lengths greater than the spiral spacing,
a less steep (flatter) descending branch of the stress-strain curve was obtained when the gage

length was close to the spiral spacing.

2.2.4 Effect of Strain Rate

Ahmad and Shah (1985) studied the effect of the longitudinal strain rate on the behaviour of
confined and unconfined small-scale cylindrical concrete specimens. Spiral steel was used for
confining the confined concrete. Two strain rates—a static strain rate (32x10°%sec) and a
dynamic strain rate (30000x10%/sec)—were used. The secant modulus of elasticity and the peak
strength of the plain concrete were increased due to the increase in strain rate. The post-peak

behaviour of the plain concrete specimens under high strain rates could not be obtained due to
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the explosive nature of the failure at maximum stress. It was also observed that the strain rate
had no effect on the initial tangent modulus of elasticity of plain concrete. It was also found that
the effect of strain rate on the secant moduli of elasticity of confined and unconfined concrete
were about the same. By increasing the strain rate, both the peak stress and the strain at peak
stress for confined concrete were increased. The descending branch of the stress-strain curve of

the confined concrete became steeper due to the increase in the strain rate.

Scott et al. (1982) also studied the effect of strain rate on the behaviour of large-scale confined
and unconfined concrete specimens. Two strain rates (3.3x10°/sec and 0.0167/sec) were used.
(The strain rate 0.0167/sec is equivalent to that expected during earthquakes). For unconfined
concrete specimens, both the secant modulus of elasticity and peak stress increase by
increasing the strain rate. However, the strain at peak stress for plain concrete specimens
appears to decrease by increasing the strain rate. For confined concrete specimens, it was
observed that by increasing the strain rate, the peak stress, the strain at peak stress, and the

slope of descending branch all increase.

2.2.5 Effect of Strength of Concrete

Based on their test results, Ahmad and Shah (1982) reported that the effectiveness of
confinement decreases with the increase in concrete strength. This is because the higher
strength concrete shows less lateral strain at peak stress as compared to that of low strength
concrete. Models proposed by Razvi and Saatcioglu (1999), Cusson and Paultre (1995), Légeron
and Paultre (2003) for predicting the behaviour of high-strength concrete also appreciate this
phenomenon. According to these models, the strain at peak stress of confined concrete
decreases with the increase of strength of unconfined concrete and the slope of the descending

branch increases with the increase of strength of unconfined concrete.

2.2.6 Effect of Type of Aggregate

It was also observed by Ahmad and Shah (1982) in their tests that confinement reinforcement
was less effective for light-weight concrete as compared to normal-weight concrete. The
light-weight aggregate concrete shows characteristics similar to those of high strength concrete;
the lateral expansion of light-weight concrete at peak stress is less than that of normal-weight
concrete. In addition, similar to high strength concrete, the lightweight aggregate concrete
exhibits low toughness, low ductility, and rapid of loss resistance after reaching the peak stress
(Wang et al., 1978; and Zhang and Gjgrv, 1991).
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2.2.7 Effect of Yield Stress of Confining Steel

Ahmad and Shah (1982) studied the effect of yield stress of the confining steel on the confining
behaviour. For this purpose, the results of specimens with steel spiral wires with yield stresses of
276 MPa, 1116 MPa, and 1433 MPa were used. This effect was studied on two concrete
strengths: 34 MPa and 45 MPa. In the case of 34 MPa concrete, the stress in the confining steels
at the peak strength of the confined concrete was found to be approximately 276 MPa for all
cases, meaning that one of the steels just reached its yield stress and the others did not yield. In
the case of 45 MPa concrete, the stress in the confining steels at the peak strength of the
confined concrete was equal to about 173 MPa in each case, indicating that none of the steels

had yielded at this point.

In cases where yielding of the confining steel takes place after reaching the peak stress of the
confined concrete, clearly the yield stress of the confining steel will not affect the peak stress of

the confined concrete.

However, the slope of the descending branch is affected by the yield strength of the confining
steel. Ahmad and Shah (1982) also predicted that the descending branch of the high-strength
concrete could be made flat by using confining steel of very high yield strength. It is to be noted
that the stress in the confining steel at peak stress of the confined concrete is less for 45 MPa
concrete as compared to that of 34 MPa. This is because the lateral expansion of concrete at its

peak stress reduces with the increase in the strength of the concrete.

Sheikh and Uzumeri (1980) observed in their testing program that by reducing the yield stress of
the confining steel, the strength enhancement of the confined concrete decreases. This is not
contrary to the Ahmad and Shah (1982) findings where yielding of the confining steel takes place
either at the peak stress or after the peak stress of the confined concrete. In the case of the
Sheikh and Uzumeri (1980) experimental program, a reduction in yield stress of the confining
steel due to heat treatment led to yielding before reaching the peak stress of the confined

concrete and, as a result, a reduction in the peak stress of the confined concrete took place.

Chung et al. (2002) reported based on their test results on 65 concrete columns of 200 x 200 mm
cross-section that yielding of confining steel after the maximum load results in improved ductility.
Yielding of the confining steel before and close to the peak load deteriorates the ductility of the

confined concrete columns.
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2.2.8 Effect of Spacing of Confining Steel

The behaviour of confined concrete is highly dependent on the spacing of the confining steel.
Scott etal. (1982) reported, based on their test results, that with the increase of spacing of
transverse reinforcement, keeping other parameters constant, the efficiency of confinement
decreases.

If the spacing of transverse steel is too large, it becomes ineffective no matter how high the
volumetric ratio of transverse steel is. lyengar et al (1970) reported, based on their test results,
that the confinement is only effective if the spacing of the confining steel is less than the least
lateral dimension of the column. For spacing of the confining steel equal to the least lateral
dimension, virtually no enahcement in strength and ductility was observed. Similarly, Ahmad and
Shah (1982), based on their test results, reported that the effect of confinement became
negligible in specimens for spiral spacings equal to 1.25 times the diameter of the confined

concrete core.

2.2.9 Effect of Amount of Confining Steel

The amount of confining steel in the columns has a significant effect on the behaviour of the
column. Scott et al (1982) reported that an increase in the amount of transverse reinforcement in
the columns enhances the peak stress and longitudinal strain at first hoop fracture, and it
decreases the slope of the declining branch of the confined concrete. In this research program,
enhancements in concrete strength due to confinement equal to 22% and 24% were obtained for
columns with volumetric ratios of tie steel equal to 0.0174 and 0.0182 (both at 72 mm on
centres), respectively, tested under concentric monotonic axial loading at a slow strain rate
(3.3x10°/sec).

In addition, enhancements in concrete strength equal to 41% and 79% were obtained for
columns with volumetric ratios of tie steel equal to 0.0140 (at 98 mm on centres) and 0.0309 (at
64 mm on centres), respectively, tested under concentric monotonic axial loading at a high strain
rate (0.0167/sec). The difference in the enhancement of concrete strength is the combined effect

of change of spacing and change of volumetric ratio of transverse steel.

Sheikh and Uzumeri (1980) also reported that the amount of transverse reinforcement has a

significant effect on the behaviour of confined concrete. It was observed that by increasing the
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amount of transverse steel reinforcement, both the strength and ductility of concrete increases. In
this research program, a total of 24 concrete columns of 305x305 mm in cross-section and
1955 mm overall height were tested under concentric monotonic axial loading at the same strain
rates with different types of tie configurations and spacings. Enhancements in concrete strength
equal to 18% and 70% were obtained for columns with volumetric ratios of tie steel equal to
0.008 (at 57 mm on centres) and 0.0227 (at 38 mm on centres), respectively, tested under
concentric monotonic axial loading. The difference in the enhancement of concrete strength is

the combined effect of change of spacing and change of volumetric ratio of transverse steel.

Mander et al (1988a) also reported, based on their tests on 500 mm diameter and 1500 mm long
circular columns, that the most significant parameter affecting the behaviour of confined concrete
is the quantity of the transverse reinforcement. In this research program, enhancements in
concrete strength equal to 24% and 76% were obtained for columns with volumetric ratios of tie
steel equal to 0.008 (with 119 mm spiral pitch) and 0.0182 (with 41 mm spiral pitch), respectively,
tested under concentric monotonic axial loading. The difference in the enhancements of concrete
strength is from the combined effect of the change of spacing and the change of volumetric ratio

of transverse steel.

2.2.10 Effect of Strain Gradient

Scott et al. (1982) tested a total of 27 columns of size 450x450x1200 mm under concentric and
eccentric axial loading at low and high strain rates. They observed that the presence of a strain
gradient across the section that is steep enough to position the neutral axis within the limits of the
cross-section increased the extreme longitudinal compressive strain at which first fracture of a
hoop took place by 2.0 to 3.3 times as compared to the average compressive strain of a similar
concentrically loaded column. It is to be noted that the average compressive strain of the
concentrically and eccentrically loaded specimens were more or less the same at the fracture of
the first hoop, however. In addition, the reduction in load after the peak was reached was smaller
in the eccentrically loaded columns. Therefore, it was concluded that it is conservative to
calculate the moment vs. curvature relationships of concrete members with the neutral axis
within the section based on the stress vs. strain curve of concrete obtained from concentric load
tests. The strain gradient of members in which the neutral axis lies outside of the section is
similar to that of columns under concentric loading. Therefore, for such members, using the
stress vs. strain curves of concrete obtained from concentric load tests results in a low level of

conservatism.
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2.2.11 Effect of Distribution of Longitudinal Steel and Resulting Tie
Configuration

Sheikh and Uzumeri (1980) showed that the distribution of longitudinal steel and the resulting tie
configuration has an effect on the confining behaviour of a column. Four patterns for the
distribution of longitudinal steel around the core and the resulting tie configurations were
investigated. It was found that the columns with well-distributed longitudinal bars around the
column core showed a greater enhancement in strength and ductility. Scott et al (1982) also
reported that by increasing the numbers of longitudinal bars around the column core, while
keeping the longitudinal reinforcement ratio constant, the effectiveness of confinement was

improved.

2.3 Confinement Models

Creating a model to predict the stress vs. strain behaviour of confined concrete has always been
a challenge to researchers. Since the start of research in this field, numerous models have been
proposed for this purpose such as those developed by Chan (1955); Roy and Sozen (1964);
Soliman and Yu (1967); Sargin (1971); Kent and Park (1971); Vallenas et al. (1977); Sheikh and
Uzumeri (1982); Mander et al. (1988b); Saatcioglu and Razvi (1992); Fam and Rizkalla (2001);
Chung et al. (2002); and Légeron and Paultre (2003). All of these models are for the confinement
of concrete by steel reinforcing bars except the model proposed by Fam and Rizkalla (2001),
which is for the confinement of concrete by circular fiber-reinforced polymer tubes. A brief

description of these models is given in the following.

2.3.1 Chan (1955)

Chan (1955) proposed a model for the stress vs. strain curve of unconfined and confined
concrete shown in Figure 2-3, based on the test results of small-scale specimens

(152 x 152 x 292 mm and 152 x 92 x 1321 mm) tested under axial load with small eccentricity. It

was assumed that the strength enhancement factor, K, due to confinement, and the strain at
peak stress of confined concrete, ¢, , depend on the volumetric ratio of the confining steel to the
core concrete. Equations for the strength enhancement factor, K, and strain at peak stress of

confined concrete, ¢, were proposed.

cc !
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While modelling the behaviour of unconfined concrete by this trilinear curve (OABC), the slope of
line BC is always negative. In case of confined concrete, the slope of line BC depends on the
level of confinement and for higher levels of confinement, it can be positive as shown in

Figure 2-3.

2.3.2 Roy and Sozen (1964)

Based on the test results of small-scale prisms (127 x 127 x 635 mm) confined by steel
rectilinear ties, Roy and Sozen (1964) concluded that confinement improves ductility without
enhancing the strength of concrete. Based on these observations, a stress vs. strain model for
confined concrete was proposed which is shown in Figure 2-4. The model curve consists of two

linear segments; OA and AB. The slope of the descending branch depends on the level of

confinement. In order to define the descending branch, an equation for ¢, 5, was proposed,

where, & ., is the strain in the post-peak region at which the confined concrete stress becomes

equal to 50% of the strength of the confined concrete. The variables considered for the ductility
of the concrete were the volumetric ratio of confining steel to core concrete and the ratio of the

shorter column dimension to the center-to-center spacing of tie steel.

2.3.3 Soliman and Yu (1967)

Soliman and Yu (1967) proposed a model to predict the stress vs. strain behaviour of concrete
confined by steel reinforcement (Figure 2-5) based on eccentric compression tests on
small-scale concrete specimens with cross-sections 76 x 152 mm, 102 x 152 mm, and
127 x 152 mm, having a simple tie arrangement (each tie consisted of only a single hoop). The
overall height of the specimens was 1321 mm and they were divided into two end zones and a
middle prismatic zone. The length of the end zone (including the tapered portion) was 406 mm

and the length of the test region was 508 mm.

It was assumed that the confined concrete material curve depends on the area of the steel tie
bar, the tie spacing, and the section geometry. The proposed curve (OABC) consists of three

segments. The segment OA is a parabola that starts from the origin and ascends to its apex at

pointA (&,, f..). SegmentAB is a horizontal line at the maximum confined concrete
stress, |, up to a strain, ¢,. Segment BC represents a linear descending branch of the

material curve, the slope of which is determined using the strain quantity . (the strain in the
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post-peak region that corresponds to a confined concrete stress of 0. 8fc'c ). In order to define the

confined concrete material curves by this model, the values of f, €., &

ce’ cs !

and ¢ s are

required, for which they proposed equations.

2.3.4 Sargin (1971)

The model for the stress vs. strain curve of concrete confined by rectilinear steel ties proposed
by Sargin (1971) is shown Figure 2-6. The model is based on the results of small-scale concrete
specimens (127 x 127 x 635 mm) tested under concentric and eccentric loading. No considerable
difference in concrete strength for concentrically and eccentrically loaded specimens was
obtained. A single continuous equation was proposed for the complete stress vs. strain response
of confined concrete depicted in Figure 2-6. In the equation, shown in the figure, the variable A

controls the slope of the ascending branch and D controls the path of the descending branch. In
order to define the confined material curves by this model, the values of f, and ¢ are

required. Based on his test results, Sargin (1971) proposed equations for the strength

enhancenment factor, K, and the strain at peak stress of confined concrete, ¢, both of which

cc?
depend on the following variables: volumetric ratio of lateral steel reinforcement to concrete core;

ratio of tie spacing to the width of concrete core; yield strength of steel; and unconfined concrete

strength. Knowing the strength enhacement factor, the strength of confined concrete, fL'L can

be calculated as follows: f, =K _f. .

2.3.5 Kent and Park (1971)

Kent and Park (1971) proposed a model to predict the stress vs. strain curve of concrete in
rectangular or square columns confined by transverse steel hoops. The model curve ABCD

(Figure 2-7) consists of three parts: (1) ascending branch AB, represented by a parabola which

starts from the origin and terminates at point B (0.002 fc'o (2) descending branch, represented

!

by a straight line that extends to a stress equal to 0.2 f, ; and (3) the residual stress, for

confined concrete only, represented by a horizontal straight line. The model is based on the
results of previously existing experimental studies on small-scale column specimens with four
corner bars and square ties as reported by Roy and Sozen (1965), Bertero and Felippa (1965),
and Soliman and Yu (1967), in which no significant enhancement in concrete strength was

observed. Hence, to be on the conservative side, this model assumes no enhancement in
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concrete strength and no enhacement in strain at peak stress due to confinement. The presence
of confinement steel only affects the slope of the descending branch. The slope of the
descending branch becomes less steep by increasing the amount of confining steel and vice
versa. The slope of the descending branch depends on the concrete strength, the volumetric
ratio of confining steel to core concrete, and the ratio of tie spacing to the minimum core
dimension.

Later, tests were performed on more realistic nearly full-size reinforced concrete columns as
reported by Scott et al. (1982) and Park et al. (1982). Enhacement in both the concrete strength
and ductility were observed in these tests due to confinement. As a consequence, the Kent and
Park model was modified (Park etal. 1982) to take into account the enhancement in both
concrete strength and strain at peak stress strain due to confinement, as shown in Figure 2-8, in
addition to the effect of confinement on the slope of descending branch (which was in the original
model). The model assumes that the factor for the enhancement of strength and strain at peak
stress of the confined concrete is the same and depends on the following variables: (1) concrete

strength; (2) yield strength of confining steel; and (3) volumetric ratio of confining steel.

2.3.6 Vallenas et al. (1977)

Vallenas et al. (1977) proposed a model (Figure 2-9) to predict the stress vs. strain curve for
rectangular or square concrete columns confined by steel hoops. The model is based on the test
results of large-scale square column specimens (254 x 254 x 762 mm) in which enhancement in
both strength and ductility was observed. In As a consequence, the proposed model takes into
account both the enhancement in concrete strength and strain at peak stress due to
confinement. However, the basic structure of this model is similar to the one proposed by Kent
and Park (1971), i.e., the model curve (ABCD) consists of three parts: (1) the ascending branch
(AB), represented by a parabola; (2) the descending branch (BC), represented by a straight line;
and (3) the residual stress equal to 30% of the confined concrete strength, represented by a

horizontal straight line (CD).

The model assumes that the behaviour of the confined concrete depends on the following
variables: (1) strength of concrete; (2) ratio of the volume of the confining steel to the volume of
confined concrete core; (3) ratio of tie spacing to the minimum core dimension; (4) ratio of the
cross-sectional area of longitudinal bars to the cross-sectional area of the column, which takes
into account the effect of longitudinal bars in confining the column concrete; (5) ratio of nominal
diameter of hoop reinforcement to the nominal diameter of the longitudinal steel bars; (6) yield

stress of the confining steel.
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2.3.7 Sheikh and Uzumeri (1982)

Sheikh and Uzumeri (1982) proposed a model (Figure 2-10) for predicting the stress vs. strain
curve of concrete in square concrete columns confined by transverse steel reinforcement. The

proposed model curve consists of four segments: (1) ascending branch (AB), represented by a

parabola starting from the origin and ascending to a point A (& ,, f..); (2) sustaining branch
(AB), represented by a horizontal straight line at the maximum confined concrete stress, f. , to
point B (&,, fc'c ); (3) descending branch (BD), represented by a sloping straight line extending

up to the residual stress level; and (4) the residual stress equal to 0.3f)

.» represented by a
horizontal straight line. The proposed model curve depends on the following variables: (1)
strength of concrete; (2) center-to-center spacing of transverse reinforcement; (3)
center-to-center distance of perimeter hoop (core dimension); (4) distribution of longitudinal steel;
(5) volumetric ratio of confining steel; and (6) stress in the confining steel at peak stress of the
confined concrete The model takes into account the effect of ineffectively confined regions in the
column core on the strength enhancement factor. The effectiveness of confinement decreases
with the increase of ineffectively confined regions in the core. The amount of ineffectively
confined regions in the core depends on the spacing and configuration of ties and the distribution

of longitudinal bars.

The major difference between this model and the model proposed by Vallenas et al. (1977) is in
how the effect of longitudinal bars in confining the concrete is taken into account. Vallenas et al.
(1977) takes this factor into account by assessing the ratio of cross-sectional area of longitudinal
bars to the cross-sectional area of the column, whereas Sheikh and Uzumeri (1982) consider the

distribution of longitudinal bars around the core perimeter.

2.3.8 Mander et al. (1988b)

Mander et al. (1988b) proposed a model (Figure 2-11) for predicting the stress vs. strain curve of
concrete confined by circular hoops, or rectangular hoops with or without supplementary
cross-ties. The model also takes into account the effect of strain rate and allows for cyclic loading
(but only the quasi-static part of the model is discussed herein). The model can also account for
unequal confining stresses along each of the longitudinal faces of the column core. Similar to that
by Sargin (1971), the model makes use of a single equation proposed by Popovics (1973)

(originally developed for predicting the behaviour of unconfined concrete) for tracing the
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complete stress vs. strain curve of confined concrete. Similar to Sheikh and Uzumeri (1982), the
effect of ineffectively confined regions in the core was also considered. A confinement
effectiveness coefficient was defined in terms of these ineffectively confined regions in the core.

In order to plot the confined concrete material curve using this equation, the compressive

strength of confined concrete, fc'C , and the strain at peak stress, ¢__, are required. The confined

cc?

compressive strength, £/

cc’?

is determined using a constitutive model for multiaxial compressive

stresses, and the strain at peak stress, ¢ ., is determined using Equation 2.2. The failure

criterion is defined using an energy balance approach. The longitudinal compressive strain in the
concrete at which fracture of the first hoop takes place is considered to be the failure strain. The
failure strain of concrete is determined by equating the strain energy capacity of the transverse
reinforcement to the strain energy stored in the concrete as a result of confinement. The model
assumes that the confining behaviour of concrete depends on the amount of confining steel
expressed in terms of the sectional reinforcement ratio, the yield stress of confining steel, the
distribution of longitudinal steel around the core perimeter, the center-to-center spacing of

confining steel, and the strength of unconfined concrete.

2.3.9 Saatcioglu and Razvi (1992)

Saatcioglu and Razvi (1992) proposed an analytical model (Figure 2-12) for the stress vs. strain
behaviour of concrete confined by circular and rectilinear steel reinforcement. The model takes
into account the effect of the distribution of longitudinal reinforcement around the core perimeter.
It gives good predictions for circular, square, and rectangular sections confined with steel spirals,
rectilinear hoops, cross-ties, welded wire fabric, and combinations of different types of lateral
reinforcement. The model recognizes the potential differences in confinement pressures in the
two orthogonal directions and allows for the superposition of confinement effects of different
types and arrangements of reinforcement. The model can handle concentric and eccentric

loading, and slow and fast strain rates. The model curve (Figure 2-12) consists of three
segments. Segment AB is a parabola that starts from the origin and goes to point B (¢, , fc'c ).
The descending branch BC is represented by a sloping straight line, the slope of which depends

on the level of confinement and is determined based on the strain &g, which is the strain of the
confined concrete in the post-peak region at a stress equal to 0.85f, . The descending branch

is followed by a horizontal straight line at the residual stress level equal to 0.20 f, . The model

4
cec?

provides equations for calculating the values of the confined concrete strength, strain at

peak stress of confined concrete, ¢__, and strain at 85% of the confined concrete strength in the

cc!?
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post-peak region, €45 . The model assumes that the behaviour of confined concrete depends on

the amount of confining steel expressed in terms of the sectional reinforcement ratio, the yield
stress of the confining steel, the centre-to-centre spacing of ties, the distribution of longitudinal

bars, and the strength of unconfined concrete.

2.3.10 Chung et. al (2002)

Chung et al. (2002) proposed a model (Figure 2-13) for the stress vs. strain curve of concrete
confined laterally by rectilinear tie reinforcement in square concrete columns, based on the test
results of 65 columns of 200x200 mm cross-section and 600 mm height of unconfined concrete
strengths varying from 20 to 54 MPa. The model assumes that the confining behaviour of
concrete depends on the volumetric ratio of confining steel to the core concrete, the tie
configuration, the yield strength of the tie steel, the diameter of the ties, the centre-to-centre
spacing of ties, the distribution of longitudinal bars, and the unconfined concrete strength. The
model accounts for transverse reinforcement of low and high yield strength. The model is not
based on the assumption of yielding of the tie steel at the peak stress of confined concrete, as
was assumed in the previously existing confinement models, but it provides an equation for
determing the stress in the tie steel at that point. It is assumed that the stress in the tie steel at
the peak stress of confined concrete is a function of the modulus of elasticity of the tie steel, the

configuration of the ties, the volumetric ratio of the tie steel, and the strength of concrete.

The model curve (OACD) consists of three segments. The Popovics (1973) equation was used to
model the first segment from pointO to pointA (&., f.). The descending branch is
represented by a sloping straight line AC, the slope of which can be determined with the help of
€85, Which is the strain of confined concrete at 0.85f] in the post-peak region. The
descending branch is followed by a horizontal line at the residual stress of 0.30f. . The model

gives equations for the strength enhacement factor, K, which is used to calculate the strength

of confined concrete as f,| = K_f. , the strain at peak stress of confined concrete, ¢, and the

cc?

strain at 0.85f. in the post-peak region, &€, g -

2.3.11 Légeron and Paultre (2003)

A more general model (Figure 2-14) for the confinement of concrete was proposed by Légeron

and Paultre (2003) that can accommodate circular, square, and rectangular columns It assumes
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that discrete confinement elements can be replaced by an equivalent continuous confinement
tube. The model is valid for normal- and high-strength concrete and can handle transverse
reinforcement of low and high yield strength. The model curve (OAC) consists of two parts: the
ascending branch OA, represented by an equation proposed by Popovics (1973) and the
descending branch AC, represented by an expression obtained by modifying an equation
proposed by Fafitis and Shah (1985). The model assumes that the confining behaviour of
concrete depends on the sectional reinforcement ratio of transverse steel, the centre-to-centre
spacing of ties, the tie configuration, the yield strength of the tie steel, the diameter of the ties,
the distribution of longitudinal bars, and the unconfined concrete strength. Similar to Chung et al
(2002), the model does not assume that the tie steel yields at the peak stress of the confined
concrete. Rather, it provides an equation for calculating the stress in the tie steel at that point.
The tie steel stress can be equal to or lower than the yield stress at the peak stress of confined

concrete. Légeron and Paultre (2003) proposed the following equation in terms of the effective

sectional transverse steel ratio, p, or p., , and the unconfined concrete strength, f., to

determine the yielding of the confining steel at peak stress of confined concrete:

r4,0.6
[24] psex or psey = %

When the effective sectional steel ratio provided in a column, p_,or p . is larger than the

value given by the right-hand side of the Equation 2.4, the confinement steel yields at the peak
load regardless of its yield strength due to the higher strain at peak stress. (This relationship is
likely to break down for very high values of the steel ratio due to the assumption in the model of a
continuous reinforcing tube.) Converesely, if the amount of confining steel in a column is less
than this amount, then it will not yield at the peak stress of the confined concrete. The effective
sectional steel ratios take into account the effect of ineffectively confined regions in the core by
the procedures defined by Sheikh and Uzumeri (1982) or Mander et al. (1988b).

2.3.12 Fam and Rizkalla (2001)

An analytical model has been proposed to predict the behaviour of axially loaded short concrete
columns confined by fiber-reinforced polymer (FRP) circular tubes (Figure 2-15). The model is
applicable to totally filled and partially filled tubes; that is, the concrete core can be with or
without a central hole. The model is capable of predicting the behaviour of a confined column
when the load is applied to the concrete core only, as well as when the load is applied to the

concrete core and the tube simultaneously. The biaxial strength criterion for the FRP is used to
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account for the biaxial state of stress. The model is based on equilibrium and radial displacement

compatibility.

The stress vs. strain behaviour of FRP is linear. Therefore, the confining pressure induced by the
FRP tube is variable. Consequently, a step-by-step strain incremental technique, utilizing the
equations proposed by Mander et al. (1988b) for constant confining pressure, is used to develop
the confined stress-strain curve. The secant Poisson’s ratio of confined concrete depends on the
confining pressure. Small increments of axial strain are taken so that during each increment, the
confining pressure and the secant Poisson’s ratio of confined concrete can be assumed
constant. In an increment, several unknowns are encountered. Hence, an iterative procedure is
used to get convergence on the values of the unknown variables within an increment. After
convergence, the next increment on axial strain is taken and the process is repeated until
convergence is achieved. In this way, the complete stress-strain curve for FRP confined concrete
is traced until the fracture of the FRP (Figure 2-15). In Chapter 5, a model is proposed for
predicting the behaviour of columns confined externally by steel collars having significant axial
and flexural stiffness that makes use of relationships for the dilation of confined concrete

proposed by Fam and Rizkalla (2001).

2.4 Deficiencies in the Existing Confinement Models

The existing confinement models are unable to predict the behaviour of concrete confined by
steel collars with significant axial and flexural stiffness principally because of the following two
reasons: (1) the existing models lack an explicit flexural stiffness parameter for the confining
element; and (2) the confining pressure imposed by steel collars varies through the axial load
history because of their high stiffness. The first reason applies to all models cited, while the
second is addressed to some degree in some of the more recent models. These two deficiencies

in the existing confinement models are elaborated in the following.

2.4.1 Flexural Stiffness of Confining Elements

Both the axial and flexural stiffnesses of the confining elements contribute to concrete
confinement. In the existing models for the confinement of concrete by rebars, the most
important parameter for concrete confinement is the amount of confining steel, expressed as
either a volumetric ratio of the confining steel to core concrete or in terms of the sectional ratio of
confinement reinforcement. These transverse steel ratios are directly related to the

cross-sectional area of the confining elements. However, they do not give direct information
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about the diameter of the tie bars, which is also related to their flexural stiffness. Conventionally,
in concrete columns, the confinement is provided by small diameter ties having significant axial
stiffness but negligible flexural stiffness. Therefore, no explicit parameter for flexural stiffness was
introduced in the existing confinement models. Most of the confinement models are based on
regression analyses performed on the test results of columns. Therefore, any effect of the small
flexural stiffness of the transverse ties is implicitly incorporated in the other parameters of the
models. Researchers like Kent and Park (1971), lyengar (1970), and Saatcioglu and Razvi
(1992) recognized the effects of the flexural stiffness of the confining elements in addition to their
axial stiffness in confining the concrete, but no explicit flexural stiffness parameter was included
in their models. This aspect of the existing confinement models makes them unsuitable for

modelling concrete columns confined by steel collars with significant flexural stiffness.

ACI 318-02 requires that the diameter of the tie steel not be less than #3 (10 mm). The code also
requires that the distance between two neighbouring corners of ties, cross-ties, or both (which is
also referred to as the unsupported length, L,) on any side of the exterior boundaries of confined
core of concrete columns shall not exceed 14in. (355 mm), as depicted in Figure 2-16.
Moreover, the clear distance between an unsupported longitudinal bar and an adjacent
supported bar on the same face of the column may not be more than 6 in. (152 mm). (Supported
longitudinal bars are those that are supported by a cross-tie or placed in the corner of a hoop
with an included angle not more than 135 degrees.) It is to be noted that the unsupported length,
Ly, is not a function of the diameter of the tie bar. By providing these restrictions on the
reinforcement of columns, the intent of the code is, in part, to provide sufficient lateral restraint
(due to flexural stiffness of ties) to the unsupported longitudinal bars of the columns (between
two supported bars) to prevent them from buckling. These restrictions specified by the code on

the detailing of column steel may help to confine the concrete.

Hussain and Driver (2001) demonstrated through finite element study that the flexural stiffness of
confining elements has a significant effect on the behaviour of confined concrete. The effect of
flexural and axial stiffness of the confining elements on the behaviour of confined concrete was
segregated numerically. Khaloo and Bozorgzadeh (2001) also demonstrated the contribution of
flexural stiffness of confining elements to the behaviour of confined concrete based on the results

of two experimental studies (Khaloo et al., 1999; Khaloo and Bozorgzadeh 2001).

Khaloo and Bozorgzadeh (2001) tested eight elliptical-shaped high-strength light weight
aggregate concrete columns of 152 x 229 mm cross-section and 762 mm height under axial
loading. The confinement was provided with steel wires of 4.52 mm diameter with a yield

strength of 621 MPa. Four longitudinal bars of the same wire were placed longitudinally in the
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column to hold the lateral reinforcement in the desired configuration. The results of this study
were compared with those of similar columns confined by steel reinforcement of larger diameter
(Khaloo et al., 1999). Comparing the results of the two studies, the effect of flexural stiffness of
confining steel on the behaviour of high-strength light weight concrete columns was evaluated. It
was concluded that columns confined by hoops of small diameter wires showed considerably
lower strength and ductility than those confined by a larger diameter hoop for the same
unsupported length, amount and spacing of confining steel, and concrete strength. It was also

observed that the effect of flexural stiffness became more prominent in high-strength concrete.

2.4.2 Variation of Confining Pressure with Axial Load History

The confining pressure can be constant or variable through the axial load history of the columns.
When the confining material behaves plastically, constant confining pressure can be assumed,
as is often done in confinement models for traditional tied columns. The existing models by
Sargin (1971), modified Kent and Park (Park et al., 1982), Vallenas et al. (1977), Sheikh and
Uzumeri (1982), Mander et al. (1988b), and Saatcioglu and Razvi (1992) for predicting the
behaviour of confined concrete are based on the assumption that the confining pressure remains
constant throughout the axial load history. The confinement models proposed by Mander et al
(1988b) and Saatcioglu and Razvi (1992) directly use equations proposed by Richart et al.
(1928) that were developed based on the test results of concrete cylinders under constant
hydraulic confining pressure. The assumption of constant confining pressure remains valid if the
confining steel yields at or before the peak stress of the confined concrete because the greatest
influence of confinement on the compressive behaviour of the concrete occurs near and beyond
the peak stress. Therefore, these existing models assume that yielding of the tie steel occurs at

the peak stress.

Sheikh and Uzumeri (1982) assumed, in the derivation of their confinement model, that the
stress in the tie steel at the peak stress of confined concrete could be less than the yield strength
of the tie steel. However, no equation was proposed for the calculation of this stress and hence,
while applying this model to predict the behaviour of confined columns, yielding of the tie steel at
the peak stress of confined concrete was assumed. The most recent models for concrete
confined by rebars or high-strength wires, such as those proposed by Chung et al. (2002) and
Légéron and Paultre (2003), do not assume that yielding of the confining steel necessarily occurs
at the peak stress of the confined concrete and they provide equations to calculate this stress. In
situations where the stress in the confining steel is less than the yield strength, the confining

pressure on the columns cannot be assumed constant through the axial load history.
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Variable confining pressure is generated through the use of confining elements that remain
elastic through the axial load history of the confined columns and have considerable stiffness.
For example, the confining pressure generated by FRP confinement varies because the material
remains elastic through the axial load history (Fam and Rizkalla, 2001). The confining pressure in
columns confined by steel collars (HSS collars or solid steel collars) also varies through the axial
load history of the columns because of their high stiffness, as demonstrated by Hussain and
Driver (2003).

2.5 Code Requirements for Concrete Confinement

2.5.1 Current Requirements (ACI 318-02 and CSA-A23.3-94)

The confinement requirements for square and rectangular columns are derived from those for
circular columns with spiral reinforcement. Because the hoops in rectangular and square collars
are less efficient than spirals in providing confinement, an allowance is included to give the
hoops (and cross-ties) a greater total cross-sectional area than the requirements for spirals. The
hoops are assumed to yield at the peak axial column stress. According to ACI 318-02, the

confinement requirements for square and rectangular columns at the location of plastic hinges

are controlled by the one of the following equations that gives the higher greater value of A4 :

A
[2.5] A, =0.3sh | L« | =% -1
vh ch
f!
[2.6] A, =0.09sh, |
yh
where:
Ach = area of rectangular core of column measured out-to-out of hoop;
Ag = gross area of the section;
Ash = total cross-sectional area of transverse reinforcement

(including cross-ties) within spacing s and perpendicular to
dimension 4, (=2x 4, );
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A = cross-sectional area of one leg of the hoop reinforcement;

f! = specified compressive strength of concrete as measured from
standard cylinders;

f i = specified yield strength of transverse reinforcement but not more

than 60 000 psi (414 MPa);

h = cross-sectional dimension of the column core
measured centre-to-centre of confining reinforcement;

S = centre-to-centre spacing of transverse reinforcement in the longitudinal direction

of the column;

o = volumetric ratio of spiral steel

Equation 2.6 provides a minimum transverse reinforcement area to account for large columns for

which Equation 2.5 does not result in a sufficient level of confinement.

In order to provide a certain efficiency of the confinement mechanism and to prevent buckling of
the longitudinal bars, the code also requires that the centre-to-centre spacing of the transverse
reinforcement shall not exceed (a) one-quarter of the minimum member dimension, (b) six times
the diameter of the longitudinal reinforcement, and (c) s, as defined by the following equation

(both s and hy are in inches):

14-h
[2.7] s=4+ =
3
where:
h = maximum unsupported length of rectangular hoops

measured between perpendicular legs of the hoop
or supplementary cross-ties;
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2.5.2 Evolution of Requirements in ACI 318

Prior to the publication of ACI 318-71, the confinement requirements for circular columns with

spiral reinforcement were controlled by the following equation:

(|
[2.8] p, =0.45 JSe [—g— }
yh c
where:
A, = area of the concrete measured to outside diameter of spiral;

This equation is derived on the basis that the loss in load carrying capacity of the column due to
the spalling of concrete cover is compensated by the enhancement of concrete strength in the
core due to confinement. The spiral reinforcement is assumed to yield. The derivation of this

equation is given in Appendix A.

Equation 2.8 does not provide sufficient confinement for large circular columns. Therefore, in

ACI 318-71, a lower limit to the volumetric ratio of the spiral steel was introduced:

Jfe

fyh

[2.9] Py =0.12

Prior to ACI 318-71, there were no codified equations available for the confinement of square
and rectangular columns. In ACI 318-71, the following equation was introduced to calculate the
area of one leg of the hoop reinforcement in these columns (the derivation of this equation is also

given in Appendix A):

L
[2.10] A = %

where L, is the unsupported length of rectangular hoops measured between perpendicular legs

of the hoop or supplementary cross-ties, as shown in Figure 2-16.
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The derivation of Equation 2.10 is given in the commentary of ACI 318-71 and is also reproduced

in Appendix A. This equation was derived based on the assumption that rectangular hoops are
50% less effective in confining the concrete than spirals. Substituting the values of o, from

Equations 2.8 and 2.9 into Equation 2.10, the following equations are obtained:

A4
[2.11] A,, =0.2255L, /. {—g—l}
fyh Ac

2.12] A = O.OGSL{ /. }
yh

Writing Equations 2.11 and 2.12 in terms of Ash , as defined by ACI 318-83 and later versions,
and assuming that the section is square and contains only a perimeter hoop (and replacing L,

by . and A, by A_.,), the following equations are obtained:

f A
[2.13] A, =2x 4, =0.455h | Lo | Ze_
_fyh i Ach
[2.14] A, =2x A4, =0.125h | Le
[ o ]

It should be noted that L, and /4, are the same for a square column with only a perimenter hoop.

Although Equation 2.10 (ACI 318-71) is based on the assumption that the confinement efficiency
of the hoop reinforcement is 50% of that of spirals, in ACI 318-83, this estimate was increased to

75%, resulting in the following revised requirement:

[2.15] A, =

In terms of Ash , Equation 2.15 becomes:
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[
[2.16] Ay =2xA,, :2{ ”/;SS}

Substituting the value of p_ from Equation 2.8 into Equation 2.16 (and replacing L, by 4, and

A, by A4,), the following equation is obtained:

il
fyh Ach

For large-sized columns, Equation 2.14 was adopted in ACI 318-83, without modification, and is

[2.17] Ay, =0.3sh,

repeated here:

Je

vh

[2.18] Ay, =0.12sh,

In all subsequent editions of the code, the confinement reinforcement was controlled by the same

equations as those contained in ACI 318-02 (Equations 2.5 and 2.6).

2.6 Rehabilitation of Reinforced Concrete Columns by Jacketing

Widely spaced ties and short lap splices of longitudinal bars located in the plastic hinge regions
of reinforced concrete columns are the most common problems that render the columns
seismically deficient due to their resulting lack of ductility and energy dissipation capabilities. A
number of jacketing techniques have been developed to overcome these deficiencies such as
steel jacketing, active confinement by wire prestressing, concrete jacketing, and jacketing by
composite materials. For example, the California Department of Transportation (CALTRANS) has
adopted the use of steel jackets for the seismic upgrade of bridge columns. Numerous
experimental studies have been conducted to study the performance of seismically deficient
reinforced concrete columns rehabilitated by jacketing. Among them, some studies appreciate
the effect of the flexural stiffness of the jackets in confining the concrete. In the following, the

details of a few experimental studies on rehabilitated reinforced columns are presented.
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2.6.1 Valluvan et. al (1993)

This paper presents techniques for strengthening tensile lap splices of the longitudinal
reinforcement in the columns of seismically deficient reinforced concrete structures. Twelve,
two-third scale specimens (one without rehabilitation and 11 rehabilitated) with lap splices in the
longitudinal bars were tested under alternating axial tensile and compressive loads. The
specimens were 305 x 305 mm in cross-section and 1829 mm in length. High strength rods of
38 mm (1.5 in.) diameter were embedded at the top and bottom ends to apply a tensile load to
the specimens. The compressive load was applied with plates with holes (to permit tension rods
pass through it), grouted on the top and bottom of the specimens. Several techniques were used
for rehabilitation of the short lap splices in these specimens: welding of lapped bars; welding of
lapped bars with an additional tie to overcome the outward thrust due to the eccentricity in the
splice; ungrouted steel angles and straps; grouted steel angles and straps; ungrouted external
ties; grouted external ties; partially grouted external ties; and additional internal ties. Based on

the test results, the following conclusions were drawn.

With respect to performance, the grouted angle and straps scheme is the preferred scheme for
the rehabilitation of column splices. However, difficulty of construction makes the scheme less
attractive as compared to rehabilitation by providing external ties. The external tie scheme is
easier to construct and is cost effective provided there is no limitation on the rehabilitated column
dimensions. Adding internal ties is not a suitable rehabilitation scheme for column splices

because the concrete core is affected during chipping.

Welded splices would be a suitable rehabilitation scheme when there are limitations on the
column dimensions. In older structures, the carbon content of the steel is relatively lower than
that of the steel used in current practice; hence, the older steel is more weldable. Strict quality
control is required for proper welding of spliced bars such as chemical analysis and proper

welding procedures and inspection.

2.6.2 Chai et al. (1990)

Chai et al (1990) reported on an experimental program for studying the effectiveness of steel
jackets in enhancing the seismic performance of circular and rectangular concrete columns with
inadequate lap slpices and insufficient transverse reinforcement. The experimental program
consisted of a total of 24 columns of circular and rectangular cross-sections with long and short

shear spans. Circular flexural columns were rehabilitated with cylindrical steel jackets and the
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gap between the concrete and steel jacket was about 6.35 mm (1/4in.) and was filled with
cement-based grout. Rectangular flexural columns were rehabilitated with three types of steel
jackets: elliptical steel jackets (the gaps between the steel jacket and the column were filled with
concrete, rectangular steel jackets with grids of horizontal and vertical steel stiffeners (the gaps
between steel and concrete were filled with cement-based grout), and jacketing consisting of side
by side vertical channels enclosed by horizontal channels with bolted corner connections (the
gaps between the column and the steel channels were filled with cement-based grout). The latter
two schemes of jacketing rectangular columns make use of the out-of-plane flexural stiffness of
the confining elements. Circular shear columns were rehabilitated with cylindrical steel jackets

and rectangular shear columns were rehabilitated with elliptical steel jackets only.

The result showed that ductility, strength, energy dissipation capability, and shear strength of
seismically deficient reinforced concrete columns were greatly improved by steel jacketing.
However, comparison of the various jacketing schemes for rectangular concrete columns
showed that the elliptical steel jackets proved to be the best rehabilitation scheme in terms of

performance.

2.6.3 Marsh (1992)

Marsh (1992) reported the test results of 18 in. diameter circular reinforced concrete columns
with inadequate lap splices rehabilitated by pretensioned steel hoops in the splice region. The
rehabilitated columns showed significant enhancement in lateral load resistance, flexural
strength, and ductility.

2.6.4 Aboutaha et al. (1996)

Aboutaha et al. (1996) studied the effectiveness of different types of steel jackets for improving
the strength and ductility of reinforced concrete columns with widely spaced ties and inadequate
lap splices in the longitudinal reinforcement at the location of plastic hinges. The experimental
program consisted of a total of 11 large-scale columns with different widths tested under lateral
cyclic loading without axial load (having no axial load was considered more critical for splices).
Four columns were tested without strengthening and acted as reference columns. Seven
columns were tested after strengthening. Six of these columns were strengthened with grouted
steel jackets with and without anchor bolts (the function of anchor bolts is to stiffen the steel
jackets to improve confinement) and the remaining was strengthened with closely spaced collars
made from steel channels (C100x11) with bolted corner connections. A total of three collars were

used in the plastic hinge region. These collars were not clamped onto the columns but instead a
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gap was kept between the collars and the columns that was filled later with a non-shrink grout.
On one side of the column, an anchor bolt was also used that passed through the channel and

into the column, presumably to assess the benefits of additional anchorage.

The test results showed that a thin rectangular steel jacket combined with adhesive anchor bolts
is highly effective in improving the seismic performance of reinforced concrete columns with
inadequate lap splices. The columns rehabilitated with channel collars experienced an early
splice failure, although the collars were relatively widely spaced, they were flexible for the column

size (910x460 mm), and were not prestressed to the column.

2.6.5 Xiao and Wu (2003)

An improved jacketing method is presented in this paper to rehabilitate square and rectangular
reinforced concrete columns that have inadequate longitudinal bar splices located in the plastic
hinge regions enclosed by widely spaced ties. Jackets made by welding together thin steel plates
were grouted onto the columns and then stiffened by providing flexurally stiff confining elements
at the locations of plastic hinges. Thin jackets provide an enhancement in shear strength and the
stiffeners tend to enhance the strength, ductility, and energy-dissipation through confinement. In
this experimental program, three types of stiffeners were used in the plastic hinge regions:
stiffeners made from thick steel plates, stiffeners made from steel angles, and stiffeners made
from square steel hollow structural sections (HSS). In all the cases, the corner connections of the
stiffeners were welded and the stiffeners were welded onto the thin steel plate jackets. Five
254x254 mm columns, rehabilitated by this scheme, were tested in double-curvature with the
inflection point at midheight of the column, under constant axial load and lateral cyclic loading.
Test results showed improved behaviour of the rehabilitated columns with respect to the
enhancement in the shear strength and ductility. An ultimate drift ratio of more than 8% was
obtained for these columns showing the efficiency of this rehabilitation scheme and the benefits
of providing flexurally stiff elements. The authors also proposed a procedure for the design of

these jackets.

2.6.6 Ghobarah et al. (1997)

Rectangular steel jackets are unable to confine rectangular concrete columns effectively because
of their low flexural stiffness. Ghobarah etal. (1997) developed a steel jacket made from
corrugated steel to effectively confine beam-to-column joints. The experimental program
consisted of four large-scale beam-to-column joint specimens. One specimen satisfied the code

requirements of reinforcement detailing and the remaining three had insufficient transverse
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reinforcement. Two of the specimens—the one with sufficient reinforcement and the other
without—were tested without external jacketing. The other two specimens without sufficient
internal tie reinforcement were tested after rehabilitation by corrugated steel jacketing.In one
such specimen, corrugated steel jacketing was provided on the beam, column, and joint region
and in the other specimen jacketing was provided on the column and joint only. The results show
that confinement with corrugated steel jacketing improves the performance of the beam-to-
column joints through enhancement in shear strength and ductility. Corrugated steel jackets

confine the concrete effectively through their out-of-plane flexural stiffness.

2.7 Summary

The focus of the present reseach is to improve the seismic performance of reinforced concrete
frames through providing external confinement by HSS collars at the location of plastic hinges or
through a combination of HSS collars and steel plate shear walls. In either case, the collar
confinement plays a pivotal role in the seismic performance of the rehabilitated frames.
Therefore, the nature of confinement is reviewed in this chapter. Research on the confinement of
concrete started in 1920s. Summaries of several experimental reseach studies conducted since
then, on small- and large-scale specimens, are reported. A comparison between hydraulic and
rebar confinement is presented. It has been reported extensively in the literature based on
experimental studies that confinement improves both the strength and ductility of concrete.
Through the results of existing experimental research, effects of various parameters, such as:
gauge length, strain rate, strength of concrete, type of aggregate, yield stress of confining steel,
spacing of confining steel, amount of confining steel, strain gradient, and distribution of
longitudinal bars around the core and the resulting tie configurations, on the behaviour of

confined concrete are reported.

Important characteristics of collar confinement are: (1) collars provide confinement through their
axial and flexural stiffnesses (the flexural stiffness of collars is significantly higher than that of
conventional rebars ties and, therefore, it cannot be ignored); and (2) the confining pressure

under the collars varies through the axial load history of the collared columns.

Brief summaries of the existing confinement models of Chan (1955), Roy and Sozen (1964),
Soliman and Yu (1967), Sargin (1971), Kent and Park (1971), Vallenas et al. (1977), Sheikh and
Uzumeri (1982), Mander et al. (1988b), Saatcioglu and Razvi (1992), Fam and Rizkalla (2001),
Chung et al. (2002), and Légeron and Paultre (2003) have been presented. All of these models
are for the confinement of concrete by steel reinforcing bars except the model proposed by Fam

and Rizkalla (2001), which is for the confinement of concrete by circular fiber-reinforced polymer
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tubes. It is highlighted in the chapter that these models may be unable to predict the behaviour of
concrete confined by HSS collars because of the lack of an explicit flexural stiffness parameter
and/or because these models cannot account for variations in confining pressure through the

axial load history of the columns.

Due to certain similarities with the behaviour of concrete confined by steel collars, some research
into confinement using steel jackets is also summarized, including the work of Chai et al. (1990),
Marsh (1992), Aboutaha et al. (1996), Xiao and Wu (2003), and Ghobarah et al. (1997). Although
the rehabilitation of short lap splices is not the main focus of the present research, a summary of
experimental research conducted by Valluvan et al. (1993) for the improvement of the
performance of short lap splices under cyclic loading is also presented in this chapter because
they commonly exist in seismically deficient reinforced concrete buildings. In addition, the
evolution of the ACI318 code with respect to steel confinement requirements of

rectangular/square reinforced concrete columns is also presented in this chapter.
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Figure 2-3: Model for the stress vs. strain curve of confined and
unconfined concrete proposed by Chan (1955)
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Figure 2-4: Model for the stress-strain curve of confined concrete
proposed by Roy and Sozan (1964)
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Figure 2-6: Model for the stress vs. strain curve of confined
concrete proposed by Sargin (1971)
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Figure 2-9: Model for the stress vs. strain curve of confined concrete
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Figure 2-10: Model for the stress vs. strain curve of confined concrete
proposed by Sheikh and Uzumeri (1982)
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Figure 2-12: Model for the stress vs. strain curve of confined concrete proposed
by Saatcioglu and Razvi (1992)
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Figure 2-14: Model for the stress vs. strain curve of confined concrete
proposed by Légéron and Paultre (2003)
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3. EXPERIMENTAL BEHAVIOUR OF COLLARED COLUMNS UNDER
CONCENTRIC LOADING?

3.1 Introduction

Reinforced concrete structures designed and constructed before and during the 1970s in various
parts of the world are often seismically deficient because of the lack of stringent design and
detailing provisions in the codes and standards available at that time. Some structures have also
been deemed seismically deficient because of the rezoning of seismic activity in the area. It is
well-known that the response of a structure during an earthquake is a function of its stiffness,
strength, and ductility, as well as the ductility demand arising from the seismic input. Hence,
seismically vulnerable reinforced concrete structures can be upgraded by making enhancements
in stiffness, strength, and/or ductility. The strength and stiffness of a structure can be increased
by adding structural walls (Baldelli, 1983) or steel bracing (Abou-Elfath and Ghobarah, 2000), for
example, and the ductility at the location of plastic hinges can be improved by methods such as
jacketing (Ghobarah et al., 1997; Xiao and Wu, 2003; and Priestley et al., 1992). The choice of a
particular rehabilitation scheme is highly case dependent. Rehabilitation of structures such that
they remain elastic during a major earthquake is most often an uneconomical solution. Therefore,
seismic rehabilitation schemes that make use of ductility enhancement at the location of plastic

hinges have become increasingly popular in recent years.

Failures of columns are generally more catastrophic than those of beams during strong motion
and, therefore, enhancement in strength and ductility at the location of plastic hinges in the
columns has been the focus of various research studies (Sakai and Sheikh, 1989). The
rehabilitation of circular reinforced concrete columns by wrapping and bonding with composite
materials such as carbon and glass fibres has been the subject of several recent investigations
(Neale and Demers, 1999; and Sheikh and Yau, 2002) because of their high strength-to-weight
ratios and resistance to corrosion. Because of their negligible flexural stiffness, these materials
develop confining pressure onto the columns through in-plane membrane stresses only and,
hence, are most effective for circular columns. Therefore, the move towards the use of flexurally
stiff confining elements for the seismic upgrade of square and rectangular reinforced concrete
columns was natural. Flexurally stiff corrugated steel jackets have been used for the seismic
rehabilitation of reinforced concrete structures with rectangular cross-sections in which confining
pressure is developed by passive restraint (Gobarah et al., 1997). Existing confinement models

have been developed primarily to describe the behaviour of columns with relatively small

L A version of this chapter has been published. Hussain and Driver 2005. ACI Structural Journal,
Vol. 102, No. 2, March-April, pp. 242-251.
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diameter conventional ties having significant axial but low flexural stiffness. Although these
models may recognize the effect of aspects other than axial stiffness on confinement (e.g., the
longitudinal bar spacing) and may include the effect of the inherent low flexural stiffness of the
ties implicitly through empirical calibrations, they do not explicitly include the flexural stiffness of
the ties in the formulation. Therefore, several models are available that give good agreement with
the test results of conventionally reinforced columns, but they are unable to provide good
predictions for columns with confining elements that are both axially and flexurally stiff. Recently,
effort has been made both numerically (Hussain and Driver, 2001) and experimentally (Khaloo
and Bozorgzadeh, 2001) to segregate the effect of the flexural stiffness of the confining elements

by keeping their cross-sectional areas constant.

As a means of strengthening existing reinforced concrete columns, a relatively simple scheme is
proposed herein that confines the concrete externally with hollow structural section (HSS) collars
that possess a combination of significant flexural and axial stiffness. These collars not only
provide the benefits of efficient confinement, but they also inhibit spalling of the outer concrete
shell and provide additional shear reinforcement. Although the primary application of this system
is likely to be for seismic rehabilitation, in order to provide a fundamental understanding of the
confining behaviour in these strengthened columns an experimental investigation was carried out
on columns under concentric axial load. This chapter describes the experimental program, the

test results, and the conclusions drawn therefrom.

3.2 Research Significance

Rehabilitation of circular reinforced concrete columns can be achieved effectively by wrapping
them with composite materials. Because the confining pressure is developed through membrane
action, this method is considerably less effective for the commonly occurring cases of square and
rectangular columns. However, square and rectangular reinforced concrete columns can be
efficiently seismically upgraded by using confining elements that possess significant flexural
stiffness, such as HSS collars. The experimental program described herein confirms the
effectiveness of the confinement mechanism and provides insight into the influence of the

important parameters.
3.3 Description of Test Specimens

3.3.1 Specimen Preparation

Fabrication and testing was conducted in the I. F. Morrison Structural Engineering Laboratory at

the University of Alberta. A total of 11 columns of 300x300 mm cross-section and 1500 mm in
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height, as depicted in Figure 3-1, were cast. Two columns (COOA and CO0B) were control
columns with conventional tie reinforcement and the remainder (CO1 through C09) had external

collar confinement.

The casting of the columns was done vertically and an internal vibrator was used to consolidate
the concrete. Four cylinders of 150x300 mm and four cylinders of 100x200 mm were cast as per
the requirements of ASTM standard C192 for each test column for defining the material
properties. The curing conditions for the cylinders and the columns themselves were identical:
moist-cured for the first seven days and then under ambient laboratory conditions up to the time

of testing.

3.3.2 Internal Reinforcement Details

Each column had four nominally 20 mm diameter longitudinal bars, making the longitudinal
reinforcement ratio equal to 1.33%. In placing the transverse reinforcement, the columns were
divided into three parts: top and bottom end zones (each 350 mm long), and the test region
(800 mm long). The reinforcement details for each of these columns are shown in Figure 3-1.
Columns CO1 through C09 had external confinement by HSS collars and, in order to study the
effect of external confinement separately, no tie reinforcement was provided in the test region.
The tie reinforcement in the test region of column COOA satisfied the gravity load design criteria
of ACI318-02 and CSA Standard A23.3-94. According to these codes, the maximum
center-to-center spacing of ties required for this column is 300 mm. However, due to the
geometric constraint of the test region length, a spacing of 267 mm was used. Column C00B
satisfied the seismic plastic hinge requirements of these codes. Both codes require that the total

area of rectilinear transverse reinforcement be not less than that given by either of the following

equations:
o] A, =03sh 11 f,,(4, 14, -1)
52 A, =0.09sh f!1 f,

This resulted in the selection of a spacing of 70 mm on centers between adjacent ties for
column COOB. Both control columns had ties with 135 degree hooks that extended at least six
bar diameters into the core, meeting the seismic requirements of the two codes. In the end zones
of all columns, closely spaced ties (as well as external collars, as described below) were

provided to prevent failure from occurring near the reaction points.
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3.3.3 HSS Collar Confinement

Typical collars made from HSS sections with bolted or welded corner connections are shown in
Figure 3-2a. The former case was intended to provide a corner connection that allows relative
rotation of the adjacent collar sides, while the latter was intended to approach a fixed corner
condition. These two types of connections permit an assessment of the performance of collars
that bound the likely corner conditions, but are not intended to represent the only means of
assembling the collars for column rehabilitation applications. Indeed, collars welded only on two
opposite corners in the shop and then bolted to the column at the other two corners are likely to
be most practical and economical. Furthermore, other types of bolted connections could be
selected by the designer for reasons of economics that provide a higher degree of rotational
restraint than those selected for the experimental program. Three sizes of HSS were used in the
fabrication of the collars used in this study: HSS102x51x6.35, HSS76x51x6.35, and
HSS51x51x6.35. The HSS collar segments were oriented so that the largest moment of inertia
(1.95x10° mm*, 0.919x10° mm*, 0.319x10° mm*, respectively) was available to resist lateral

expansion of the concrete in the column and were bevelled at 45° at the corners.

In the case of collars with bolted corner connections, 25.4 mm diameter high strength threaded
rods were used to make a diagonal connection between the HSS sides, as shown in
Figure 3-2a(i). To provide proper seating for the nuts and plate washers of the threaded rods,
bevelled attachments of HSS51x51x6.35 were welded to the sides of the collar. In order to
transfer to the concrete columns all of the clamping force applied by the tightening of the nuts,
the sides of the collars were cut slightly short to avoid contact of the adjacent sides during the
tightening operation. The collars on column C01 were tightened to be just snug with the column,
minimizing the active confinement pressure, and the pretensioning force in the bolts is
considered to be negligible. In the cases of columns C02, C03, C04, and C05, a significant initial
pretensioning force was applied to the bolts (65.1 kN, 145.9 kN, 68.9 kN, and 90.2 kN,
respectively), as measured with an annular load cell placed around the bolt shank. The bolts for
column C03 had a significantly higher preload in order to study the potential benefits of active

confining pressure.

In the case of collars with welded corner connections, a partial penetration single-V groove weld
was deposited all around the corner joints using the shielded metal arc welding process. The
simplest means of fabricating these collars was to weld all four corners in a custom jig and then
thread the completed collar over the test column, a method that obviously could not be used for

rehabilitation in the field. To facilitate this procedure, the inner dimensions of the collars were
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kept 10 to 12 mm larger than those of the column cross-section. The collars were positioned so
that the gap between the collar and the column was equal on all sides. The gap was sealed from
the bottom with a construction sealant and was then filled with a low viscosity epoxy grout. The

confining pressure on the columns provided by the welded collars is passive.

In the test regions, either four, six, or eight collars at equal spacings were used. The details of
each specimen are presented in Table 3.1. (The distinction between columns C02 and CO03 lies
only in the degree of initial active confining pressure.) Figure 3-3 shows the schematic of a
typical test specimen in the set-up with welded collars in the test region. In order to prevent
failure of the column in the end zones, closely spaced, flexurally stiff collars were provided at
these locations to supplement the internal ties. Figure 3-4 shows photographs of columns C05

and CO06 (with bolted and welded collars, respectively, in the test region) in the test set-up.

The volumetric ratios of transverse confining steel, p;, for all of the test columns are given in
Table 3.1. The volume of the confining steel for the welded collars was calculated by multiplying
the cross-sectional area of the HSS by the perimeter of the collar measured at the centroid of the
HSS cross-section. For the bolted collars, since the contribution of the HSS to confinement is
limited by the behaviour of the bolts, the volume of the confining steel was taken as the net
cross-sectional area of the bolts running at the centerline of the collars. In both cases, since the
collars are placed externally and prevent most of the spalling, the volume of the concrete was
calculated based on the gross area of the column and the center-to-center vertical spacing of the
collars. Hence, the core of the collared columns was considered equal to the cross-sectional
dimensions of the columns. For columns COOA and CO00B, the volume of the tie steel was
calculated in the usual way, and the volume of the concrete was based on the core of the column
within the reinforcing cage. The core dimensions for columns COOA and CO0B were 215x215 mm

and 220x220 mm, respectively, based on the centerline of the ties.

3.4 Material Properties

To produce a quantity of concrete sufficient for a single column and the cylinders required
(0.19 m3) for the associated material tests, the mix consisted of 137.8 kg of coarse aggregate
varying in size from 5 mm to 14 mm, 173.2 kg of fine aggregate, and 60.0 kg of Portland cement.
Water was added to the mix based on laboratory experience to achieve a target cylinder strength
of 35 MPa, however since the moisture contents of the aggregates were not measured, the wi/c
ratio is not precisely known. The mechanical properties of the concrete for each column were
determined by testing standard cylinders according to the procedures outlined in ASTM standard

C469 and are given in Table 3.2. The testing of each set of cylinders was carried out just prior to
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testing the associated column. The ultimate strengths, fc', and the corresponding standard

deviations are based on at least four cylinder tests. (The strengths of the concrete in
columns CO7 and CO08 are significantly higher than the target value due to an error in the quantity

of water added to the mix.) The stress vs. strain curve for each cylinder was plotted, from which

the secant modulus of elasticity, £ , and the strain at peak stress, &,, were determined.

Poisson'’s ratio was determined using 100x200 mm cylinders and was found to have an overall
mean value of 0.15.

Reinforcing bars conformed to CSA standard G30.18 and the threaded rods were of grade B7 as
per ASTM standard A193/A. Testing of both was conducted according to ASTM standard A370.
Three tension coupons were tested for each type of bar. Figure 3-5 shows the mean stress vs.
strain curves for the reinforcing bars and threaded rods. The mean yield stress, modulus of
elasticity, ultimate stress, and strain at ultimate stress are presented in Table 3.3. Only the
15 mm and 20 mm diameter bars exhibited a well-defined yield plateau. For other cases, the
yield stress was determined by the 0.2% offset method. The strain hardening modulus was found
to be 3863 MPa and 9837 MPa for the 15 mm and 20 mm bars, respectively, and the strain at

the onset of strain hardening was 0.015 and 0.0062, respectively, for these bars.

The HSS conformed to CSA Standard G40.21-98 350W. Stub-column tests were performed to
find the material properties of the HSS. For each size of HSS (nominal depths of 102, 76, and
51 mm), one stub-column was tested. The heights of these stub-columns were 300 mm,
250 mm, and 200 mm, respectively, conforming to the recommendations of the Structural
Stability Research Council (Technical Memorandum No. 3: stub-column test procedure). The
measured cross-sectional areas were 1734 mm?, 1375 mm?, and 1085 mm?, respectively. The
end faces of the stub-columns were machined at 90 degrees to the longitudinal axis. Six strain
gages were installed at mid-height of each stub-column for alignment and determining the stress
vs. strain relationships. In addition, two linear variable differential transformers (LVDTs) were
also installed on opposite faces of each stub-column over a gage length of 100 mm. The loading
of these stub-columns was done in a universal testing machine using displacement control. An
electronic data acquisition system was used to record the data. The strains measured by the
strain gages were close to the average strain based on the LVDTs in the initial parts of the
curves. The strain gages ceased to function at approximately 0.02 strain and, hence, the
remaining part of the curve was obtained using the LVDTs only. The average stress vs. strain
curves for the stub-columns based on the LVDT measurements and the measured cross-
sectional areas of the stub columns are shown in Figure 3-6. Since the entire cross-section was

tested and the lengths of the stub-columns were sufficiently long, these stress vs. strain curves

72



include the effects of residual stresses. Key material properties of the HSS are also listed in
Table 3.3.

A low viscosity epoxy was used to make the grout used under the welded collars. The epoxy
itself consists of two parts: resin and hardener. The grout was a high strength, high modulus
mortar with a mixture of fine sand, resin, and hardener in a ratio of 4:2:1. The compound was
initially highly flowable. After pouring the grout into the gap between the column and the collar, a
steel strip was vibrated into the grout to ensure that there were no air pockets remaining. In order
to determine the material properties of the epoxy grout, three 51x51x51 mm cubes made from
the same mix that was used for grouting the collars were tested in compression. A strain rate of
9.45x10™ per second was maintained during the testing of these cubes. The mean stress vs.
strain curve of the epoxy grout is also depicted in Figure 3-6. The mean modulus of elasticity,
peak stress, and strain at peak stress were found to be 3.42 GPa, 84.0 MPa, and 0.0325,

respectively.

3.5 Test Set-up

All of the columns were tested in a universal testing machine with a compressive capacity of
6.5 MN with the exception of column C08, which was tested in a 15 MN machine due to its high
strength. In the case of column C07, the specimen was loaded initially in the lower capacity
machine, but needed to be transferred to the high capacity machine in order to fail the specimen
completely. The columns were tested vertically under concentric loading. Each specimen was
carefully plumbed and then grouted with plaster at the top and bottom to ensure uniform bearing.
The head of the machine was locked for rotations, so the columns were tested under fixed end

conditions.

3.6 Instrumentation

Applied loads were measured by load cells integral to the testing machines. Deformations were
recorded by DC-operated LVDTs. One LVDT was provided at each of the four corners of the
column to record the deformation over the gage length (the 800 mm test region), as shown in
Figure 3-3. Electrical resistance strain gages were mounted on the longitudinal rebars at
mid-height of all the columns. Strain gages were also mounted on the HSS of the bolted and
welded collars installed on some columns. In some bolted collars, the threaded rods were also
instrumented with strain gages. The locations of the strain gages on the collars and bolts is

discussed with the presentation of strain gage data. In addition, for the columns with bolted
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collars (except C01), an annular-shaped load cell was mounted on the threaded rods of the

collars to measure the bolt tension, which is directly related to the confining pressure.

3.7 Loading Protocol

Initially, a load of about 200 kN was applied to each column to check the instrumentation and
data acquisition system and then removed. The testing of columns CO0A, C00B, C01, C02, C03,
C04, CO05, C06, C08, and C09 was carried out after 98, 103, 82, 93, 207, 80, 88, 200, 648, and
118 days, respectively, after casting the columns. The loading of column C07 was done in two
phases, as discussed previously. The first occurred after 199 days and the second after
650 days from the date the specimen was cast. Most columns were loaded monotonically to
failure, however one column with bolted collars and one with welded collars were subjected to
multiple cycles (15 for C05 and 18 for C07) of load from zero to near their respective
compressive capacities and back, in order to examine the robustness of the system. In particular,
the cycles successfully verified that the collars would not decrease in their effectiveness of
confining the concrete in the columns due to deterioration or slip as the confining pressure was

repeatedly applied and released. All the columns were tested under stroke control.

The strain rate in the test region was controlled indirectly by controlling the speed of the machine
head. Most of the tests were started with a slow head displacement rate which was then
increased in the latter stages of the tests, although in some cases the head displacement rate
was kept constant throughout the test. The strain in the test region for each of the specimens
was plotted with respect to time, revealing a similar trend for all the specimens. The rate of strain
in the test region was relatively low initially and became higher near the end of the tests. This
change in the strain rate in the test region was partly due to the change in the head displacement
rate and partly due to the softening of the test region at higher strains. The average strain rates
up to the peak load and up to the end of tests are given in Table 3.4. The strains at which the
depths of spalling of concrete were measured (Table 3.5) are the strains that correspond to the
end of tests. For columns that failed suddenly, the average strain rates at the peak load and at
failure are equal. Column CO5 could not be failed; therefore, only the strain rate up to the end of

the test has been reported.
!
The strain rates for testing the cylinders to determine f, varied from 1.5x10/sec to 3.5x10°/sec

(average of 2.5x10°/sec). Therefore, the strain rates of the columns up to the peak loads are
generally in the range of 3% to 24% of the average strain rate of the cylinders. According to

Mander et al. (1988), the effect of strain rate on the behaviour of the test specimens can be
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ignored if the strain rate is no greater than 1x10®°/sec and they proposed a model to account for
the effect of strain rate on the behaviour of the test specimens if the strain rates exceed this
value. For some columns in the current research, the strain rates up to the peak are slightly
higher than this value and for the remaining they are lower. The model was applied to all the
columns and it was found that the effect of strain rate on the behaviour of the columns was
negligible. The effect of strain rate on the cylinder strength of concrete was also calculated based
on the average strain rate of 2.5x10°/sec. It was found that the reported cylinder strengths
should be reduced by about 1% to bring them to their corresponding quasi-static values and it
was considered reasonable to ignore this minor effect. In addition, the conclusions based on the
comparisons of columns with each other are not significantly affected because this effect is about

the same in all the columns.

3.8 Test Results

3.8.1 Load Versus. Displacement Response

The load vs. average displacement (based on the four LVDTSs) curves for all of the columns are
shown in Figures 3-7 through 3-17. Figure 3-13 shows the load vs. average displacement curve
for column CO5. It is clear from this figure that after reaching the capacity of the testing machine
(6.5 MN), the load was cycled as described previously, but the specimen could not be failed.
(This column was not moved to the higher capacity machine for reasons that are described
subsequently.) Similarly, the capacity of column C07 also exceeded the capacity of the machine
(6.5 MN) and the load was cycled but the specimen could not be failed. The specimen was then
moved to a higher capacity machine (15 MN) and was loaded monotonically to failure.
Figure 3-15 shows the combined load vs. average displacement curve for column C07 as well as
the envelope curve that is used in the subsequent studies. Figure 3-18 shows the load vs.
average displacement curves of all the columns for comparison purposes. (The multiple load
cycles applied to columns C05 and CO07, as described previously, are not shown in the figure for

clarity of the other curves.)

3.8.2 Load vs. Strain Curves

Figures 3-19 through 3-28 show the load vs. average axial strain curves for all the columns
except for column CO7 (the wires for the strain gages on the longitudinal bars of this column were
damaged during collar installation and hence no strain data are available for the longitudinal bars

of this column) based on both the LVDTs and the strains gages on the longitudinal rebars. The
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curves based on strain gages and LVDTs show reasonably good agreement up to the yielding of
the longitudinal bars. However, in the cases of columns C00B, C03, C04, C06, and CO09, the
curves based on the strain gages show slightly stiffer behaviour. This effect is somewhat more
pronounced in column COOA (Figure 3-19), and would be apparent even if the curves for this
column were plotted to the same scale as those of other columns. The reasons for this
discrepancy are not known. It is also apparent from these figures that the load vs. strain curves
based on strain gages show a jump in the strain at the onset of yielding of the longitudinal bars of
the columns. After this jump, the load vs. strain curves based on the strain gages tend to follow
those based on the LVDTSs. For the section analysis of the columns, the jump in the strain of the
longitudinal bars has been neglected and it has been assumed that the rebars remained fully
composite with the concrete throughout the majority of the test. (This relationship is unlikely to
hold right up to failure due to the localized concrete crushing and rebar bending due to the

concrete expansion in the lateral direction.)

3.8.3 Confined Concrete Material Curves

Based on full composite action between the longitudinal rebars and the concrete, the load carried

by the concrete, P

conc !

can be obtained by subtracting the load carried by the longitudinal rebars

(derived from the strain data) from the total column load. This was done using a FORTRAN
based program MCP developed for this purpose, the listing of which is given in Appendix B. The
procedure was applied to all the columns and the resulting curves of total load, concrete load,

and steel (rebar) load vs. strain are shown in Figures 3-29 through 3-39. The concrete load vs.

strain curves for all the columns are then converted to confined concrete stress, f.., vs. strain

curves by dividing their ordinate by A4, (where, 4, = 4, - 4,,). These curves are commonly

referred to as confined concrete material curves. In order to compare directly the effect of

confinement on the behaviour of the concrete in the columns, it is necessary to normalize the

concrete material curves of the columns with respect to their unconfined concrete strengths, f., |

taken as 0.85f which is commonly used to relate insitu strengths to standard cylinder

strengths. These normalized curves are shown in Figure 3-40. It should be noted that the
descending branches of these curves may not be accurate because of the localization of axial

strains and lateral bending of the longitudinal bars in the test regions.

76



3.8.4 Peak Loads and Strains at Peak Loads

Two of the most important parameters that characterize the performance of the column
specimens are the maximum load attained during the test (i.e., the peak load) and the strain
achieved at this point. The former indicates the capacity of the column and the latter is a
measure of the ductility. A summary of experimental and computed results for these and other
related quantities is shown in Tables 3.5 and 3.6. The maximum column load attained in the test

is denoted by P, and the maximum load carried by the concrete of the column by P The

X cmax *

average column strain at which P, occurs is denoted by ¢, .., and the average column strain

X

at which P,

. max OCCUrs by ¢ . It can be observed from Table 3.5 that these strains are similar.

3.8.5 Failure Criterion

In order to provide a means of direct comparison of ductilities in this study, a column is
considered to have failed when its load drops to 85% of its maximum capacity, a value often
used to define failure of plain concrete. For column COOB, although the capacity decreases to
less than 85% following the first peak, this is not considered failure because there is no reliance

on the contribution of the unconfined concrete cover to the column capacity. The strain

corresponding to this load is called the failure strain, €. Figure 3-41 shows the appearance of

typical columns at the end of the tests. It should be noted that many of the columns were loaded

well beyond the failure strain as defined here.

3.8.6 Depth of Concrete Spalling

Table 3.5 also lists the average depth of spalling into the core at the end of each test, measured
to sound concrete midway between collars or ties in the test region. This value is taken as the
overall mean depth from several measurements on each of the four sides of the column. The
strains at which cover spalling was first visually observed and the strains at which the depths of
cover spalling were measured are reported in Table 3.5. In the cases of columns C01, C02, and
C03, some portions of the columns were completely damaged due to localization of strains, so
the average depth of cover spalling was based on the remaining portion of the test region. For
columns C04 and C09, the spalling was sudden and was not well-distributed over the test region.
The strain at which spalling of the unconfined concrete of column COOA initiated was not
observed precisely but it occurred at a relatively low strain. In this case, at the end of the test

deterioration was so extensive that no meaningful spalling value could be measured. For
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column COOB, the spalling was well-distributed over the test region but the strains at which
measurements were taken were well beyond the peak load. Conversely, for columns C05, CO6,
CO07, and CO08, the spalling was well-distributed over the test region and the strains at which the
cover spalling measurements were taken are close to the peak load. Based on these four
columns, for which the spalling measurements appear to be most representative of the peak load

condition, the average depth of spalling into the core can be approximated by 0.29s’, where

s' is the clear spacing between collars.

3.8.7 Theoretical Capacities of Columns

In addition to the experimental column capacities, the theoretical capacities of various

components of the columns, based on unconfined concrete strengths, are presented in

Table 3.6. P is the theoretical capacity of the column including the contribution of the

longitudinal reinforcing steel, P . is the theoretical capacity of the column without the

oc

contribution of the steel, and P

)« IS the theoretical capacity of the column based on the core of
the column without the contribution of the steel. For conventional columns, the region of the

column enclosed by the centerline of the ties is considered to be the core, whereas for collared

columns, the gross column area is considered to be the core. For the latter, therefore, P is

equalto P_. P

e P 1 the capacity of the column based on the reduced core (taking into account
the approximately parabolic concrete spalling between confining elements), without the

contribution of the reinforcing steel. The depth of spalling into the core between the collars or ties

was taken equal to 0.29s", as observed in the tests, in the calculation of P

orcc *

For example, in

the case of tied column COOB, the total cover spalling for the calculation of P is

orcc
(40+0.29s") mm, with s" taken in millimetres, since the effective cover to the centerline of the

ties is 40 mm.

3.8.8 Strength Enhancement of Concrete

/P

occ !

/P

orcc !

The ratios P, /P, P ./P,.. P

cmax oc’ ¢ max

and P,

 max corresponding to the peak
loads, are also presented in Table 3.6. There are two distinct peaks in the load vs. axial
displacement curve of column COOB (see Figure 3-30). At the first peak, the concrete cover is
carrying a portion of the vertical load and the concrete is behaving as unconfined. The

subsequent drop in load is due to cover spalling, after which the strength of the core concrete
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begins to increase due to the development of confinement up to the second peak. To reflect this

spalling behaviour, the load ratios P, /P, and P

cmax

| P given in Table 3.6 for column CO0B

/P

occ !

and P.__ /P __ correspond to the second. The

¢ max orcc

correspond to the first peak and P, .,

fact that the second peak is higher than the first for P, ., but lower for P,

can be explained by
observing that at the second peak, significant strain hardening of the longitudinal bars has

developed, as supported by strain measurements.

On column C04 and CO09, the collar spacing was relatively large and spalling occurred suddenly
near the peak load. Therefore, the maximum load obtained has some contribution from the

surface concrete between the collars. Since this is not considered to represent a reduced core, a

value of P, ../ P, . is not presented in Table 3.6 for these columns.

orce

3.8.9 Moduli of Toughness of Columns

The modulus of toughness is defined as the energy absorbed by the test region of a column per
unit volume of the test region of the column. This can be calculated as the area under the load
vs. displacement curve of the column up to the desired level of displacement divided by the

volume of the column in the test region (taken here as the original volume, 0.30x0.3x0.8 m). The

moduli of toughness of the columns up to the peak load (Kop) and up to the failure load (Kof)

are given in Table 3.4. Moduli of toughness based on the contribution of the concrete alone up to

the peak column load (K ) and up to the failure load of columns (K /') are also reported in

occp ocgj

Table 3.4. The difference between the total value and the one for the concrete alone represents

the absorption of energy by the longitudinal bars of the columns.

3.8.10 Column Load vs. Bolt Force

As mentioned previously, an annular-shaped load cell was mounted on the threaded rods of the
collars in the test region of columns C02, C03, C04, and C05 to measure the tension in the bolts
during the tests. Figure 3-42 shows the column load vs. bolt tension for these columns. The
curve for column CO5 is shown up to a point just before cycling the load for clarity of other
curves. Figure 3-43 shows the complete column load vs. bolt tension curve for column CO5.
There was very little reduction in the collar bolt force upon the removal of column load, which

verifies the robustness of the collar confinement.
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3.8.11 Collar Confinement and Tie Bars Strain Data

The control columns, COOA and COO0B, had tie reinforcement in the test region. One of the ties in
the test regions of each column was instrumented with two strain gages as shown in
Figures 3-44 and 3-45, respectively. These figures also show the load vs. tie strain curves for

columns COOA and COO0B, respectively.

All the collars of columns C01, C02, C04, and CO05 (with bolted collars) were instrumented with
strain gages. Only the middle two collars of columns C06, C07, and C09 (with welded collars)
were instrumented with strain gages. The strain gages on the collars of column C0O7 were only
functional in the first of the two loading sequences. No strain gages were installed on the collars
of the columns C03 and CO08.

In both bolted and welded collars, the strain gages were installed in pairs—with one on the side
of the collar and the other on the top—and oriented parallel to the axis of the HSS member. This
configuration gave sufficient distance between the gages to provide accurate data regarding
flexural behaviour of the collars. In all cases, the gage pairs were mounted on the HSS midway
between the column corners. The bolts in some of the bolted collars in the test regions of some
columns were also instrumented with strain gages. Only one strain gage was installed on a bolt.
The results obtained from this strain gage may not represent the true tension in the bolt due to
the probable bending of the bolt at high column loads. Figures 3-46 through 3-52 show the load

vs. strain curves of the collars as wells as some bolts in bolted collars in the test regions.

3.9 Discussion

3.9.1 Ductility Enhancement and Modes of Failure

As expected, column COOA showed brittle failure because of the relatively wide spacing of the
ties. The degree of confinement was very low and the column behaviour was typical for
unconfined concrete. The peak load was reached at a strain of 0.0035, as shown in Table 3.5.
Column C00B showed ductile failure because of the closely spaced hoops in the test region. The
peak load (second peak) was reached at an average strain in the test region of 0.0305, which is

about nine times the analogous strain for column COOA. The modulus of toughness up to the

peak load, K, , of column COOB is 11.5 times that of column COOA, as determined from the

values in Table 3.4. Moreover, the capacity decline was relatively gradual and the failure strain,
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€, was 0.0556. For both of the tied columns, it was observed after the tests that the hoops did

not open, confirming that they were adequately anchored into the column core.

Columns C01, C02, C03 and CO04, with bolted collars, showed ductile failure, although the
ductility of column CO4 was somewhat lower due to the relatively large collar spacing. The
ductility up to failure of column CO5, also with bolted collars, could not be determined because
the strength of this column exceeded the capacity of the 6.5 MN testing machine and therefore
could not be failed. The experimental capacities (Table 3.6) of this column are reported just
before cycling the load. Because the collars had to be removed from this column for installation
on another, thus releasing the confining pressure, it was felt that reinstalling the collars and
reloading with the higher capacity machine would not give results consistent with the other
columns where the collars were installed prior to any load being applied. For this reason, the
curves shown in Figures 3-18, 3-35 and 3-40 for column CO5 are terminated prematurely and the

failure strain is not known.

Columns C06, C07, C08, and C09, with welded collars, exhibited brittle failure that was triggered

by the fracture of a corner weld in one or more of the collars. Since the volumetric transverse
steel ratios, p,, for these columns are very high, as shown in Table 3.1, and the collars have a

high flexural stiffness which also has an effect on the confining pressure, it is anticipated that if
the ductility of the collar joints were improved, these columns would exhibit significantly higher
ductility. It has been demonstrated by Caner and BaZant (2002) that the high transverse steel
ratios provided by the welded collars should be sufficient to suppress the concrete softening
indefinitely. However, the models used in their analyses assumed a “smeared” confining element
that provides continuous confinement, rather than discrete collars where softening can occur
between the collars. Nevertheless, improved column ductility would certainly have been exhibited

had the collar welds not failed.

A typical deformed bolted collar and fractured welded collar at the end of the tests are shown in
Figure 3-2b. The plastic flexural deformations are evident in the bolted collar. The appearance of
three columns (C02, C04, and CO05) at the end of the tests (with collars removed) that had
different collar spacings but were otherwise identical are shown in Figure 3-41. (It must be kept in
mind that columns C02 and C04 were each loaded to a strain well beyond the strain occurring at
the peak load.) The localized damage seen in column C04 is a result of the relatively large collar
spacing that resulted in less efficient confinement. Lateral displacements can be observed in
columns C02 and C04 due to the formation of an inclined shear failure plane at high axial strains.
Similar observations were made by Cusson and Paultre (1994) in the testing of high-strength

concrete columns. Since column CO5 was not failed completely, the photograph of this column is
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representative of the typical condition of columns near their peak capacity, with local shallow
spalling between collars but otherwise good integrity. By the end of the tests, the condition of the
concrete between collars tended to decline significantly, but generally no deterioration of the
concrete occurred directly under the collars. Figure 3-41 also shows the two tied columns (COOA
and CO0OB) and a representative welded column (CO7) after the tests for comparison. In
particular, for column COOB one can see that the effective core area is much smaller for an

internally tied column than a collared column.

3.9.2 Strength Enhancement Criteria

The enhancement in the strength of the columns can be seen by studying the ratios P,,, /P,

P../P., P

cmax oc? cmax

/P

occ !

and P /P, .. Theratios P, /P, ofthe confined columns are all

cmax orcce
greater than 1.0, which means that the actual capacity of the columns is higher than the

theoretical unconfined capacity. This is because of the strength enhancement through
confinement. For the same reason, the ratio P, ... / P, shows that the capacity of the confined
concrete in the columns is higher than that of the theoretical unconfined concrete capacity.

Table 3.6 also shows that the ratios P, /P and P, /P, for the unconfined column CO0OA

cmax oc

are somewhat greater than 1.0. This is attributed to the variation in the properties of the materials

and the variability of the factor (0.85) used to convert f to f! . The ratio P, /P,  differs

cmax occ

from P

> o | P,. only for the tied columns, where it accounts for the cover spalling that takes

place outside the ties and uses P, .. taken at the second peak (for column C00B), as discussed

max

previously, giving a meaningful account of the effects of the material confinement. The ratio
P .o ! P,. is higher than the other three ratios, as it accounts also for the spalling that

penetrates into the core between the confining elements. This ratio is considered to represent the

[/ P, can also be

actual strength enhancement factor of the concrete, although the ratio P, . /P, .

considered of practical relevance. It can be seen from Tables 3.1 and 3.6 that an increase in the
level of confinement, as represented by p,, results in a concomitant increase in the strength

enhancement factor. In this study, the maximum observed strength enhancement factors due to

/[P _and P.__I|P

max occ c¢max orce !

confinement (column C07) are 2.31 and 3.12, based on the ratios P,
respectively. For comparison, the strength enhancement factors for column C0O0B, with closely

/P _and P._. [P

max occ cmax orcc !

spaced internal ties, are 1.96 and 2.70, based on the ratios P,

respectively.
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In the following discussions, a distinction is made between the strength enhancement factor,
described above, and the actual degree of strength enhancement which is taken as the strength
enhancement factor minus 1.0. The latter, which can be expressed as strength enhancement as
a percent of the unconfined strength simply by multiplying by 100, permits a meaningful

comparison of the strength enhancement factors presented in Table 3.6.

3.9.3 Bolted Versus Welded Collars

It was observed that no failure occurred in the collars with bolted collar connections. These
collars deformed gradually during the loading of the column but no sudden drop in column load
took place. However, the failure of the columns with welded collars was brittle due to fracture of
the welds in the collar corners. Inspection of the failure surfaces revealed that the welds were of
about half penetration. Nevertheless, in each case the axial strains achieved in the columns prior

to failure of the collars were large.

The welded collars provide a higher level of confinement than bolted collars for two reasons. The
volumetric ratio of the confining steel, p,, of the welded collars is higher than that of the bolted

collars because the behaviour of the bolted collars is largely dependent on the deformations of
the bolts rather than the HSS members themselves. Moreover, the fixed corner connections
result in a significantly higher flexural stiffness. To study the effect of the corner connection of the
collars (bolted vs. welded) on the behaviour of the confined columns, the results of columns CO1,
C02, and C04 can be compared with those of columns C06, C07, and C09, respectively, as
given in Table 3.6. Each of the three pairs of columns is identical except for the collar corner
connection. The mean strength enhancement of the concrete in the columns with welded collars

is about 2.41 and 1.95 times that of the columns with bolted collars based on the ratios

P.x/P,.and P . |P

¢ max occ orcc !

respectively.

The strains at peak stress, ¢_ ., of the concrete confined by welded and by bolted collars

(Table 3.5) are comparable. The moduli of toughness up to the peak Ioad,Kop, for columns with

welded collars is higher than those for columns with bolted collars due to the high degree of
confinement of welded collars as compared to analogous bolted collars. However, the failure
strain, g, of the columns with welded collars was generally lower than that of those with bolted

collars due to premature fracture of the collar welds. Had the corner welds in the welded collars

not failed, both the strain at peak stress of concrete, ¢ __, and the failure strain, &, of the columns

cc?!
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with welded collars would likely have been higher than those of the columns with analogous

bolted collars.

3.9.4 Collar Spacing

The collar spacing has a major effect on the behaviour of the columns because as the spacing

increases, the efficiency of the confinement mechanism decreases due to both the increased
unconfined length itself and a decrease in the parameter p,. With an increase in collar spacing,

the strength enhancement factor and the ductility of the column both decrease. This can be

observed for bolted collars by comparing the results of columns C02, C04, and CO5 and for

[ P is not available for

welded collars by comparing columns CO7 and C09. The ratio P, /P,

columns C04 and CO09, as discussed previously. Therefore, the effect of spacing has been

studied based on the ratio P, . /P, . The clear spacing between the collars, s, for

columns C02 and C04 was 1.61 and 2.70, respectively, times that of column C05. The
enhancement in concrete strength of these columns was 0.49 and 0.23, respectively, times that
of column CO05. The clear spacing of collars for column C04 was 1.67 that of C02 and its strength
enhancement was 0.48 times that of column CO02. It is observed for these cases that the strength

enhancement is cut in half by increasing the clear collar spacing by approximately 60%. If we

define s; as the ratio of the larger clear spacing to the smaller clear spacing and n as the

associated ratio of strength enhancements (less than 1.0) and note that when s; equals 1.0 then

n must also be 1.0, an excellent approximation of the strength enhancement ratio, n, can be

obtained for the specimens tested from:

[3.3] n=

Equation 3.3 gives values of 0.49, 0.46, and 0.23 for S; equal to 1.61, 1.67, and 2.70,

respectively, as compared to the experimentally obtained values of 0.49, 0.48, and 0.23.

The strain at P

max + €ccr 1S Used to evaluate the effect of spacing on ductility. The monotonic

loading of column CO5 was terminated at a strain of 0.030. However, due to the cycling of the
load, the strain of the column was increased to 0.043. The ductilities (taken as ¢, ) of

columns C02 and C04 are 0.81 and 0.13, respectively, times that of column C05. The ductility of

column C04 is 0.16 times that of column C02. Hence, the ductility is more sensitive to the change
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in clear spacing between the collars at higher spacings where the degree of confinement is less.
The ductility of column C09 is 0.95 times that of column CO7. The level of confinement is higher
in the case of these columns as compared to columns C02 and C04 due to the rigid collar corner

connections and therefore the ductility is less sensitive to the clear spacing between the collars.

3.9.5 Collar Stiffness

The flexural and axial stiffnesses of the collars (size of the collars) also have an effect on the
behaviour of the columns. Increasing the size of a collar also affects the parameter p,

(Table 3.1). An increase in the stiffness of the collars increases both the strength and the ductility
of the column. This can be observed for bolted collars by comparing the results of columns C01
and C02 and for welded collars by comparing columns C06, C07, and CO08. The strength
enhancement of the concrete of column CO02 is 1.14 times that of column CO1 based on the ratio

P .. IP

¢ max orcc *

The strain ¢, for column CO2 is 1.4 times that of column CO1. (It must be
recognized that these differences may be due not only to the difference in the stiffnesses of the
collars, but the small change in the quantity p, and the difference in the initial active confining

pressure may also contribute.) The axial and flexural stiffnesses of the collars of column C02
were 1.31 and 2.88, respectively, times those of column CO1. Although it is clear that the
provision of flexurally stiff confining elements has a significant beneficial effect on the degree of
confinement, the large difference in the stiffness of the collars in these columns seems to have a
comparatively small effect on strength. This is likely because the degree of confinement in these
columns is highly dependent on the fact that the collar bolts used are relatively flexible
components as compared to the HSS themselves. The change in collar stiffness seems to have

a somewhat more pronounced effect on ductility than strength.

The strength enhancement of columns CO7 and CO08 are 1.09 and 1.07, respectively, times that
of column C06 and the strength enhancement of column CO08 is 0.98 times that of column CO07.
The axial stiffnesses of the collars for columns CO7 and CO8 are 1.31 and 1.62, respectively,
times that of column C06 and their flexural stiffnesses are 2.88 and 6.11, respectively, times that
of column C06. The axial and flexural stiffnesses of the collars of column C08 are 1.24 and 2.12,
respectively, times those of column CO7. These significant differences in the stiffness of the
collars of columns C06, CO7 and C08 seem to have a marginal effect on the behaviour of the
columns. Although the higher concrete material strengths of columns C07 and C08 may have
reduced somewhat their potential strength enhancement due to reduced lateral expansion, this
phenomenon is attributed primarily to the high level of confinement provided by the rigid corner

connections in the welded collars. This is consistent with the findings of Hussain and Driver
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(2001) in a previous numerical study, where it was found that at higher levels of confinement, the
strength enhancement of concrete becomes less sensitive to the variation in the confining
pressure. Many existing confinement models appreciate this phenomenon and it was first
observed by Richart et al. (1928). It is noted that the strength enhancement of column CO7 is
very slightly higher than that of column C08, despite the fact that the collars are of lower
stiffness. This discrepancy is attributed to the variability of the concrete strength and the
modification factor 0.85. It is concluded that although the provision of flexural stiffness in the
confining elements has significant benefits, there is clearly a threshold beyond which the rate of

increasing benefit diminishes rapidly.

3.9.6 Active Confining Pressure

Figure 3-42 shows the column load vs. bolt force (in the middle of the test region) for
columns C02, C03, C04, and CO05. The initial parts of the curves are almost vertical, which
means that the expansion of the concrete was negligible in this region. When the column strain in
the test region reaches the strain of the unconfined concrete at the peak stress, the expansion of
the concrete becomes rapid and, hence, the force in the bolt increases. In the rehabilitation of
buildings, the collars would be installed on the columns under service load conditions. Practically
no expansion of the columns takes place under service loads and therefore the confining

pressure for the enhancement in ductility and strength of the columns will still be developed.

The complete curve of column load vs. bolt force, including the load cycles, for column CO5 is
shown in Figure 3-43. When the column load is returned to zero, there is a slight reduction in the
bolt force due to elastic recovery in the concrete lateral strain. The peak bolt force is again
obtained by increasing the column load back to near to the column capacity. The column did not

loose capacity under positive loading cycles, confirming the robustness of the system.

Columns C02 and CO03 are identical except that column C03 had an initial active confining
pressure 2.24 times that of C02. The strength enhancement of column C03 was 1.39 times that
of C02. Column C03 exhibited more rapid softening in the descending branch than did
column C02, as seen in Figure 3-18, however, the strains at the peak loads were similar. The
column load vs. bolt force curves for columns C02 and CO3 (Figure 3-42) are not similar. There is
a rapid reduction in the bolt force of column C03 after the peak load, combined with a rapid
reduction of the column load. This may be attributed to the rapid spalling of concrete observed
between the collars because of the high tensile stresses in this region due to the higher confining
pressure and/or to the sudden elongation of some of the bolts from yielding due to the higher

preload. The performance of column CO3 is better than that of column C02 up to the peak load
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and it is anticipated that the performance of column C03 would have been better up to failure if
no reduction in the confining pressure had taken place. This is consistent with observations of
Krstulovic-Opara and Thiedeman (2000) who, based on the test results of concrete columns
confined by self-stressing composites, concluded that active confinement is more effective than

passive confinement in restraining cracking and improving crack stability.

3.9.7 Measured Strains of Transverse Steel

The transverse steel consists of either conventional tie reinforcement or external collars. The ties
yielded in both columns COOA and COOB as is clear from Figures 3-44 and 3-45, respectively.
One of the two strain gages on the tie reinforcement of each column revealed strains that greatly
exceed the yield strain. It is also clear from these figures that the strain in the tie reinforcement

becomes evident at the initial stage of column load.

Figures 3-46a through 3-46j show the relationships between the column load and collar and bolt
strains for column CO1. The location of the various strain gages are also shown in these figures.
The collar strains are zero at zero column load because no significant initial active confining
pressure was present in the collars of this column. Figures 3-46a through 3-46f show the load vs.
strain response of the HSS collars at the gage locations. The initial parts of these curves are
vertical, indicating that virtually no strain takes place in the collars in the initial parts of the tests.
The gradient of strain in the cross-section of the collars is evident from the figures. At a certain
column load, the strains at the outer face of the collars become much higher than those recorded
using strain gages installed relatively closer to the concrete column due to yielding. An
examination of these figures shows that both the inner and outer strain gages show tensile strain
after the initial vertical parts of the curves; however, the outer tensile strain is much higher than
the inner tensile strain, indicating that the section is subjected to tension as well as bending
moment (with the tensile stress being higher than the maximum bending stress). Subsequently,
the inner strain gages start showing compressive strains, indicating that flexural behaviour has
begun to dominate. Since the outer gages are farther from the neutral axis than the inner ones,
the strains have much larger magnitudes at high column loads. Figures 3-46g through 3-46j
show the relationship between the column loads and bolt strains. The bolts are relatively flexible
components in the collars and hence they attract some strain in the initial stages of the tests, as
seen in Figures 3-46g through 3-46j. Moreover, the figures show that the bolts yield extensively

as the column loads become large.

Figures 3-47a through 3-47j show the relationships between the column load and collar and bolt

strains for column C02. The strains for this case are not zero at zero column load because of the
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presence of initial active confining pressure due to the pre-tensioning of the bolts. Figures 3-47a
through 3-47f show the load vs. strain response of the collars at the gage locations. With the
exception of the non-zero initial strains, the behaviour is similar to that described for column COL1.
Figures 3-47g through 3-47j show the relationship between the column loads and bolt strains.
These curves are almost vertical initially, indicating that very little strain took place in the bolts of

this column in the initial stage of the test.

A comparison of the strain data from the HSS collars shows that the strains are much higher for
column C0O1 than for column C02. This was expected because the collars of column C02 are
stiffer than those of column CO1. The strains of the collar bolts of columns CO1 and CO02 are

comparable.

Figures 3-48a through 3-48h show the column load vs. strain curves of the collars and bolts for
column CO04. Initial active confining pressure was present in this column due to the pre-tensioning
of the bolts. Therefore, the collar strains are not zero at zero column load. Figures 3-48a through
3-48d show the relationship between the column load and the strains of the HSS collars for
column C04. The initial parts of these curves are vertical. The magnitudes of the strains of the
collars of column C04 are less than those of the strains of the collars of column CO1 and are
comparable to those of column C02. The lower strains in the collars of column C04 as compared
to those of columns CO1 are due to the fact that the test was ended at a lower level of axial
strain. The outer strains are much higher than the inner strains. The strain gradient indicates the
presence of bending stresses in the sides of the collars. Figures 3-48e through 3-48h show the
relationships between the column load and the strains in the collar bolts. The initial part of these
curves are almost vertical indicating that no lateral strain of the column took place in the initial
stage of the test. The strains in the bolts of this column (C04) are less than those of columns CO1
and CO02 because the test had to be stopped at a relatively low level of axial strain due to the

more rapid drop in the column load.

Figures 3-49a through 3-49h show the relationship between the column load and collar and bolt
strains of column CO05. Initial active confining pressure was applied to this column due to the
pre-tensioning of the bolts which induces tensile as well as bending stresses on the HSS collars.
The strains measured by the inner and outer gages are initially compressive and tensile,
respectively. By increasing the column load, the outer strains increase up to the end of the test.
The inner strains behave differently. With the initial increase in column load, the inner
compressive strains tend to decrease in magnitude initially and may even go slightly into tension,
indicating the dominance of tensile behaviour in the collars. However, in the later stages of the

test, these strains tend to become increasingly compressive, indicating the existence of high
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bending stresses in later stages of the test. An examination of the strain data shows that the
strains in the collars of column CO5 are generally somewhat lower at the same level of axial load
than those of columns C02 and CO4 that have the same collar size. This is because of the
presence of higher confining pressure in column C05 as compared to columns C02 and C04 due
to the closer spacing of collars and higher initial pretension force that tends to reduce the
effective Poisson’s ratio of the concrete. These curves show that cycling the axial load does not
jeopardize the efficiency of the collar confinement. The lower bolt and collar strains in
column CO05 at the end of the test as compared to those of columns C01 and C02 are due to the

fact that the test of column C05 was ended prematurely at low level of axial strain.

It should be noted that the relationships between the column axial load and the bolt strains
described above are considered of general use only, but have been presented for completeness.
Because of the presence of bending in the bolts, the specific values of strain obtained inevitably
include both axial and flexural components. Moreover, some bolts were reused after
straightening. For these reasons, the load variations in the bolts should be obtained from the

annular load cell data rather than the strains presented here.

Figures 3-50a through 3-52 show the relationships between the column load and collar strains for
columns C06, C07, and C09 (columns with welded collars). There is no active confining pressure
in these column. Therefore, the collar strains are zero at zero column load. Initially, both the inner
and outer strains of the collars of columns C06 and C09 are tensile, but as the column load
increases the outer strains continue to increase, while the inner strains tend to become
compressive in the later stages of the tests due to bending of the collars. The inner and outer
stains in the collars of column CO7 remain tensile throughout the test, although the outer strain is

larger in magnitude than the inner due to bending of the collars.

3.10 Summary and Conclusions

A total of 11 full-scale reinforced concrete columns that were confined externally by HSS collars
were tested under quasi-static concentric loading, with multiple cycles being applied in two of the
cases that verified the robustness of the confinement mechanism. The overall objective of the
research program is to investigate the effectiveness of this relatively simple external confinement
system for the rehabilitation of seismically deficient reinforced concrete buildings. The tests
reported herein represent the first phase of this investigation. The effect of parameters such as
type of collar corner connection, spacing of collars, stiffness of collars, and the effect of active
confining pressure on the confined material curve have been studied. Based on the test results,

the following main conclusions have been drawn:
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External confinement by HSS collars has excellent potential for rehabilitation of seismically
deficient reinforced concrete structures through enhancement in both strength and ductility.
The collared columns exhibited a maximum strength enhancement factor of 3.12
(column CO7; strain at peak stress equal to 0.026), calculated based on the reduced core of
the column, and a maximum observed strain at peak stress of 0.043 (column CO5; strength
enhancement factor equal to 2.57). By comparison, a conventionally confined column
satisfying the plastic hinge requirements of ACI318 and CSA Standard A23.3
(column COOB) exhibited a strength enhancement factor of 2.70 and a strain at peak stress
of 0.030. Clearly, the comparative overall benefit in strength for the collared columns is much
greater when considering that the size of the core itself is considerably larger, as discussed

in item 2;

External confinement by HSS collars prevents the spalling of concrete cover under the
collars and inhibits spalling between the collars. The effective core area of externally

confined columns is therefore significantly larger than that of conventional columns;

On average, columns confined by collars having welded corner connections show an
enhancement in strength, based on the reduced core area, of 1.95 times that of equivalent
columns with bolted collars. The strain at peak stress of the concrete confined by the two
types of collars are comparable and generally are close to ten times that which would be
expected for unconfined concrete. The lower failure strain exhibited by columns with welded
collars is attributed to the lack of ductility of the welds in the collars themselves and it may be

increased significantly with deeper weld penetration;

The spacing of the collars has a profound effect on the confined material curve. It was
observed that by increasing the clear spacing by about 60%, the enhancement in concrete
strength was cut in half. The effect of a change in collar spacing on the strain at peak stress
of the confined concrete was more prominent at higher spacings (lower levels of
confinement) and it became less influential at smaller spacings (higher levels of
confinement). These observations are not expected to hold at very large spacings, where the

degree of confinement is very low;

The mere presence of HSS collars has a large effect on column strength due, in part, to their
high stiffness. By increasing the HSS stiffness, an enhancement in both strength and ductility
was observed, although the benefits in strength were relatively small as compared to the

increase in collar stiffness. For bolted collars, this is attributed to the fact that the behaviour is
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influenced by the deformations of the bolts, which are relatively flexible components of the
system. For welded collars, it is attributed to the high level of confinement achieved by the
presence of the rigid corner connections, which in turn reduces the impact of the moment of
inertia of the HSS member itself. Therefore, when increasing the collar stiffness, there is a

threshold beyond which the rate of increasing benefit diminishes rapidly; and

The column with relatively high initial active confining pressure showed improved behaviour
up to the peak load, but exhibited rapid softening in the post-peak part of the curve, likely due
to some combination of rapid spalling of the concrete between the collars and yielding of the
bolts. An enhancement in concrete strength was observed that was 1.39 times that of the

otherwise similar column by increasing the initial confining pressure by 2.24 times.
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Table 3.1: Description of column specimens

Transverse Steel
- Spacing Cross- | volumetric
Specimen Size on Type of sectional ;
Type Corner Ratio, p,
(mm) Centers Connection Areg 9
(mm) (mm?) (%)
CO0A Conventional $10 267 — 100 0.70
CooB rebars 615 70 — 200 5.19
co1 HSS 51x51x6.35 122 bolted 375* 4.81*
Cc02 HSS 76x51x6.35 122 bolted 375* 5.15%
Co3 HSS 76x51x6.35 122 bolted 375* 5.15*
Cco4 HSS 76x51x6.35 170 bolted 375* 3.68*
Collars made « .
CO05 from hollow HSS 76x51x6.35 95 bolted 375 6.63
C06 structural HSS 51x51x6.35 122 welded 1085 13.92
sections (HSS)
co7 HSS 76x51x6.35 122 welded 1375 18.90
Cco8 HSS 102x51x6.35 122 welded 1734 25.48
C09 HSS 76x51x6.35 170 welded 1375 13.50

* Based on bolts
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Table 3.2: Properties of concrete

Cylinder Strength, f Modulus of Strain at Peak
Specimen Mean St. Dev. Blasticity, £, Stress, £,

(MPa) (MPa) (MPa)
CO0A 34.4 3.21 22 860 0.0026
CcooB 35.0 4.23 23 210 0.0026
Co1 37.9 1.20 20 670 0.0031
C02 38.7 211 19 840 0.0032
Co3 37.8 1.90 25330 0.0025
Cco4 37.8 1.73 22 020 0.0029
C05 36.4 1.05 20 050 0.0033
C06 34.8 2.83 23 340 0.0025
co7 47.0 141 24 750 0.0032
Cco8 52.8 1.55 26 890 0.0033
C09 36.3 3.25 24 390 0.0025
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Table 3.3: Properties of rebars and HSS

. . Ultimate Strain at
Description of Size f, E, Stress Ultimate
P (MPa) (MPa) (MPa) Stress

$10 450 202 800 717 0.1000
Rebars $15* 453 202 250 617 0.1350
$20* 431 205 100 668 0.1150
Threaded rods $25 811 202 100 950 0.0610
HSS 51x51x6.35 497 203 400 642 0.0887
Steel hollow

structural HSS 76x51x6.35 445 202 700 506 0.0234

sections
HSS 102x51x6.35 410 201 350 489 0.0166

*Steel with well-defined yield plateau
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Table 3.4: Strain rate data and moduli of toughness of columns

Specimen ; ;
P gp 8./ K op K of K occp K occf
(1/sec) (1/sec) KN-m/m®) | (kN-m/m®) | KN-m/m®) | (kN-m/mP)

CO0A 0.69x10° | 0.69x10° 89.88 110.76 75.99 93.54
CooB 4.75x10° | 8.63x10° 1033.92 1937.66 842.48 1547.46
Cco1 2.98x10° | 5.32x10° 1458.53 2718.80 1276.87 2360.88
Cc02 2.70x10° | 3.90x10° 1848.43 2937.07 1593.70 2554.60
Cco3 2.78x10° | 4.33x10° 2044.73 2725.76 1808.31 2375.32
Co04 0.80x10° | 2.43x10° 224.33 699.00 194.63 608.80
C05 2.24x10° | 2.24x10° 2918.64 N.A. 2620.80 N.A.
C06 2.83x10° | 2.83x10° 2095.07 2358.17 1890.19 2075.18
co7 3.02x10° | 3.02x10° 2813.36 3296.32 2627.74 3076.79
cos 5.97x10° | 5.97x10° 3004.82 3181.98 2841.03 3011.38
C09 2.28x10° | 2.44x10° 1317.01 1800.70 1152.69 1562.93
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Table 3.5: Column axial strain and spalling data

Average | Strainat | Strain at
Specimen e e e depth of | the start which
pmax cc f .
core of spalling
spalling | spalling | measured
(mm)
CO0A 0.0035 0.0035 | 0.0041 — — —
0.0034/ | 0.0033/

CcooB 0.0305* | 0.0300* 0.0556 18 0.0070 0.0830
co1 0.0300 0.0250 | 0.0547 21 0.0040 0.0864
co2 0.0356 0.0350 | 0.0551 20 0.0037 0.0839
Co03 0.0350 0.0320 | 0.0455 22 0.0049 0.0707
co4 0.0064 0.0057 | 0.0173 34 0.0033 0.0500
C05 0.04308 | 0.04308 — 15 0.0045 0.0430
C06 0.0359 0.0350 | 0.0394 19 0.0025 0.0406
cov 0.0283 0.0264 | 0.0323 19 0.0037 0.0328
Cco8 0.0318 0.0300 | 0.0334 20 0.0045 0.0335
Cco09 0.0267 0.0250 | 0.0349 38 0.0041 0.0365

* Presented for the two distinct load peaks observed (see Fig. 3.30)
§ Lower bound values
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Table 3.6: Load data and strength enhancement factors

Experimental

Computed Capacities

Capacities mw | p | P P

Specimen B F, nax F, P, P, orce P P | p Boee

kN) | kN) | (kN) | kN) | kN) | k) oc

COOA | 3475 | 2039 | 3114 | 2597 | — — | 112 | 113 | — —
coop | 33211 28%00 | 3150 | 2642 | 1404 | 1016 | 106 | 108 | 196 | 270
co1 4874 | 4185 | 3378 | 2861 | 2861 | 2119 | 1.44 | 1.46 | 146 | 1.97
02 5283 | 4568 | 3438 | 2021 | 2921 | 2164 | 154 | 156 | 156 | 2.11
co3 6093 | 5379 | 3370 | 2853 | 2853 | 2114 | 1.81 | 1.89 | 1.89 | 2.54

Cco4 4135 | 3611 | 3370 | 2853 | 2853 | 1676 | 1.23 | 127 | 127 | —
CO5 | 66005 | 59068 | 3265 | 2748 | 2748 | 2294 | 2.02 | 215 | 215 | 257
C06 6409 | 5730 | 3144 | 2627 | 2627 | 1947 | 2.04 | 218 | 218 | 2.94
co7 8882 | 8193 | 4065 | 3548 | 3548 | 2628 | 219 | 231 | 231 | 3.12
cos 9802 | 9087 | 4503 | 3985 | 3985 | 2953 | 2.18 | 2.28 | 228 | 3.08

09 5123 | 4474 | 3257 | 2740 | 2740 | 1609 | 157 | 163 | 163 | —

* Presented for the two distinct load peaks observed (see Fig. 3.30)

8 Lower bound values




All dimnensions are in millimeters
All columns have 4-@20 vertical bars

— r _r

" gf
o
Vv Vv v o V § Vv
1 2 - ® 2 3 @ 3
S s 8 & 8 :
oS! Q o 9 2 =
2 - =
Hoops 2 Hoops ! | Hoops
1 <1 1 1 1 1
Column CODA Column C00B Column C01-C09
300 (Typ.)
98 (Typ.)— |- e
e o | o
e o 083
Section 1-1 Section 2-2 Section 3-3

Figure 3-1: Column reinforcement details



Figure 3.2a

Figure 3.2b

Figure 3-2: Typical collars: (&) pre-test: (i) bolted collar; and (ii) welded collar
(b) post-test: (i) deformed bolted collar; and (ii) weld

fracture at corner of welded collar
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Figure 3-3: Schematic of set-up for a typical column specimen
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(a) Column C05 (b) Column CO06

Figure 3-4: Typical column specimens in set-up with: (a) bolted; and (b) welded
collars in the test region
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Figure 3-6: Stress vs. strain curves for HSS and epoxy grout
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Figure 3-9: Load vs. axial displacement for column CO1
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Figure 3-10: Load vs. axial displacement for column C02
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Figure 3-12: Load vs. axial displacement for columns C04
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Figure 3-13: Load vs. axial displacement for columns C05
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Figure 3-14: Load vs. axial displacement for columns C06
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Figure 3-17: Load vs. axial displacement of column C09
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Figure 3-19: Load vs. average axial strain curves for column CO0A
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Figure 3-20: Load vs. average axial strain curves for column C00B
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Figure 3-21: Load vs. average axial strain curves for column C01
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Figure 3-22: Load vs. average axial strain curves for column C02
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Figure 3-23: Load vs. average axial strain curves for column C03
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Figure 3-24: Load vs. average axial strain curves for column C04
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Figure 3-25: Load vs. average axial strain curves for column C05
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Figure 3-26: Load vs. average axial strain curves for column C06
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Figure 3-27: Load vs. average axial strain curves for column C08
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Figure 3-28: Load vs. average axial strain curves for column C09
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Figure 3-31: Total load, concrete load, and steel load vs. strain
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Figure 3-32: Total load, concrete load, and steel load vs. strain
curves for C02
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Figure 3-33: Total load, concrete load, and steel load vs. strain
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Figure 3-34: Total load, concrete load, and steel load vs. strain
curves for CO4
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Figure 3-38: Total load, concrete load, and steel load vs. strain
curves for C08
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Figure 3-40: Normalized concrete material curves
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Figure 3-41: Appearance of columns at the end of the tests
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Figure 3-42: Column load vs. tension in the collar bolts
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Figure 3-43: Column load vs. tension in the collar bolt for column C05
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Figure 3-44: Load vs. strain of tie bars for column CO0OA
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Figure 3-45: Load vs. strain of tie bars for column CO0B
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Figure 3-46b: Column load vs. strain of collar (SG7 and SG8) for
column CO1
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Figure 3.46¢: Column load vs. strain of collar (SG9 and SG10)
for column CO1

126



Y
Concrete . [ 5];
41
L |
SG28 =1 I SG27
Z |
S A |
§ HSS
8 PN
/\ 4
Al* IR
[ ] [ ]
ey
4
Column CO1 Strain Gage Locations
6000
SG28
5000
4 L
= 00 SG27
-
T 3000 |
S
2000 }
1000 }
0
-0.005 0.000 0.005 0.010 0.015 0.020 0.025

Strain

Figure 3-46d: Column load vs. strain of collar (SG27 and SG28) for
column C01
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Figure 3-46e: Column load vs. strain of collar (SG33 and SG34) for
column C01
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Figure 3-46f: Column load vs. strain of collar (SG35 and SG36) for
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Figure 3-46g: Column load vs. strain of bolts (SG17 and SG18) for
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Figure 3-46h: Column load vs. strain of bolts (SG19 and SG20) for
column C01

131



All dimensions are in millimeters

Test Region

Column CO1 Strain Gage Locations

6000

5000

4000 F

3000

Load, kN

2000

1000

0 Il 1L L L
-0.002 0.000 0.002 0.004 0.006 0.008 0.010

Strain

Figure 3-46i: Column load vs. strain of bolts (SG29 and SG30) for
column CO1
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Figure 3-46j: Column load vs. strain of bolts (SG31 and SG32) for
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Figure 3-47a: Column load vs. strain of collar (SG5 and SG6) for
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Figure 3-47b: Column load vs. strain of collar (SG7 and SG8) for
column C02
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Figure 3-47c: Column load vs. strain of collar (SG13 and SG14) for

column C02
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Figure 3-47d: Column load vs. strain of collar (SG21 and SG22) for
column C02
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Figure 3-47e: Column load vs. strain of collar (SG33 and SG34) for
column C02
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Figure 3-47f: Column load vs. strain of collar (SG35 and SG36)
for column C02
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Figure 3-47g: Column load vs. strain of bolt (SG17) for
column C02
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Figure 3-47h: Column load vs. strain of bolts (SG19 and SG20) for
column C02
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Figure 3-47i: Column load vs. strain of bolts (SG29) for
column C02
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Figure 3-47j: Column load vs. strain of bolts (SG31 and SG32) for
column C02
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Figure 3-48c: Column load vs. strain of collar (SG27 and SG28) for
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Figure 3-48f: Column load vs. strain of bolts (SG19 and SG20) for
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Figure 3-48g: Column load vs. strain of bolts (SG29 and SG30) for
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Figure 3-48h: Column load vs. strain of bolts (SG31 and SG32) for
column C04
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Figure 3-49a: Column load vs. strain of collar (SG6) for
column C05
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Figure 3-49b: Column load vs. strain of collar (SG7) for
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Figure 3-49c: Column load vs. strain of collar (SG8) for
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Figure 3-49d: Column load vs. strain of collar (SG9) for
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4. PERFORMANCE OF COLLARED COLUMNS UNDER CYCLIC
LOADING

4.1 Introduction

With the advancement in earthquake engineering in the past four decades, new codes and
standards have been developed that have revealed that many existing reinforced concrete
structures are seismically deficient. Some structures have also been deemed seismically
deficient due to seismic rezoning of the area. Such structures need to be upgraded to meet the
latest codes and standards. The behaviour of structures during an earthquake depends on their
strength and stiffness, as well as their ductility. Seismic rehabilitation of structures can be carried
out by increasing their strength and stiffness without enhancing their ductility significantly, which
is typically achieved by adding new structural walls and/or bracing. These types of rehabilitation
schemes may require the structures to deform elastically during strong motions and can impose
high demands on the existing foundations, which may, in turn, need to be strengthened. The use
of ductility enhancement in the design of new structures, as well as in rehabilitation projects,
reduces the seismic design forces considerably. Therefore, attention is given to maximizing
ductility in new construction as well as in rehabilitation projects. Such rehabilitation schemes
have become increasingly popular in the recent years (Aboutaha et al., 1996; Chai et al., 1990;
Ghobarah et al., 1997; and Marsh, 1992). The ductility and energy dissipation at the location of
plastic hinges in concrete frames can be enhanced through confinement (Chung et al., 2002;
Mander et al., 1988a; Saatcioglu and Razvi, 1992; Sheikh and Uzumeri, 1980). The confinement
of concrete is conventionally achieved through closely spaced internal tie reinforcement.
However, existing seismically deficient reinforced concrete buildings may possess insufficient
ductility due to the lack of internal tie reinforcement at the location of plastic hinges. In these
cases, an external means of confinement is required. One such method is proposed in the

present research: confinement of concrete columns by steel collars.

The primary objective of this chapter is to evaluate the performance of collared columns under
cyclic loading. For this purpose, nine full-scale cantilever columns were tested under cyclic
loading. The confinement was provided with collars made from steel hollow structural sections
(HSS) with welded corner connections. The effects of parameters such as axial load, collar
spacing, collar stiffness, and shear-span on the behaviour of the columns were studied. The tests
reported in this chapter were performed at the I.F. Morrison Structural Engineering Laboratory at

the University of Alberta.
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Using the experimental stress-versus-strain curves of the steel rebars and stress-versus-strain
curves of concrete confined externally by steel collars obtained by a model proposed in
Chapter 5, moment-versus-curvature relationships were developed. The flexural displacements
at the point of application of the horizontal loads were determined with the help of these
moment-versus-curvature relationships. For the rotation at the column base due to bond slip at
the longitudinal bars, existing models were used. The corresponding displacements at the point
of application of horizontal loads were then determined. The flexural displacements and
displacements due to base rotation were combined to get the total displacements at the point of
application of the horizontal load. The moment versus total displacements are plotted to get the

analytical envelope curves, which are compared with the experimental average envelope curves.

4.2 Experimental Program

4.2.1 Test specimens

Nine full-scale column specimens (CLO to CL8) were designed to simulate typical columns of two
to three story reinforced concrete buildings in seismic regions. All the columns were 300x300 mm
in cross-section and reinforced with eight longitudinal steel bars of 25 mm diameter, constituting
a longitudinal reinforcement ratio of 4.4%. Figure 4-1 shows the details of the internal
reinforcement for all the columns and footings. Concrete cover of 60 mm was provided to the
centroid of the vertical bars. Column CLO was a control column and was provided with
conventional tie reinforcement in the test region, which satisfied the seismic plastic hinge
requirements of ACI 318-02 and CSA Standard A23.3-94 (Equations 3.1 and 3.2). The spacing
of the first hoop was set equal tos/2 above the footing in this column, where s is the typical
hoop spacing of 70 mm. All the remaining columns were provided with external transverse
reinforcement by HSS collars in the test regions. In order to study the effect of external
confinement separately, no internal tie reinforcement was provided in the test regions of these
columns. For the sake of discussion, the collars and the gaps between the collars in the test
region are numbered from the bottom upwards. The first collar near the footing is given number 1
and the second collar is given number 2 and so on. Similarly, the gap between the footing and
the first collar is given number 1 and the gap between the first and second collars is given

number 2 and so on.

The volumetric ratios of transverse confining steel, p;, for all of the test columns are given in
Table 4.1. The volume of the confining steel for columns tested under cyclic loading (CL1 to CL8)
was calculated by multiplying the cross-sectional area of the HSS by the perimeter of the collar

measured at the centroid of the HSS cross-section. Since the collars are placed externally and
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prevent most of the spalling, the volume of the concrete was calculated based on the gross area
of the column and the centre-to-centre vertical spacing of the collars. Hence, the core of the
collared columns was considered equal to the cross-sectional dimensions of the columns. For
column CLO, the volume of the tie steel was calculated in a manner analogous to that used for
the collars, but the volume of the concrete was based on the core of the column within the
reinforcing cage. The core dimensions of column CLO were 220x220 mm based on the centreline

of the ties.

All the columns had 1800x1050x591 mm bases that were anchored to the strong floor of the
structural laboratory by four post-tensioned 50 mm diameter high strength steel threaded rods to
achieve fixity at the bases of the columns as shown in Figure 4-2. An initial post-tensioning force
of about 520 kN was applied to each threaded rod. The column reinforcement cages were
erected vertically into the footings before casting the footing concrete and there was no splicing
of the vertical bars in the columns, as shown in Figure 4-3. Casting of the columns and the
footings was done separately. At the location of the construction joint between the columns and
footings, the footing surface was roughened before the hardening of the concrete. The casting of
the columns was done vertically in groups of three, as shown in Figure 4-4. A release agent was
applied to the plywood forms before closing and then they were sealed with construction sealant
to prevent leakage, as shown in Figure 4-5. Six standard 150x300 mm cylinders were cast at the
time of casting of the respective column or footing. Two cylinders, tested at 7 days, were used to
observe the rate of growth of strength and the remaining four cylinders were used to determine
the strength of the concrete at the time of testing of the corresponding column. The curing
conditions of the cylinders were identical to those of the respective test specimens so that the
cylinder strength would be representative of the strength of the concrete in the specimen. The
casting of the footings and the first three columns (CL1 to CL3) was done with commercially
prepared ready mix concrete. For each footing a different batch of concrete was used. However,
the columns (CL1 to CL3) were cast with concrete from the same batch. However, separate
cylinders were cast for each of these columns to find the concrete strength at the time of loading.
Therefore, different cylinder strengths are reported for these columns. Columns CLO and CL4 to
CL8 were cast with concrete mixed in the laboratory mixing plant and due to the small capacity of
the plant, a separate batch was prepared for each column. A separate batch of concrete was

also used for each footing.

Figure 4-6 shows the arrangement for the external confinement of the columns by collars and
schematic diagrams for the loading of the columns. Figure 4-7 shows a typical steel HSS collar
with welded corner connections. A general view of the first three columns (CL1 to CL3) at
different stages of collar installation is given in Figure 4-8(a). Table 4.1 summarizes the details of

confinement, axial load, and the dimensions H1, H2 and H3 for all the columns used in this
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study. The dimensions H1 (column height), H2 (height to horizontal load point), and H3 (height to
vertical load point) have been defined in Figures 4-1 and 4-6. Specimens CL1 to CL8 were
provided with external confinement by HSS collars in the test region, the height of which was
kept approximately equal to 600 mm based on the premise that the plastic hinge length will not

exceed the test region. The clear spacing between the collars, s', was either 50 or 100 mm. The

clear distance between the top of the footing and the bottom of the first collar was equal tos'/2 .
The fabrication of the collars was done in a commercial fabrication shop with full penetration
groove welds all around the corners. Inspection of the welds was carried out by sectioning a
sample collar and full penetration of the welds was verified. The inner dimensions of the collars
were 10 to 12 mm larger than the cross-sectional dimensions of the columns. The collars were
threaded over the columns from the top, a procedure clearly not applicable to real structures
where collar installation includes assembly around the existing column. The collar was placed on
a Styrofoam spacer with a uniform gap all around (Figure 4-8(b)). The gap was then sealed from
the bottom with hot glue and epoxy grout was poured into the gap. Although the grout was

flowable, a steel strip was vibrated into the gap to eliminate the chance of trapping air bubbles.

4.2.2 Material Properties

There are four materials involved in this study: concrete, steel reinforcing bars, HSS collars, and
epoxy grout. The strength of the concrete in the columns and footings was obtained by testing at
least four 150x300 mm cylinders as per ASTM C469, one day before the testing of the columns.
The average cylinder strengths, standard deviations, and the age of the concrete at the time of
testing of the cylinders are given in Table 4.2 for all the columns and footings. Although an error
in the ready mix supplied for columns CL1 to CL3 resulted in a very low concrete strength, it was
decided to proceed with testing. These columns provide a means of assessing the effect of HSS
collars on the behaviour of poor quality concrete. Concrete batches used for subsequent tests
were mixed in the laboratory to provide better control. The average stress versus strain curves of
the reinforcing steel, the HSS collars, and the epoxy mortar are given in Figure 4-9. Reinforcing
bars conformed to CSA Standard G30.18 and were tested as per ASTM A370. The material
properties of steel reinforcing bars and steel HSS are reported in Table 4.3. Three tension
coupons were tested for each size of rebar, the results of which were then averaged. Master
Builders Concressive Liquid LVI epoxy was used to make the epoxy mortar. The epoxy consists
of two parts: resin and hardener. The epoxy mortar was obtained by mixing fine sand with the
resin and hardener in the ratio of 4:2:1. In order to determine the material properties of the epoxy
mortar, three cubes of 51x51x51 mm were made from the same mix as was used for grouting the
collars. The testing of the three mortar cubes was done with the bottom end fixed and the top

end with a spherical ball joint. A strain rate of 9.45x10° per second was maintained during the
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testing of all three prisms, the results of which were then averaged. The average stress versus
strain curve of the epoxy mortar was used to find the modulus of elasticity, peak stress, and the
strain at peak stress which were found to be 3.42 GPa, 84.0 MPa and 0.0325, respectively. The
HSS conformed to ASTM A500 grade C. Stub-column tests were performed to find the material
properties of the HSS. For each size of HSS, one stub-column was tested. The height of the stub
columns were 200 and 250 mm for HSS51x51x6.35 mm and HSS 76x51x6.35 mm, respectively.
Two LVDTs were used to measure the average strain over the gauge length of 100 mm, in
addition to strain gauges, as shown in Figure 4-10. Figure 4-11 shows the deformed
configurations of stub-columns of HSS 51 x 51 x 6.35 mm and HSS 76 x 51 x 6.35 mm.

4.2.3 Test Set-up

A schematic diagram of the loading set-up is shown in Figure 4-6. Columns CLO to CL4 were
tested with long shear-spans and columns CL5 to CL8 were tested with short shear-spans. On
columns CL1 to CL4, heavy collars were provided in the region between the test region and the

bracing channels to prevent failure at that location, as shown in Figure 4-12.

The horizontal load was applied to the columns by two double-acting hydraulic jacks in parallel
and coupled to each other by a yoke. The jacks were mounted on a reaction frame. The
assembly for horizontal loading is shown in Figure 4-13. Figure 4-14(a) shows the attachment of
horizontal loading assembly to the column specimen. Gravity load simulators—similar to those
developed by Yarimci et al. (1966)—anchored to the strong floor of the laboratory were used to
apply the vertical load through a distributing beam at the top of the test column. These devices
form a pin-jointed mechanism that keeps the load close to the vertical throughout large in-plane
horizontal displacements. The assembly applies gravity load on the test specimen and, in turn,
also induces moments due to the P—A effect on the test specimens. A knife-edge assembly was
used between the column top and a flat load cell for measuring the vertical applied load
(Figure 4-14(b)). The out-of-plane displacement of the columns was prevented by lateral bracing

that did not inhibit in-plane movement (Figure 4-12).

4.2.4 Instrumentation

An electronic data acquisition system was used to record the data. Horizontal and vertical loads
were measured with load cells. In addition, pressure gages were used to record the hydraulic
pressure in the jacks to calculate the loads. Custom load cells, manufactured at the University of
Alberta, were fitted to the jack to measure the horizontal loads in tension and compression. A

commercial flat load cell of 1360 kN capacity was used to measure the vertical load applied to
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the top of the columns. Electrical resistance strain gages were used to measure the strain of the
vertical rebars in the test region. A total of 12 strain gages were installed on the vertical bars of a
column. Eight strain gages, one on each bar, were installed at a height of 50 mm above the top
of the footing and the remaining four strain gages were installed, one on each of the corner bars,
at a height of 300 mm from the top of the footing to help characterize the development of the
plastic hinge. Cable transducers were used to measure the overall rotation of the test region and
were mounted on the top collar in the test region (Figure 4-15(a)). Rotation meters were installed
on the collars in the test region to measure the rotation of the collars at different locations in the
test region (Figure 4-16). The rotation of the bottom collars were measured using LVDTs
(Figure 4-15(b)). Table 4.4 gives the location of devices for measuring rotation of collars along
the test region of the column specimens.

4.2.5 Testing Procedure

After checking that all of the instrumentation was functioning properly, the vertical load was
applied, followed by the horizontal cyclic loading. For all of the columns, the vertical load was
kept constant throughout the tests except for column CLO, in which a load of 1470 kN was
applied from cycles 1 to 16 and 720 kN from cycle 17 to the end of the test. When the column
reached large displacements, the P-A effect from the high vertical load caused a substantial drop
in the lateral force required to reach each subsequent displacement increment. For this reason,
the vertical load was reduced to 720 kN and the test was continued. All the remaining columns

were tested under 720 kN or zero load as per Table 4.1.

In order to facilitate the discussion, it is to be noted that the columns were originally in the neutral
position. After the application of gravity load, if present, the columns were first pushed towards
the north (see Figure 4-6) up to the desired level of force or displacement and then back towards
their neutral positions. Without stopping at their neutral position, they were pushed towards the
south up to the desired level of force or displacement and then back towards the neutral position,
completing one full cycle. In general, the cycles were performed one after another without
interruption. On the average, the time required to complete a test was about 5 days. Therefore,

the test had to be interrupted at the end of each day.

The sequence for horizontal loading shown in Figure 4-17, which has been adapted from

Ghee et al. (1989), was used for all the columns. Ghee et al. (1989) required the horizontal load

for the first cycle to be calculated based on 75% of the ideal flexural strength, M ., of the

if
column. The ideal flexural strength, Mi/,, was calculated based on the ACI compression stress

block, measured material strengths, and an ultimate compressive strain of concrete of 0.003 (for
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unconfined concrete), without considering axial load in calculations. The yield displacement was
determined based on the first cycle of loading by extrapolating straight lines from the origin

through the peak load displacement points of this cycle to the horizontal load level corresponding

to the ideal flexural strength. The term ideal flexural strength, M .., is not commonly used. The

i

present research considers using nominal flexural strength, M for unconfined concrete

nuc’

sections. The nominal flexural strength, M is the strength of a section without capacity

nuc

reduction factors and is calculated by taking into consideration the effect of axial load. The yield

displacement, Ay, determined by this procedure corresponds to a moment that falls between

0.75M and M

nuc nuc *

Hence, according this procedure the actual moment corresponding to the

yield displacement, Ay , will always be less than the nominal flexural strength, M . It has been

nuc

demonstrated in Appendix C using a typical reinforced concrete section that the yielding of

tensile reinforcing steel is not guaranteed at Ay determined by this procedure.

While applying the above procedure to determine the yield displacements of the columns in the
present research, a slight modification was made. Table 4.5 reports the following analytical
(using strain compatibility and methods described in Appendix C) and experimental results of the

test specimens under consideration (all account for the presence of axial load, if any):

(1) Moment at the first yield of the tensile steel calculated assuming unconfined concrete in

the compression zone, M .. The specimens CLO, CL1, CL2, CL3, CL4, CL6, CL7, and

CL8 are over-reinforced; the failure is triggered by the crushing of concrete in the

compression zone before yielding of the tensile steel occurs. Therefore, the values of

Myuc do not exist for these specimens. In specimen CL5, the yielding of the longitudinal

steel takes place before the crushing of concrete. (Although column CL1 is nominally
identical to CL5 in this regard, the low strength concrete creates the over-reinforced

condition.)

(2) The nominal moment strength of the section calculated assuming unconfined concrete in

the compression zone using the method in the ACI code, M ..

(3) Moment at the first yield of the tensile steel calculated assuming confined concrete in the

compression zone, M .. For column CLO, the confined concrete material curve was

obtained using the confinement model proposed by Mander etal. (1988b). For the
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confined concrete material curves of the collared columns, the confinement model

proposed in Chapter 5 was used.

(4) The nominal moment strengths of the sections assuming confined concrete in the

compression zone, M The values of M,k . reported in this table are the

nce *
experimental values. These are the peak values obtained from the average envelopes to
experimental moment vs. drift (%) hysteresis curves presented later in this chapter.
These values can also be calculated analytically. The analytical envelopes to the

hysteresis will be presented at the end of this chapter.

It must be determined which of the above-mentioned moments (M., M M ,and M

yuc ! nuc’? yee ! nce )
should be used for the determination of yield displacements for the column specimens. The

values of M . exist only for column CL5. Therefore, the choice of moment for the determination

c

of yield displacement is limited to M, M and M, .. The following are the arguments in

nuc? yee !

selecting one of these moments for the determination of the yield displacement:

M  could be used for the yield displacement determination to be consistent with the original

nuc

procedure. However, the values of M, . are generally considerably lower than both M . and

c

M, . .Using M . means that lower values of the yield displacement will be obtained which will

c

result in higher apparent values of displacement ductility that may not be representative of the

actual ductility. Since M . is calculated based on the unconfined concrete material curve, and

c

all the columns presented in this chapter are heavily confined columns, the determination of the

yield displacement using M, . does not appear to be realistic.

One can argue that due to the influence of the collars, the maximum moment capacity exhibited

by the confined system, M should be used for yield displacement determination analogous

nce !

to the determination of the yield displacement of conventional columns using M

(Ghee et al. 1989). Undoubtedly, the confinement improves the axial deformation capability of
the concrete columns as has been reported in literature as well as demonstrated by experimental
results of the present research reported in Chapter 3, and it is generally accepted that if the axial
behaviour is improved, the cyclic behaviour is also improved. However, the benefits of
confinement on the yield displacement are also availed in this option; that is, the yield

displacement increases by increasing the level of confinement. Hence, both the maximum
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displacement and the yield displacement of the system increase, but their ratio—that is, the
displacement ductility of the system—may not increase. Therefore, this tends to be a highly

conservative option and it is not recommended that the yield displacement of laterally loaded
collared columns be determined by using M, .. This option gives results similar to the area

equalization method (Xu and Niu, 2003) for yield displacement determination. The area

equalization method will be presented later in this chapter.

Instead of using one of the two extreme options described above, an intermediate option was

selected, i.e., Mycc was used for yield displacement determination in the present research. It is

to be noted that the moment versus lateral drift envelope curves becomes non-linear at moments

well below Mycc. The moment corresponding to the yield displacement determined by this

method (called method 1 in subsequent discussions) is slightly lower than Mya,. Therefore,
yielding of the longitudinal bars may not occur at the yield displacement but the displacement
determined by this method may represent overall yielding of the section because of the

non-linearity of the moment versus lateral drift envelope curves in the proximity of M ..

Consistent with the previous discussion, the first five cycles were load controlled, in which a peak

moment of 75 percent of Myc was applied. The applied moment consists of moment due to

c

horizontal loading and due to the P—A effect if axial load is present. The procedure is explained
with the help of Figure 4-17. The Figure 4-17(a) shows the first full cycle of a typical moment vs.

drift (%) hysteresis. The straight lines starting from the origin and passing through the peak
moment vs. drift (%) points of the first cycle are extrapolated to moment M yee * The
corresponding yield drifts in the positive and negative directions, DR; and DR,, are thereby
determined. The average yield drift is taken as the average of DR; and DR, and is denoted by

DR. The yield displacement, Ay, is related to yield drift(%), DR, by the equation given in

Figure 4-17. The displacement ductility factor, u, is defined as the ratio of the actual

displacement to the yield displacement. Subsequent cycles were displacement controlled and

extended to displacement ductilities, u, equal to 1.5, 2, 4, 6, 8 and so on, with five cycles carried

out at each displacement ductility level. The stroke limit of the jack for horizontal loading was
about 200 mm in either direction, so when this was reached (specimens with the long shear
span) additional cycles were conducted at that displacement. The tests were continued until the
horizontal and vertical load carrying capacity of the specimens dropped significantly, up to a

maximum of 45 cycles. If the jack stroke limit had been reached in the test, the jack was then

177



repositioned so that the full stroke was available and the specimen was pushed in one direction

to examine the residual strength at large deflections.

In the above-mentioned procedure for determining the yield displacements of the column, the

following could be the possible sources of error: (1) difficulty in reversing the load exactly at

0.75M especially in flexible systems; and (2) difficulty in determining the exact value of

yee !
M .. due to the lack of true material curves of the constituent materials. In the present research,

the material curves of the steel were available at the time of testing. However, due to the
inefficacy of the existing confinement models for predicting the stress vs. strain curves of
concrete confined by steel HSS collars, the correct material curves of concrete confined by the
collars were not available. Therefore, the material curves of collar confined concrete for the
phase 2 columns were estimated based on the material curves for the phase 1 columns tested
under concentric axial loading (Chapter 3). Column CLO is exempted from this limitation because
the confinement was provided with conventional tie reinforcement and the confinement model
proposed by Mander et al. (1988b) was used. Keeping in view the above two limitations, the yield
displacements used to conduct the tests are considered as approximate and are reported under
the category of method 1(alternative 1) in Table 4.6. These values are re-evaluated in the next

section.
4.3 Test Results

The details of the number of cycles at different displacement ductility levels sustained by the
specimens are given in Table 4.7. Any partial cycles at the end of the test during which final
failure occurred are not included in the values presented in the table. The strain data of

reinforcing bars of the columns is presented in Appendix D.

4.3.1 Test Observations

4.3.1.1 Specimen CLO

The yield displacement used for the test was 30 mm (method 1(alternative 1), Table 4.6). The
column sustained a total of 44 complete cycles and failed in 45" cycle. The cycles 26 through 44
(19 cycles) were performed at a displacement ductility level corresponding to the stroke limit of

the horizontal jacks.

The testing of column CLO was started with a gravity load of 1470 kN, which was maintained up

to the end of 16" cycle. Due to the large P—A effect, the applied moment exceeded the capacity
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of the column in 16" cycle. Therefore, before starting 17" cycle, the gravity load was reduced to

720 kN and the test was continued.

Figure 4-18 shows the appearance of the test region of the column at different stages of the test.
Horizontal tension cracks appeared in the first cycle on both the north and south faces of the
column that opened and closed during the first five cycles. In the sixth cycle, spalling of the
concrete cover was observed in the test region. This figure shows that the most damaged zone
in the test region of the column is away from the footing. The level of damage increases with the
increase of number of cycles and the extent of damage on the south face is higher than that on
the north face. It is also clear from this figure that an upward shift in the location of hinge
formation occurs for this column during the regime of cycling. In the 45" cycle, while pushing
towards the north, both the horizontal and vertical loads dropped due to sudden shear failure at

the most damaged part of the test region (Figures 4-18(h) and 4-18(i)).

It was expected that most of the damage would occur at the point of maximum moment, which is
at the interface of the column and footing, but Figure 4-18 shows that the most damaged region
of the column is away from the footing. This discrepancy occurs due to the presence of additional
restraint (confinement) provided by the footing to the column at the critical section. Similar

observations were also made by Sheikh and Khoury (1993).

4.3.1.2 Specimen CL1

The testing of this column was carried out without gravity load. The yield displacement used for
the test was 23 mm (method 1(alternative 1), Table 4.6). Figure 4-19 shows the appearances of
the specimen at different stages of the test. Horizontal hairline cracks appeared in the test region
on the north and south faces of the column after the 5" cycle. The number of hairline cracks
increased with the increase in the number of cycles and the displacement ductility level at which
these cycles were performed. The width of a few cracks increased with the increase of
displacement ductility level. Figure 4-19(a) shows the view of a wide-open crack in gap 2 of the

test region during the 16" cycle.

In the 17th cycle, when the column was being pushed towards the south, a crack appeared in the
footing cover concrete adjacent to the column north face as shown in Figure 4-19(b). A similar
crack appeared in the footing cover concrete adjacent to the south face of the column when
column was being pushed towards north in the 19" cycle. The appearance of these cracks in the
footing cover concrete was due to bond failure and extension of the longitudinal bars of the
column in the footing. In the later cycles, these pieces of footing cover concrete spalled off

completely.
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In the 26th cycle, the crushing of concrete between the footing and the first collar took place both
on the north and south faces of the column when the column was pushed towards north and

south, respectively.

This specimen was subjected to a total of 45 complete cycles. Cycles 26 through 45 (20 cycles)
were performed at the same ductility level corresponding to the stroke limit of the horizontal
jacks. The stroke of the jacks was adjusted and then the column was pushed towards the north

up to the available stroke limit of the adjusted jacks, but the column could not be failed.

Figure 4-19(c) shows the appearance of the test region of the column at the end of the test. It is
clear from this figure that the collars remained in position (i.e., had not slipped) after sustaining
45 cycles and a final push towards the north as described above. Most of the damage occurred
in the first and second gap of the test region. Figure 4-19(d) shows the extent of damage in the

first and second gap.

4.3.1.3 Specimen CL2

The testing of this column was done with a gravity load of 720 kN. The yield displacement used
for this test was 41 mm (method 1(alternative 1), Table 4.6). The column sustained a total of 27
cycles (Table 4.7). Cycle 21 through 27 (seven cycles) were performed at the same ductility level

corresponding to the stroke limit of the horizontal jacks.

Figure 4-20 shows the appearances of the column at different stages of the test. The extent of
damage can be seen in the first, second, and third gap at the end of 10" and 20™ cycles, and at
test end. However, the most damage region of the column is in gap 2, where the fractured

vertical bars are also visible (Figure 4-20(d)).

The spalling of concrete cover started in the 7" cycle. The spalling increased with the increase in
the number of cycles. In the 22™ cycle, the vertical bars of the column became visible due to
excessive spalling of the concrete cover. The three vertical bars on the south face of the column
fractured in a brittle manner due to low cycle fatigue while pushing the column towards the north;
one in each of 26th, 27th, and 28th cycle. The test was stopped after the fracture of the third
vertical bar in the 28th cycle. No spalling of cover concrete of the footing adjacent to the column

took place (Figure 4-20).
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4.3.1.4 Specimen CL3

The testing of this column was carried out with a gravity load of 720 kN. The yield displacement
used for testing this column was 38 mm (method 1(alternative 1), Table 4.6). The specimen
sustained 45 complete cycles (Table 4.7). Cycles 21 through 45 (25 cycles) were performed at
the same ductility level corresponding to the stroke limit of the horizontal jacks. The stroke of the
jack was then adjusted and the column was pushed towards the north up to the available stroke
limit, but the column could not be failed. The capacity of the column in the final push was
significantly lower than the peak capacity. No spalling of concrete occurred in the first ten cycles.
Spalling started in the 11" cycle and increased therafter. However, it remained very limited up to
the end of cycle 20. Figure 4-21 shows the appearances of the column at different stages of the
test. Spalling occurred on the north and south faces of the column in all the gaps in the test
region. However, the spalling of concrete in the first four gaps was relatively high. No slippage of

collars is seen at the end of the test. No spalling of cover concrete of footing took place.

4.3.1.5 Specimen CL4

The testing of this column was done with a gravity load of 720 kN. The yield displacement was
28 mm (method 1(alternative 1), Table 4.6). The specimen sustained 45 complete cycles
(Table 4.7). Cycles 26 through 45 (20 cycles) were performed at the same ductility level
corresponding to the stroke limit of the horizontal jacks. The stroke of the jack was again
adjusted and then the column was pushed towards the north up to the available stroke limit of the

adjusted jack, but the column could not be failed.

No spalling of concrete occurred in the test region in the first 15 cycles. Spalling started in the
16" cycle and increased with the increase in the number of cycles but it remained very limited at
the end of the 20" cycle. Figure 4-22 shows the appearances of the column at different stages of
the test. Spalling of concrete is visible in the first five gaps. No slippage of collars is seen at the
end of the test.

Cracks in the footing cover concrete adjacent to the column north and south faces appeared after
the 20" cycle. With the increase in the number of cycles, the concrete cover was completely
removed. Figure 4-22(b) shows the appearance of the specimen at the end of the 30" cycle. The

spalled footing concrete can be seen in this figure.
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4.3.1.6 Specimen CL5

The testing of this column was done under zero gravity load. The yield displacement was 8 mm
(method 1(alternative 1), Table 4.6), which is considerably lower than for the previously
discussed specimens due to the smaller shear span. The specimen sustained 37 complete
cycles (Table 4.7) and failed due to the fracture of three vertical bars on the south face of the
column under low cycle fatigue while pushing the column towards the north: one bar fractured
with a bang in 37" cycle while pushing the column towards the north and two bars fractured in
the 38" cycle with two consecutive bangs while pushing the column towards the north.
Figure 4-23 shows the appearances of the column at the end of the test. This figure shows that
most of the damage occurred in the first two gaps. The fractured vertical bars are visible in

Figure 4-23(c). No slippage of collars is seen at the end of the test.

Cracks in the footing cover concrete adjacent to the north and south faces of the column
appeared in 21% cycle due to extension and the failure of bond of the vertical bars in the footing.
In the subsequent cycles, the cover was completely removed. The resulting depression in the

footing adjacent to the column face is seen in Figure 4-23(a).

4.3.1.7 Specimen CL6

The testing of this column was done under 720 kN gravity load. The yield displacement was
8.5 mm (method 1(alternative 1), Table 4.6). The specimen sustained 31 complete cycles
(Table 4.7) and the column failed due to the fracture of a vertical bar (the middle bar on the north
face of the column) due to low cycle fatigue. The test was stopped after the fracture of this bar
with a bang while pushing the column towards the south in the 32nd cycle, accompanied by a
drop in load.

Figure 4-24 shows the appearances of the column at different stages of the test. Most of the
damage occurred in the first gap. After the completion of 15 cycles, the damage was seen in the
first gap only. After the completion of the 20" cycle, the level of damage increased in the first gap
and some cracks were also seen in the second gap. Figure 4-25 shows the fractured vertical
middle bar on the north face of the column at the end of the test. No slippage of collars is seen at

the end of the test.
The spalling of footing cover concrete took place from cycle 21 through 25 due to extension and

failure of bond of the vertical bars in the footing. The resulting depression in the footing adjacent

to the column face is seen in Figures 4-24(d) and 4-25.
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4.3.1.8 Specimen CL7

The testing of this column was carried out under 720 kN gravity load. The yield displacement was
11.5 mm (method 1(alternative 1), Table 4.6). The specimen sustained 35 complete cycles
(Table 4.7) and the column failed due to the fracture of three vertical bars due to low cycle
fatigue. The first vertical bar fractured on the south face while pushing the column towards the
north in the 35th cycle and the second fractured on the north face while pushing the column
towards the south in the same cycle. The third vertical bar fractured on the north face while

pushing the column towards the south in the 36th cycle and then the test was stopped.

Figure 4-26 shows the appearances of the column at different stages of the test. Most of the
damage occurred in the first gap. Spalling of the concrete in the test region was not visible after
the completion of the first 10 cycles. After the completion of 20 cycles, the damage in the first
gap was seen which increased with the increase in the number of cycles. No slippage of collars
is seen at the end of the test.

Footing cover concrete adjacent to the north and south faces of the column was completely
removed by the end of the 20" cycle due to extension and the failure of bond of the vertical bars
in the footings.

4.3.1.9 Specimen CL8

The testing of this column was done under 720 kN gravity load. The yield displacement was
11 mm (method 1(alternative 1), Table 4.6). The specimen sustained 35 complete cycles
(Table 4.7) and the column failed in the 36" cycle due to fracture of vertical bars under low cycle
fatigue. The middle bar on the south face fractured while pushing the column towards the north in
the 36" cycle. While pushing the column towards the south in the same cycle, two more bars

fractured on the north face, one after the other and the test was stopped.

Figure 4-27 shows the appearances of the column at different stages of the test. At the
completion of the 10th cycle, no spalling of concrete was observed. However, after the
completion of the 20th cycle, spalling of concrete was seen in the first gap and some horizontal
cracks were seen in the second gap. At the end of the test, damage in the first and second gap
increased, with relatively more damage in the first gap (Figure 4-27(d)). No slippage of collars is
seen at the end of the test.
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After the completion of the 20" cycle, spalling of footing cover concrete was seen adjacent to the
north and south faces of the column due to bond failure and extension of column vertical rebars
in the footing.

4.3.2 Hysteresis Curves

The results of the tests can be presented in terms of horizontal force versus horizontal
displacement at the point of application of the horizontal load. Such hysteresis relationships
indirectly reflect the influence of P—A because the horizontal load required to reach a certain
displacement is affected by the presence of the vertical load. The results can also be presented
in terms of moment at the column base due to both lateral load and axial load (through the P-A
effect) vs. percentage drift at the point of application of lateral load. The percentage drift is
defined as follows:

A
[4.1] Drift(%) = T x100

2

where H, is the vertical distance to the point of application of the lateral load from the base of

the column and A is the lateral displacement at that level. The moment-versus-drift(%)
relationships are influenced by the P—A effect but it is incorporated directly into the moment
values. Therefore, any reduction in moment capacity observed can be attributed solely to a
degradation in strength due to cyclic loading. In the present research, the point of application of
horizontal load was not same for all the columns (Table 4.1). In addition, the points of application
of the vertical loads were not coincident with the point of application of horizontal loads. In
columns CL5 to CLS8, the distance between the points of application of horizontal and vertical
loads was large. In these column specimens, a small horizontal displacement at the point of
application of horizontal load caused a large horizontal displacement at the point of application of
vertical load, resulting in a large P—A effect. Therefore, presenting the hysteresis behaviour for
such columns in terms of horizontal load vs. horizontal displacement at the point of application of
horizontal load will not be representative because the P-A effect will be proportionately higher.
Therefore, it was decided to present the hysteresis results in terms of moment at the column

base vs. percentage drift at the point of application of horizontal load.
Figures 4-28 through 4-36 show the hysteresis curves for specimens CLO through CLS8,

respectively. The north push is plotted in the first quadrant and the south push in the third

guadrant. The approximate yield displacements used for conducting the tests and given in
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Table 4.6 under method 1(alternative 1) are also shown in Figures 4-28 through 4-36, along with
the corresponding displacement ductility levels at which cycles were performed. The starred
displacement ductility levels for specimens CLO, CL1, CL2, CL3, and CL4 (Figures 4-28 through
4-32) correspond to the stroke limit of the horizontal jacks. The hysteresis curves for all the
columns are flexure-dominated, as will be explained later in this chapter. However, the hysteresis
curves for columns with short shear-spans (CL5, CL6, CL7, and CL8) have specific
characteristics that are present in those of concrete shear walls (Antoniades et al., 2003) and

columns with a significant amount of shear (Ghee et al., 1989; and Saatcioglu and Yalcin, 2003).

Positive envelopes (north push), negative envelopes (south push), and average envelopes
(average of positive and negative envelopes) to the hysteresis curves given in Figures 4-28
through 4-36, respectively are given in Appendix E. The maximum drift of an average envelope

corresponds to the smaller of the maximum drifts of the positive and negative envelopes.

4.3.3 Revised Yield Displacements

The experiments were performed with approximate yield displacements, as discussed previously.
However, other methods of determining yield displacements need to be explored. Two methods
for the determination of yield displacements were studied, as specified in Table 4.6. Method 1
(adapted from Ghee etal., 1989) was applied in five alternative ways. Method 2 consists of
developing an idealized bilinear (elasto-plastic) moment versus drift curve, that establishes a
unigue yield displacement, based on the average envelope curve of a specimen such that areas
under the two curves up to the drift level corresponding to the peak moment are equal. This
method for determining the yield displacements was used by Xu and Niu (2003) in the testing of
reinforced concrete braced frames. It was also used by Lam et al. 2003) for rectangular columns
with low confinement reinforcement tested under lateral cyclic loading and high axial loads. The

methods (method 1 and method 2) are explored in the following:

4.3.3.1 Method 1 (alternative 1)

This procedure was used to determine the yield displacements to perform experiments and is

considered approximate, as discussed previously.
4.3.3.2 Method 1 (alternative 2)

This alternative is similar to alternative 1 except that the values of M . are based on confined

C

concrete material curves obtained from a newly proposed confinement model that takes into
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account axial and flexural stiffness of the confining elements (Chapter 5). The procedure was

applied to all the columns (Appendix F). These figures also indicate how much the first cycles

differ from the values of 0.75M . determined with the new confinement model. The resulting

values of yield displacements are reported in Table 4-6.

4.3.3.3 Method 1 (alternative 3)

In this alternative, the average envelope curves (as opposed to the first cycle) and values of the

yield moments, M determined using the new confinement model are used to determine the

yee !
yield displacements of the test specimens. By using the envelope curve the point corresponding

to a moment of exactly 0.75My(, can be selected for constructing the line that is extended to

c

Myw to determine the vyield displacement. The procedure was applied to all the columns

(Appendix F) and the resulting values of yield displacements are reported in Table 4.6.

4.3.3.4 Method 1 (alternative 4)

In this alternative, the average envelope curves and nominal moment capacities, M

nuc !
calculated based on the unconfined concrete material curves, are used to determine the yield
displacements of the test specimens in a manner analogous to alternative 3. The procedure was
applied to all the test specimens (Appendix F) and the resulting values of yield displacements are

reported in Table 4.6.

4.3.3.5 Method 1 (alternative 5)

In this alternative, the average envelope curves and ultimate moment capacities, A/ (obtained

experimentally), were used to determine the yield displacements of the test specimens. The
procedure was applied to all the columns (Appendix F) and the resulting values of yield

displacements are reported in Table 4.6.

4.3.3.6 Method 2

The average envelope curves to the moment vs. drift hysteresis are used to determine the yield
displacements of the test specimen by establishing a bilinear curve such that the areas under the
two curves up to the peak moment are equal. The procedure was applied to all the columns

(Appendix F) and the resulting values of yield displacements are reported in Table 4.6. Due to
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the unique shape of the curve for column CLO, three cases were considered. In the first case, the
procedure is applied to the average envelope curve with respect to the first peak, which results in
a yield displacement equal to 22 mm. In the second case, the procedure is applied with respect
to the second peak, which results in a yield displacement equal to 29 mm. In the third case, the
first peak of the envelope curve is truncated to form a smooth curve and the procedure is then
applied with respect to the second (only remaining) peak, which results in a yield displacement

equal to 32 mm. The third case might be appropriate for columns with shallow concrete cover.

4.3.4 Revised Hysteresis Curves

Various methods for determining yield displacements of the test specimens have been discussed
in the previous section. However, method 1 (alternative 3) seems a more viable option in the
present study as described before. Hysteresis curves presented in Figures 4-28 through 4-36 are
therefore revised with respect to these yield displacements, and are shown in Figures 4-37
through 4-45. In these figures, the displacement ductility level specified for the first five cycles is
in fact the average value (.i.e., average of 10 data points) since these cycles were conducted
under load control.

4.3.5 Comparison of Envelope Curves

Figures 4-46 through 4-53 show the envelope curves to the moment versus drift hysteresis loops
for each of the collared columns (CL1, CL2, CL3, CL4, CL5, CL6, CL7, and CL8, respectively)

along with that of the control column (CLO) for comparison.

Before making the comparison of the envelope curves, it is important to describe the failure
criterion and the basis on which the tests were ended in the laboratory. The criterion to end the
tests was based on the significant reduction in horizontal and vertical load carrying capacity of
the specimens. Generally, it was attributed to shear failure (column CLO) or rupture of
longitudinal bars (columns CL2, CL5, CL6, CL7, and CL8). However, the upper limit of
performing the cycles was 45. The specimens CL1, CL3, and CL4 sustained 45 cycles but could
not be failed, even when the jacks were repositioned and the columns were pushed towards the
north to a large displacement.

For the analysis of test results and for the comparison of the performance of the test specimens,
a failure criterion is required and a 10% reduction in the peak moment capacity of the column
(obtained from the average envelope curves) at the column base has been used. The peak

moment capacity consists of moment due to horizontal loading and moment due to the P-A
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effect. Other researchers such as Sheikh and Khoury (1993), Bayrak and Sheikh (1997), and
lacobucci et al. (2003) used a 10 or 20% reduction in the moment capacity as the failure criterion

for the analysis of test results.

Figure 4-46 shows the envelope curve for columns CLO and CL1. The average, north (positive),
and south (negative) envelope curves for column CL1 are shown in Appendix E. The north
envelope curve goes up to a higher drift level than the south envelope curve. The average
envelope curve also goes up to the extreme drift level of the south envelope curve. The high
ductility of this column is clear from the north envelope curve. No failure of this column was
observed at the extreme north when pushed with the repositioned jack. Therefore, it was
considered reasonable to extrapolate the average envelope curve (Appendix E) up to the
extreme drift level of the north envelope. The average envelope curve of column CL4 was also

extrapolated using the same procedure as that used for specimen CL1 (Appendix E).

Although column CL3 was pushed towards the north with the repositioned jack, due to the
significant reduction in load at the end of 45 cycles, the north envelope curve was not extended
up to the end of the final push. Figure 4-31 shows that it does not seem appropriate to extend the

north envelope up to the extreme drift of the final push.

The comparison of the envelope curves is done with respect to the following parameters: secant
stiffness at 0.25% drift, average peak moments, modulus of toughness, and normalized modulus
of toughness, with both moduli calculated up to both the drift level corresponding to the average
peak moments and up to that corresponding to 90% of the average peak moment in the

descending branch (i.e., the failure condition).

4.3.5.1 Secant Stiffness at 0.25% Drift

The secant stiffnesses of the test specimens are calculated at 0.25% drift and are reported in
Table 4.8. The secant stiffness at 0.25% drift was also used by Canbolat etal. (2005) to
normalize the secant stiffness of high-performance fibre-reinforced cement composite coupling
beams at higher drift levels. Generally, the first diagonal cracks appeared at this level of drift in
the coupling beams tested under cyclic loading in their experimental program. The reason for the
selection of secant stiffness at 0.25% drift for normalization purposes is discussed at the end of

this section.

It is assumed that the confinement will not be effective up to this level of drift. Hence, the secant

stiffnress depends on the strength of unconfined column concrete, f. (f. =0.85f]),
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properties of the steel, and the stresses in the concrete and steel longitudinal bars due to column
axial loads. Using the strain compatibility analysis, the stress in the concrete and steel

longitudinal bars under the column axial loads are calculated and are reported in Table 4.9. A

portion of the total gravity load, P

ta’

is carried by concrete, P, and the remaining is carried by

steel longitudinal bars, P

sa’

which can be calculated from the following equations:

P
[4.2] e = Ev Ag,
1+—
E A
p L
[4.3] . Ec AL
1+
ESAS[

The corresponding stresses in the concrete and steel longitudinal bars can be calculated from
the following equations:

[4.4] f Lo
4.4 =«

ca 14C

P
4.5 =%
[4.5] a4
where:
A, = Area of concrete in column cross-section, 4, = 4, - 4,,;
A < = Gross area of column cross-section;
A, = Total area of steel longitudinal bars;
E, = Modulus of elasticity of steel longitudinal bars (see Table 4.3)
E, = Secant modulus of elasticity of concrete; in the present study the modulus of
elasticity of concrete is calculated as: E, = 37004/ f. ;

f'. = Compressive cylinder strength of concrete based on standard cylinders;
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stress in concrete due to axial load;

g™
1

fl = compressive strength of column concrete, f! =0.85f ;
fu = stress in steel longitudinal bars due to axial load;

P, = Axial load carried by concrete;

P, = Axial load carried by steel longitudinal bars;

P = Total axial load;

All the columns have same amount of longitudinal steel (8 bars of 25 mm dia.). The moduli of
elasticity, E_, of the steel longitudinal bars for all the columns are essentially identical
(Table 4.3). Therefore, the longitudinal steel bars do not contribute to the variations in the secant

stiffness of the test specimens at 0.25% drift. The ratios of concrete stress, f. , due to axial

ca’

loads to the strength of the column concrete, f, , are also reported in Table 4.9.

According to Chen (1982), the stress vs. strain curve for unconfined concrete has a linear
behaviour up to 30% of its maximum compressive strength. From 30% to 75% or 90% of the
unconfined concrete strength, the stress vs. strain curve shows a gradual increase in curvature.
Thereafter, it turns more sharply and reaches the peak point of the stress vs. strain curve of the

unconfined concrete.

According to Table 4.9, the ratio of concrete stress due to axial load to the strength of the column
concrete is highest for column CLO, which is 0.42. Although the curvature of the stress vs. strain
curve of the concrete starts increasing beyond 30%, the increase in curvature up to the concrete
stress equal to 42% of the concrete strength is assumed to be small. Therefore, the effect of the
presence of the axial loads on the secant stiffness at 0.25% drift can be ignored. Hence, the

variations in the secant stiffness of the test specimens at 0.25% drift depends on the variations in

the modulus of elasticity of the concrete, E_, due to the variations in the strength of the column

concrete, f, .

It is to be noted that the stiffness of a structural member tends to reduce due to the presence of a
compressive axial force. The Euler buckling loads for all the columns are reported in Table 4.9.
The loads were calculated based on the secant modulus of elasticity of concrete and gross
moment of inertia of the columns assuming a fixed support condition at the bottom and pinned at

the point of application of horizontal loads. The unsupported lengths of columns CLO through
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CL4 are 1900 mm and the unsupported length of columns CL5 through CL8 are 750, 760, 755,
and 775 mm, respectively. The effective lengths of these columns were obtained by multiplying
the unsupported lengths by an effective length factor of 0.699. The axial loads on the columns
are much lower than the corresponding Euler buckling loads (Table 4.9). Therefore, the effect of

geometric stiffness on the behaviour of the columns is neglected.

The modulus of elasticity of concrete, £, for column CLO is higher than those of columns CL1,

CL2, CL3, and CL5 (Table 4.10). Therefore, the secant stiffness at 0.25% drift for column CLO is
higher than those of columns CL1, CL2, CL3, and CL5 (Table 4.9) as expected. This is also
apparent from Figures 4-46, 4-47, 4-48, and 4-50.

The modulus of elasticity of concrete, E_, is almost identical for columns CLO, CL4, and CLS6.

However, the secant stiffness at 0.25% drift for column CLO is higher than that of the column CL4

and the secant stiffness of column CL6 is higher than that of column CLO.

The modulus of elasticity of concrete, E_, for columns CL7 and CL8 are higher than that of the

column CLO. The secant stiffness at 0.25% for column CL7 is higher than that of the column CLO,
which makes sense. However, the secant stiffness of column CL8 is slightly lower than that of
the column CLO.

The following are the possible reasons for these discrepancies:

(1) There could be differences in the curvature distribution along the test regions of the
columns. For the same rotations in the test region, if the curvature is uniformly distributed
over a longer length, then the strain level in the concrete will be low as compared to if the
curvature is distributed over a smaller length of the test region. The curvature
distributions will be shown later in this chapter.

(2) There could be small differences in column dimensions and the location of longitudinal
bars of the columns due to construction errors.

(3) There are variations in the cylinder strength of concrete. The standard deviations for the

cylinder strength of concrete are given in Table 4.2.

Table 4.10 shows the cracking moments of the columns obtained using ACI 318-02. The tensile

strengths (modulus of rupture, f,) of concrete for the columns were calculated based on the

strength of concrete in the columns, f. . For columns CL1 and CL5, the cracking moment can

be calculated directly using the code equations because these columns carry no axial load. The
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remaining columns (CLO, CL2, CL3, CL4, CL6, CL7, and CL8) have compressive stresses due to
axial load (Table 4.9 and Table 4.10). The cracking moments for these columns were obtained
by a trial-and-error procedure such that the resultant tensile stress in these columns under the

combined effect of axial load and the moment becomes equal to the tensile strength of the
concrete (modulus of rupture, f.). The moment at 0.25% lateral drifts for these columns

obtained using the experimental average envelope curves are also reported in this table for
comparison. These moments are higher than the corresponding cracking moments. It is to be
noted that columns without axial load (CL1 and CL5) have lower values of cracking moments and

moments at 0.25% drifts as compared to the columns with axial load.

Theoretically, the stiffness of the concrete columns is higher before cracking. However, it was
considered that accurate values of pre-cracked stiffness could not be obtained from the test data
due to the low values of the cracking moment as compared to the peak moment, as can be seen
from the curves in Figures 4-46 through 4-54. Therefore, in order to represent the initial stiffness
of the columns, the secant stiffness at 0.25% drift was determined for all the columns. It is
assumed that the moments corresponding to this level of drift are free from the effects of

confinement, similar to the cracking moments.

In subsequent sections, peak moments, moduli of toughness up to the peak moments, and
moduli of toughness up to failure of the columns are presented, which all include the influence of
the level of confinement and the properties of the unconfined concrete. In order to observe the
benefits of confinement on the cyclic behaviour of the columns, the influence of the properties of
the unconfined concrete need to be eliminated. Therefore, the peak moments are normalized
with respect to the moments at 0.25% drift. The moduli of toughness up to peak and up to failure

are normalized with respect to the moduli of toughness up to 0.25% drift.

4.3.5.2 Average Peak Moments

The peak moments and the corresponding drifts (%) from the average envelope curves are
reported in Table 4.8. Generally, the peak moments of the collared columns are higher than that
of the control column (Figure 4-54). The differences in peak moment from column to column are
partly due to the inherent strength of the concrete itself and partly due to the differences in the
level of confinement. It is assumed that the contribution of the steel to the peak moment is the
same in all the columns. It is also assumed that the confinement is not effective up to 0.25% drift.
The effect of the inherent strength of the concrete on the peak moments can therefore be taken
out by normalizing the peak moments with respect to the moment at 0.25% drift of the

corresponding columns. These normalized peak moments are also reported in Table 4.8. The
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normalized peak moments of the collared columns are higher than that of the control column

(Figure 4-55), indicating the beneficial effects of the collar confinement.

4.3.5.3 Modulus of Toughness

Modulus of toughness is a measure of ductility. The modulus of toughness is equal to the area
under the moment vs. drift envelope curves. The moduli of toughness were calculated up to the
peak moments and up to 90% of the peak moments in the descending branch of the envelope
curves. The values of moduli of toughness obtained from average envelope curves are reported
in Table 4.11 and are plotted in Figure 4-56. These values of modulus of toughness include both

the effect of strength of concrete and the level of confinement.

4.3.5.4 Normalized Modulus of Toughness

In order to eliminate the effect of strength of concrete from the modulus of toughness, the values
of modulus of toughness of a certain specimen are normalized with respect to the modulus of
toughness up to 0.25% drift. The normalized moduli of toughness for the test specimens are also
reported in Table 4.11 and are depicted in Figure 4-57. Generally, the normalized moduli of

toughness for collared columns are higher than that of the control column CLO.

4.3.6 Stiffness Retention

Stiffness degradation of all the nine specimens was evaluated by means of the secant stiffness.
Secant stiffnesses of the test specimens were calculated at different levels of drifts with the help
of the average envelope curves shown in Appendix E. Other researchers such as Xu and Niu
(2003) and Canbolat et al. (2005) calculated the secant stiffness with the help of peak values of

the cycles at each displacement ductility level.

To account for the variations in the strength of concrete from specimen to specimen, the secant
stiffness values were normalized with respect to the secant stiffness values at 0.25% drift for
each specimen. Secant stiffnesses at 0.25% drifts were also used for normalization by
Canbolat etal. (2005) in the evaluation of stiffness degradation of high-performance

fibre-reinforced cement composite coupling beams.

The normalized secant stiffness values were plotted with respect to the drifts (%) for all the test

specimens. Figures 4-58 through 4-65 show the normalized secant stiffness vs. drift (%) curves
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for collared columns along with that of the control column CLO. It is evident from these figures
that the level of stiffness retention of the collared columns is higher than that of the control
column CLO (conventional column). This is one distinct advantage of collared columns over

conventional columns.

4.3.7 Energy Dissipation Characteristics

The energy dissipation capability of structures is of paramount importance in their performance
under cyclic loading. There are various ways to evaluate the energy dissipation capacity of
structures. In the present research, the energy dissipation of the test specimens was evaluated
by calculating the area enclosed by the moment vs. drift (%) hysteresis loops. The energy
dissipation characteristics of the specimens can be evaluated in terms of energy dissipation per
cycle, cumulative energy dissipation vs. cycle number, and normalized cumulative energy

dissipation vs. cycle number.

4.3.7.1 Energy Dissipation Per Cycle

Figures 4-66 through 4-74 show the bar charts of energy dissipated per cycle for all the nine
columns (CLO to CL8). The energy dissipated in a cycle is the area enclosed by the moment vs.
drift hysteresis loop corresponding to that cycle. The numerical values of the energy dissipated
per cycle are given in Appendix G. Theoretically, the energy dissipation in the first cycle (primary
cycle) out of a total of five cycles at a certain displacement ductility level is more than that of any
one of the remaining four cycles (secondary cycles) at that ductility level. These figures show that
in some cases, a secondary cycle shows more energy dissipation than does the primary cycle.
This is attributed to the small fluctuation in gravity loads and the slight relative difference in
amplitude of the cycles at a certain ductility level. In order to demonstrate that the energy
dissipated in a primary cycle is more than that of a secondary cycle of the same amplitude, the
energy dissipated in the 16" cycle is compared with the energy dissipated in the 17" cycle for all
the specimens. The ratios of energy dissipated in cycle 16 to energy dissipated in cycle 17 are
about 1.50, 1.23, 1.06, 1.19, 1.28, 1.36, 1.23, 1.23, and 1.09 for columns CLO, CL1, CL2, CL3,
CL4, CL5, CL6, CL7, and CL8, respectively. The ratio is higher for column CLO because of the
additional effect due to the large difference in gravity load for cycle 16 and cycle 17 for this
specimen. For higher gravity loads, the energy dissipation is higher provided the remaining

influencing parameters are kept constant.

Hence, the energy dissipation in a cycle for a column under cyclic loading depends on the

displacement amplitude, which is multiple of the yield displacement, and the axial load. The
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energy dissipation in a cycle increases with the increase of displacement amplitude and/or axial
load. The energy dissipation in the primary cycles is always higher than that of secondary cycles
at a particular displacement ductility. In addition, if a large number of cycles are performed at the
same displacement ductility, the energy dissipation in a cycle gradually decreases due to
degradation in strength and stiffness (Figures 4-69 and 4-70).

4.3.7.2 Cumulative Energy Dissipated vs. Cycle Number

Figures 4-75(a) through 4-82(a) show the cumulative energy dissipated vs. cycle number for all
the collared columns along with that of the column CLO. The numerical values of the cumulative

energy dissipated per cycle are given in Appendix G.

The relationship between cumulative energy dissipated and cycle number has been used to
compare the energy dissipation characteristics of reinforced concrete braced frames (Xu and
Niu, 2003). The method has also been used in the literature to characterize the energy
dissipation characteristics of columns under cyclic loading. The energy dissipation characteristics
of the columns are influenced by various factors such as yield drift, axial load, and the peak
moment capacity. The peak moment capacities of the columns include the influence of the
properties of the unconfined column concrete and the properties of the steel longitudinal bars of
the columns. The influence of these parameters on the energy dissipation characteristics is

discussed in the following:

The vyield displacements used to conduct the tests are given in Table 4.6 (method 1

(alternative 1)). The heights of the point of application of the horizontal load from the top of the
footing, /1, , are given in Table 4.1. Knowing the yield displacements and the values of /,, the

yield drifts of the test specimens CLO, CL1, CL2, CL3, CL4, CL5, CL6, CL7, and CL8, expressed
in percentage, are calculated to be 1.58, 1.21, 2.16, 2.00, 1.47, 1.07, 1.12, 1.52, and 1.42,

respectively.

Figures 4-75(a) shows that the rate of increase of cumulative energy dissipation with respect to
cycle number for column CLO is higher than that of column CL1. This is attributed to the
following:

(1) The yield drift of column CLO is higher than that of column CL1.

(2) Column CLO was tested under heavy axial load, whereas column CL1 was tested without

axial load;
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(3) The peak moment capacity, M of the columns also influence their energy dissipation

characteristics. In the present case, the peak moment capacity of column CLO is lower
than that of column CL1. However, its influence on the energy dissipation characteristics
of the columns does not appear because of the dominating effect of the other two

factors.

Although the cumulative energy dissipated by both columns at the end of the tests is high, it is
higher for column CLO. However, column CL1 did not fail after sustaining 45 cycles. Then the
stroke of the jack was adjusted and the column was pushed towards north. If the energy
dissipated by column CL1 after the 45" cycle is added to the cumulative energy dissipated up to
45" cycle, then the cumulative energy dissipated by column CL1 at the end of the test becomes
higher than that of column CLO. The improved energy dissipation characteristics of column CL1
as compared to those of column CLO are derived from a combination of reduced axial load,

which tends to reduce the rate of deterioration, and collar confinement.

Figures 4-76(a) shows the relationships between the cumulative energy dissipated vs. cycle
number for columns CL2 and CLO. The rate of increase of cumulative energy dissipation versus
cycle number for column CL2 is higher than that of column CLO because of the higher yield drift
and higher nominal moment capacity of column CL2. However, the cumulative energy dissipated
by column CL2 is much less than that of column CLO. This poor performance of column CL2 is

attributed to the wider spacing of collars in this column.

The rate of increase of cumulative energy dissipation with respect to cycle number for columns
CL3 and CLO are almost the same (Figure 4-77(a)). The cumulative energy dissipation at the end
of the test for column CL3 is slightly higher than that of column CLO (Figure 4-77(a)). It can be

concluded that the energy dissipation characteristics of both columns are essentially identical.

Figure 4-78(a) shows the cumulative energy dissipated versus cycle number for columns CLO
and CL4. The cumulative energy dissipated for both columns are comparable at the end of the
tests. The test for column CL4 was stopped prematurely. If the energy dissipated by column CL4
after the 45" cycle were to be added, the total energy dissipated by this column would become

higher than that of column CLO.

The cumulative energy dissipated at the end of the tests by collared columns with short
shear-spans (CL5, CL6, CL7, and CL8) are much lower than that of column CLO
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(Figures 4-79(a), 4-80(a), 4-81(a) 4-82(a)). This means that the short shear-span has an adverse

effect on the energy dissipation characteristics of the collared columns.

From the above exercise, it can be concluded that the slopes of the energy dissipation curves
(cumulative energy dissipation versus cycle number) depend on the magnitude of axial loads,
yield drifts, and the nominal moment capacities of the columns. A higher slope of this curve does
not guarantee that the cumulative energy dissipation at the end of the test will also be higher.
The most important criterion for comparing the energy dissipation characteristics of the columns
under cyclic loading is the total energy dissipated by the columns at the end of the tests or at
failure. With respect to this criterion, it can be concluded that the energy dissipation
characteristics of the collared columns with closely spaced collars are better than, or at least
similar, to those of conventional columns (which satisfy the plastic hinge requirements of the
codes). However, the energy dissipation capabilities of the collared columns with widely spaced
collars were much less than that of conventional column. Similarly collared columns with short
shear-spans exhibited poor energy dissipation characteristics as compared to that of the

conventional column CLO that had a long shear span.
4.3.7.3 Normalized Cumulative Energy Dissipated vs. Cycle Number

Similar to the relationship between cumulative energy dissipated and cycle number discussed in
the previous section, the relationship between the normalized cumulative energy dissipated and
cycle number is also used to characterize the energy dissipation characteristics of the reinforced
concrete columns under cyclic loading. This method is less sensitive to differences in the yield

displacements.

A procedure for normalizing the cumulative energy dissipation for lateral force vs. lateral

displacement curves is given by the following equation (Lukkunaprasit and Sittipunt, 2003):

27

[4.6] E, =—=
Y H, A
max—y
where Hpax is the maximum horizontal load applied. In the present research, the hysteresis
curves are presented in terms of base moment vs. lateral drift (%). Therefore, Equation 4.6 is

translated to the following for normalizing the cumulative energy dissipated:
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Figures 4-75(b) through 4-82(b) show the normalized cumulative energy dissipated vs. cycle
number for all the collared columns CL1, CL2, CL3, CL4, CL5, CL6, CL7, and CL8 along with
that of the control column CLO. When plotted in normalized form, the curve for the control column
CLO is higher than those of all the collared columns. The numerical values of the cumulative
energy dissipated per cycle are also given in Appendix-G. The normalized cumulative energy
dissipation characteristics of each collared column are compared with that of the control column

in the following.

Figure 4-75(b) shows the normalized cumulative energy dissipated versus cycle number for
columns CLO and CL1. The rate of increase of normalized cumulative energy dissipated for both
curves is almost the same after the 25" cycle. The normalized cumulative energy dissipated at
the end of the test for column CLO is higher than that of column CL1 at the end of 45" cycle.
However, column CL1 did not fail after sustaining 45 cycles and after adjusting the stroke of the
horizontal jack, this column was further pushed towards north but still the column could not be
failed. If this additional normalized energy is added to normalized cumulative energy dissipated
at 45" cycle, the normalized cumulative energy dissipation for column CL1 at the end of the tests
will become higher than that of column CLO. This better performance of column CL1 as
compared to that of column CLO, with respect to energy dissipation, could be partly due to the

absence of axial load in column CL1 and partly due to the benefits of collar confinement.

Figure 4-76(b) shows that the normalized cumulative energy dissipation characteristics of column
CLO are much better than those of column CL2. This is because of the wider spacing of the

collars in column CL2.

Figure 4-77(b) shows that the energy dissipation characteristics of column CLO are better than

those of column CL3.

It appears from Figure 4-78(b) that the energy dissipation characteristics of column CLO are
better than those of column CL4. However, column CL4 could not be failed after sustaining 45
cycles. Thereafter, it was pushed towards the north with repositioned jacks. If the normalized
cumulative energy dissipated by column CL4 after 45 cycles is added, then the energy dissipated

at the end of test becomes higher than that of column CLO. Hence, it appears that the energy
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dissipation characteristics of columns with closely spaced collars are indeed better than those of

column CLO.

Figures 4-79(b) through 4-82(b) show the relationship between normalized cumulative energy
dissipated versus cycle number for columns CL5 through CL8, respectively, along with that of the
control column CLO. The normalized cumulative energy dissipated at the end of the test for
column CLO is higher than that of columns CL5 through CL8. It is to be noted that the collared
columns CL5 through CL8 were tested with a short shear-span. The short shear-span columns
generally exhibit brittle behaviour and dissipate less energy as compared to those with a long
shear-span. Hence, the short shear—span collared columns are excluded from the comparison
between the conventional column and collared columns with respect to energy dissipation

characteristics.

Based on the above, it can be concluded that conventional columns with closely spaced ties and
collared columns with the closely spaced collars exhibit comparable energy dissipation
characteristics. However, when accounting for the effect of reaching the limit of jack stroke in the
tests, a promising potential of collared columns with closely spaced collars is witnessed that such
collared columns would dissipate more energy at the end of the tests or at failures as compared

to that of conventional columns.

It is noteworthy that the conclusions drawn based on the cumulative energy dissipation

characteristics and the normalized cumulative energy dissipation characteristics are the same.

4.3.8 Equivalent Viscous Damping Ratio

Damping helps to reduce the amplitude of vibration of structures when subjected to excitations.

Strong earthquake excitations may drive the structures to vibrate in the inelastic range. For these

structures, the equivalent damping ratio, /)’eq, consists of two parts as given by the following

equation (ATC-40, 1996):
[48] ﬂeq:ﬁa+ﬂi

where £, is the inherent viscous damping ratio that is always present whether the structure

vibrates in the elastic or inelastic range and is usually assigned a constant value of 0.05 and S,

is the hysteretic damping ratio, represented as equivalent viscous damping, that is associated

199



with a full hysteretic loop area at a certain value of lateral drift. The value of f, is calculated as

follows (Chopra, 1995):

E,

[4.9] B, = 47”’9

where E, is the energy dissipated in cycle i at a certain value of lateral drift and E, is the
maximum elastic strain energy corresponding to the cycle. Knowing the moment and the drift
corresponding to the peaks of the cycle i, the maximum elastic strain energy, £, is calculated

as follows:

(M), * (Maximum lateral drift),
° 2

[4.10]

For the tests reported herein, the calculations of hysteretic damping ratio, S, (Equation 4.9),

were based on parameters that were obtained by averaging the results from all the available

loops for a particular ductility level. Figures 4-83 through 4-90 show the relationships between
the hysteretic damping ratio, f,, and the corresponding lateral drifts for the collared columns

along with that of the control column CLO for comparison.

It is clear from these figures that the hysteretic damping ratio increases with the increase of
displacement amplitude or the increase of lateral drift. It is also evident that the hysteretic
damping ratios for the collared columns are significantly high. However, at a certain level of
lateral drift, the hysteresis damping ratio exhibited by control column is generally higher than that
of the collared columns. This is attributed to the relatively higher axial load in the first 16 cycles
for the control column. As explained previously, the energy dissipation in a cycle at a certain level
of displacement ductility depends on the magnitude of axial load, in addition to other parameters;

the energy dissipation is higher for higher axial loads.

Although the hysteretic damping ratio has its importance in nonlinear dynamic analyses of
structures, nevertheless, it appears to be the best method to determine the energy dissipation
characteristics of the specimens for comparison with each other. Due to the presence of
maximum strain energy term in the denominator of Equation 4.9, the effect of displacement

amplitude and the effect of peak moment of a cycle are automatically normalized.
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4.3.9 Curvature Distributions in the Test Regions

Curvature distributions along the test regions of the columns give insight into the nature of the
flexural hinging. The curvature distributions can be determined in two ways: (1) using strains of

the longitudinal bars of the column; and (2) using rotation of the collars.

The curvature distributions along the test regions can be also be determined using instruments
that were placed externally at different heights in the test regions and this method is used in the
present research. Since these instruments were attached to the collars, only the results for the
collared columns are presented. A summary of the instrumentation used for measuring the

rotations on the collared columns is given in Table 4.4.

The average curvature of a segment between the centrelines of any two collars was taken as the
difference in rotation (radians) of the collars divided by the length of the segment. Similarly, the
average curvatures of all the segments in the test region are determined and then plotted with
respect to the distance from the top of the footing to the mid-depth of the respective segments.
The average curvature for the north (push) and south (pull) directions are determined separately
and then averaged, however no significant difference in the curvature distributions for the
directions was found. Curvature distributions along the test regions were determined at different

levels of displacement ductility to study the associated variations.

Figures 4-91 through 4-98 show the curvature distributions along the test regions of the collared
columns. It can be concluded from the figures that hinging takes place in the lower half of the test
region and the maximum curvature takes place below the first collar in columns CL1, CL3, CL4,
CL5, CL6, CL7, and CL8. In column CL2, the maximum curvature at large displacement
ductilities takes place between the first and second collar (Figure 4-92). The maximum damage
and the rupture of the vertical bars of this column took place in this region (Figure 4-20). It is to
be noted that the curvature distributions presented are not only due to flexural deformations. The
effect of rotations due to anchorage slip at the interface between the column and footing is also
present in these diagrams.

The distribution of energy dissipation mechanisms in the test regions of the collared columns
(CL1 through CLB8) are given in Appendix H.

201



4.3.10 Other Ductility Parameters

There are several ways to express the ductility and deformability of reinforced concrete sections
and members and some of them have been discussed previously in this chapter. In this section,

the ductility parameters suggested by Sheikh and Khoury (1993) are used to evaluate the

performance of sections of the test specimens, These are the curvature ductility factor, My

cumulative ductility ratio, Nw, and energy damage indicator, £, defined in the following:

Curvature ductility factor, 4,

[4.11] Hy ==

Cumulative ductility ratio, N :

[4.12] N,

_ i:mﬂ
i=1 ¢1

Cumulative energy damage indicator, £ :

i=m L . . 2
[4.13] E, = b e, _f(i][ﬁj
M max ¢1 i h\S 1 ¢1

The definitions of all terms in these equations are given in Figure 4-99 except Lf and /i, which

Il
—_

represent, respectively, the length of the most damaged region of the column observed during
testing and the depth of the column section.

In the present study, the lengths of the most damaged regions of the test specimens, Lf, were

estimated from observations during the tests, curvature distributions along the test regions
(Figure 4-91 through 4-98), and the distribution of energy dissipation along the column lengths
(Appendix H). These lengths are reported in Table 4.12. The locations of the collars measured

from the top of the footing are given in Table 4.4.
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In column CLO, the length of a relatively undamaged core region attributed to additional
confinement provided by the footing is taken as 300 mm measured from the top of footing. The

most damaged region of this column extends from 300 to 550 mm.

In columns CL1, CL5, CL7, and CL8, most of the damage occurs below the 2" collar. The clear
distances from the top of the footings to the bottom of the 2" collars are taken as the most

damaged regions of these columns.

In column CL2, most of the damage occurred between the 1* and 2" collar, the clear distance of

which is taken as the most damaged region of this column.

In columns CL3 and CL4, most of the damage occurred below the 3" collar. The clear distances
from the top of footings to the bottom of the 3" collars are taken as the most damaged region of

these columns.

In column CL6, most of the damage occurred below the 1% collar. The clear distance from the top

of the footing to the bottom of the 1* collar is taken as the most damaged region of this column.

In order to calculate the ductility parameters for the sectional performance of the test specimens,
moment-versus-curvature hysteresis curves are required. The curvatures could be calculated
across the most damaged regions of the columns, using the rotation measurements described
previously, and assumed uniform in those regions, and the moments due to horizontal and
vertical loading could be calculated at mid-height of those same regions. However, in the present
research not all the collars were instrumented for rotation measurements and in column CLO,
these measurements were not obtained. To maintain consistency in the location of points (in the
test regions) about which moments, M, are calculated, cable transducers located at the top ends

of the test regions (Table 4.4) are used to calculate the curvatures, ¢, over the test regions of

the columns. (The moment M at the midpoint of the test region is clearly smaller than the
moment at the base of the corresponding column.) The locations of the cable transducers are
close, but not exactly the same, for all the specimens. Based on these instruments, the
moments-versus-curvature hysteresis curves for columns CLO through CL8 were developed and
are given in Appendix I. The envelopes to these hystereses were determined both for the north
and south push, the averages of which are depicted in Figures 4-100 through 4-108. In the cases
of columns CL1 (Figure 4-101), CL4 (Figure 4-104), and CL8 (Figure 4-108), the terminate
curvatures for the north and south envelopes were significantly different, so the average
curvature for these columns can be obtained only up to the smaller of the two terminate
curvatures. The remaining part of the average curvature curve for these columns was projected,
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keeping in view the trend of the constituent envelope curve with the higher terminate curvature.
(It is to be noted that in the case of the envelope curve to the moment at the column base versus
drift hysteresis for column CL8, shown in Figure 4-53, this type of projection was not required
because the moment corresponding to the terminate point of the curve is well below 90% of its

peak moment.)

In the procedure proposed by Sheikh and Khoury (1993), S, represents the initial slope of the
average curvature curve. In the present research, a slight modification to the procedure was
made, where S, represents the slope of a secant line that passes through the origin and a point

on the average envelope curve having an abscissa equal to 2.5x10° (rad/mm). This secant line
is very close to the initial slope, as is clear from Figures 4-100 through 4-102. The reasons for

this modification are:

(1) The initial slope lines are drawn through judgement and errors may be introduced while

applying the procedure from curve to curve; and

(2) They are highly influenced by the interval of data points in the very first cycle of loading.
If the data points of the first cycle are widely spaced, the initial slope lines will, in fact,
become a secant line. In addition, the interval of data points can vary from curve to curve

and influence the initial slope lines.

The proposed modification overcomes these difficulties to a certain extent. The slopes, S, of the

secant lines drawn to the envelope curves are given in Table 4.13. The curvature, ¢,,
corresponds to the point of intersection of the secant line and a horizontal line corresponding to
the peak moment of the envelope curve. The curvature, ¢, , represents the abscissa of the point

on the average moment-versus-curvature-envelope curve in the descending branch for which the
moment is 90% of the peak moment of the envelope curve (Figures 4-105, 4-106, 4-108). In

cases where the moment does not drop to 90% of the peak moment due to any reason, the

terminate curvature of the average envelope curve is taken as ¢, (Figures 4-100, 4-101, 4-102,

4-103, 4-104, and 4-107). The ratio of ¢, to ¢, represents the curvature ductility factor, x,. The
values of ¢, ¢,, and u, for all the columns are reported in Table 4.13. The starred values of

¢,, and p, for columns CLO through CL4 are lower bounds, since the columns did not fail

completely.
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Figures 4-109 through 4-116 show the relationships between the cumulative ductility ratios, Nq)

(Equation 4.12), and the cycle numbers for columns CL1 through CL8 along with that of the

control column, CLO, for comparison. The curve for the control column is higher than that of the
collared columns in all cases. This trend is attributed principally to the relatively lower value of ¢,

for column CLO (Table 4.13).

Figures 4-117 through 4-124 show the relationships between the cumulative energy damage
indicator, £, (Equation 4.13), and the cycle numbers for columns CL1 through CL8 along with

that of the control column, CLO, for comparison. The curve for the control column CLO is much

higher than those of the collared columns. The main reason for this trend is considered to be the

relatively lower value of ¢, for column CLO (Table 4.13) and, moreover, that the term (ﬂ) in
1

i

S

the expression for E, (Equation 4.14) is squared. Although the term [S_j has a reduction
1

effect on the value of E, for column CLO because of the relatively higher values of S, for this

column (Table 4.13), its influence is dominated by the squared values of the term (ﬁJ The
1

numerical values of the cumulative ductility ratio, N¢, and the cumulative energy damage

indicator, £, , for columns CLO through CL8 are given in Appendix J.

4 .4 Effect of Various Parameters on Column Behaviour

In this section, the effect of several key parameters—axial load, collar spacing, size of collar, and

shear-span—on the behaviour of columns confined externally by HSS collars, is studied.
4.4.1 Effect of Axial Load
There are different ways to express the axial load index such as:

.
0.85//4,

Jea
Jeo

P
; —;and
F
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The values of these axial load indices for each of the columns tested are presented in

Table 4.14. Column CLO was subjected to two levels of axial load. Hence, two values for each of

P
the axial load indices are reported for this column. The ratio — is considered to be the most
0

appropriate way of expressing the axial load index for this purpose because it can be used
directly to define the location of the failure point of the column in an axial load versus moment

interaction diagram.

Axial load produces three primary effects: (1) it affects the moment capacity of the columns; (2) it
produces a P-A effect under lateral displacement (the moment due to P-4 is included in the
total column moment in the present research); and (3) it increases the compressive strain level in

the column resulting in accelerated deterioration taking place under cyclic loading.

In order to study the effect of the variation of axial load on the behaviour of the collared columns,
the results of two columns with long shear-spans, CL1 and CL3, and the results of two columns
with short shear-spans, CL5 and CL7, are compared. Columns CL1 and CL5 were tested with
zero axial load and columns CL3 and CL7 were tested under an axial load of 720 kN. All of these
columns were provided with steel collars of HSS 76x51x6.35 mm at a centre-to-centre spacing of
101 mm; therefore, the axial load is the only parameter varied in these comparisons other than

the inherent variation in concrete material strength.

4.4.1.1 Comparison of Columns CL1 and CL3

Figures 4-38 and 4-40 show moment-versus-drift hysteresis curves for columns CL1 and CL3,
respectively. In testing columns CL1 and CL3, a total of 20 and 25 cycles, respectively, were
performed at the stroke limit of the horizontal jacks during which some reduction in strength took
place in column CL1 but the reduction in strength in column CL3 was relatively large. By pushing
these columns towards the north with adjusted-stroke-jacks at the end of the tests, increases in
strength and ductility were witnessed for column CL1 but for column CL3, the large displacement
was accompanied by a strength (moment capacity) reduction. This stark difference in behaviour

at large displacements is attributed primarily to the difference in axial load.

Figure 4-125 shows the envelope curves to the base moment versus lateral drift hysteresis
curves of column CL1 and CL3. It has been demonstrated previously that the initial slope of the
curve for column CL3 is not affected significantly by the presence of axial load because the
stress on the concrete is very low as compared to the strength of the concrete. Therefore, the

difference in the initial slopes of the two curves can be attributed primarily to the difference in the
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secant modulus, which is a function of the material strength. Conversely, at ultimate conditions
the presence of axial load can have an effect on the performance of the column. Considering the

confined concrete material curves, the moments at the first yield of the tensile reinforcing

bars, M were calculated for all the columns and are reported in Table 4.5. The existence of

yee?
Mycc for a column means that the yielding of tensile steel takes place before the failure of the

confined concrete. It means that the column CL3 is under-reinforced. In general, if the axial load
of an under-reinforced column is increased, the corresponding moment capacity of the column
increases. The fact that the envelope curve for column CL3 is higher than that of column CL1
(Figure 4-125) is attributed primarily to the presence of the axial load. The effect of the difference
in the confined concrete strength for these columns (Figure 4-197) on the moment strength of the
columns is considered minimal because both of these column sections are essentially
under-reinforced.

The normalized peak moments of column CL1 and CL3 are 7.6 and 5.65, respectively
(Table 4.8), The normalized moduli of toughness for columns CL1 and CL3 up to peak moment
conditions are 468.23 and 376.44, respectively (Table 4.11), and the normalized moduli of
toughness up to the end of tests for column CL1 and CL3 are 772.84 and 376.44, respectively
(Table 4.11). The lower values of normalized peak moment, normalized modulus of toughness
up to peak moment condition, and the normalized modulus of toughness up to the end of the test
for column CL3 as compared to that of CL1are attributed to the following: (1) the full capacity of
column CL3 could not be explored due to the exhaustion of the stroke limits of the horizontal
jacks; (2) both for column CL1 and CL3 a large number of cycles was performed at the stroke
limits (20 and 25, respectively) and due to the presence of axial load, the rate of degradation in
strength and stiffness for column CL3 was much higher than that of column CL1. Moreover, it
increased with the increase in the number of cycles at the stroke limit of the jacks (refer to
Figures 4-38 and 4-40).

Figure 4-126 shows the relationship between normalized secant stiffness and lateral drift (%) for
columns CL1 and CL3. This figure depicts that the reduction in normalized secant stiffness with
the increase of lateral drift (%) is more rapid for column CL3 than column CL1, although at small
drifts the curves are nearly identical. The difference at larger drifts is attributed to the effect of

axial load acting on the displaced configuration.

Figure 4-127 shows the relationship between cumulative dissipated energy versus cycle number
for columns CL1 and CL3. The curve for column CL3 is higher than that of column CL1 and the
rate of increase of energy dissipation with respect to cycle number is higher for column CL3 than

column CL1. There are three reasons for this behaviour: (1) the unconfined concrete strength for
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column CL3 is higher than that of column CL1; (2) the experimental yield displacement for

column CL3 (Ay =38 mm) is higher than that of column CL1 (A}, =23 mm), which results in

greater energy dissipated in an equivalent cycle; and (3) the presence of axial load in column
CL3 tends to increase its moment capacity, as discussed previously, although the difference in
the cumulative energies is considered to be dominated by the other two effects. The deteriorating
effect of axial load on ductility is not evident from this figure because both tests were stopped
prematurely after pushing the columns towards north with jacks having adjusted strokes after
performing 45 complete cycles. Had the stroke limits of the jack not exhausted and the tests not
stopped prematurely, the cumulative energy dissipated by column CL1 at the end of the test

would likely have been greater than that of column CL3.

To offset the effects of differences in yield displacements, axial load, and unconfined concrete
strengths for column CL1 and CL3 on the energy dissipation characteristics, the cumulative
energy dissipated is normalized with respect to the maximum moment capacity and the
experimental yield drift (i.e., based on the yield displacement used in the test) of the respective
column. Figure 4-128 shows the relationship between cumulative normalized dissipated energy
versus cycle number for columns CL1 and CL3. The curve for column CL3 is higher up to the
end of 27 cycles, then it becomes lower than that of column CL1. This reduction in cumulative
normalized energy dissipation towards the end of the test for column CL3 as compared to CL1
can be attributed to the deteriorating effect of axial load. Cumulative normalized energy
dissipation is considered to be a better characteristic than cumulative energy dissipation for

representing the energy dissipation characteristics of a column.

Figure 4-129 shows the relationship between the hysteretic damping ratio and lateral drift (%) for
columns CL1 and CL3. The hysteretic damping ratio of column CL1 is generally slightly higher
than that of column CL3. It is anticipated that beyond a lateral drift of 10%, the difference
between the two curves will become more pronounced, with column CL3 exhibiting a lower
hysteretic damping ratio than CL1. This reduction in hysteretic damping for column CL3 is due to

the deteriorating effect of the axial load at large drifts.

The lower-bound values of curvature ductility for columns CL1 and CL3 are 11.92 and 9.78,
respectively (Table 4.13). Although these values are both lower bounds, it is believed that they
are close to their ductility limits. At the point corresponding to ¢, , the envelope curve for column
CL1 (Figure 4-101) is declining to a point near to the failure criterion. Although the envelope
curve for column CL3 (Figure 4-103) appears to be well short of the actual peak, the final push
with the repositioned jacks showed a rapid decline in capacity. As the values of curvature ductility

reported for column CL1 and CL3 are lower-bound, it not possible to make a point on the effect
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of axial load on the curvature ductility of the columns. Figure 4-130 shows the relationship

between the cumulative ductility ratio, Nw, and cycle numbers for columns CL1 and CL3. The

curve for column CL3 is higher than that of column CL1. That is, the trend shown by these curves
is opposite to the existing concept that the axial load has a deteriorating effect on the ductility.

This is because of the following reasons:

(1) The experimental yield displacement of column CL3 is 38 mm (alternative 1(method 1),
Table 4.6) as compared to the true vyield displacement of 32 mm (alternative 3
(method 1, Table 4.6) due to which this column will accumulate higher values of
curvatures in the cycles. In the case of column CL1, the experimental yield displacement
is 23 mm (alternative 1 (method 1), Table 4.6) as compared to the true yield
displacement of 30 mm (alternative 3 (method 1, Table 4.6) due to which this column will

accumulate lower values of curvatures in the cycles.

(2) The value of curvature ¢, is lower for column CL3 as compared to that of CL1

(Table 4.13).

The cumulative energy damage indicator, £, is another parameter for representing ductility.

Figure 4-131 shows the relationship between the cumulative energy damage indicator and cycle
numbers for columns CL1 and CL3. The curve for column CL3 is higher than that of column CL1.
This trend is also opposite to the existing concept that the axial load has deteriorating effect on

ductility. Some reasons for this discrepancy have already been given in the discussion of the

cumulative ductility ratio, Nw. Another reason that contributes to this discrepancy is the larger

length of the most damaged region, Lf, for column CL3 as compared to that for column CL1

(Table 4.12).

4.4.1.2 Comparison of Columns CL5 and CL7

P
The axial load indices F for columns CL5 and CL7 are zero and 0.15, respectively
0

(Table 4-14). Figures 4-42 and 4-44 show moment-versus-drift hysteresis curves for columns
CL5 and CL7, respectively. Figure 4-132 shows the envelope curves to the base moment versus
lateral drift hysteresis curves for these columns. The initial slope of the envelope curve for
column CL7 is steeper than that of the curve for column CL5. This is due to the difference in the

strength of concrete for these columns since the initial slope is not affected by the presence of
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axial load. The moment capacity of column CL7 is higher than that of column CL5 due to the
following reasons: (1) the strength of concrete for column CL7 is higher than that of CL5; and
(2) column CL7 is subjected to an axial load that falls in the range of zero to the balanced load
condition in the moment-versus-axial-load interaction diagram for the column, considering the
confined concrete material curve. Hence, the presence of axial load enhances the moment

capacity of this column.

The normalized moduli of toughness for columns CL5 and CL7 up to peak moment conditions
are 107.95 and 122.00, respectively (Table 4.11), and the normalized moduli of toughness up to
the end of tests for column CL5 and CL7 are 228.92 and 329.51, respectively (Table 4.11). The
normalized moduli of toughness has increased with the increase of axial load. This is consistent

with the other ductility parameters given subsequently.

Figure 4-133 shows the relationship between normalized secant stiffness and lateral drift (%) for
columns CL5 and CL7. This figure depicts that the reduction in normalized secant stiffness with
the increase of lateral drift (%) is more rapid for column CL7 than for column CL5, although at
small drifts the curves are nearly identical. The difference at larger drifts is attributed to the effect

of axial load acting on the displaced configuration.

Figure 4-134 shows the relationship between cumulative dissipated energy versus cycle number
for columns CL5 and CL7. The curve for column CL7 is higher than that of column CL5. There
are three reasons for this behaviour: (1) the unconfined concrete strength for column CL7 is

higher than that of column CL5; (2)the experimental yield displacement for column CL7

(A, =11.5mm) is higher than that of column CL5 (A , =8 mm), which results in greater energy

dissipated in an equivalent cycle; and (3) due to the presence of axial load in column CL7 and
the fact that it is under-reinforced, its moment capacity is higher than that of column CL5. The

deteriorating effect of axial load on ductility is not evident from this figure.

To offset the effects of differences in yield displacements, axial load, and unconfined concrete
strengths for column CL5 and CL7 on the energy dissipation characteristics, the cumulative
energy dissipated is normalized with respect to the maximum moment capacity and the
experimental yield drift of the respective column. Figure 4-135 shows the relationship between
cumulative normalized dissipated energy versus cycle number for columns CL5 and CL7. The
two curves match with each other up to the 20" cycle. After that, the curve for column CL5 is
slightly higher than that of column CL7. This reduction in cumulative normalized energy
dissipation towards the end of the test for column CL7 as compared to CL5 is attributed to the

deteriorating effect of the axial load.
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Figure 4-136 shows the relationship between the hysteretic damping ratio and lateral drift (%) for
columns CL5 and CL7. The hysteretic damping ratio of column CL5 is higher than that of column
CL7. The lower hysteretic damping ratio of column CL7 is due to the deteriorating effect of axial

load.

The values of curvature ductility, Ny for columns CL5 and CL7 are 9.14 and 15.59, respectively

(Table 4.13). With the increase of axial load, curvature ductility has improved. The axial load
improves the moment capacity of the columns. The deteriorating effect of axial load is

undermined by the improvement in the moment capacity of the columns by increasing axial load.

Figure 4-137 shows the relationship between cumulative ductility ratio, N¢, and cycle numbers

for columns CL5 and CL7. The curve for column CL7 is higher than that of column CL5. That is,
the trend shown by these curves is opposite to the hypothesis that the axial load has a

deteriorating effect on the ductility. This is because of the following reasons:

(1) The experimental yield displacement of column CL7 is 11.5mm (alternative 1
(method 1), Table 4.6), whereas the more accurate yield displacement of this column is
9 mm (alternative 3, (method 1), Table 4.6) due to which this column will accumulate
greater curvature at the extremes of the loops. The experimental yield displacement of
column CL5 is 8 mm (alternative 1 (method 1), Table 4.6), whereas the true yield
displacement of this column is 7.5 mm (alternative 3 (method 1), Table 4.6). Although
this column also accumulates greater curvatures at the extremes of the loops, this effect

is far less in this column than in column CL7.

(2) The value of curvature ¢, is lower for column CL7 as compared to that for CL5

(Table 4.13).

Figure 4-138 shows the relationship between the cumulative energy damage indicator and cycle
numbers for columns CL5 and CL7. The curve for column CL7 is higher than that of column CL5.
This trend is opposite to the hypotheses that the axial load has deteriorating effect on ductility.

Reasons for this discrepancy have already been given in the discussion of cumulative ductility

ratio, N¢.
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4.4.1.3 Discussion on the Effect of Axial Loads

The effect of axial load on the behaviour of the collared columns was studied by comparing the
results of columns with long shear-spans and short shear-spans. Based on the results of these
column tests, it can be concluded that an increase of axial load causes an increase in the rate of

degradation in strength and a decrease in the stiffness retention of the collared columns.

The cumulative energy dissipation with respect to cycle number is a not good measure for
assessing the energy dissipation characteristics of the specimens because it is influenced by the
difference in concrete strength and differences in yield drifts. The cumulative normalized energy
dissipation with respect to cycle number curve is considered to be a better means of assessing
this characteristic. The presence of axial load decreased the cumulative normalized dissipated
energy at the end of the tests. This observation is valid for both long and short shear-span

columns.

The presence of axial load tended to result in a lower hysteretic damping ratios. However, this
effect was more pronounced in collared columns with short shear-spans than in those with long

shear-spans.

The effect of axial load on the cyclic ductility of the collared columns is not entirely clear from the
analyses presented. In the case of columns with long shear-spans, the normalized modulus of
toughness and curvature ductility of the column without axial loads was higher than that of the
column with axial load, whereas ductility parameters such as cumulative curvature ductility and
cumulative energy damage indicators are higher for the column with axial load. In the case of
columns with short shear spans, the normalized modulus of toughness, curvature ductility,
cumulative ductility ratio, and cumulative energy damage indicator are higher for the column with
axial load. Explanations of why these various measures might have exaggerated any beneficial
effects of axial load—primarily related to the redefinition of the yield displacement after the tests
were complete—have been presented. Nevertheless, it appears that axial load may have some
beneficial effects on cyclic ductility, although the increased rate of deterioration in the presence
of axial loads is perhaps an overriding consideration. Beneficial effects for the level of axial load
used in the present research may have been observed because in columns with axial load, the

confinement is mobilized more rapidly resulting in an improvement in the ductility of the columns.
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4.4.2 Effect of Collar Spacing

In order to study the effect of collar spacing on the performance of the collared columns under
cyclic loading, the results of column CL2 are compared with those of column CL3 (columns with
long shear-span), and the results of column CL6 are compared with those of column CL7
(columns with short shear-span). The size of collars in all these columns is the same (i.e.,
HSS76x51x6.35) but the spacing of collars is higher in columns CL2 and CL6, as compared to
the spacing of collars in columns CL3 and CL7 (Table 4.1).

4.4.2.1 Comparison of Columns CL2 and CL3

P
The axial load indices (ratio of F) for columns CL2 and CL3 are 0.22 and 0.23, respectively
0

(Table 4-14), which are virtually identical. Therefore, the effect of axial load is considered the

same.

Figures 4-39 and 4-40 show moment-versus-drift hysteresis curves for columns CL2 and CL3,
respectively. The envelopes to these hystereses are shown in Figure 4-139. The initial parts of
these curves are identical because the strength of concrete for these columns is almost the same
(the strength of concrete in column CL2 is only marginally higher than that of column CL3
(Table 4.2)). After that, the curve for column CL3 becomes higher. This is because of the higher

level of confinement in column CL3 as compared to that of CL2 due to the difference in collar
spacing (and the associated value of p,.) The other reason for this behaviour is the more rapid

spalling of concrete between the collars for column CL2 as compared to that of column CL3
(Figure 4-20(c) and 4-21(a)).

The normalized peak moments of columns CL2 and CL3 are 5.29 and 5.65, respectively
(Table 4.8), the normalized moduli of toughness up to peak moment conditions are 253.66 and
376.44, respectively, and the normalized modulus of toughness up to the end of tests are 315.19

and 376.44, respectively (Table 4.11). The higher values for column CL3 are consistent with the

values of p, and the spacing of collars for these columns.

Figure 4-140 shows the relationship between the normalized secant stiffness and lateral drift (%)

for columns CL2 and CL3. The curves overlap each other. It means that the stiffness retention of
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the collared columns is not affected by the change in the level of confinement due to the change

in collar spacing and p, .

Figure 4-141 shows the relationship between cumulative dissipated energy versus cycle number
for columns CL2 and CL3. The curve for column CL2 is slightly higher than that of column CL3

because of the difference in the experimental yield displacements of column CL2 (Ay =41 mm)

and column CL3 (Ay =38 mm). A similar trend is shown by Figure 4-142, which shows the

relationships between cumulative normalized dissipated energy and cycle number. The
cumulative energy dissipated and cumulative normalized energy dissipated up to the end of the
test for column CL3 is higher than that for column CL2 (Appendix G). This is because of the
significantly lower number of cycles sustained by column CL2 as compared to that of column
CL3. Hence, with the increase in collar spacing, the energy dissipation capability of the

specimens decreases significantly mainly because of the increased rate of deterioration.

Figure 4-143 shows the relationship between the hysteretic damping ratio and lateral drift (%) for
columns CL2 and CL3. The hysteretic damping ratio increases with the increase in the lateral
drift for both columns. The hysteretic damping ratio of column CL2 is slightly higher than that of
column CL3 at a certain drift. This is consistent with the trend shown by the curves in
Figures 4-141 and 4-142.

The lower-bound values of curvature ductility, 7, , for columns CL2 and CL3 are 12.96 and 9.78,

respectively (Table 4.13). From this information, it appears that the curvature ductility of the
collared column increases with the increase in collar spacing, which is not true. As a matter of
fact, at the stroke limits of the jacks the damage in the test region of column CL2 is much higher

than that of column CL3 due to which more rotation takes place in the test region of column CL2

as compared to that of column CL3 (Appendix H). This results in higher values of ¢, for column
CL2 as compared to that of column CL3. Although the slopes, S,, for both columns are almost

the same, due to the difference in values of M, . for these columns, the value of ¢, for column

CL3 is higher than that of column CL2 (Table 4.13). Had the stroke of the horizontal jacks not
been exhausted, the curvature ductility exhibited by column CL3 is expected to have been much
higher than that of column CL2.

Figure 4-144 shows the relationship between cumulative ductility ratio, N¢, and cycle numbers

for columns CL2 and CL3. The rate of increase in cumulative curvature ductility with the increase
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in the number of cycles for column CL2 is much higher than that of column CL3. The reason for
this trend has been given in the preceding paragraph. As a matter of fact, it was due to the more
rapid accumulation of damage in the test of column CL2 as compared to that of column CL3. The
cumulative ductility ratio of column CL3 at the end of the test is much higher than that of column

CL2, which means that columns confined with closely spaced collars exhibit more ductility.

Figure 4-145 shows the relationship between cumulative energy damage indicator and cycle
numbers for columns CL2 and CL3. The slope of the two curves is the same, which means that
the rate of increase in the cumulative energy damage indicator with the increase in the number of
cycles is same; however, the curve for column CL2 terminates long before that of column CL3.
The cumulative energy damage indicator for column CL3 at the end of the test is much higher
than that of column CL2. Based on this parameter, the ductility exhibited by column CL3 is much

higher than that of column CL2.

4.4.2.2 Comparison of Columns CL6 and CL7

P
The axial load indices (ratio of F) for columns CL6 and CL7 is 0.16 and 0.15, respectively
0

(Table 4-14), which are very close to each other. Therefore, the effect of axial load is considered

to be the same.

Figures 4-43 and 4-44 show moment-versus-drift hysteresis curves for column CL6 and column
CL7, respectively. The envelopes to these hystereses are shown in Figure 4-146. These curves
clearly show that the ductility and peak moment capacity exhibited by column CL7 are higher
than those of column CL6. This is partly attributed to the higher strength of concrete for column
CL7 and partly due to the higher level of confinement for this column CL7. The other reason for
this behaviour is the more rapid spalling of concrete between the collars of column CL6 as
compared to that of column CL7 (Figure 4-24(c) and 4-26(b)).

The normalized peak moments of columns CL6 and CL7 are 3.15 and 3.49, respectively
(Table 4.8), the normalized moduli of toughness up to peak moment conditions are 89.66 and
122.00, respectively, and the normalized modulus of toughness up to the end of tests are 167.93
and 329.5, respectively (Table 4.11). The results are consistent with the level of confinement in

these columns.
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Figure 4-147 shows the relationship between the normalized secant stiffness and lateral drift (%)
for columns CL6 and CL7. The curves are close to each other, which means that stiffness

retention of collared columns is not affected significantly by the change in the level of

confinement related to spacing and p, .

Figure 4-148 shows the relationship between cumulative dissipated energy versus cycle number
for columns CL6 and CL7. The rate of increase in cumulative energy dissipation is higher for
column CL7 as compared to column CL6. The is due to the higher strength of concrete, higher
level of confinement, and higher experimental yield displacement of column CL7. In addition, the
cumulative energy dissipated at the end of the tests for column CL7 is higher than that of column
CL6. Similarly, Figure 4-149 shows the relationship between the cumulative normalized energy
dissipated for columns CL6 and CL7. The rate of increase of this curve for column CL6 is higher
than that of column CL7. However, at the end of the tests, the cumulative normalized energy
dissipated for column CL7 is much higher than that of column CL6, which is consistent with the
level of confinement in these columns. Hence, with an increase in collar spacing, the energy

dissipation capability of the specimens decreases significantly.

Figure 4-140 shows the relationship between hysteretic damping ratio and lateral drift (%) for
columns CL6 and CL7. The hysteretic damping ratio increases with the increase in the lateral
drift for both columns. However, the rate of increase for column CL6 is higher than that of column
CL7. The maximum hysteretic damping ratio exhibited by column CL6 is higher than that of
column CL7. Figures 4-143 and 4-150 show the same trend. This behaviour is because of the
more rapid damage in columns with widely spaced collars as compared to columns with closely

spaced collars.

The values of curvature ductility, #,, for columns CL6 and CL7 are 14.41 and 15.59, respectively

(Table 4.13). Hence, columns with closely spaced collars exhibit higher curvature ductility as

compared to columns with widely spaced collars.

Figure 4-151 shows the relationship between the cumulative ductility ratio, Nw, and cycle

numbers for columns CL6 and CL7. The two curves overlap each other. However, the cumulative
ductility ratio at the end of the test for column CL7 is higher than that of column CL6 as expected,
which means that columns confined with closely spaced collars exhibit a higher cumulative
ductility ratio.
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Figure 4-152 shows the relationship between cumulative energy damage indicator and cycle
numbers for columns CL6 and CL7. The rate of increase of the cumulative energy damage
indicator with the increase of number of cycles is higher for column CL7. In addition, the
cumulative energy damage indicator at the end of the tests is higher for column CL7, which

means that column CL7 exhibits more ductility as compared to column CL6.

4.4.2.3 Discussion on the Effect of Collar Spacing

In the regime of both long and short shear-span columns, columns with wider spacing of collars
exhibited lower values of normalized peak moments, normalized modulus of toughness up to
peak moment condition, and normalized modulus of toughness up to the failure of columns as

compared to those of columns with closer spacing.

The rate of deterioration of strength is higher in columns with widely spaced collars as compared

to columns with closely spaced collars.

For both long and short shear-span columns, the effect of collar spacing on the stiffness retention
of the columns was marginal; columns with closely spaced collars exhibited slightly higher

stiffness retention as compared to columns with relatively wider collar spacing.

For both long and short shear-span columns, the cumulative energy dissipated and cumulative
normalized energy dissipated at the end of the tests is significantly less for columns with widely

spaced collars as compared to columns with closely spaced collars.

In long shear span columns, the hysteretic damping ratio of columns with widely spaced collars is
slightly higher than that of columns with closely spaced collars. However, in the regime of
columns with short shear spans, the columns with a wider spacing of collars exhibited a
significantly higher hysteretic damping ratio at a certain level of lateral drift as compared to that of

columns with closely spaced collars.
Both in the regime of long and short shear span columns, columns with widely spaced collars

exhibit lower ductility in terms of curvature ductility, cumulative ductility ratio, and cumulative

energy damage indicator as compared to columns with widely spaced collars.
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4.4.3 Effect of Size of Collar

In order to study the effect of size of collars on the performance of the collared columns under
cyclic loading, the results of column CL3 are compared with those of column CL4 (columns with
long shear-span), and the results of column CL7 are compared with those of column CL8

(columns with short shear-span).

4.4.3.1 Comparison of Columns CL3 and CL4

P
The axial load index (ratio of —) for column CL3 and CL4 is 0.23 and 0.16, respectively
0

(Table 4-14), which are quite different from each other. This means that axial load will also have

an influence on the behaviour of these columns.

Figures 4-40 and 4-41 show moment-versus-drift hysteresis curves for column CL3 and column
CL4, respectively. The envelopes to these hystereses are shown in Figure 4-153. The strength of
concrete for column CL4 is higher than that of column CL3 (Table 4.2), which explains the stiffer
behaviour of column CL4 as compared to column CL3 in the initial parts of the envelope curves.
Although the strength of concrete for column CL3 is lower than that of column CL4, the peak
moment capacity of column CL3 is slightly higher than that of column CL4. This is partly due to

the higher level of confinement in column CL3 and partly due to its higher axial load index.

The normalized peak moments of columns CL3 and CL4 are 5.65 and 4.39, respectively
(Table 4.8), the normalized moduli of toughness up to peak moment conditions are 376.44 and
244.07, respectively, and the normalized moduli of toughness up to the end of tests are 376.44
(lower-bound) and 463.46 (lower-bound), respectively (Table 4.11). Excluding the lower-bound
values from discussion, the remaining results are consistent with the level of confinement in

these columns.

Figure 4-154 shows the relationship between the normalized secant stiffness and lateral drift (%)
for columns CL3 and CL4. The stiffness retention of column CL3 is higher than that of column
CL4. Hence, columns with stiffer collars exhibit more stiffness retention as compared to those
with a smaller collar size. In spite of the fact that the axial load index for column CL3 is higher
than that of column CL4 and it has been postulated previously that a higher axial load index

results in lower stiffness retention (Figures 4-126 and 4-133), column CL3 exhibits higher
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stiffness retention. This means that the effect of the difference in axial load indices is dominated

by the effect of the difference in the size of the collars.

Figure 4-155 shows the relationship between cumulative dissipated energy and cycle number for
columns CL3 and CL4. The rate of increase in cumulative energy dissipation with the increase in
cycle number is higher for column CL3 up to 16™ cycle. The higher rate for column CL3 is partly
due to the difference in the size of collars and partly due to the higher experimental yield
displacement of column CL3. After the 16" cycle, the rate of increase of energy dissipation
becomes the same for both columns up to the end of 45 cycles. This means that the higher level
of confinement was not favourable to energy dissipation. The cumulative energy dissipated is
higher for column CL3 as compared to column CL4 at the end of 45 cycles. Figure 4-240 shows
the relationship between the cumulative normalized energy dissipated for column CL3 and CLA4.
Up to the 27" cycle, the curve for column CL3 is higher, after which the curve for column CL4
becomes higher. At 45 cycles, the cumulative normalized energy dissipated by column CL4 is
higher than that of column CL3 which means that the performance of column CL4 is better than
that of column CL3 with respect to energy dissipation. The strength of concrete in column CL3 is
much lower than that in column CL4. The size of collars on column CL3 are bigger than those on
column CL4, resulting in higher confining pressure for column CL3. Hence, the maximum ratio of
confining pressure to concrete strength for column CL3 is much higher than that of column CLA4,
resulting in higher tensile stresses on the surface concrete between the collars. The tensile
strength of concrete for column CL3 is lower than that of column CL4. Hence, under higher
tensile stresses, the spalling of concrete between the collars is more rapid in column CL3 as
compared to column CL4. In addition, the axial load index for column CL3 is higher than that of
column CL4. The higher axial load index results in a higher deterioration rate for column CL3. All
these phenomena contribute to the lower level of energy dissipation for column CL3, although

the very low concrete strength makes a direct comparison between these two columns difficult.

Figure 4-157 shows the relationship between hysteretic damping ratio and lateral drift (%) for
columns CL3 and CL4. The hysteretic damping ratio increases with the increase in lateral drift for
both columns. The curve for column CL3 is slightly higher than that of column CL4. This

behaviour is because of the more rapid damage that occurred in column CL3.

The lower-bound values of curvature ductility, 7, , for columns CL3 and CL4 are 9.78 and 17.22,

respectively (Table 4.13). The curvature ductility exhibited by the column with small size collars is
higher than the column confined with large size collars. This is also related to the large difference

in concrete strength in the two specimens and is consistent with the previous discussion.
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Figure 4-158 shows the relationship between cumulative ductility ratio, N(p, and cycle numbers

for columns CL3 and CL4. The cumulative curvature ductility for column CL3 is higher initially
than that of column CL4. However, at the end of 45 cycles it is the same for both columns. If the
cycles would had been continued beyond 45, the cumulative curvature ductility for column CL4
would have been higher than that of the column CL3 as is clear from the slope of the two curves.

This is consistent with the observation of curvature ductility, given in the preceding paragraph.

Figure 4-159 shows the relationship between the cumulative energy damage indicator and cycle
numbers for columns CL3 and CLA4. Initially, the slope of the curve for column CL3 is higher than
that of column CL4. After the 26™ cycle, the slope of the curve for column CL4 become higher
and at the end of 45 cycles, the cumulative energy damage indicator for column CL4 is higher
than that of column CL3. Hence, the behaviour of column CL4 is more ductile as compared to the

behaviour of column CL3, which is consistent with the observations in the preceding paragraphs.

4.4.3.2 Comparison of Columns CL7 and CL8

P
The axial load index (ratio of F) for column CL7 and CL8 is 0.15 and 0.16, respectively
0

(Table 4-14), which are close to each other. Hence, the influence of axial load on the

performance of these columns would be the same.

Figures 4-44 and 4-45 show moment-versus-drift hysteresis curves for column CL7 and column
CLS8, respectively. The envelopes to these hystereses are shown in Figure 4-160. The strength of
concrete for both columns is almost the same (Table 4.2) but the level of confinement is quite
different in these two columns. Based on these envelope curves, the behaviour of column CL7 is

almost identical to that of column CL8 in terms of ductility.

The normalized peak moments of column CL7 and CL8 are 3.49 and 3.89, respectively
(Table 4.8), the normalized moduli of toughness up to peak moment conditions are 122.00 and
139.65, respectively, and the normalized modulus of toughness up to the end of tests are 329.51
and 380.33, respectively (Table 4.11). These values all imply slightly better performance for the

column CL8, which had smaller collars.

Figure 4-161 shows the relationship between normalized secant stiffness and lateral drift (%) for

columns CL7 and CL8. The stiffness retention of column CL7 is less than that of column CLS.
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Hence, columns with smaller size collars appear to exhibit more stiffness retention as compared

to those with larger size collars.

Figure 4-162 shows the relationship between cumulative dissipated energy and cycle number for
columns CL7 and CL8. Both columns sustained 35 cycles. The cumulative energy dissipated in
column CL7 at the end of 35 cycles is slightly higher than that of column CL8. This is attributed to
the higher yield displacement of column CL7. Figure 4-163 show the cumulative normalized
energy dissipated versus cycle number for column CL7 and column CL8. The curves overlap

each other indicating that the columns possess the same energy dissipation characteristics.

Figure 4-164 shows the relationship between the hysteretic damping ratio and lateral drift (%) for
columns CL7 and CL8. The hysteretic damping ratio increases with the increase in lateral drift for
both columns. The curves are similar; however, column CL8 exhibits a slightly higher damping

ratio.

The curvature ductility, Ny for columns CL7 and CL8 are 15.59 and 14.78, respectively

(Table 4.13). Therefore, the curvature ductility exhibited by the column with larger size collars is

slightly higher than that exhibited by the column confined with smaller size collars.

Figure 4-165 shows the relationship between cumulative ductility ratio, N(p, and cycle numbers

for columns CL7 and CL8. The cumulative curvature ductility for column CL7 is higher than that
of column CL8, which is consistent with the result of examining the curvature ductility at the end

of the test alone.

Figure 4-166 shows the relationship between the cumulative energy damage indicator and cycle
numbers for columns CL7 and CL8. The cumulative energy damage indicator for column CL7 is
slightly higher than that of column CL8, supporting the observation that the behaviour of column

CL7 is more ductile as compared to column CL8.
4.4.3.3 Discussion on the Effect of Size of Collars

In case of columns with a long shear-span, the stiffness retention was slightly higher for columns
with larger size collars as compared to that for columns with smaller size collars. In the case of
columns with a short shear-span, the stiffness retention was slightly higher for the columns with
smaller size collars. Although these observations appear to contradict one another, the

differences observed were relatively small. It is likely that the stiffness retention characteristics of
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the columns were not particularly sensitive to the change in the size of the collars in the range in

which this study was conducted.

In the case of columns with a long shear-span, the normalized cumulative energy dissipated at
the end of the test for the column with small size collars was higher than that of the column with
large size collars because the higher ratio of confining pressure to the strength of concrete in the
column confined by large size collars produced high tensile stresses in the concrete between the
collars for this column due to which the column might have deteriorated rapidly and, hence,
exhibited low energy dissipation characteristics. In the case of columns with a short shear-span,
columns with different size of collars exhibited similar energy dissipation characteristics in terms
of cumulative normalized energy dissipated versus cycle number. It appears that the energy
dissipation characteristics of the columns were not sensitive to the change in the size of the

collars in the range in which this study was made.

In the case of columns with a long shear-span, the hysteretic damping ratio was slightly higher
for columns with larger size collars as compared to that for columns with smaller size collars. In
the case of columns with a short shear-span, the hysteretic damping ratio of columns was slightly
higher for columns with smaller size collars. Again, the differences were very small and it is
concluded that the hysteretic damping ratio was not sensitive to the change in the size of collars

in the range in which this study was made.

In the case of columns with a long shear-span, the columns with larger size collars exhibited a
higher modulus of toughness as compared to columns with smaller size collars. However, the
columns with larger size collars exhibited lower values of curvature ductility, cumulative ductility
ratio, and cumulative normalized energy damage indicator. This discrepancy is attributed to the
relatively much higher value of axial load index in the column with larger size collars as
compared to that of columns with small size collars. In the case of columns with a short shear
span, the columns with larger size collars exhibit higher modulus of toughness, curvature
ductility, higher cumulative ductility ratio, and higher energy damage indicator as compared to
those of columns with small size collars, although the differences tended to be relatively small.
Based on the above, it is concluded that columns with larger size collars exhibit somewhat higher
ductility as compared to columns with smaller size collars, although it is not clear that this

difference would be significant.
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4.4.4 Effect of Shear-Span

In order to study the effect of shear-span on the performance of the collared columns, the results
of columns CL1, CL2, CL3, and CL4 are compared with those of columns CL5, CL6, CL7, and
CLS8, respectively.

4.4.4.1 Comparison of Columns CL1 and CL5

Both of these columns were tested without axial load (Table 4.14). Hence, the influence of axial

load is not present in these columns.

Figures 4-38 and 4-42 show moment-versus-drift hysteresis curves for columns CL1 and CL5,
respectively. The envelopes to these hystereses are shown in Figure 4-167. The slope of the
initial part of the curve for column CL5 is much higher than that of column CL1 because of the
higher strength of the concrete of column CL5. With the increase in lateral drift, the curve for
column CL5 descends more rapidly. Hence, the rate of strength deterioration in the column with
a short shear-span is much higher than the columns with a long shear span. From these
envelope curves, it can also be deduced that columns with short shear spans are less ductile as

compared to columns with long shear spans.

The normalized peak moments of columns CL1 and CL5 are 7.60 and 4.00, respectively
(Table 4.8), the normalized moduli of toughness up to peak moment conditions are 468.23 and
107.95, respectively, and the normalized moduli of toughness up to the end of tests are 772.84
and 228.95, respectively (Table 4.11). Hence, using these measures the columns with long shear

spans are more ductile as compared to columns with short shear spans.

Figure 4-168 shows the relationship between normalized secant stiffness and lateral drift (%) for
columns CL1 and CL5. The stiffness retention of column CL1 is higher than that of column CL5.
Hence, the column with a short shear-span degraded in stiffness more rapidly than the column

with a long shear span.

Figure 4-169 shows the relationship between cumulative dissipated energy and cycle number for
columns CL1 and CL5. The two curves overlap each other up to the 27" cycle and then the slope
of the curve for column CL1 becomes higher than that of column CL5. The cumulative energy

dissipated up to the end of the test for column CL1 is much higher than that for column CLS5.
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Figure 4-170 shows the relationship between the cumulative normalized energy dissipated for
columns CL1 and CL5. After 15 cycles, the rate of increase in cumulative normalized energy
dissipation for column CL5 becomes higher than that of column CL1. However, the cumulative
normalized energy dissipated at the end of the test for column CL1 is much higher than that of

column CL5.

Figure 4-171 shows the relationship between the hysteretic damping ratio and lateral drift (%) for
columns CL1 and CL5. The hysteretic damping ratio increases with the increase in lateral drift for
both columns. The curve for column CL5 is higher than that of column CL1. The trend of these
curves indicates that more rapid damage takes place in column CL5 as compared to that of

column CL1.

The curvature ductility, #,, for columns CL1 and CL5 are 11.92 and 9.14, respectively

(Table 4.13). The curvature ductility exhibited by the column with a long shear span is higher

than that of the column with a short shear-span. This is consistent with the previous discussion.

Figure 4-172 shows the relationship between cumulative ductility ratio, Nw, and cycle numbers

for columns CL1 and CL5. The rate of increase of cumulative curvature ductility with respect to
cycle numbers is higher for column CL5 as compared to column CL1. However, the cumulative
curvature ductility at the end of the test for both columns is about the same. Had the stroke of the
jacks not been exhausted, the cumulative ductility ratio at the end of test for column CL1 would

likely have been much higher.

Figure 4-173 shows the relationship between the cumulative energy damage indicator and cycle
numbers for columns CL1 and CL5. The rate of increase of the cumulative energy damage
indicator with respect to cycle numbers is higher for column CL5 as compared to column CL1.
However, the cumulative energy damage indicator at the end of the test for column CL5 is
slightly higher than that of column CL1. These observations indicate that the energy damage

indicator is relatively insensitive to the change of shear-span of the columns.

4.4.4.2 Comparison of Columns CL2 and CL6

P
The axial load indices (ratio of F) for columns CL2 and CL6 is are 0.22 and 0.16, respectively
0

(Table 4-14). The axial load indices for these columns are quite different from each other. Hence,

the influence of axial load would be present in the performance of these columns.
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Figures 4-39 and 4-43 show moment-versus-drift hysteresis curves for columns CL2 and CL6,
respectively. The envelopes to these hystereses are shown in Figure 4-174. The slope of the
initial part of the curve for column CL6 is much higher than that of column CL2. This is because
of the higher strength of concrete of column CL6 as compared to that of column CL2. With the
increase in lateral drift, the curve for column CL6 descends more rapidly. Hence, the rate of
strength deterioration in the column with a short shear-span is higher than that of the column with
a long shear span. From these envelope curves, it can also be deduced that columns with short
shear spans are less ductile as compared to columns with long shear spans and are more

susceptible to degradation.

The normalized peak moments of columns CL2 and CL6 are 5.29 and 3.15, respectively
(Table 4.8), the normalized moduli of toughness up to peak moment conditions are 253.66 and
89.66, respectively, and the normalized modulus of toughness up to the end of tests are 315.19
and 167.93, respectively (Table 4.11). Hence, the column with a long shear span is more ductile

than the column with a short shear span in terms of energy absorption.

Figure 4-175 shows the relationship between the normalized secant stiffness and lateral drift (%)
for columns CL2 and CL6. The stiffness retention of column CL2 is higher than that of column
CL6. Hence, the column with a short shear-span degrades in stiffness more rapidly than the

column with a long shear span.

Figure 4-176 shows the relationship between cumulative dissipated energy and cycle number for
columns CL2 and CL6. The curve for column CL2 is higher than that of column CL6. This is
because of the higher experimental yield drift (%) of column CL2 as compared to that of column
CL6 and the higher value of axial load index for column CL2. However, at the end of the tests,
the cumulative energy dissipated by both columns is more or less the same. Figure 4-261 shows
the relationship between cumulative normalized dissipated energy and cycle number for columns
CL2 and CL6. The curve for column CL2 is slightly higher than that of column CL6 up to the 25"
cycle. After that it becomes lower than that of column CL6. The cumulative normalized energy
dissipated at the end of the test for column CL6 is higher than that for column CL2. Columns with
long shear-spans usually exhibit better energy dissipating characteristics, but in the present
case, the opposite trend is seen. In the case of column CL2, failure occurs between the first and
second collars. In the case of column CL86, the failure happens between the footing and the first
collar. The gap between the footing and the first collar is smaller than the gap between the first
and second collars in both of these columns. Hence, the longitudinal bars are more prone to

lateral bending in the gap between the first and the second collars rather than the gap between
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footing and the first collar. The yield drift of column CL2 is much higher than that of column CL6.
Under large amplitude cycles, the longitudinal bars of column CL2 ruptured more rapidly as
compared to that of column CL6. Therefore, the number of cycles sustained by column CL2 are
less than that sustained by column CL6. The discrepancy in the energy dissipation
characteristics of these columns is attributed to the different location of damage in the test region
of these columns. The unsupported length of bars in the second gap is higher than that of the
first gap. Therefore, the bars in the second gap rupture more rapidly as compare to the bars in
first gap due to low cycle fatigue. Hence, the total energy dissipated by the column CL6 at the
end of the test is higher than that of column CL2.

Figure 4-178 shows the relationship between the hysteretic damping ratio and lateral drift (%) for
columns CL2 and CL6. The hysteretic damping ratio increases with the increase in lateral drift for
both columns. The curve for column CL6 is higher than that of column CL2. The trends of these

curves indicate that more rapid damage takes place in column CL6 as compared to column CL2.

The curvature ductility, Ny for columns CL2 and CL6 are 12.96 (lower-bound) and 14.41,

respectively (Table 4.13). Had the stroke of the jack for column CL2 not been exhausted, the
curvature ductility exhibited by column CL2 would have been higher. Therefore, no conclusion

can be drawn about curvature ductility based on these results.

Figure 4-179 shows the relationship between the cumulative ductility ratio, Nw, and cycle

numbers for columns CL2 and CL6. Near the end of the tests, the rate of increase of cumulative
curvature ductility for both columns is the same. The cumulative curvature ductility at the end of
the tests is also same. The column with a long shear-span would be expected to exhibit more
ductility. However, the axial load index for column CL2 is significantly higher than that for column
CL6, which tends to reduce ductility.

Figure 4-180 shows the relationship between the cumulative energy damage indicator and cycle
numbers for columns CL2 and CL6. The rate of increase of the cumulative energy damage
indicator is higher for column CL2 than for column CL6. In addition, the cumulative energy
damage indicator at the end of the test for column CL2 is much higher than that for column CL6.

Hence, column CL2 is more ductile as compared to column CL6 according to this measure.
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4.4.4.3 Comparison of Columns CL3 and CL7

P
The axial load indices (ratio of ?) for columns CL3 and CL7 are 0.23 and 0.15, respectively
0

(Table 4-14). The axial load indices for these columns are quite different from each other. Hence,

the influence of axial load would be present in the performance of these columns.

Figures 4-38 and 4-44 show moment-versus-drift hysteresis curves for columns CL3 and CL7,
respectively. The envelopes to these hystereses are shown in Figure 4-181. The slope of the
initial part of the curve for column CL7 is much higher than that of column CL3 due to the higher
strength of the concrete of column CL7. With the increase in lateral drift, the envelope curve for
column CL7 descends, whereas the envelope curve for column CL3 does not. Hence, the rate of
strength deterioration in the column with a short shear-span is higher as compared to that in the
columns with a long shear span. The normalized peak moments of columns CL3 and CL7 are
5.65 and 3.49, respectively (Table 4.8), the normalized moduli of toughness up to the peak
moment conditions are 376.44 and 122.00, respectively, and the normalized modulus of
toughness up to the end of tests are 376.44 (lower-bound) and 329.51, respectively (Table 4.11).
Hence, the column with a long shear span is more ductile as compared to the column with a

short shear-span.

Figure 4-182 shows the relationship between normalized secant stiffness and lateral drift (%) for
columns CL3 and CL7. The stiffness retention of column CL3 is higher than that of column CL7.
Hence, the column with a short shear-span degrades in stiffness more rapidly than the one with a

long shear span.

Figure 4-183 shows the relationship between cumulative dissipated energy and cycle number for
columns CL3 and CL7. The curve for column CL7 is initially lower than that of column CL3. After
about the 32™ cycle, the curve for column CL7 becomes higher than that of column CL3. The
number of cycles sustained by column CL3 are much higher than that of column CL7. Therefore,
the cumulative energy dissipated at the end of the tests for column CL3 is higher than that of
column CL7. Figure 4-184 shows the relationship between the cumulative normalized energy
dissipated for column CL3 and CL7. The curve for column CL7 is higher than that of column CL3.
In addition, the cumulative normalized energy dissipated at the end of the tests for both columns
is about the same. Had the stroke of the jack not been exhausted, the cumulative normalized

energy dissipated by column CL3 would likely have been much higher for column CL7.
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Figure 4-185 shows the relationship between the hysteretic damping ratio and lateral drift (%) for
columns CL3 and CL7. The hysteretic damping ratio increases with the increase in lateral drift for
both columns. The curve for column CL3 terminates at a lower level of lateral drift than that for
column CL7. Up to this level of lateral drift, the hysteretic damping ratio exhibited by column CL3
is slightly higher than that of column CL7. However, the hysteretic damping ratio exhibited by

column CL7 at the end of the test is higher than that of column CL3.

The curvature ductility, 7, , for columns CL3 and CL7 are 9.78 (lower-bound) and 15.59,

respectively (Table 4.13). Since the curvature ductility exhibited by column CL3 is a lower-bound,

no conclusion can be drawn on ductility with respect to shear-span.

Figure 4-186 shows the relationship between the cumulative ductility ratio, Nw, and cycle

numbers for columns CL3 and CL7. The cumulative curvature ductility at the end of the test for
column CL3 is higher than that for column CL7. Hence, column CL3 is more ductile than column

CL7 based on this measure.

Figure 4-187 shows the relationship between the cumulative energy damage indicator and cycle
numbers for columns CL3 and CL7. The rate of increase of the cumulative energy damage
indicator is higher for column CL3 as compared to column CL7. In addition, the cumulative
energy damage indicator at the end of the test for column CL3 is higher than that of column CL7,
which confirms that columns with a long shear span tend to be more ductile than columns with a

short shear-span.

4.4.4.4 Comparison of Columns CL4 and CL8

P
The axial load indices (ratio of F) for column CL4 and CL8 are same (Table 4-14). Hence, the
0

influence of axial load on the performance of these columns would be the same.

Figures 4-41 and 4-45 show the moment-versus-drift hysteresis curves for columns CL4 and
CL38, respectively. The envelopes to these hystereses are shown in Figure 4-188. The slope of
the initial part of the curve for column CL8 is slightly higher than that of column CL4, which is

consistent with their respective concrete strengths.
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The normalized peak moments of columns CL4 and CL8 are 4.39 and 3.89, respectively
(Table 4.8), the normalized moduli of toughness up to peak moment conditions are 244.07 and
139.65, respectively, and the normalized moduli of toughness up to the end of tests are 463.46
(lower-bound) and 380.33, respectively (Table 4.11). Hence, the column with a long shear span

is more ductile than the columns with a short shear span.

Figure 4-189 shows the relationship between the normalized secant stiffness and lateral drift (%)
for columns CL4 and CL8. The stiffness retention of column CL4 is very slightly higher than that
of column CL8. Hence, the column with a short shear-span degraded in stiffness marginally more

rapidly than the column with a long shear span.

Figure 4-190 shows the relationship between the cumulative dissipated energy and cycle number
for columns CL4 and CL8. The cumulative energy dissipated up to the end of the test for column
CL4 is much higher than that of column CL8. Figure 4-191 shows the relationship between the
cumulative normalized energy dissipated for columns CL4 and CL8. The cumulative normalized

energy dissipated at the end of the test for column CL4 is much higher than that for column CL8.

Figure 4-192 shows the relationship between the hysteretic damping ratio and lateral drift (%) for
columns CL4 and CL8. The hysteretic damping ratio increases with the increase in lateral drift for
both columns. The curve for column CL8 is slightly higher than that of column CL4 in the
beginning. At lateral drift of about 9%, the curves converge. The hysteretic damping ratio at the

end of the test for column CL8 is much higher than that for column CL4.

The curvature ductility, Ny» for columns CL4 and CL8 are 17.22 (lower-bound) and 14.58,

respectively (Table 4.13). The curvature ductility exhibited by the column with a long shear span
is higher than that of the column with a short shear span, which is consistent with the previous

discussion.

Figure 4-193 shows the relationship between the cumulative ductility ratio, Nq), and cycle

numbers for columns CL4 and CL8. The curves are nearly identical. However, the cumulative
curvature ductility at the end of the test for column CL4 is much higher than that of column CLS8,
which supports the body of evidence indicating that columns with long shear-spans are more

ductile.

Figure 4-194 shows the relationship between the cumulative energy damage indicator and cycle

numbers for columns CL4 and CL8. The rate of increase of the cumulative energy damage
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indicator is higher for column CL4. In addition, the cumulative energy damage indicator at the
end of the test for column CL4 is higher than that of column CL8. Again, this confirms that

columns with long shear spans are more ductile.

4.4.4.5 Discussion on the Effect of Shear-Span

Based on the results of four collared columns with long shear spans and four with short shear
spans, the rate of strength deterioration tends to be higher in columns with short shear-spans.
Moreover, the collared columns with long shear-spans exhibited higher stiffness retention. Based
on the results of three collared columns with long shear-spans and three with short shear spans,
those with long shear-spans exhibit higher energy dissipation characteristics. Generally, the
hysteretic damping ratio exhibited by columns with short shear spans was higher than that of

columns with long shear spans.

Based on the results of four collared columns with long shear-spans and four with short shear
spans, those with long shear-spans exhibit higher values of normalized peak moment,
normalized modulus of toughness up to the peak moment condition, and normalized modulus of
toughness up to failure of the columns. Hence, those with long shear-spans are more ductile.
Other ductility parameters were also evaluated for both long and short shear-span columns such
as curvature ductility, cumulative ductility ratio, and cumulative energy damage indicator. Despite
some discrepancies in these parameters (discussed previously), it can be concluded that the
collared columns with long shear-spans exhibit more ductility as compared to columns with short

shear-spans.

4.5 Prediction of Envelope to Hysteresis Curves

In order to predict the envelope curves to the base moment versus lateral drift (%) hysteresis
curves of the columns, analytical tools are required to determine the displacement of the columns

at the point of application of the horizontal loads. This displacement may consist of elastic

flexural displacement, A, plastic flexural displacement, A , shear displacement, A ,,
displacement due to sliding at the base, A, and displacement resulting from anchorage slip

and elongation of the longitudinal bars at the top of the footing, A .

During the testing of columns, measurements showed that there was no sliding at the base of the

columns. Hence, displacement due to sliding, A ,, is taken equal to zero.
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It is to be noted that the effective shear-span to depth ratio, a/d , where a is the base moment

divided by the horizontal force and d is the effective section depth, changes during the

experiments due to changes in both the base moment and the horizontal force with the change of
lateral drift (%). These changes occur due to the following: (1) change of horizontal force due to
changes in the resistance of the column; (2) change in the location of the point of application of
the horizontal load due to the presence of a rigid outrigger attached to the column through which
the loads were applied (Figure 4-14(a)); (3) the generation of a small vertical component of the
jack force due to the slight inclination of the jacks that developed as the drifts increased; and

(4) additional moment caused by the P-A effect. The original (nominal) shear-span to depth

ratios, a/d , based on H,, and effective shear-span to depth ratios, a/d , calculated at the

location of M ., are given in Table 4.15. The a/d ratios at the location of M, are higher

nee !
than the nominal values, except for column CL1. For the two columns that were tested without a
vertical applied load—CL1 and CL5—the values are nearly identical, showing that the presence
of axial load is highly influential. The a/d ratios remain larger than 3.0 for all the columns;

therefore, the effect of shear deformations can be ignored in comparison to the contributions due

to flexure. It means all the columns are flexure-dominant.

Hence the total displacement, A at the point of application of horizontal loads consists of the

total

following:

Not all the components of displacements given in Equation 4.15 necessarily exist at all levels of

loading. The displacements A, and Ap are flexural displacements, the detail of which is given

in the following section.
4.5.1 Flexural Deformations

Each specimen is idealized as a cantilever subjected to a horizontal and a vertical load
(Figure 4-195). When the column is in the elastic range, the elastic displacement, A, at the tip

of the cantilever is calculated as follows:
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2

L
[4.15] A, =¢T for(¢ < 4,)

where ¢ is the curvature at the column base. When this curvature reaches the yield

curvature, ¢, the displacement at the tip of the cantilever is calculated as:

2
¢,L
[4.16] A I
This is the extreme case of elastic displacement. When the curvature at the base of the column

exceeds the yield curvature, ?,, the displacement at the tip of the cantilever consists of two

parts: yield displacement, A , and plastic displacement, Ap. The yield displacement can be
determined from Equation 4.16. In the case of columns CL6, CL7, and CL8, due to the large
vertical distance between the points of application of the horizontal and vertical loads

(Figure 4-5), some moment due to the P-A effect may be present at the point of application of
the horizontal loads. This might have some influence on the elastic displacements, but as the
elastic displacements are very small as compared to the plastic displacements, this moment was

not taken into consideration and Equations 4.16 and 4.17 were used without change.

For the plastic displacement, plastic rotation at the column base is assumed to be concentrated

at the centre of the plastic hinge length, L , and the plastic displacement at the tip of the

P’

cantilever is expressed as:
[4.17] Ap :(¢max—¢y)Lp(L—O.5Lp)
4.5.1.1 Plastic Hinge Length

In order to use Equation 4.18 for the determination of plastic displacement, AP, at the tip of a

cantilever, the plastic hinge length, Lp, is required. There exist various empirical equations in

the literature for the determination of plastic hinge lengths. In the present research, equations
suggested by Corley (1966), Mattock (1967), and Priestley and Park (1987) are used to estimate

the plastic hinge lengths of the collared columns. The detail of the equations follows:

232



Corley’s equation:
[4.18] L,=020(L/d)d™ +0.5d

Mattock’s equation:

[4.19] L, =0.05L+0.5d

Priestley and Park’s equation:

[4.20] L, =0.08L +6d,

where, L is the distance between the point of contraflexure in the column and the section of

maximum moment, d, is the diameter of the longitudinal bars, and d is the effective depth of

the section.

These equations were applied to all the test columns and the results are reported in Table 4.12.
Corley’s equation gives the smallest equivalent plastic hinge lengths in all cases and Priestley
and Park’s equation gives the largest. Mattock’s equation gives intermediate values of the plastic
hinge lengths and seems more suitable for the test specimens in the present research because
they show relatively better comparison with the most damaged regions of the columns given in
Table 4.12. Hence, the plastic hinge lengths given by Mattock’s equation were used to calculate

the plastic displacements of the test specimens.

4.5.1.2 Analytical Moment-Versus-Curvature Relationships

In order to use Equations 4.16, 4.17, and 4.18 for the calculation of tip displacements, analytical
moment-versus-curvature relationships are required for the sections of all the columns. For the
moment—curvature analysis, stress versus strain curves of steel reinforcing bars and concrete
material curves are required. The stress versus strain curves of steel reinforcing bars and HSS
are given in Figure 4-7 and the corresponding material properties are given in Table 4.3. The
material properties of unconfined concrete are given in Table 4.2. The conventional column CLO
consists of a confined concrete core and unconfined concrete cover. The stress versus strain
curve for the confined concrete core of this column was determined using a model proposed by

Mander et al. (1988b) and is shown in Figure 4-196. For determining the confined concrete
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material curves of collared columns, a model is proposed in Chapter 5 was used and they are

given in Figure 4-197.

The moment-versus-curvature relationships were determined for all the column sections using a
strain compatibility analysis, with the assumption that plain sections remain plain throughout the
tests. For this purpose a FORTRAN computer program, MCR, was written, the listing of which is
given in Appendix K along with a typical data file. Figure 4-198 shows the

moment-versus-curvature relationship for a typical column (column CL1).

For column CLO, three moment versus curvature relationships were required since the behaviour
of the core and cover concrete is different. Therefore, a program for the analysis of this section is
required that can deal with at least two different concrete material curves. The program MCR can
only deal with one concrete material curve. In addition, this column was subjected to an axial
load of 1470 kN in the beginning of the test, which was reduced to 720 kN after completing the
16" cycle. In order to predict the envelope curve of this column with the available computing
facility (program MCR), moment-versus-curvature relationships were determined for the following

three cases:

(1) gross column section (300 x 300 mm), using the confined concrete material curve and
considering an axial load of 1470 kN. This moment-versus-curvature relationship is
useful for predicting the initial part of the envelope curve where the behaviours of core

and cover concretes are similar and the benefits of confinement are negligible.

(2) column core of 235 x 235 mm (measured out-to-out of hoop reinforcement), using the
confined concrete material curve for the core concrete and considering an axial load of
1470 kN. This relationship would be appropriate in the second segment of the envelope

curve up to and including the 16" cycle.
(3) column core of 235 x 235 mm (measured out-to-out of hoop reinforcement), using the

confined concrete material curve for the core concrete and considering an axial load of

720 kN. This relationship is suitable beyond the 16" cycle.

4.5.2 Rotations at Column Base Due to Anchorage Slip

It was observed in the experiments that relatively wide cracks formed at the interface between
the column and the footing. Due to high strains in the tensile reinforcing bars, the bond between

the concrete and steel close to the joint deteriorated, resulting in the elongation and slip of the
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reinforcing bars that caused additional rotations of the columns at the base. These additional
fixed-end rotations are not captured by the flexural analysis presented in the previous section.
Various models have been proposed to determine the fixed-end rotations due to anchorage slip.
Models proposed by Otani and Sozen (1972) and by Sezen (2000) are used to determine these

rotations for the test specimens used in the present research.

Otani and Sozen (1972) proposed the following equation to determine the fixed-end rotation at

the base of a column due to anchorage slip:

[4.21] 0, = M1,d,
' WS2E[fIM(d-d')

where,
d effective depth of the section;

dl distance from the compression face of concrete to reinforcing bars in compression;

d, diameter of steel reinforcing bars;

fC' cylinder strength of concrete;

f y yield stress of steel reinforcing bars;

M bending moment at the end of the member;

My yield moment at the end of the member; and

951,;, additional rotation at column base due to anchorage slip.

Equation 4.20 is based on the following assumptions: it uses the elastic modulus of elasticity of
steel, £ ; and the stress in the reinforcing bars is determined using a linear relationship with the

section bending moment. Hence, the model seems more appropriate for the elastic range.

Sezen (2000) proposed two separate equations for the rigid-body rotations due to anchorage slip

for the elastic and plastic ranges, respectively:

e f.d,
[4.22] 0, =— >t — for ¢ < ¢
" 96 (d-c) ’
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[4.23] 0,, = W[gy [+, +e, )(fi~f,)] for & >e,

where,

c distance from extreme compression fibre to the neutral axis of section;
d effective depth of section;

d, diameter of steel reinforcing bars;

f) cylinder strength of concrete;

/s steel stress;

Sy yield stress of steel;

& steel strain;

€, yield strain of steel;

HS,ip additional rotation at column base due to anchorage slip.

Knowing the rotation at the base of the columns, the displacements at the point of application of

the horizontal load can be determined from the following equation:

[4.24] A =0,L

a slip

The models by Otani and Sozen (1972) and Sezen (2000) were both used to determine the
rigid-body rotations at the base of the column. However, no considerable difference was found in
the overall behaviour of the columns. Therefore, it was decided to present the results using the

rigid-body rotations determined by Sezen’s model only.

4.5.3 Predicted Envelope Curves

Knowing the moment-versus-curvature relationships, and rigid body rotations at the base due to
anchorage slip, the moment versus lateral drift (%) at the point of application of horizontal load,
can be determined using Equations 4.14, 4.15, 4.16, 4.17, and 4.24.

Figure 4-199 show the experimental hysteresis curve, the experimental average envelope curve
based on north and south envelopes, and the predicted envelope curve for column CLO.
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Figure 4-200 shows an enlarged view of the envelope curves given in Figure 4-199 for clarity.
The initial slope of the predicted envelope curve (case A) and that of the average experimental
envelope curve are more or less the same. In the later stages of the test, the predicted envelope
curve (case A) rises much higher than that of the average experimental envelope curve because
it is based on the gross concrete section without considering spalling of the cover concrete. The
initial slopes of the predicted envelope curves for cases B and C are the same, but they are
much lower than that of the predicted envelope curve for case A and the experimental average
envelope curve. The predicted envelope curve for case B is slightly higher than that of case C,
which is attributed to the difference in the magnitude of axial loads in the two cases. Considering
the curve for case A in the initial region, case B in the central region, and case C at higher drifts,
according to their respective assumptions, a good simulation of the experimental behaviour is

obtained.

Figures 4-201 through 4-204 show the experimental hysteresis curve, average experimental
envelope curve, and predicted envelope curve for columns with long shear spans—columns CL1,
CL2, CL3, and CL4, respectively. Good agreement exists between the predicted envelope curve
and the experimental average envelope curves. Generally, the predicted envelope curves show a
slightly higher capacity than the associated experimental average envelope curves in the later
stages of the test. This is because the predicted envelope curves are based on the gross column
section and therefore they do not consider spalling of the concrete between the collars under
cyclic loading. Due to the spalling of the concrete between the collars, the effective column
section becomes reduced, resulting in experimental capacities that are less than the predicted

capacities.

Figures 4-205 through 4-208 show the experimental hysteresis curve, average experimental
envelope curve, and predicted envelope curve for columns with short shear spans—columns
CL5, CL6, CL7, and CLS, respectively. Good agreement exists between the predicted envelope
curve and the experimental average envelope curves up to about 5% lateral drift. After that, the
predicted envelope curves show significantly higher capacity than the associated experimental
average envelope curves. This is because with a short shear span, more rapid spalling of
concrete takes place as compared to columns with long shear spans, as was observed in the
tests, but this reduction of cross section due to spalling is not taken into account in the model. In
addition, the effect of cyclic loads on the properties of the concrete and steel reinforcing bars and

the effect of lateral bending of longitudinal bars were not included in the model.
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4.6 Summary

The seismic behaviour of reinforced concrete structures can be improved through enhancement
in strength and ductility at the location of plastic hinges, which can be achieved through external
confinement. There are various schemes for providing external confinement to concrete. A new
such scheme has been proposed that makes use of collars made from steel hollow structural
sections (HSS) for providing confinement to the concrete. The axial behaviour of collared
columns was studied in Chapter 3 through an extensive experimental programme. In the present
chapter, the behaviour of reinforced concrete columns confined by steel HSS collars has been
studied under simulated seismic loading. A total of nine full-scale reinforced concrete columns
typical of two to three storey buildings, were tested in the experimental program. One column
(CLO) had conventional tie reinforcement in the rest region and it satisfied the seismic plastic
hinge requirements of both ACI 318-02 and CSA Standard A23.3-84. All the specimens were
300 x 300 mm in cross-sections and about 2100 mm in height. The variables included in this
study were axial load, collar spacing, collar size, and shear span. In addition, envelope curves to
the hystereses of the columns are predicted by using analytical models for flexural deformations

and for anchorage slip.

4.7 Conclusions

4.7.1 Conclusions Based on Experimental Results

All the collared columns showed very good behaviour under severe cyclic loading. The desired
enhancement in strength and ductility was achieved through confinement of concrete and the
presence of the collars made the columns very resistant to degradation under severe cyclic
loading. External confinement by HSS collars therefore shows promise of being an effective

means of rehabilitating columns in seismically deficient reinforced concrete buildings.

In the collared columns, very little spalling of concrete between the collars was observed at the
end of the first 20 cycles, a ductility level equal to 4, which is common in the design of new
reinforced concrete structures. In the case of the conventional column (CLO), most of the spalling
of the concrete cover occurred at a displacement ductility level of 1.5. Hence, collared columns
possess a larger effective core than that of conventionally tied columns and are more resistant to

degradation under severe cyclic loading.
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Fracture of some vertical bars due to low-cycle fatigue was observed in several collared
columns. However, it was more pronounced in columns with a wider collar spacing. No slippage
of the collars was observed in any of the collared columns at the end of the tests, a feature which

is highly desirable for the success of this rehabilitation scheme.

In the collared columns, most of the spalling was confined to the lower half of the test region,
while in the conventional column, spalling took place over a wider range because it did not have

collars; the collars restrict the spread of damage.

The normalized peak moment of the control column is less than that of the collared columns
used in the present study. The normalized modulus of toughness of the control column is less
than that of the collared columns having the same shear span. However, some collared columns

with the short shear—span exhibited a lower modulus of toughness than the control column.

All the collared columns exhibited more stiffness retention as compared to the control column.
Hence, collared columns are more resistant to degradation under severe cyclic loading than the

control column.

The rate of increase of cumulative normalized energy dissipation with respect to cycle number is
generally higher for the control column as compared to that of the collared columns. The
cumulative normalized energy dissipated at the end of the tests is higher for control column as
compared to that of collared columns with a short shear-span. A direct comparison between the
control column and collared columns with a long shear-span cannot be made with respect to
cumulative normalized energy dissipated at the end of the tests because the tests of most of the
collared columns with a long shear span were stopped prematurely due to the limitation in jack
stroke. Had the tests not stopped prematurely, the cumulative normalized energy dissipated at
the end of the tests of collared columns with long shear span would likely have been higher than

that of the control column.

The hysteretic damping ratios of all the columns were plotted with respect to lateral drift of the
columns. The hysteretic damping ratio increases with the increase of lateral drift for all the
columns. The hysteretic damping ratio of the control column is generally higher than that of
collared columns. Very rarely, the hysteretic damping ratio of collared columns became higher

than that of the control column.

The curvature ductility of the control column was higher than that of the collared columns. The

cumulative ductility ratio and cumulative energy damage indicator at the end of test are
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significantly higher for the control column than the collared columns. The collared columns
exhibited less ductility using these measures because the damage is concentrated within a
smaller length of the test region as compared to the length of damaged region in the control

column.

In addition, the following conclusions are drawn with respect to the effect of various parameters

on the behaviour of the collared columns.

4.7.1.1 Effect of Axial Load

Based on the results of these columns with short and long shear-spans, it can be concluded that
an increase of axial load on the columns causes an increase in the rate of degradation in
strength and a decrease in the stiffness retention of the collared columns. Moreover, the
presence of axial load caused a reduction in the cumulative normalized dissipated energy at the

end of the tests.

All the columns exhibited an increase in the hysteretic damping ratio with the increase of lateral
drift. With the increase in axial load the hysteretic damping ratio of collared columns decreased
at the lateral drift under consideration. However, this effect was more pronounced in collared

columns with short shear-spans as compared to columns with long shear spans.

The application of axial loads in the range of 0.15F, to 0.23F, generally caused improvement

in the ductility of the collared columns. It is assumed that in columns with this range of axial
loads, the axial load improves the ductility by mobilizing confinement more rapidly as compared
to columns without axial load. Furthermore, the presence of axial compression is known to
improve shear behaviour, which is particualary important for the columns with the short shear
span. It is considered that the beneficial effect of this range of axial load on ductility is greater

than its contribution to deterioration.

4.7.1.2 Effect of Collar Spacing

In the regime of both long and short shear-span columns, columns with a wider spacing of collars
exhibited lower values of the normalized peak moment, normalized modulus of toughness up to
the peak moment, and normalized modulus of toughness up to the failure of the columns as

compared to those of columns with a closer collar spacing.
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The rate of deterioration of strength is higher in columns with widely spaced collars as compared
to columns with closely spaced collars. However, in the regime of both long and short shear-span
columns, the effect of collar spacing on the stiffness retention of the columns was marginal;

columns with closely spaced collars exhibited slightly higher stiffness retention.

For both long and short shear-span columns, the cumulative energy dissipated and the
cumulative normalized energy dissipated at the end of the tests was significantly less for columns

with widely spaced collars as compared to columns with closely spaced collars.

For long shear span columns with widely spaced collars, the hysteretic damping ratio was slightly
higher than that of columns with closely spaced collars. However, in columns with a short shear
span, the columns with a wider spacing of collars exhibited a significantly higher hysteretic

damping ratio at a certain level of lateral drift.

In both long and short shear span columns, columns with widely spaced collars exhibit less
ductility in terms of curvature ductility, cumulative ductility ratio, and cumulative energy damage
indicator as compared to columns with widely spaced collars.

4.7.1.3 Effect of Collar Size

In the case of columns with a long shear span, the stiffness retention was slightly higher for
columns with large size collars as compared to that of columns with small size collars. In the
case of columns with a short shear span, the stiffness retention was slightly higher for columns
with small size collars. In both cases, the differences were small and it is concluded the energy
dissipation characteristics of the columns were not sensitive to the change in the size of the

collars in the range in which this study was made.

In the case of columns with a long shear-span, ,the normalized cumulative energy dissipated at
the end of the test for column with small size collars was higher than that of column with large
size collars. In the case of columns with a short shear-span, columns with different sizes of
collars exhibited similar energy dissipation characteristics in terms of cumulative normalized
energy dissipated versus cycle number. This implies that the energy dissipation characteristics of
the columns were not sensitive to the change in the size of the collars in the range in which this

study was made.

In the case of columns with long shear spans, the hysteretic damping ratio of the columns was

slightly higher for columns with large size collars as compared to that of columns with small size
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collars. In the case of columns with short shear spans, this ratio was slightly higher for columns
with small size collars. The hysteretic damping ratio was not particularly sensitive to the change

in the size of collars in the range in which this study was conducted.

In the case of columns with long shear spans, the column with large size collars exhibited a
higher modulus of toughness as compared to the column with small size collars. However, it
exhibited lower values of curvature ductility, cumulative ductility ratio, and cumulative normalized
energy damage indicator. This discrepancy is attributed to a relatively higher value of axial load
index in the column with the large size collars as compared to that in the column with the small
size collars. In the case of columns with short shear spans, the column with the large size collars
exhibited a higher modulus of toughness, curvature ductility, cumulative ductility ratio, and
energy damage indicator. Based on the above, it can be concluded that columns with large size

collars tend to exhibit higher ductility as compared to columns with small size collars.

4.7.1.4 Effect of Shear-Span

The rate of strength deterioration is higher in collared columns with a short shear-span as
compared to that in columns with a long shear-span. Moreover, collared columns with long

shear-spans exhibit higher stiffness retention.

The collared columns with long shear-spans exhibited higher energy dissipation characteristics
as compared to those of columns with short shear-spans. Generally, the hysteretic damping ratio
exhibited by the columns with short shear-spans was higher than that of columns with long shear

spans.

Based on parameters such as the normalized modulus of toughness, curvature ductility,
cumulative ductility ratio, and cumulative energy damage indicator, the collared columns with

long shear-spans are more ductile as compared to collared columns with short shear-spans.

4.7.2 Conclusions Based on Analytical Results

The envelope to the hysteresis curves of the control column, collared columns with long shear
spans, and collared columns with short shear spans were predicted analytically. In general, the
predicted envelope curves showed very good agreement with those of the average experimental
envelope curves. For the control column, this agreement was obtained through three different
models that simulated the behaviour in three different ranges of the test. In the case of collared

columns with short shear spans, the predicted envelope curves showed very good agreement
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with the experimental envelope curves up to a lateral drift of about 5%. After this level of lateral
drift, the predicted envelope curves over-estimate the capacity of the columns because in
columns with short shear-spans, more rapid spalling of concrete takes place as compared to
columns with long shear spans. Rapid spalling of concrete between the collars results in a
reduction in the column cross-section that also reduces the experimental capacity of the columns
rapidly. This reduction of cross-section due to spalling is not taken into account in the model. In
addition, the effect of cyclic loads on the properties of the concrete and steel reinforcing bars and

the effect of lateral bending of longitudinal bars were not included in the model.
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Table 4.1:Detail of test specimens

_ Location of Horizontal
Confinement Steel .
and Vertical Loads
o
% Axial Load
. .. /
a] Size of confining s N Pt
& (kN) Hi H: Hs
steel (mm) | (mm) (%)
(mm) | (mm) | (mm)
(mm)
CLO Ties: $15 70 55 5.19 1470/720 | 2075 | 1900 | 2200
CL1 HSS76x51x6.35 101 50 21.80 0 2075 | 1900 —
CL2 HSS76x51x6.35 151 100 14.58 720 2075 | 1900 | 2200
CL3 HSS76x51x6.35 101 50 21.80 720 2075 | 1900 | 2200
CL4 HSS51x51x6.35 101 50 15.42 720 2075 | 1900 | 2200
CL5 HSS76x51x6.35 101 50 21.80 0 2075 750 —
CL6 HSS76x51x6.35 151 100 14.58 720 2125 760 2250
CL7 HSS76x51x6.35 101 50 21.80 720 2125 755 2245
CL8 HSS51x51x6.35 101 50 15.42 720 2125 775 2250
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Table 4.2: Cylinder strengths of concrete

Cylinder strength of footing
concrete, f

Cylinder strength of column
concrete, f!

Specimen
Average | Standard | Age of | Average | Standard | Age of
value | deviation | concrete | value | deviation | concrete
(MPa) (MPa) (days) (MPa) (MPa) (days)
CLO 31.1 1.52 108 32.7 0.51 63
CL1 40.0 1.73 139 12.3 2.69 104
CL2 32.2 0.56 154 15.9 1.01 131
CL3 33.1 1.31 203 154 1.36 187
CL4 38.6 1.46 116 32.7 0.77 82
CL5 46.2 2.34 154 26.3 1.19 131
CL6 43.3 1.18 60 32.6 1.54 33
CL7 44.4 0.88 66 354 1.54 50
CL8 45.9 0.85 80 35.3 1.41 71
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Table 4.3: Properties of steel rebars and steel HSS

— m 1
g g Size Ty E; Tp &y | ey | M
o~ (mm) (MPa) | (MPa) | (MPa) (MPa)
15 517 | 206800 | 802 | 0.1070 - ;
4 25
a3 510 | 199930 | 710 | 0.0600 | 0.0110 | 8529
S (CLO TO CL4)
$25
515 | 199795 | 687 | 0.1370 | 0.0170 | 5377
(CL5 TO CL8)
HSS 51x51x6.35 | 464 | 202140 | 601 | 0.1004 - ;
)
2
HSS 76x51x6.35 | 512 | 206660 | 660 | 0.0415 - ;
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Table 4.4: Length of test regions and types of instrumentation

Location of collars from footing and instrumentation in the

g Test | testregions
= region
2 lengths - ~ ™ < To) ©
7] Type of 3 8 8 8 8 8
(mm) | Instrument Ic) © © © ° ©
O O O o o o
oLt Type LVDTs | — |RTM| — | — | CTD
590 | Distance 55 | 154 | 256 | 357 | 452 | 565
(mm)
Type LVvDTs | RTM — CTD — —
cL2* 558 Distance
(mm) 76 240 389 533 — —
oLs Type LVWDTs | — |RTM| — | — | CTD
630 | Distance 64 | 176 | 294 | 394 | 505 | 605
(mm)
cL4 Type LVDTs — RTM — — CTD
615 Distance
(mm) 66 175 285 385 490 597
oL Type LVWDTs | — |RTM| — | — | CTD
590 | Distance 50 | 150 | 260 | 360 | 460 | 565
(mm)
Type LVDTs | RTM | RTM | CTD — —
CLe* 586 Distance
(mm) 97 254 405 556 — —
Type LVDTs | RTM | RTM | RTM | RTM | CTD
CL7 581 Distance
51 152 253 354 455 556
(mm)
Type LVDTs | RTM | RTM | RTM | RTM | CTD
cLe 599 Distance 65 170 | 270 | 375 | 477 | 574
(mm)

*In specimen CL2 and CL6, there were only four collars in the test region.

Note: The counting of collars is done from bottom upwards. The first collar near
the footing is given number 1.

LVDTs: Linear variable differential transformers

RTM: Rotation meter
CTD: Cable transducers
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Table 4.5: Analytical and experimental moment capacities of columns
(7]
()
o yuc nuc yLL nce
Q (kN.m) (kN.m) (kN.m) (kN.m)
wn
cLo | Noyielding 180.31 246.76 216.50
of steel
cL1 | Moyielding 142.56 151.11 235.47
of steel
cL2 | noyielding 132.43 194.29 276.92
of steel
cL3 | noyielding 130.41 198.19 300.96
of steel
cL4 | Noyielding 187.75 212.50 296.84
of steel
CL5 135.45 164.34 163.78 207.42
cLe | Noyelding 187.45 217.83 282.93
of steel
cL7 | noyielding 193.34 221.73 296.90
of steel
cLg | Noyielding 193.16 220.89 296.48
of steel

Note: The columns CL1 and CL5 were tested without axial load
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Table 4.6: Summary of yield displacements determined by different methods

Yield displacement, A

% (mm)

£

‘g Method 1

(% Method 2

Alt. 1* Alt. 2 Alt. 3 Alt. 4 Alt. 5

CLO 30 30 30 16 24 22; 2392; and
cL1 23 29 30 28 58 70
cL2 41 34 31 17 59 71
cL3 38 37 32 16 67 81
CL4 28 28 28 23 49 57
CL5 8 8 75 75 10.5 125
cL6 8.5 8 7 5.5 11 115
cL7 115 10 9 7 15 17
cLs 11 10 9 75 16 17.5

*Approximate yield displacements used to perform experiments

249



Table 4.7: Detail of number of complete cycles at different ductility levels and
total number of cycles sustained by the specimens

@ Number of complete cycles sustained

-% Displacement Ductility, u -

2} M=075M,, |15| 2 | 4 | 6 | 8 |10]|12]|R
CLO 5 5 5 5 5 19* - - 44
CL1 5 5 5 5 5 | 20% | - - 45
CL2 5 5 5 5 I - - - 27
CL3 5 5 5 5 25* - - - 45
cL4 5 5 5 5 5 20* - - 45
CL5 5 5 5 5 5 5 5 2 37
CL6 5 5 5 5 5 5 1 - 31
CL7 5 5 5 5 5 5 5 - 35
CL8 5 5 5 5 5 5 5 - 35

Note: The starred number of cycles were performed at the stroke limit of the
horizontal jacks instead of the ductility levels specified.
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Table 4.8: Values of moments and drifts from envelope curves at 0.25% drift, at peak

moment, and at failure.

At 0.25% drift At peak moment At failure

Secant
% Drift | Moment | stiffness | Drift Moment | Normalized Drift Moment
= at peak
b (%) | (kN.m) | 0.25% (%) (kN.m) moments (%) (kN.m)
& drift W.r.t.

moment at
(KN.m) 0.25%
drifts

CLO | 0.25 77.70 31 080 8.00 216.50 2.79 10.62* | 208.30
CL1 | 0.25 30.98 12392 | 10.10 235.47 7.60 15.60* | 225.00
CL2 | 0.25 52.37 20 948 8.80 276.92 5.29 10.49* | 275.04
CL3 | 0.25 53.31 21324 | 10.45 300.96 5.65 10.45* | 300.96
CL4 | 0.25 67.66 27 064 8.91 296.84 4.39 16.02* | 255.00
CL5 | 0.25 51.83 20732 4,53 207.42 4.00 8.84 186.73
CL6 | 0.25 89.85 35 940 4.66 282.93 3.15 8.25 254.65
CL7 | 0.25 85.16 34 064 6.31 296.90 3.49 15.58 267.30
CL8 | 0.25 76.23 30 492 5.67 296.48 3.89 13.68 266.85
Note: The starred values are lower bound
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Table 4.9: Stress in concrete and steel longitudinal bars before the application of horizontal

loads

Total f! E Steel | Concrete | Steel | Concrete Ratio Euler
c | axial « ‘ load, load, | stress, | stress, Buckling
g Ioad Ra Pca fva fca (f;a /f;"[)) Load
2 P
) (kN) (MPa) | (MPa) | (kN) (kN) (MPa) | (MPa) cr

(kN)

CLO | 1470 | 27.8 | 19507 | 474.5 9955 |118.64 | 11.58 0.42 73676
CLO | 720 | 27.8 | 19507 | 232.4 | 487.6 58.11 5.67 0.20 73676
CLi1| O 10.5 | 11964 0 0 0 0 0 45 186
CL2 | 720 | 135 | 13602 | 2924 | 427.6 73.09 4.97 0.37 51 375
CL3 | 720 | 13.1 | 13387 | 295.1 | 424.9 73.78 4.94 0.38 50 561
CL4 | 720 | 27.8 | 19507 | 232.4 | 487.6 58.11 5.67 0.20 73676
CL5| 0 224 | 17494 0 0 0 0 0 424 050
CL6 | 720 | 27.7 | 19477 | 232.6 | 487.4 58.14 5.67 0.20 459 773
CL7 | 720 | 30.1 | 20296 | 226.1 | 493.9 56.53 5.74 0.19 485 478
CL8 | 720 | 30.0 | 20267 | 226.3 | 493.7 56.59 5.74 0.19 460 093
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Table 4.10: Cracking moments of the columns

c Axial Axial Moment
2 load | stresson ’ M at
E co r cr
'© concrete / / 0.25%
2 f drift
7 (kN) (MFC:a) (MPa) | (MPa) | (kN.m)

: (kN.m)
CLO 1470 11.58 27.80 | 3.28 66.88 77.70
CL1 0 0 10.46 | 2.01 9.06 30.98
CL2 720 4.97 1352 | 2.29 32.65 52.37
CL3 720 4.94 13.09 | 2.25 32.36 53.31
CL4 720 5.67 27.80 | 3.28 40.28 67.66
CL5 0 0 22.36 | 2.94 13.25 51.83
CL6 720 5.67 27.71 | 3.28 40.29 89.85
CL7 720 5.74 30.09 | 3.42 41.23 85.16
CL8 720 5.74 30.01 | 341 41.21 76.23

Note: The cracking moments and the moments at 0.25% drift for
columns CL1 and CL5 are relatively less because of the
absence of axial stress.
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Table 4.11: Moduli of toughness and normalized moduli of toughness for

the test specimens

Modulus of toughness

Normalized modulus of

Specimen (KN.m) toughness
Up to peak Up to end of Up to peak Up to end
moment test moment of end
CLO 15.67 21.90* 132.79 185.55*
CL1 19.45 32.10* 468.23 772.84*
CL2 19.20 23.86* 253.66 315.19*
CL3 29.90 29.90* 376.44 376.44*
CL4 22.04 41.85* 244.07 463.46*
CL5 7.69 16.30 107.95 228.92
CL6 11.09 20.77 89.66 167.93
CL7 15.40 41.59 122.00 329.51
CL8 13.43 36.59 139.65 380.33

Note: The starred values are lower bound
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Table 4.12:Equivalent plastic hinge lengths and most damaged region
of the test specimens

@ Plastic hinge lengths Most
S (mm) damaged
£ St 5 region
é Corley Mattock ”ei:r{( an L 7
& (1966) (1967) (1987) ()
CLO 144.5 215.0 302.0 250
CL1 1445 215.0 302.0 129
CL2 144.5 215.0 302.0 113
CL3 144.5 215.0 302.0 269
CL4 144.5 215.0 302.0 260
CL5 129.7 157.5 210.0 125
CL6 129.8 158.0 210.8 72
CL7 129.7 157.8 2104 127
CL8 130.0 158.8 212.0 145

Note: It appears that the spacing of collars has an influence on the

length of the most damaged region of the columns
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Table 4.13: Curvature ductility factors for columns CLO to CL8

@ S, ? ?, K,

g

S x10° x10° (rad/mm) | x10° (rad/mm)

g | kN.m/(1/mm)

7
CLO 22.46 9.13 180.25* 19.74*
CL1 8.96 22.23 264.91* 11.92*
CL2 17.74 14.82 192.00* 12.96*
CL3 16.63 16.79 164.20* 90.78*
CL4 16.61 16.49 284.00* 17.22*
CL5 8.61 15.02 137.20 9.14
CL6 16.03 13.38 192.80 14.41
CL7 18.75 12.69 197.96 15.59
CL8 16.82 13.96 206.32 14.78

Note: The starred values are lower bound.

256



Table 4.14: Axial load indices for columns CLO through CL8

Axial Cvlind : -
= ylinaer Axial load indices
g Load Strength
'S P !
(% S P P 1.
kN MPa | 08514, P, 1
CLO 1470 32.7 0.59 0.33 0.42
CLO 720 32.7 0.29 0.16 0.20
cL1 0 12.3 0 0 0
cL2 720 15.9 0.59 0.22 0.37
CL3 720 154 0.61 0.23 0.38
CL4 720 32.7 0.29 0.16 0.20
CL5 0 26.3 0 0 0
CL6 720 32.6 0.29 0.16 0.20
CL7 720 35.4 0.27 0.15 0.19
CcL8 720 35.3 0.27 0.16 0.19

Note: P, =0.85f/(A, — A, )+ f,4

st?

and £ =0.85f"
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Table 4.15: Ratio of shear-span a to effective depth d

Nominal Effective a/d ratioat M,
[y
()
E Ratio M Ratio
(;8')- H2 Mncc Fh a= F'h
ald ald

(mm) (kN.m) (kN) (mm)
cLo | 1900 7.92 216.5 43.11 5022 20.93
cL1 | 1900 7.92 235.47 124.32 1894 7.89
cL2 | 1900 7.92 276.92 69.39 3991 16.63
cL3 | 1900 7.92 300.96 75.27 3998 16.66
cL4 | 1900 7.92 296.84 82.37 3604 15.02
cLs| 750 3.13 207.42 272.76 760 3.17
cLe | 760 3.17 282.93 266.92 1060 4.42
cL7 | 795 3.15 296.90 282.74 1050 4.38
cLs| 775 3.23 296.48 281.06 1055 4.40
Note:

a : shear-span;

d : effective depth of the column section equal to 240 mm for all columns;

M .. :nominal moment capacity of the column corresponding to the peak
of moment versus drift (%) average envelope curve; and

F, : average horizontal force at drift (%) at which M, occurs
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All dimensions are in milimeters
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CL1lto CL4 CL5to CL8 CLO

Figure 4-1: Reinforcement details of columns CLO to CL8

Jack for
post-tensioning
threaded rods

Jack Support §

e
e ——
V

Coupling

Threaded rod

Base plate

Figure 4-2: Photograph showing the detail of set-up for prestressing and
release of prestressing in the threaded rods
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Figure 4-3: Photograph showing the reinforcement of a typical collared
column with no splicing in the longitudinal bars of the column

Figure 4-4: Photograph showing three columns ready for pouring
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Plywood forms

Construction
Sealant

Figure 4-5: Construction sealant applied at potential location of
leakages

South s NOrth

Axial Load \l{ \LAXEOI Load
Y . = ™
< = . Lateral Bracing
Lateral cyclic load ey ]
Lateral Bracing o Lateral cyclic load 2
s =
At e —_
[ =
5 L @
& e
‘E".; ——
= Footing $ Footing

T- Strong Floor % Threaded Rods Strong Floor

(@) (b)

Figure 4-6: Loading scheme: (a) with long shear span; (b) with short
shear span. Test region lengths are given in Table 4.4.
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Figure 4-7: A typical HSS collar with welded corner connections
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Collars

(a) A general view of collar installation

Uniform gap between HSS
collar and column surface
to be filled with epoxy grout

(b) Uniform gap between the collar and
column before pouring epoxy grout

Figure 4-8: Installation of HSS collars on the concrete columns

263



15 mm bars
[25 mm bars-CLO to CL4|

800
g 600 | 1
=
"} [25 mm bars-CL5 fo CL8|
o [H55 51x51x6.36 mm
= 400
N

200 Epoxy grout

0 L L L L
0 0.02 0.04 0.06 0.08 0.1

Strain

Figure 4-9: Stress vs. strain curves for rebars, HSS, and epoxy grout

i \

Figure 4-10: A typical stub column in the loading set-up
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Phase Il No. | B
HSS 51x51x6.35

(a) HSS51x51x6.35 (b) HSS76x51x6.35

Figure 4-11: Deformed configuration of stub-columns

Channels for
lateral bracing

Heavy collars

Test Region

Figure 4-12: Photograph of a typical column in test set-up
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Reaction -
Frame |

Figure 4-13: Photograph showing the assembly for horizontal loading
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Figure 4-14(a): Photograph showing the attachment of horizontal loading
assembly to the column specimen

‘igure 4-14(b): Photograph showing the knife edge support and flat
load cell for measuring vertical loads
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(a) Cable Tranducers (b) LVDTs

Figure 4-15: Photograph showing cable transducers and LVDTs for measuring
the rotation of collars

Figure 4-16: Photograph showing rotation meter for measuring the rotation of
collars

268



(a) definition of yield displacement

ﬂ = Displacement ductility level

7
- |
7 EFirsIcycIe 6 -
4 h
I ¥ 2
/Bt 07519 MA,\MAMMAMMMM |
VAR i
4 { {
pr = PR+ DR, 6 ! . _
0.75M . 2
M, A =DRKH_, ® Scycles. = & = s -
’ 100

(b) displacement sequence

Figure 4-17: Sequence of imposed horizontal displacements

(adapted from Ghee et al. (1989)
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(b) North and West faces (c) South and East faces at
at the end of cycle 10 the end of cycle 10

Figure 4-18: Appearance of test region of specimen CLO at different
stages of test
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(d) South and East (e) North and West
faces at the end of faces at the end of
cycle 20 cycle 20

(f) North and West
faces at the end of
cycle 30

(g) South and East
faces at the end end of test
of cycle 30

(h) East face at the

(i) West face at the
end of test

Figure 4-18: Appearance of test region of column CLO at different
stages of test (continued)
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(b) a view of crack in footing cover concrete
on north side of the column

Figure 4-19: Appearances of specimen CL1 at different stages of the test
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L S

(d) a view of damage in gaps 1 and 2 at test end

Figure 4-19: Appearances of test region of specimen CL1 at different stages
of the test (continued)
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(c) after 20" cycle (d) after test

Figure 4-20: Appearances of test region of specimen CL2 at different stages
of test

274



(c) after cycle 40 (d) at test end

Figure 4-21: Appearances of test region of specimen CL3 at
different stages of test
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(c) after cycle 40 (d) after test

Figure 4-22: Appearances of test region of specimen CL4 at different stages
of test
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(c) a close-up of lower portion (ruptured bars visible)

Figure 4-23: Appearances of test region of specimen CL5 at the end of the
test
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(c) after 30" cycle (d) after test (ruptured bars
visible)

Figure 4-24: Appearances of test region of specimen CL6 at different stages
of test
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Figure 4-25: A close-up of ruptured longitudinal bars of specimen CL6 at the
end of test
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(a) after 10"

cycle

(c) East face at test end (d) West face at test end

Figure 4-26: Appearances of test region of specimen CL7 at different stages
of test
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(c) after 30" cycle (d) after test

Figure 4-27: Appearances of test region of specimen CL8 at different stages
of test
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Figure 4-28: Moment at column base vs. lateral drift hysteresis for
specimen CLO
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Figure 4-29: Moment at column base vs. lateral drift hysteresis

for specimen CL1
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Figure 4-30: Moment at column base vs. lateral drift hysteresis for
specimen CL2
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Figure 4-31: Moment at column base vs. lateral drift hysteresis for
column CL3
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Figure 4-32: Moment at column base vs. lateral drift hysteresis
for specimen CL4
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Figure 4-33: Moment at column base vs. lateral drift hysteresis for
specimen CL5
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Figure 4-34: Moment at column base vs. lateral drift hysteresis for
specimen CL6

400

a
300 A= 11.5mm )

200 |

o
o
L OSD

Moment, kN.m
o

Drift (%)

Figure 4-35: Moment at column base vs. lateral drift hysteresis for
specimen CL7
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Figure 4-36: Moment at column base vs. lateral drift hysteresis for
column CL8
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Figure 4-37: Revised moment vs. drift hysteresis for column CLO
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Figure 4-38: Revised moment vs. drift hysteresis for column CL1
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Figure 4-39: Revised moment vs. drift hysteresis for column CL2
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Figure 4-40: Revised moment vs. drift hysteresis for column CL3
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Figure 4-41: Revised moment vs. drift hysteresis for column CL4
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Figure 4-42: Revised moment vs. drift hysteresis for column CL5
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Figure 4-43: Revised moment vs. drift hysteresis for column CL6
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Figure 4-44: Revised moment vs. drift hysteresis for column CL7
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Figure 4-45: Revised moment vs. drift hysteresis for column CL8
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Figure 4-46: Envelope curves for specimen CLO and CL1
(assumed projected part for CL1)
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Figure 4-47: Envelope curves for specimen CLO and CL2
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Figure 4-49: Envelope curves for specimen CLO and CL4
(assumed dashed part in CL4)
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Figure 4-48: Envelope curves for specimen CLO and CL3
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Figure 4-50: Envelope curves for specimen CLO and CL5
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Figure 4-51: Envelope curves for specimen CLO and CL6
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Figure 4-52: Envelope curves for specimen CLO and CL7
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Figure 4-53: Envelope curves for specimen CLO and CL8
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Peak moment, kN.m

Normalized peak moment
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Figure 4-54: Peak moments of the columns from the average
envelope curves.
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Figure 4-55: Normalized peak moments of the columns from the
average envelope curves.
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Normalized modulus of toughness
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Figure 4-56: Modulus of toughness for all the specimens
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Figure 4-57: Normalized modulus of toughness for all the specimens
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Normalized Secant Stiffness
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Figure 4-58: Normalized secant stiffness vs. drift (%) for specimens

CL1 and CLO
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Figure 4-59: Normalized secant stiffness vs. lateral drift (%) for specimens

CL2 and CLO
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Figure 4-60: Normalized secant stiffness vs. lateral drift (%) for specimens
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Figure 4-61: Normalized secant stiffness vs. lateral drift (%) for specimens

CL4 and CLO
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Figure 4-62: Normalized secant stiffness vs. lateral drift (%) for specimens
CL5and CLO
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Figure 4-63: Normalized secant stiffness vs. lateral drift (%) for specimens
CL6 and CLO
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Figure 4-64: Normalized secant stiffness vs. lateral drift (%) for specimens
CL7 and CLO
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Figure 4-65: Normalized secant stiffness vs. lateral drift (%) for specimens
CL8 and CLO

300



41}
o

w Eas
o o
T T

Energy absorbed, kN.m
™)
o

Om,,,..-nnnﬂ."" [REARARRERRRRR AL

1 6 1 16 21 26 31 36 41
Cycles

Figure 4-66: Energy absorbed by specimen CLO per cycle based
on overall system.
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Figure 4-67: Energy absorbed by specimen CL1 per cycle
based on overall system.
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Figure 4-68: Energy absorbed by specimen CL2 per cycles based
on overall system.
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Figure 4-69: Energy absorbed by specimen CL3 per cycles based
on overall system.
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Figure 4-70: Energy absorbed by specimen CL4 per cycles based
on overall system.
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Figure 4-71: Energy absorbed by specimen CL5 per cycles based
on overall system.
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Figure 4-72: Energy absorbed by specimen CL6 per cycles based
on overall system.
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Figure 4-73: Energy absorbed by specimen CL7 per cycles based
on overall system.
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Figure 4-74: Energy absorbed by specimen CL8 per cycles based
on overall system.
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Figure 4-75(a): Cumulative dissipated energy vs. cycle number for specimens
CL1 and CLO based on overall system
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Figure 4-75(b): Cumulative normalized dissipated energy vs. cycle number for
specimens CL1 and CLO based on overall system
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Figure 4-76(a): Cumulative dissipated energy vs. cycle number for specimens
CL2 and CLO based on overall system
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Figure 4-76(b): Cumulative normalized dissipated energy vs. cycle number for
specimens CL2 and CLO based on overall system
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Figure 4-77(a): Cumulative dissipated energy vs. cycle numbers for specimens
CL3 and CLO based on overall system
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Figure 4-77(b): Cumulative normalized dissipated energy vs. cycle number for
specimens CL3 and CLO based on overall system
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Figure 4-78(a): Cumulative dissipated energy vs. cycle number for specimens
CL4 and CLO based on overall system
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Figure 4-78(b): Cumulative normalized dissipated energy vs. cycle number for
specimens CL4 and CLO based on overall system
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Figure 4-79(a): Cumulative dissipated energy vs. cycle number for specimens
CL5 and CLO based on overall system
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Figure 4-79(b): Cumulative normalized dissipated energy vs. cycle number for
specimens CL5 and CLO based on overall system
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Figure 4-80(a): Cumulative dissipated energy vs. cycle number for specimens
CL6 and CLO based on overall system
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Figure 4-80(b): Cumulative normalized dissipated energy vs. cycle number for
specimens CL6 and CLO based on overall system

311



1200

-
o
o
o
T

800 f

600 |

400 |

200 |

Cumulative dissipated energy, kN.m

O L L
0 10 20 30 40 50
Cycle number

Figure 4-81(a): Cumulative dissipated energy vs. cycle number for specimens
CL7 and CLO based on overall system
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Figure 4-81(b): Cumulative normalized dissipated energy vs. cycle number for
specimens CL7 and CLO based on overall system
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Figure 4-82(a): Cumulative dissipated energy vs. cycle number for specimens
CL8 and CLO based on overall system
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Figure 4-82(b): Cumulative normalized dissipated energy vs. cycle number for
specimens CL8 and CLO based on overall system
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Figure 4-83: Hysteretic damping ratio vs. drift for specimens CL1 and CLO
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Figure 4-84: Hysteretic damping ratio vs. drift for specimens CL2 and CLO
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Figure 4-85: Hysteretic damping ratio vs. drift for specimens CL3 and CLO
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Figure 4-86: Hysteretic damping ratio vs. drift for specimens CL4 and CLO
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Figure 4-87: Hysteretic damping ratio vs. drift for specimens CL5 and CLO
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Figure 4-88: Hysteretic damping ratio vs. drift for specimens CL6 and CLO
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Figure 4-89: Hysteretic damping ratio vs. drift for specimens CL7 and CLO
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Figure 4-90: Hysteretic damping ratio vs. drift for specimens CL8 and CLO
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Figure 4-91: Curvature distribution in the test region of column CL1 at
different levels of displacement ductility
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Figure 4-92: Curvature distribution in the test region of column CL2 at
different levels of displacement ductility
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Figure 4-93: Curvature distribution in the test region of column CL3 at
different levels of displacement ductility
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Figure 4-94: Curvature distribution in the test region of column CL4 at
different levels of displacement ductility
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Figure 4-95: Curvature distribution in the test region of column CL5 at
different levels of displacement ductility
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Figure 4-96: Curvature distribution in the test region of column CL6 at
different levels of displacement ductility
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Figure 4-97: Curvature distribution in the test region of column CL7 at
different levels of displacement ductility
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Figure 4-98: Curvature distribution in the test region of column CL8 at
different levels of displacement ductility
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Figure 4-99: Definitions of various terms in ductility parameters (adapted
from Sheikh and Khoury (1993))
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Figure 4-100: Curvature ductility, x,, for column CLO
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Figure 4-101: Curvature ductility, Ky for column CL1
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Figure 4-102: Curvature ductility, u«,, for column CL2
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Figure 4-103: Curvature ductility, x,, for column CL3
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Figure 4-104: Curvature ductility, M, for column CL4
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Figure 4-105: Curvature ductility, Ky, for column CL5
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Figure 4-106: Curvature ductility, x,, for column CL6
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Figure 4-107: Curvature ductility, My, for column CL7
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Figure 4-108: Curvature ductility, M, for column CL8
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Figure 4-109: Cumulative ductility ratio for column CLO and CL1
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Figure 4-110: Cumulative ductility ratio for column CLO and CL2
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Figure 4-111: Cumulative ductility ratio for column CLO and CL3
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Figure 4-112: Cumulative ductility ratio for column CLO and CL4
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Figure 4-113: Cumulative ductility ratio for column CLO and CL5
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Figure 4-114: Cumulative ductility ratio for column CLO and CL6
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Figure 4-115: Cumulative ductility ratio for column CLO and CL7
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Figure 4-116: Cumulative ductility ratio for column CLO and CL8
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Figure 4-117: Cumulative energy damage indicator for columns
CLOand CL1
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Figure 4-118: Cumulative energy damage indicator for columns
CLO and CL2
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Figure 4-119: Cumulative energy damage indicator for columns

CLO and CL3
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Figure 4-120: Cumulative energy damage indicator for columns
CLO and CL4
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Figure 4-121: Cumulative energy damage indicator for columns

CLO and CL5
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Figure 4-122: Cumulative energy damage indicator for columns
CLO and CL6
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Figure 4-123: Cumulative energy damage indicator for columns
CLO and CL7
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Figure 4-124: Cumulative energy damage indicator for columns
CLO and CL8
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Figure 4-125: Moment at column base versus lateral drift (%) envelope
curves for columns CL1 and CL3
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Figure 4-126: Relationship between normalized secant stiffness
and lateral drift (%) for columns CL1 and CL3
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Figure 4-127: Cumulative energy dissipated based on overall system
versus cycle number for columns CL1 and CL3
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Figure 4-128: Cumulative normalized dissipated energy based on overall
system versus cycle number for columns CL1 and CL3
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Figure 4-129: Hysteretic damping versus lateral drift (%) for
columns CL1 and CL3
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Figure 4-130: Cumulative ductility ratio versus cycle number for
columns CL1 and CL3
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Figure 4-131: Cumulative energy damage indicator versus cycle number
for columns CL1 and CL3
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Figure 4-132: Moment at column base versus lateral drift (%) envelope
curves for columns CL5 and CL7
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Figure 4-134: Cumulative energy dissipated versus cycle number for

columns CL5 and CL7
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Figure 4-135: Cumulative normalized dissipated energy versus cycle
number for columns CL5 and CL7
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Figure 4-136: Hysteretic damping ratio versus lateral drift (%) for
columns CL5 and CL7
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Figure 4-137: Cumulative ductility ratio versus cycle number for
columns CL5 and CL7
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Figure 4-138: Cumulative energy damage indicator versus cycle
number for columns CL5 and CL7
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Figure 4-141: Cumulative energy dissipated versus cycle number for
columns CL2 and CL3
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Figure 4-142: Cumulative normalized dissipated energy versus cycle
number for columns CL2 and CL3
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Figure 4-143: Hysteretic damping ratio versus lateral drift (%) for
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Figure 4-144: Cumulative ductility ratio versus cycle numbers for
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Figure 4-145: Cumulative energy damage indicator versus cycle
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Figure 4-147: Relationship between normalized secant stiffness and
lateral drift (%) for columns CL6 and CL7
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Figure 4-148: Cumulative energy dissipated versus cycle number for
columns CL6 and CL7
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Figure 4-149: Cumulative normalized dissipated energy versus cycle
number for columns CL6 and CL7
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Figure 4-150: Hysteretic damping ratio versus lateral drift (%) for
columns CL6 and CL7
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Figure 4-151: Cumulative ductility ratio versus cycle numbers for
columns CL6 and CL7
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Figure 4-152: Cumulative energy damage indicator versus cycle
number for columns CL6 and CL7
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Figure 4-153: Moment at column base versus lateral drift (%) envelope
curves for columns CL3 and CL4
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Figure 4-154: Relationship between normalized secant stiffness and
lateral drift (%) for columns CL3 and CL4
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Figure 4-155: Cumulative energy dissipated versus cycle number for
columns CL3 and CL4
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Figure 4-156: Cumulative normalized dissipated energy versus cycle
number for columns CL3 and CL4
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Figure 4-157: Hysteretic damping ratio versus lateral drift (%) for
columns CL3 and CL4
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Figure 4-158: Cumulative ductility ratio versus cycle numbers for
columns CL3 and CL4
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Figure 4-159: Cumulative energy damage indicator versus cycle
number for columns CL3 and CL4
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Figure 4-160: Moment at column base versus lateral drift (%) envelope
curves for columns CL7 and CL8
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Figure 4-161: Relationship between normalized secant stiffness and
lateral drift (%) for columns CL7 and CL8
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Figure 4-162: Cumulative energy dissipated versus cycle number for
columns CL7 and CL8
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Figure 4-163: Cumulative normalized dissipated energy versus cycle
number for columns CL7 and CL8
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Figure 4-164: Hysteretic damping ratio versus lateral drift (%) for
columns CL7 and CL8
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Figure 4-165: Cumulative ductility ratio versus cycle numbers for
columns CL7 and CL8
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Figure 4-166: Cumulative energy damage indicator versus cycle
number for columns CL7 and CL8
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Figure 4-167: Moment at column base versus lateral drift (%) envelope
curves for columns CL1 and CL5
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Figure 4-168: Relationship between normalized secant stiffness and
lateral drift (%) for columns CL1 and CL5
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Figure 4-169: Cumulative energy dissipated versus cycle number for
columns CL1 and CL5
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Figure 4-170: Cumulative normalized dissipated energy versus cycle
number for columns CL1 and CL5
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Figure 4-171: Hysteretic damping ratio versus lateral drift (%) for
columns CL1 and CL5
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Figure 4-172: Cumulative ductility ratio versus cycle numbers for
columns CL1 and CL5
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Figure 4-173: Cumulative energy damage indicator versus cycle
number for columns CL1 and CL5

400

300

Moment, kN.m
(]
o
o

100 |

Drift (%)

Figure 4-174: Moment at column base versus lateral drift (%) envelope
curves for columns CL2 and CL6
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Figure 4-175: Relationship between normalized secant stiffness and
lateral drift (%) for columns CL2 and CL6
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Figure 4-176: Cumulative energy dissipated versus cycle number for
columns CL2 and CL6
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Figure 4-177: Cumulative normalized dissipated energy versus cycle
number for columns CL2 and CL6
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Figure 4-178: Hysteretic damping ratio versus lateral drift (%) for
columns CL2 and CL6

361



400

- CL2
-+ CL6

300 f

200

100 f

Cumulative ductility ratio

0 10 20 30 40 50
Cycle number

Figure 4-179: Cumulative ductility ratio versus cycle numbers for
columns CL2 and CL6
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Figure 4-180: Cumulative energy damage indicator versus cycle
number for columns CL2 and CL6
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Figure 4-181: Moment at column base versus lateral drift (%) envelope
curves for columns CL3 and CL7
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Figure 4-182: Relationship between normalized secant stiffness and
lateral drift (%) for columns CL3 and CL7
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Figure 4-183: Cumulative energy dissipated versus cycle number for
columns CL3 and CL7
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Figure 4-184: Cumulative normalized dissipated energy versus cycle
number for columns CL3 and CL7
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Figure 4-185: Hysteretic damping ratio versus lateral drift (%) for
columns CL3 and CL7
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Figure 4-186: Cumulative ductility ratio versus cycle numbers for
columns CL3 and CL7
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Figure 4-187: Cumulative energy damage indicator versus cycle
number for columns CL3 and CL7
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Figure 4-188: Moment at column base versus lateral drift (%) envelope
curves for columns CL4 and CL8
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Figure 4-189: Relationship between normalized secant stiffness and
lateral drift (%) for columns CL4 and CL8
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Figure 4-190: Cumulative energy dissipated versus cycle number for
columns CL4 and CL8
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Figure 4-191: Cumulative normalized dissipated energy versus cycle
number for columns CL4 and CL8
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Figure 4-192: Hysteretic damping ratio versus lateral drift (%) for
columns CL4 and CL8
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Figure 4-193: Cumulative ductility ratio versus cycle numbers for
coliimns Cl 4 and CI ]
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Figure 4-194: Cumulative energy damage indicator versus cycle
number for columns CL4 and CL8
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Figure 4-196: Confined concrete material curve for column CLO obtained
using model proposed by Mander et al. (1988b)
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Figure 4-197: Confined concrete material curves for collared
columns (CL1 to CL8)

300

250

m
N
o
o

—_—
[4)]
o

Moment, kN
)
o

0 1 1 1
0 200 400 600 800

-6
Curvature, (10 rad/mm)

Figure 4-198: Analytical moment versus curvature relationship for
column CL1
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Figure 4-199: Predicted and experimental average envelope curve
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Figure 4-201: Predicted and experimental average envelope
curve for column CL1
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Figure 4-202: Predicted and experimental average envelope
curve for column CL2
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Figure 4-203: Predicted and experimental average envelope
curve for column CL3
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Figure 4-204: Predicted and experimental average envelope
curve for column CL4
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Figure 4-205: Predicted and experimental average envelope
curve for column CL5
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Figure 4-206: Predicted and experimental average envelope
curve for column CL6
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Figure 4-208: Predicted and experimental average envelope
curve for column CL8
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	NOTATION 
	 
	  = shear span; 
	 
	  = a coefficient in Ramberg Osgood model; 
	 
	  = a factor to account for collar smearing; 
	 
	  to  = variables of a physical problem; 
	 
	  =  ; area of the concrete in the gross column  
	cross-section; 
	 
	 
	   = cross-sectional area measured out to out of the transverse  
	reinforcement; 
	 
	   = area of core bounded by centreline of perimeter ties  
	for conventional columns; 
	= gross area of the column for collared columns; 
	 
	  = area of cross section of a side of collar; 
	 
	  = gross area of the section; 
	 
	  = area of the reduced concrete core due to spalling of concrete  
	  cover and parabolic spalling between ties; 
	 
	  = total cross sectional area of transverse reinforcement 
	  (including crossties) within spacing and perpendicular to  
	  dimension   ; 
	 
	  = cross-sectional area of the spiral; 
	 
	  = cross sectional area of the spalling concrete in column core; 
	 
	  = cross-sectional area of longitudinal bars of column; 
	 
	  = cross-sectional area of one leg of the hoop reinforcement; 
	 
	  = distance from extreme compression fiber to the neutral axis of section; 
	 
	  = distance from the centroid of the tensile steel to the extreme  
	  compression face of the column; 
	 
	  = distance from the compression face of concrete to the  
	  reinforcing bars in compression; 
	 
	  = diameter of longitudinal bars of columns; 
	 
	  = diameter of concrete core measured out to out of spiral; 
	 
	  = diameter of spiral steel; 
	 
	  = distance between the centroid of tensile and compressive longitudinal  
	bars of a columns; 
	 
	  = area of ith moment versus curvature loop; 
	 
	  = maximum elastic strain energy; 
	 
	  = energy dissipated in ith loop of column under lateral cyclic loading; 
	 
	  = cumulative normalized energy dissipated under lateral cyclic loading; 
	 
	  = secant modulus of elasticity of unconfined concrete; 
	 
	  = the slope of an ith secant line to average confining  
	pressure versus lateral strain curve of equivalent confining tube; 
	 
	  = the slope of a general secant line to average confining pressure  
	versus lateral strain curve of equivalent confining tube; 
	 
	 
	  = slope of an ith secant line corresponding to a general point i on the  
	  confined concrete material curve;   ; 
	 
	  = initial tangent modulus of elasticity of unconfined concrete; 
	 
	  = cumulative energy damage indicator; 
	 
	  =  modulus of elasticity of steel; 
	 
	  = reference value of modulus of elasticity of steel; 
	 
	  = stress of unconfined concrete in the spalling concrete; 
	 
	  = compressive strength of concrete based on standard cylinders; 
	 
	  = stress in concrete due to axial for columns under lateral cyclic loading; 
	 
	  = applied stress on confined concrete in column; ; 
	 
	  = stress of confined concrete corresponding to a general point i on the  
	  confined concrete material curve; 
	 
	  = strength of the confined concrete of the columns, (max. of  ); 
	 
	  = lateral confining pressure; 
	 
	  = unconfined concrete strength of the column; ; 
	 
	  = stress of confined concrete in the reduced core; 
	 
	  = stress in steel longitudinal bars of the column; 
	 
	  = stress in longitudinal steel bars due to axial for columns  
	under lateral cyclic loading; 
	 
	  = stress in steel collars at true strain,  ,  
	 
	  = yield strength of steel; 
	 
	  = specified yield strength of the spiral or hoop reinforcement; 
	 
	  = reference value of yield stress of steel; 
	 
	  = depth of the column cross section; 
	 
	  = cross-sectional dimension of the column core, mm; 
	  measured center to center of confining reinforcement,  ; 
	 
	  = maximum horizontal spacing of hoop or crosstie legs on all  
	  faces of the column, 
	 
	  = width of column (inside length of a collar); 
	 
	  = depth of the collar perpendicular to column axis; 
	 
	  = length of most damaged region of columns under cyclic loading; 
	 
	  = moment of inertia of collar; 
	 
	  = strength enahcement factor; 
	 
	  = height of concrete column measured from the top of footing; 
	 
	  = distance of the point of application of lateral from the base of the column; 
	  = distance of the point of application of vertical load from the column base; 
	 
	  = maximum horizontal loads in columns under lateral cyclic loading; 
	 
	  = ratio of enhancement in concrete strength to the lateral confining pressure; 
	 
	  = modulus of toughness up to peak load; 
	 
	  = modulus of toughness up to failure; 
	 
	  = modulus of toughness for column concrete up to peak load; 
	 
	  = modulus of toughness for column concrete up to failure; 
	 
	  = strength enahcement factor; 
	 
	  = length of column from base to the point of application  
	of horizontal load; 
	 
	  = plastic hinge length; 
	 
	  = maximum unsupported length of steel ties in columns; 
	 
	  = location of strain gage No. 1 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 2 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 3 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 4 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 5 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 6 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 7 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 8 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 9 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 10 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 11 on the longitudinal bars of the column; 
	 
	  = location of strain gage No. 12 on the longitudinal bars of the column; 
	 
	  = plastic hinge length; 
	 
	  = applied moment on a column; 
	 
	  = yield moment; 
	 
	  = ideal flexural strength; 
	 
	  = maximum moments in columns under lateral cyclic loading; 
	 
	  = nominal flexural strength based on confined concrete; 
	 
	  = nominal flexural strength based on unconfined concrete; 
	 
	  = peak moment in a cycle; 
	 
	  = flexural strength at the first yield of tensile longitudinal steel  
	based on confined concrete; 
	 
	  = flexural strength at the first yield of tensile longitudinal steel  
	based on unconfined concrete; 
	 
	  = cumulative curvature ductility ratio; 
	 
	  = strength enhancement ratio; 
	 
	  = a coefficient in Ramberg Osgood model; 
	 
	  = axial load on column; 
	 
	  = maximum load carried by the concrete of the column, (max. of  ); 
	 
	  = maximum load carrying capacity of the column as obtained from test; 
	 
	  = theoretical capacity of the column;  ; 
	 
	  = theoretical capacity of the column concrete;  ; 
	 
	  =  theoretical capacity of the concrete core  
	of the column;  ; 
	 
	  = theoretical capacity of the concrete core reduced  
	by spalling;  ; 
	 
	  = total axial load on columns under lateral cyclic loading; 
	 
	  = axial load load shared by concrete of columns under lateral cyclic loading; 
	 
	  = axial load shared by steel longitudinal bars of columns  
	under lateral cyclic loading; 
	 
	   = center to center spacing of ties or collars; 
	 
	  =  clear spacing between collars or ties; 
	 
	  =  clear collar spacing ratio; 
	 
	  = slope corresponding to the peaks of ith moment versus curvature loop; 
	 
	  = slope of initial line of the moment versus  
	curvature envelope; 
	 
	  = the thickness of collar parallel to column axis; 
	 
	 
	  = flange thickness; 
	 
	  = Web thickness; 
	 
	  = outward displacement of concrete prism; 
	 
	  = the inward displacement of concrete prism; 
	 
	  = the lateral displacement of the equivalent confining tube; 
	 
	  = Variance using mean values; 
	 
	  = Variance using predicted values; 
	 
	  = Coefficient of multiple determination; 
	 
	   = ratio of   to  ; 
	 
	   = ratio of   to  ; 
	 
	   = a coefficient to calculate the depth of Whitney stress block 
	 
	  to  = non dimensional behavioural parameters of the equivalent confining tube; 
	 
	  maximum value of  ; 
	 
	  maximum value of  ; 
	 
	  = equivalent viscous damping; 
	 
	  = inherent viscous damping; 
	 
	  = hysteretic damping ratio; 
	 
	  = strain in post peak region at 20% of the confined concrete strength; 
	 
	  = enhancement in concrete strain due to confinement at 50% of  
	unconfined concrete strength; 
	 
	  = axial strain of confined concrete corresponding to a general point i on the  
	  confined concrete material curve; 
	 
	  = strain of confined or unconfined concrete at any stress; 
	 
	  = strain at peak stress of the confined concrete or the  
	strain corresponding to  ; 
	 
	  = the strain 85%of peak stress of unconfined column concrete in  
	the post peak region; 
	 
	 
	  = strain in post peak region at 85% of the confined concrete strength; 
	 
	  = strain in post peak region at 50% of the confined concrete strength; 
	 
	  = strain in post peak region at 30% of the confined concrete strength; 
	 
	  = strain in post peak region at 80% of the confined concrete strength; 
	 
	  = strain at the start of peak strength plateau of confined concrete; 
	 
	  = strain at the end of peak strength plateau of confined concrete; 
	 
	  = strain at peak stress of unconfined concrete; 
	 
	  = strain at column failure; 
	 
	  = strain rate up to the failure of column; 
	 
	  = average lateral strain; 
	 
	  = average longitudinal strain of concrete cylinders at peak stress; 
	 
	  = strain rate up to peak load of column; 
	 
	  = average longitudinal strain corresponding to  ; 
	 
	  = strain at the start of strain hardening; 
	 
	  = strain at which spalling of concrete starts; 
	 
	  = strain in steel longitudinal bars of the column; 
	 
	  = A general value of strain in material under consideration; 
	 
	  = yield strain of steel longitudinal bars of the column; 
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	1. INTRODUCTION 
	 
	1.1 Foreword 
	 
	With the rapid development of the science of earthquake engineering, many associated changes have been made over the past three decades to design codes and standards. As a result of these changes, many existing buildings have been deemed seismically deficient. Older codes generally relied on the provision of strength to resist seismic loads without giving due consideration to proper detailing to enhance ductility and energy dissipation at potential locations of plastic hinges. New codes are based on the design philosophy of reducing seismic forces by producing ductile, energy dissipating structural systems that undergo inelastic structural response during an earthquake. Buildings can also become seismically deficient simply due to the rezoning of seismic activity in the area, which is related to developments in the geo-sciences. A change of function of the building or a change of occupancy can also make the building seismically deficient. For example, a building satisfying the Life Safety performance level for a design earthquake may need to be upgraded to satisfy the Immediate Occupancy performance level (ATC, 1976) if its function changes during its design life. 
	 
	The collapse and damage of reinforced concrete buildings in recent earthquakes around the globe have confirmed the existence of a large number of seismically deficient reinforced concrete buildings. These buildings need to be seismically upgraded. The seismic performance of a structure during an earthquake depends on its mass, stiffness, strength, deformability (ductility), robustness, damping (energy dissipating capability), and the characteristics of the ground motion itself. The rehabilitation objectives can be achieved by modifying one or more of these characteristics. 
	 
	1.2 Seismic Rehabilitation 
	 
	After the 1971 San Fernando, California earthquake, in which many reinforced concrete buildings collapsed and/or became severely damaged, revolutionary changes were made in codes for the design and detailing provisions for earthquake resistant concrete structures and these codes have continually been upgraded since then. At the same time, attention was given to the rehabilitation of existing seismically deficient reinforced concrete structures. Various rehabilitation schemes have been developed. Some schemes work primarily through the enhancement of strength and stiffness, while others work predominantly through the enhancement of deformability (ductility) and damping, resulting in the reduction of earthquake demand on the structures. 
	 
	Theoretically, it is possible to achieve certain rehabilitation objectives by increasing strength or stiffness only. Generally, however, it is not possible to increase strength or stiffness alone. For example, the addition of concrete shear walls, steel braced frames, steel moment resisting frames, steel bracings, or buttresses would all increase both the strength and stiffness of the structure. 
	 
	The rehabilitation objectives may also require increasing the overall deformability of the structure by increasing the deformability and energy dissipation capabilities of its critical components. This can be achieved, for example, through jacketing. Different types of jacketing have been used in the past for the rehabilitation of reinforced concrete frame elements such as: (1) concrete jacketing; (2) steel plate jacketing; and (3) jacketing by composite materials. The enhanced ductility of the structural members arising principally through confinement may not be utilized fully due to the presence of non ductile joints elsewhere in the seismically deficient structure and due to drift limitations according to certain performance objectives. 
	 
	Rehabilitation objectives can also be achieved by reducing the earthquake demand on the structure by installing base isolation devices and/or energy dissipating units. In order to install the energy dissipating units, a steel frame may also need to be installed on which energy dissipating units are mounted. Due to installation of this frame, the stiffness of the structure also increases. Energy dissipatation capability of the structure can also be improved by providing concrete confinement. 
	 
	The focus of the larger research program, of which this report is a part, is to investigate the performance of seismically deficient reinforced concrete frames rehabilitated by thin, unstiffened steel plate shear walls. These walls resist the lateral load through the development of a tension field after out of plane buckling of the plates occurs. There exists no evidence in the literature of a case where such a steel plate shear wall has been used as a means of rehabilitation for the seismic upgrade of a reinforced concrete building. However, stiffened steel plate shear walls have been used in the past for the upgrade of seismically deficient reinforced concrete buildings in two known cases (Baldelli, 1983; and Robinson and Ames, 2000). The rehabilitation objectives were achieved through the enhancement of strength and stiffness only. Ductility and energy dissipating capabilities of the steel plate shear walls could not be mobilized because of the presence of a non ductile reinforced concrete frame bordering the steel plate shear wall. 
	 
	Steel plate shear walls have also been used as a primary lateral load resisting system in a number of new high rise buildings, primarily in Japan and North America, to resist wind and earthquake loads (Thorburn et al., 1983; Driver et al., 1996; Fujitani et al., 1996; Celebi, 1997; and Astaneh Asl, 2001). In earlier research, buckling of the steel plate shear wall was considered to be the end of its useful behaviour. Hence, in several existing buildings with steel plate shear walls as a lateral load resisting system, the out of plane buckling of the plate was prevented either by providing stiffeners or by using thick steel plates. In Japan, heavily stiffened steel plate shear walls are used that develop their full plastic strength prior to out of plane buckling. These walls not only resist the large earthquake induced lateral loads but also dissipate earthquake induced energy (Takahashi et al., 1973). In the United States, thick steel panels were provided in early steel plate shear wall buildings to prevent out of plane buckling of the steel panels under shear loading. 
	 
	Later, work at the University of Alberta proposed the use of thin, ustiffened steel plate shear walls. These provide an excellent lateral load resisting system for wind and earthquake loading, especially in zones of high seismic activity. The system can be idealized as a vertical plate girder cantilevered from its base, as shown in Figure 1 1. The boundary columns are analogous to the flanges of the plate girder and the beams serve as the stiffeners. The boundary beams and columns can be connected to each other either with shear connections or moment resisting connections. By providing moment resisting beam to column connections, the redundancy of the system is greatly improved. 
	 
	1.3  Unstiffened Thin Steel Plate Shear Walls 
	 
	The purpose of steel plate shear walls is to resist bending moment and shear force due to the lateral load resulting from wind or earthquake. The shear force is resisted by the development of a diagonal tension field in the steel infill panel. The bending moment is resisted primarily by the development of axial loads in the columns. In plate girders, the bending stiffness of the flange is low and is generally unable to provide anchorage to the diagonal tension field, resulting in a partial diagonal tension field developing to resist the shear force. This limitation is overcome in steel plate shear walls by providing flexurally stiff boundary columns that provide anchorage to the diagonal tension field. 
	 
	1.3.1 Evolution of Unstiffened Thin Steel Plate Shear Walls 
	 
	Steel plate shear walls have been used as a lateral load resisting system in a number of buildings, primarily in Japan and North America. It was Wagner (1931) who first demonstrated through the behaviour of aluminium panels under shear used in aircrafts that the useful behaviour of the panels does not end with their out of plane buckling. He demonstrated that if the panels under shear loading are provided with stiff boundary members, the load-resisting mechanism of the panels changes from pure shear to a diagonal tension field. He assumed that the shear capacity of the aluminium panels with stiff boundary members depends purely on the tension field action, usually called pure diagonal tension field theory. For relatively thicker panels for which the buckling strength is not negligible, Kuhn et al. (1952) and Kuhn (1956) developed an incomplete tension field theory based on the assumption that panel shear capacity depends on both the diagonal tension field and the pure shear. Later, Basler (1961) extended the incomplete diagonal tension field theory to the design of plate girders for shear. 
	 
	Stiffened steel plate shear walls have been widely used in Japan to resist seismic lateral load. Takahashi et al (1973) tested 12 single panels (stiffened and unstiffened) and two single bay, two storey, full scale stiffened steel plate shear walls with and without reinforced openings, under lateral cyclic loading. The stiffened single panels and steel plate shear walls (in which out of plane buckling was prevented) showed excellent hysteretic behaviour under cyclic loading. The hystereses were stable and exhibited little pinching, indicating that a significant amount of energy was absorbed. Conversely, the unstiffened panels showed pinched hysteretic behaviour. Based on this work, Takahashi et al. (1973) recommended that the elastic out of plane puckling of the steel plate should be prevented. Only inelastic buckling of the individual panels between the stiffeners was permitted. Although the energy absorption capability of the steel plate shear walls increases significantly due to stiffening, the cost involved in stiffening the panels may become prohibitive. 
	 
	Later, the post buckling strength of the steel plate shear wall was recognized in Japan by Mimura and Akiyama (1977). They proposed a model to predict the behaviour of unstiffened steel plate shear walls (with steel plates that buckle before reaching their shear yield loads) under monotonic and cyclic loading. 
	 
	In the early 1980s in North America, it was recognized that the post-buckling strength of steel plate shear walls should be considered in their design and both analytical (Thorburn et al., 1983) and experimental research (Timler and Kulak, 1983) was initiated to substantiate this idea. Later, Tromposch and Kulak (1987) tested another steel plate shear wall specimen similar to the one tested by Timler and Kulak (1983), but with some important differences. The major differences between the work of Timler and Kulak (1983) and Tromposch and Kulak (1987) are: 1) In the Timler and Kulak specimen, pin connections were provided between the beams and columns, while in the Tromposch and Kulak specimen conventional shear connections were provided; 2) In the Timler and Kulak specimen, no axial load was applied to the columns, while in the Tromposch and Kulak specimen axial load was applied to the columns except in the last cycle where the specimen was pushed monotonically to its ultimate capacity; 3) The Timler and Kulak specimen was subjected to three cycles of loading up to the service load deflection and then it was loaded monotonically to failure in one direction, whereas the Tromposch and Kulak specimen was subjected to 28 fully reversed cycles with increasing load magnitude up to 67% of the ultimate load capacity. Then the specimen was pushed in one direction up to its ultimate load; and 4) In the Tromposch and Kulak specimen, relatively stiff boundary beams were used to provide better anchorage to the thin infill panel. 
	 
	Driver et al. (1996, 1998a, 1998b) reported the test results of a half scale, four storey unstiffened steel plate shear wall under lateral cyclic loading and constant gravity load. This was the first large scale multi-storey test and was conducted to verify existing theories and design formulae. The specimen was fixed at the base and lateral loads were applied horizontally at the four floor levels and service gravity loads were applied to the columns. Moment-resisting beam to column connections were provided to maximize the ability of the wall to dissipate energy under seismic loading. This test provided further evidence supporting the suitability of unstiffened steel plate shear walls for seismic applications. A nonlinear finite element model was also developed to predict the behaviour of the large-scale steel plate shear wall. The strip model, developed by Thorburn et al. (1983) was also substantiated by applying it to the large scale steel plate shear wall. 
	 
	Lubell et al. (2000) reported quasi static tests on two single  and one four storey unstiffened steel shear wall specimens. Each specimen was of one fourth scale. The results showed significant energy dissipation and good displacement ductilities exhibited by these walls. The strip model developed by Thorburn et al. (1983) was used to predict the behaviour of these wall panels. It was found that the strip model gives good prediction of the post-yield strengths (ultimate capacities) of the steel plate shear wall specimens. However, the predictions of the elastic stiffness of the specimens by the strip model were not satisfactory. 
	 
	Rezai (1999) reported the seismic behaviour of an unstiffened steel plate shear wall under shake table tests. The specimen consisted of a single bay, four story shear wall specimen of one fourth scale similar to the one tested by Lubell et al. (2000) under quasi-static loading. Due to the limited capacity of the shake table, the specimen could not be failed (the steel plate did not yield). The effect of the first mode was found to be dominant. It was reported that the frequency of the first mode of vibration decreased (, i.e., the time period of the fundamental mode of vibration increased) with an increase in the amplitude of vibration of the shake-table due to a reduction in the stiffness of the SPSW specimen at these large amplitudes of vibration. It was concluded from the results of shake table tests, that the design of steel plate shear walls would often be controlled by the limit on lateral drift and not by strength. Based on this fact, the need for the development of a sophisticated analytical tool for the accurate prediction of the stiffness of steel plate shear wall was emphasized. 
	 
	Behbahanifard (2003) reported the test results of a single bay three story shear wall specimen under seismic loading. The specimen consisted of the top three storeys of the four storey specimen tested by Driver et al. (1998a). For the accurate predictions of the behaviour of steel plate shear walls, finite element models based on nonlinear dynamic explicit formulations were developed. 
	 
	Recently, the concept of the unstiffened steel plate shear wall has also gained popularity among the researchers of other countries such as the United States (Cacesse et al., 1993; Elgaaly et al. 1993; Xue and Lu, 1994; Elgaaly and Liu, 1997; and Astaneh Asl, 2001) and the United Kingdom (Roberts and Sabouri-Ghomi, 1991; and Sabouri-Ghomi and Roberts, 1992). 
	 
	1.3.2 Characteristics of Steel Plate Shear Walls 
	 
	Based on the observations and test results of previous research, it is known that properly designed steel plate shear walls possess superior ductility, robust resistance to degradation under severe cyclic loading (stable hysteretic behaviour), high capacity for plastic energy absorption, strength and high initial stiffness, high redundancy when moment resisting beam to column connections are provided, and less weight on the foundations as compared to concrete shear walls, which further reduces the seismic loads on the building. Conventionally, in steel frame buildings in Canada, concrete shear walls have been used as the lateral load resisting system. After a significant amount of research on steel plate shear walls, it has become evident that steel plate shear walls provide a competitive, and potentially superior, lateral load resisting system with respect to economy and performance. In addition to the attributes listed above, steel plate shear walls occupy less usable space as compared to concrete walls. Moreover, the speed of construction of steel plate walls is higher than that of reinforced concrete shear walls. Caccese et al. (1993) reported that cost savings of as much as 50% were achieved in structures employing steel plate shear walls as compared to comparable moment resisting frames. Similarly, it has been shown by Troy and Richard (1979) and Timler et al. (1998) that the steel plate shear walls are more cost-effective than moment resisting frames and reinforced concrete shear walls. Disadvantages of steel plate shear walls are that they require some form of fire protection and may be susceptible to vibration when used as a shear core surrounding elevators. 
	 
	1.3.3 Steel Buildings with Steel Plate Shear Walls 
	 
	Thorburn et al. (1983) reported that the Shin Nittetsu Building is the first steel building in Japan, completed in 1970, in which steel plate shear walls were used as the lateral load resisting system. This is an office building constructed for the Nippon Steel Company of Tokyo. The building consists of 20 floors and was provided with five H shaped stiffened steel plate walls to resist the lateral loads. The 2.75 mx3.7 m steel panels of thicknesses varying from 4.5 mm in upper storeys to 12 mm in lower storeys were stiffened orthogonally. The fire protection was provided by encasing the steel plates in 50 mm thick dry wall. 
	 
	Roberts (1995) reported that the second steel building in Japan in which stiffened steel plate shear walls were used as the lateral load resisting system is the 53 storey Shinjuku Nomura Office Tower. Stiffened steel plates of 3 mx5 m of thickness varying from 6 to 12 mm were bolted to the frame members to form eight T shaped shear walls. Sprayed fire protection of 50 mm thick was applied to the steel plate shear walls. 
	 
	The Olive View Medical Center building located in the northeast San Fernando valley, California is the first building in the United States in which stiffened steel plate shear walls were used as a primary lateral load resisting system. The reconstruction of this building was commenced in 1976 after the original building was badly damaged in the 1971 San Fernando earthquake and was razed. As a reaction, this new building was kept highly stiff. In this six storey building, reinforced concrete shear walls were used in the lower two storeys and stiffened steel plate shear walls were used in the four upper storeys. The thickness of the steel plates varied from 16 mm to 19 mm. This building sustained the January 17, 1994 Northridge earthquake safely with minor structural damage but considerable non structural damage and is located 16 km from the epicenter of this earthquake. 
	 
	In the 16 storey Moffit Hospital building in California, both concrete and steel plate shear walls were used as lateral load resisting systems. The steel plate thickness varies from 10 mm to 32 mm. The reinforced concrete shear walls were placed around the elevator core to avoid the problem of vibration due to the elevator movements. To provide more rigidity and fire resistance, additional reinforced concrete walls of 250 mm thickness were constructed and connected on both sides of the steel plate shear walls by reinforcing ties. 
	 
	The lateral load resisting system of the 30 storey Hyatt Regency Hotel in Dallas, Texas consists of steel braced frames in the long direction of the building plan and stiffened steel plate shear walls in the short direction. The thickness of steel plates varies from 13 mm to 39 mm. The construction of this building was completed in 1978. 
	 
	1.3.4 Seismic Rehabilitation of Reinforced Concrete Buildings 
	 
	Two known seismically deficient reinforced concrete buidings have been upgraded using stiffened steel plate shear walls: (1) the VA Medical Center in Charleston, South Carolina and (2) the Oregon State Library. A description of these buildings is given in the following. However, no evidence was found of the use of unstiffened steel plate shear walls, which resist lateral load by the development of a diagonal tension field, for the rehabilitation of seismically deficient reinforced concrete frames. 
	 
	1.3.4.1 VA Medical Center in Charleston, South Carolina (Baldelli, 1983) 
	 
	During the San Fernando earthquake in 1971, two Veterans Administration hospitals collapsed and as a result, all VA hospitals in the areas of earthquake activity were evaluated structurally. The VA Medical Center in Charleston, South Carolina was found to be seismically deficient and it was decided to strengthen the hospital complex consisting of several buildings. The three main buildings each consisted of flat slabs with columns at 6.1 meters on center in the two major directions and were originally designed to resist lateral loads caused by wind only. The resulting design base shear was about 3% of the total dead load and was carried by isolated stair walls and by frame action. According to the new VA earthquake code at the time of the upgrade, the structure should be able to resist a base shear equal to 15% of the total dead load. It was found by analysis that the columns of the buildings were severely over-stressed under this base shear And, therefore, it became necessary to strengthen the complex. 
	 
	It was decided to strengthen the buildings by adding shear walls in both the transverse and longitudinal directions of the buildings. They provide additional load-resisting elements and reduce the span of the roof and floor diaphragms. Previously, only concrete shear walls were used in strengthening VA buildings but for the Charleston VA hospital, many of the new shear walls were constructed of steel. 
	 
	The analysis results showed that the central wing of the building in the transverse direction could only be rehabilitated by adding shear walls at four locations approximately 30.5 meter apart. Thus, in the five story building, a total of 60 shear walls (4 frames x 3 walls per floor x 5 floors) were required. The walls could be either concrete or steel. The VA required that during the strengthening operation, disruption of service in the building should be a minimum. Moreover, the use of hospital floor space should be kept to a minimum and the new shear walls needed to be able to accommodate future penetrations for piping or ducts.  
	 
	In order to meet the above demands, shear walls made of steel were used for the interior locations and concrete shear walls were used for the exterior locations between the columns. The steel shear wall panels incorporated vertical and horizontal stiffeners and were prefabricated and connected in place to minimize the disruption. A subpanel can be removed easily to create an opening for ducts and the surrounding stiffeners can be strengthened. The connections of the panel were designed in such way that welding can be done from one side only. Buckling of the web plate was not permitted in the design of the steel plate shear wall panels. This design feature was controlled by the thickness of the web plate and the area of the web plate enclosed by stiffeners. Edge plates were provided at the end of the panel to make the connection with the concrete frame with anchor bolts. The rehabilitation of the building was done by increasing strength and stiffness without making use of the ductility of the steel plate shear walls. 
	 
	1.3.4.2 Oregon State Library in Salem, Oregon (Robinson and Ames, 2000) 
	 
	This building was constructed in 1937 as a cast in place reinforced concrete frame with pan joist floors framing into rectangular girders and columns. After about 60 years of service, it was found that the building required seismic strengthening. It was required that the library building remain open and functional during the rehabilitation operation and that the renovation and strengthening design preserve the historic finishes of the building. To meet these objectives, the seismic upgrade of the building was completed using stiffened steel plate shear walls. The construction of steel plate shear walls was less disruptive to building’s occupants as compared to the construction of reinforced concrete shear walls. Furthermore, the moisture created during the concrete pouring operation could damage the historic books in the building. 
	 
	The steel plates were designed such that they could be carried by two workers and installed manually without using cranes or large equipment. The connection of the steel plates to each other was made with the help of structural Tees, which also acted as stiffeners for the plates. Bolted connections were used instead of welded connections to avoid the risk of fire in the library. The existing building had no well-defined lateral load resisting system so it was assumed that the existing building was unable to resist any lateral load. Therefore, the steel plate shear walls were designed to resist the full design lateral load. The connection of the steel plate shear walls to the existing reinforced concrete building was made with both drilled in expansion type and adhesive type anchors. The seismic rehabilitation of the building was accomplished by increasing the lateral stiffness and strength of the building, without making use of the ductility of the steel plate shear walls. 
	 
	1.4 Proposed Rehabilitation Scheme 
	 
	As discussed in the foregoing, thin, unstiffened steel plate shear walls possess many technical and economical attributes that make the system desirable as a lateral load resisting system, particularly in high seismic zones. Therefore, a rehabilitation scheme for the upgrade of seismically deficient reinforced concrete buildings is proposed that makes use of steel plate shear walls. In addition to the attributes of the shear wall panels themselves, it was required that the proposed scheme have following features:  
	 
	1) Unlike the rehabilitation of concrete buildings by stiffened steel plate shear walls through enhancement in strength and stiffness only (Baldelli, 1983; and Robinson and Ames, 2000), it is desired that the proposed rehabilitation scheme exploit the significant ductility and energy dissipation capability of the steel plate shear walls, in addition to providing increased strength and stiffness. Perhaps the main reason for not using the ductility of the steel plate shear walls in the rehabilitation of these buildings was the problem of ductility incompatibility between the steel plate shear walls and the reinforced concrete frames. The existing seismically deficient reinforced concrete frames are non ductile due to poor detailing and construction practice at the time of their construction. In these buildings, no effort was made to improve the ductility and robustness of these frames. 
	 
	2) In the rehabilitation of concrete buildings using stiffened steel plate shear walls (Baldelli, 1983; and Robinson and Ames, 2000), the connection of the shear walls to the reinforced concrete frame was made by mechanical and adhesive type anchor bolts, for which chipping, drilling, and grouting were required. These procedures can be highly disruptive in an occupied building. Therefore, in the proposed rehabilitation scheme, it was required that chipping and drilling be minimized or eliminated. 
	 
	The above requirements led to a system for rehabilitating deficient reinforced concrete frames that is illustrated schematically in Figure 1 2. The connection of the steel plate shear walls to the columns of the reinforced concrete frame is made using external steel collars and the connection of the plate to the beam is made with through bolts (Figure 1—2(a)) or steel collars passing through the slab (not shown), for which some drilling and chipping would be required. Besides providing connection points for the shear wall, the steel collars enhance both the strength and ductility of the concrete columns through confinement and address the problem of ductility incompatibility between the steel plate shear wall and the surrounding reinforced concrete frame. The collars enhance the axial, flexural, and shear strength of the columns. Other methods of connecting the steel plate shear walls to the reinforced concrete frame have been proposed (see Driver et al., 2001) but are beyond the scope of this report. It is to be noted that although it is not the main focus of this report, steel collars alone can be used for strength and ductility enhancement of columns under static gravity load effects. 
	 
	1.4.1 Challenges Arising and Proposed Solutions 
	 
	In order to obtain better insight into the proposed rehabilitation scheme, a pushover analysis was performed on a single storey, single bay reinforced concrete frame with steel infill panel. The steel plate was modelled by the strip model originally proposed by Thorburn et al. (1983) for infill panels within a steel frame (Figure 1 3). The diagonal strips were oriented at an angle from the vertical,  , of 45 degrees. The deformed configuration of the panel (amplified 100 times) is shown in Figure 1 4. It is clear from this figure that the tension field of the steel plate shear wall induces high curvature ductility demand on the surrounding columns. In addition, the columns are subjected to high shear forces. Reinforced concrete frames that are in need of seismic rehabilitation generally are non-ductile, lack in shear reinforcement, and possess poor reinforcement details in the joints and short lap splices at the locations of plastic hinges. Therefore, it is highly improbable that the existing columns can resist these seismic demands. This is the reason why the existing reinforced concrete buildings described previously (Baldelli, 1983; and Robinson and Ames, 2000) were rehabilitated by stiffening and strengthening, without making use of the ductility of the steel plate shear wall.  
	 
	In order to make use of the benefit of the ducility and energy dissipation capability of the steel plate shear walls, the ductility and the shear resistance of the surrounding columns need to be enhanced by some means. The curvature ductility, shear resistance, and energy dissipation capabilities of the concrete columns can all be enhanced by confinement of the column concrete using the proposed steel collars. In addition, the demand on the columns can be reduced by the following methods: 
	 
	1) minimizing the steel infill panel thickness; 
	 
	2) use of a low yield point steel such as those available currently in Japan (Yamaguchi et al, 1998) that also possess high ductility, enhanced hysteresis characteristics, lower strain rate dependency, longer low cycle fatigue life, and improved weldability over conventional structural steels; 
	 
	3) use of plate penetrations such as the machined slits described by Hitaka and Matsui (2003) who reported, based on tests of 42 one third scale specimens, behaviour that is ductile and stable, and strength and stiffness that can be adjusted independently by changing the slit configuration. 
	 
	An elevation of a typical seismically deficient reinforced concrete frame that has been rehabilitated using the proposed scheme is shown in Figure 1 5. For the columns to which the steel plate shear wall is connected, a high degree of confinement is required because of the high ductility demand imposed. In Figures 1 2 and 1 5, collars are shown at a closer spacing near the joint and at a wider spacing near mid height. The length of the region of closely spaced collars depends on the nature of the demand imposed and may be a significant portion of the column length, as for the case shown in Figure 1 3 which shows high curvature ductility demand away from the joints. For columns away from the steel plate shear walls, it is anticipated that the confinement requirement will be relatively low as compared to columns to which steel plate shear walls are connected, and that the collars can be installed near the frame joints only. The curvature ductility requirements at these locations depend on how much ductility is available from the composite system. Structures designed for gravity loads only may possess a significant inherent lateral strength capacity that may be adequate to resist minor to moderate earthquakes (Bracci et al., 1995). Whether the joint requires strengthening to improve the overall ductility of the system is case dependent, but methods are available to do so. 
	 
	A signficant amount of research has been conducted on methods to improve the behaviour of columns with short lap splices. Valluvan et al. (1993) studied the performance of short lap splices in columns rehabilitated by different methods, but among them, confinement by grouted angles and straps was the best rehabilitation method. An angle and strap system consists of four angles placed at the four corners of a column that are then connected to each other by welding steel straps on to them. The stiffness of the proposed collars is much higher than these angle and straps, so it is anticipated that short lap splices will behave at least as well under collar confinement. 
	 
	1.4.2 Steel Collar Configurations 
	 
	Steel collars can be fabricated in various ways. For example, they can be made from steel hollow structural sections (HSS), steel wide flange sections or channels, or cut from thick steel plates. The corner connections can be welded or bolted. Figure 1 6 shows examples of collars made from steel HSS with bolted and welded corner connections, and solid steel collars cut from steel plates with two continuous corners and two bolted corners. The bolted collars can simply be clamped to the column at the required spacing. In order to install collars with welded corner connections (Figure 1 6(b)), on site welding is required which may not be economically feasible. It is anticipated that the solid collars made by cutting thick steel plates may be most economical as compared to other collar configurations. However, in the experimental program of this reseach project, only the collars made from HSS were used due to their low weight-to-stiffness ratio. However, numerical work on both hollow and solid collars having rigid corner connections has been carried out (Chapter 6). 
	 
	The development of economical collar configurations is ongoing at the University of Alberta. The present focus is collars made by cutting steel plates with two rigid and two bolted corners (Figure 1 6(c)). However, no matter what type of collar is used, for this purpose it must have sufficient flexural stiffness to anchor the tension field of the steel plate shear walls without significant deformation and without a significant reduction in the confining pressure on the concrete column. The confining pressure of these collars is contributed by both axial and flexural stiffness of the sides of the collars. The effect of axial and flexural stiffness of collars in confining the concrete was segregated numerically by Hussain and Driver (2001). 
	 
	1.5 Scope and Objectives 
	 
	The proposed rehabilitation scheme results in a structural system that consists of steel plate shear wall panels bounded by a reinforced concrete frame confined by steel collars, as shown in Figures 1 2 and 1 5. The overall objective of the ongoing research program is to study the behaviour of this composite system and to optimize it in terms of both performance and economics. Before testing such a rehabilitated frame under simulated seismic loading, it was considered important to conduct a comprehensive investigation of the fundamental behaviour of the collared columns themselves since they play a pivotal role in the seismic performance of this composite system (because the seismically deficient concrete frame is vulnerable as compared to the steel plate shear wall). This study of the collared column behaviour forms the scope of the report. Although the confined behaviour of locations of lapped longitudinal bars is important, this has been left for future research. For organizational purposes, the scope of the report is divided into two main phases: in phase 1, the behaviour of collared columns under concentric axial loading was investigated, and in phase 2, the behaviour of collared columns under simulated seismic loading was studied. 
	 
	 
	1.5 1 Phase 1 
	 
	In this phase, the behaviour of reinforced concrete columns confined externally by steel HSS collars with bolted or welded corner connections under concentric axial loading was studied both experimentally and numerically. In the experimental part of this phase, a total of 11 columns were tested; five columns were confined by collars with bolted corner connections, four were confined by collars with welded corner connections, and two columns (control columns) were provided with conventional tie reinforcement in the test region for comparison. The major parameters included in this study were: type of collars (bolted or welded); size of collars (axial and flexural stiffness); and spacing of collars. Figure 1 2 shows a typical conventional hoop reinforcement cage, an HSS collar with welded corner connections, and assembled and exploded views of an HSS collar with bolted corner connections. Figure 1 7 shows a typical column with bolted collars and a typical column with welded collars in the test setup. 
	 
	Finite element models were developed to determine the behaviour of these collars in terms of confining pressure vs. lateral strain. An existing empirical model, developed originally for FRP confinement, was modified to provide a tool for determining the confined concrete material curves based on the confining pressure vs. lateral strain response. In addition, non dimensional parameters for square solid and HSS collars were identified to eliminate the scale effect. Models were then developed for predicting the behaviour of the collars in terms of these non dimensional parameters by performing nonlinear multiple regressions on the data generated by a parametric study conducted through finite element analyses. 
	 
	1.5.2 Phase 2 
	 
	In phase 2, a total of nine columns were tested under simulated seismic loading. In one column (control column), the confinement was provided by conventional tie reinforcement in the test region. In the remaining eight columns, the confinement in the test region was provided by steel HSS collars with welded corner connections. The major parameters included in this study were: size of collars; spacing of collars; shear span; and axial load index. Figure 1 8 shows some of the phase 2 columns at different stages of collar installation using epoxy grout. Figure 1 9 shows a typical phase 2 column in the test set up.  
	 
	In addition to the experimental work, a plastic hinge analysis was performed to predict the envelope curves to the hystereses of the collared columns. 
	 
	1.6 Report Format and Organization 
	 
	Each chapter of this report has its own bibliography placed at the end of the chapter. The notation is consistent throughout the report and is listed in the prefatory pages. 
	 
	For organizational purposes, the report has been divided into seven chapters. Chapter 2 presents a literature review of subjects directly related to this report: the most common seismic deficiencies in existing reinforced concrete frame buildings due to poor reinforcement details; experimental and analytical studies on confinement; a historical account of ACI code developments related to column confinement; and experimental studies on jacketed columns which have certain behavioural characteristics that are similar to collared columns. Chapter 3 presents the experimental program, experimental results, and related discussion on the columns tested under concentric monotonic loading. Chapter 4 presents the experimental program, test results, discussion, and prediction of envelope curves to the hystereses of the columns tested under simulated seismic loading. Chapter 5 presents a model for determining the confined concrete material curves of the collared columns, which is then verified by comparing the predicted results with experimental results given in Chapter 3. In Chapter 6, the confining behaviour of collars in terms of confining pressure vs. lateral strain is presented. Non dimensional parameters are identified both for HSS and solid collars with rigid corner connections. The results of parametric studies are presented and then empirical models are developed by performing multiple nonlinear regressions on the data generated through finite element analyses. Each of the developed models is then validated by comparison with a number of typical cases. In Chapter 7, a summary, conclusions, and recommendations for future research are presented. 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	1.7 References 
	 
	Applied Technology Council (ATC). 1996. Seismic evaluation and retrofit of concrete buildings. Safety Commission, State of California, Report No. SSC 96 01 (ATC 40), Vol. 1 and 2, November. 
	 
	Astaneh Asl, A., 2001. Seismic behaviour and design of steel shear walls. Steel TIPs Report, Structural Steel Educational Council, July, Moraga, CA. 
	 
	Baldelli, J. A. 1983. Steel shear walls for existing buildings. Engineering Journal, AISC, Second Quarter, pp. 70 77. 
	 
	Basler, K., 1961. Strength of plate girders in shear. Journal of Structural Division. Proceedings of the American Society of Civil Engineers. Vol. 87, No. ST7, October, pp. 151 180. 
	 
	Behbahanifard, M.R. 2003. Cyclic behaviour of unstiffened steel plate shear walls. PhD Dissertation, Department of Civil and Environmental Engineering, University of Alberta, Edmonton, AB, Canada. 
	 
	Bracci, J.M., Reinhorn, A.M., and Mander, J.B. 1995. Seismic retrofit of reinforced concrete buildings designed for gravity loads: Performance of Structural Model. ACI Structural Journal, Vol. 92, No. 6, pp. 711 723. 
	 
	Caccese, V., Elgaaly, M., and Chen, R. 1993. Experimental study of thin steel plate shear walls under cyclic load. Journal of Structural Engineering, ASCE, Vol. 119, No. 2, pp. 573 587. 
	 
	Celebi, M., 1997. Response of Olive View Hospital to Northridge and Whittier Earthquakes. Journal of Structural Engineering, ASCE, Vol. 123, No. 4, April, pp. 389 396. 
	 
	Driver, R.G., Grondin, G.Y., Behbahanifard, M.R., and Hussain, M.A. 2001. Recent developments and future directions in steel plate shear wall research. North American Steel Construction Conference, Ft. Lauderdale, FL, May 9 12. 
	 
	Driver, R.G., Kulak, G.L., Elwi, A.E., Kennedy, D.J.L. 1998b. FE and simplified models of steel plate shear wall. Journal of Structural Engineering, Vol. 124, No. 2, pp. 121 130. 
	 
	Driver, R.G., Kulak, G.L., Kennedy, D.J.L., and Elwi, A.E. 1996. Seismic behaviour of steel plate shear walls, Structural Engineering Report 215, Department of Civil Engineering, University of Alberta, Canada.  
	 
	Driver, R.G., Kulak, G.L., Kennedy, D.J.L., Elwi, A.E., 1998a.Cyclic test of four story steel plate shear wall. Journal of Structural Engineering, ASCE, Vol. 124, No. 2, pp. 121 130. 
	 
	Elgaaly, M., Caccese, V., and Du, C. 1993. Postbuckling behavior of steel plate shear walls under cyclic loads. Journal of Structural Engineering, ASCE, Vol. 119, No. 2, pp. 588 605. 
	 
	Elgaaly, M. and Liu, Y. 1997. Analysis of thin steel plate shear walls. Journal of Strucutral Engineering, Vol. 123, No. 11, pp. 1487 1496. 
	 
	Fujitani, H., Yamanouchi, H., Okawa, I., Sawai, N., Uchida, N., and Matsutani, T., 1996. Damage and performance of tall buildings in 1995 Hyogoken Nanbu Earthquake. Proceedings, The 67th Regional Conference, Council on Tall Building and Urban Habitat, Chicago, pp. 103 105. 
	 
	Hitaka, T., and Matsui, C. 2003. Experimental study on steel plate shear wall with slits. Journal of Structural Engineering, ASCE, Vol. 129, No. 5. pp.586 595. 
	 
	Hussain, M.A. and Driver, R.G. 2001. Finite element study on the strength and the ductility of externally confined rectangular and square concrete columns,” Proc., Canadian Society for Civil Engineering, Annual Conference, Victoria, BC, Canada, May 30-June 2. 
	 
	Kuhn, P., Peterson, J.B. and Levin, L.R., 1952. A summary of diagonal tension: Part II – Experimental evidence. Technical Memorandum No. 2662, National Advisory Committee for Aeronautics, Washington, D.C. 
	 
	Kuhn, P., 1956. Stresses in aircrafts and shell structures. McGraw Hill Book Co., New York, N.Y. 
	 
	Lubell, A.S., Prion, H.G.L., Ventura, C. E., Rezai, M. 2000. Unstiffened steel plate shear wall performance under cyclic loading. Journal of Structural Engineering. Vol. 126, No. 4, pp. 453 460. 
	 
	Mimura, H. and Akiyama, H. 1977. Load deflection relationship of earthquake resistant steel shear walls with a diagonal tension field. Transactions, Architectural Institute of Japan, 260, October, pp. 109 114 (in japanese). 
	 
	Rezai, M., 1999. Seismic behaviour of steel plate shear walls by shake table testing. PhD Dissertation, Department of Civil Engineering, University of British Columbia, Vancouver, Canada. 
	 
	Roberts, T.M. 1995. Seismic resistance of steel plate shear walls. Engineering Structures, Vol. 17, No. 5, pp. 344-351. 
	 
	Roberts, T.M. and Sabouri Ghomi, S.S. 1991. Hysteretic characteristics of unstiffened plate shear panels. Thin Walled Structures, Vol. 12, pp.145 162. 
	 
	Robinson, K. and Ames, D. 2000. Steel Plate shear Walls (Library Seismic Upgrade). Modern Steel Construction, pp. 56 60. 
	 
	Sabouri Ghomi, S. and Roberts, T.M. 1992. Nonlinear dynamic analyses of steel plate shear walls including shear and bending deformations. Engineering Structures, Vol. 14, No. 5, pp. 309 317. 
	 
	Takahashi, Y., Takemoto, Y., Takeda, T., and Takagi, M., 1973. Experimental study on thin steel shear walls and particular bracings under alternative horizontal load. Preliminary Report, IABSE Symposium on Resistance and Ultimate Deformability of Structures Acted on by Well defined Repeated Loads, Lisbon, Portugal, pp. 185-191. 
	 
	Timler, P.A., 1998. Design procedure development, analytical verification, and cost evaluation of steel plate shear wall structures. Earthquake Engineering Research Facility, Technical Report No. 98 01, Department of Civil Engineering, University of British Columbia. Vancouver, BC. 
	 
	Timler, P.A. and Kulak, G.L. 1983. Experimental study of steel plate shear walls. Strucutral Engineering Report No. 114, Department of Civil Engineering, University of Alberta, Edmonton, Alberta, Canada. 
	 
	 
	Thorburn, L.J., Kulak, G.L., and Montgomery, C.J., 1983. Analysis of steel plate shear walls. Structural Engineering Report No. 107, Department of Civil Engineering, University of Alberta, Edmonton, Canada. 
	 
	Tromposch, E.W. and Kulak, G.L. 1987. Cyclic behaviour of thin panel steel plate shear walls. Structural Engineering Report No. 145, Department of Civil Engineering, University of Alberta, Edmonton, Alberta, Canada. 
	 
	Troy, R.G. and Richard, R.M., 1979. Steel plate shear wall resist lateral load, cut costs. Civil Engineering, ASCE, Vol.49, February, pp. 53 55. 
	 
	Valluvan, R., Kreger, M. E., and Jirsa, J. O. 1993. Strengthening of column splices for seismic retrofit of nonductile reinforced concrete frames. ACI Structural Journal, Vol. 90, No. 4, pp. 432 440. 
	 
	Wagner, H., 1931. Flat sheet metal girders with very thin webs, Part I General theories and assumptions. Technical Memorandum. No. 604, National Advisory Committee for Aeronautics, Washington, DC. 
	 
	Xue, M. and Lu, L. W. 1994. Interaction of infilled steel shear wall panels with surrounding frame members. Proceedings Structural Stability Research Council, Annual Technical Session, Bethleham, PA. pp. 339-354. 
	 
	Yamaguchi, T., Nakata, Y., Takeuchi, T., Ikebe, T., and Nagao, T., 1998. Seismic control devices using low yield point steel. Nippon steel Co., Technical Report No. 368, Japan. 

	Chapter2.pdf
	 
	2. LITERATURE REVIEW 
	 
	2.1 Introduction 
	 
	The behaviour of columns plays a key role in the performance of reinforced concrete frames during earthquakes. The failures of columns are generally more catastrophic than those of beams. In past earthquakes such as the 1971 San Fernando (Fung et al., 1971), 1989 Loma Prieta (NIST, 1990), 1994 Northridge (EERI, 1994), 1995 Kobe (EERI, 1995), and 1999 Kocaeli (Sezen et al., 2003), non ductile reinforced concrete frames were severely damaged and collapsed. The most common deficiency in non ductile reinforced concrete frames is inadequate flexural strengths due to short and lightly confined lap splices located in the potential plastic hinge regions. The brittle mode of failure that often occurs due to this deficiency can be mitigated by providing external confinement by, for example, steel jackets in the plastic hinge region (Aboutaha et al., 1996; Chai et al. 1990; and Valluvan et al., 1993). In spite of using the strong column–weak beam concept in design, according to the recommendations of various codes, the formation of plastic hinges in the columns above the bases (at the foundation) cannot be avoided. In order to prevent the formation of plastic hinges in the columns of upper stories, Paulay (1986) demonstrated that the ratio of nominal flexural strength of the columns to that of the beams meeting at a joint should be in the range of 2.0 to 2.5. Satisfying the code requirements of the strong column–weak beam concept, therefore, does not guarantee that the plastic hinges will not form in the columns during strong earthquakes. Similarly, Mitchell and Paultre (1994) also reported that the formation of plastic hinges in columns is still possible despite the application of strong column–weak beam concept. 
	 
	In the case of conventional concrete frames, plastic hinges generally form in the columns or beams close to the joints. However, in the case of concrete frames with steel infill panels (steel plate shear walls), the columns are subjected to high curvature ductility demands that extend well beyond the joint region due to the demand from the tension field that develops in the plate, as shown in the finite element model in Figure 2 1. In contrast, the beams are not affected as much by the tension field because in multi-storey structures there is little difference in the magnitude of oppositely acting tension field forces in the adjacent storeys. The present reseach focus is on the improvement of curvature ductility of concrete columns with poor reinforcement details through confinement using steel collars at locations away from the lap splices. The system can be used for rehabilitation of concrete frames either with or without steel plate shear walls. The behaviour of plastic hinges at the location of lap splices under steel collar confinement will be addressed in future research. In addition to poor reinforcement details, buildings can also be seismically deficent due to configurational deficiencies such as: incomplete load path; vertical irregularities; horizontal irregularities; and inappropriate beam/column relative strengths (ATC 40, 1996). The discussion of these particular deficiencies is beyond the scope of this report. 
	 
	This chapter provides an overview of the literature in key areas related to the present research. As such, the nature of concrete confinement is reviewed and several of the most prominent confinement models are discussed. In addition, the present requirements of ACI 318 pertaining to confinement are described as well as the historical progression of their development. Due to certain similarities with the behaviour of concrete confined by steel collars, some research into confinement using steel jackets is also summarized.  
	 
	2.2 Confinement of Concrete 
	 
	Confined concrete is defined as concrete that is restrained in the directions normal to the applied stress. There are two types of confinement: active confinement and passive confinement. When the transverse stress is externally applied, the confinement is called active confinement; for example, an axially loaded cylinder subjected to lateral fluid pressure is actively confined. The tests conducted by Richart et al. (1928) on test specimens confined by lateral fluid pressure showed that both the strength and ductility of the concrete were greatly increased. 
	 
	The confinement of concrete by closely spaced spirals or hoops, or other non-prestressed means, is passive in nature. At low levels of axial concrete stress, the transverse reinforcement is virtually unstressed and thus the concrete behaves as if unconfined. The benefits of confinement are seen when the axial stresses approach the uniaxial capacity. At this point, the concrete increases in volume due to progressive internal fracturing and it bears against the transverse reinforcement, which in turn applies a confining reaction to the concrete. This confining action increased both the strength and the ductility of the concrete. 
	 
	Numerous experimental studies have been performed on concrete confinement since the start of research in late 1920s. Some studies were performed on small scale specimens (Richart et al., 1928, 1929; Iyengar, 1970; Ahmad and Shah, 1982, 1985) and some were performed on large scale specimens (Vallenas et al., 1977; Sheikh and Uzumeri, 1980; Scott et al., 1982; Mander et al., 1988a). These studies show that the behaviour of confined concrete is affected by various factors summarized in the following. 
	 
	 
	 
	 
	 
	2.2.1 Comparison Between Hydraulic and Rebar Confinements 
	 
	Richart et al. (1928) tested concrete cyclinders under constant hydraulic confining pressures. However, from specimen to specimen, the confining pressure was varied. Enhancement in both the strength and ductility of the concrete was achieved. The strength of concrete confined by an active hydrostatic fluid pressure can be represented by the following relationships: 
	 
	[2.1]                               
	 
	and the strain at peak stress of the confined concrete,  , is given by the following equation: 
	 
	[2.2]                            
	 
	where: 
	 
	  = strength of confined concete; 
	  = strain at peak stress of the confined concrete; 
	  = lateral confining pressure by fluid; 
	  = strain at peak stress of unconfined concrete; and 
	  = strength of unconfined concrete; 
	 
	The values of the coefficients   and   depend on the concrete mix design and the lateral confining pressure and are related to each other by the equation (Richart et al., 1928):  . The coefficient   assumes high values at low confining pressure and low values at high confinig pressure. Saatcioglu and Razvi (1992) developed the following equation (also plotted in Figure 2 2) between the coefficient   and the lateral confining pressure,  , by performing a regression analysis on the test results of Richart et al. (1928): 
	 
	[2.3]                         
	 
	A similar trend was observed by Balmer (1949) in his tests, where   varied from 4.5 to 7.0, with an average value of 5.6. 
	 
	Richart et al. (1929) also conducted tests on spirally reinforced concrete cyclinders. It was found that Equation 2.1 gives a good prediction of the confined strength of spirally reinforced cylinders for an average value of  , i.e., the enhancement in strength of concrete with passive confining pressure resulting from closely spaced circular steel spirals was approximately the same as that for concrete with active confining pressure from hydraulic fluid. It was also reported by Iyenger et al. (1970) that confinement by hydrauric confining pressure and by circular spirals produce almost identical enhancement in concrete strength. Furthermore, the expression for strain at peak stress of confined concrete (Equation 2.2) based on the test results of concrete under hydraulic confining pressure is used in the confinement model proposed by Mander et al. (1988b). The confinement model proposed by Saatcioglu and Razvi (1992) makes use of both Equations 2.1 and 2.2 based on the test results of hydraulically confined concrete. Both of these models give a good prediction of the behaviour of concrete confined by steel rebars, confirming the similarity between the hydraulic confinement and rebar confinement. 
	 
	2.2.2 Enhancement in Strength and Ductility due to Confinement 
	 
	It has been shown experimentally that square hoops do not confine the concrete as effectively as circular spirals. This is because the confining reaction can only be applied in the corner regions of the hoops since the bending resistance (flexural stiffness) of the transverse steel between the corners is insufficient to restrain the expansion of the concrete along the whole length of bar. Therefore, the concrete is only effectively confined in the corner and central regions of the cross-section and disruption of a considerable portion of the core area occurs. 
	 
	Iyengar et. al (1970) reported the test results of a large number of small scale cylinders and prisms confined by circular spirals, square spirals, and hoops. A term “confinement index” was defined to quantify the level of confinement. It was found that for the same level of confinement index, the cylinders confined by circular spirals showed a greater enhancement in concrete strength as compared to those confined by square spirals and hoops. However, confinement by square spirals was found to be more effective than that of the square hoops. It was also found that for the same value of confinement index, the strain at peak stress of confined concrete was higher for concrete cylinders confined by circular spirals than that of those confined by square spirals and hoops. Also, the strain at peak stress of concrete prisms confined by square spirals was higher than that of prisms confined by square hoops. 
	 
	Mander et al. (1988a) tested a large number of full-size columns with circular, square or rectangular cross sections. Based on the test results, it was found that circular columns confined by spiral reinforcement performed better than square and rectangular columns with respect to both enhancement in concrete strength and strain at peak stress of confined concrete. Based on the test results of full scale concrete columns confined externally by steel HSS (hollow structural sections) collars, Hussain and Driver (2004) also reported that both the strength and ductility of concrete increases through confinement. 
	 
	2.2.3 Effect of Gage Length 
	 
	Ahmad and Shah (1985) studied the effect of gage length on the stress vs. strain curves of unconfined and steel spiral confined concrete, through the test results of small scale specimens. For the unconfined concrete, the following observations were made: (1) stress vs. strain curves for smaller gage lengths (102 mm) were stiffer than those obtained for larger gage lengths (311 mm). However, only a very small difference was observed in the secant modulus of elasticity,  , based on strain gages and large gage lengths (311 mm); (2) The strain at peak stress for a small gage length is smaller than that for a large gage length; and (3) The curves for small gage lengths were more ductile as compared to those for large gage lengths in the descending part beyond the peak. 
	 
	For the confined concrete specimens, the following observations were made on the stress vs. strain curves: (1) For specimens with gage lengths less than or equal to the spiral spacing, a flatter descending branch of the stress strain curve was obtained when the spiral spacing was close to the gage length; (2) In the specimens with gage lengths greater than the spiral spacing, a less steep (flatter) descending branch of the stress strain curve was obtained when the gage length was close to the spiral spacing. 
	 
	2.2.4 Effect of Strain Rate 
	 
	Ahmad and Shah (1985) studied the effect of the longitudinal strain rate on the behaviour of confined and unconfined small-scale cylindrical concrete specimens. Spiral steel was used for confining the confined concrete. Two strain rates—a static strain rate (32x10-6/sec) and a dynamic strain rate (30000x10-6/sec)—were used. The secant modulus of elasticity and the peak strength of the plain concrete were increased due to the increase in strain rate. The post-peak behaviour of the plain concrete specimens under high strain rates could not be obtained due to the explosive nature of the failure at maximum stress. It was also observed that the strain rate had no effect on the initial tangent modulus of elasticity of plain concrete. It was also found that the effect of strain rate on the secant moduli of elasticity of confined and unconfined concrete were about the same. By increasing the strain rate, both the peak stress and the strain at peak stress for confined concrete were increased. The descending branch of the stress strain curve of the confined concrete became steeper due to the increase in the strain rate. 
	 
	Scott et al. (1982) also studied the effect of strain rate on the behaviour of large scale confined and unconfined concrete specimens. Two strain rates (3.3x10-6/sec and 0.0167/sec) were used. (The strain rate 0.0167/sec is equivalent to that expected during earthquakes). For unconfined concrete specimens, both the secant modulus of elasticity and peak stress increase by increasing the strain rate. However, the strain at peak stress for plain concrete specimens appears to decrease by increasing the strain rate. For confined concrete specimens, it was observed that by increasing the strain rate, the peak stress, the strain at peak stress, and the slope of descending branch all increase. 
	 
	2.2.5 Effect of Strength of Concrete  
	 
	Based on their test results, Ahmad and Shah (1982) reported that the effectiveness of confinement decreases with the increase in concrete strength. This is because the higher strength concrete shows less lateral strain at peak stress as compared to that of low strength concrete. Models proposed by Razvi and Saatcioglu (1999), Cusson and Paultre (1995), Légeron and Paultre (2003) for predicting the behaviour of high strength concrete also appreciate this phenomenon. According to these models, the strain at peak stress of confined concrete decreases with the increase of strength of unconfined concrete and the slope of the descending branch increases with the increase of strength of unconfined concrete. 
	 
	2.2.6 Effect of Type of Aggregate  
	 
	It was also observed by Ahmad and Shah (1982) in their tests that confinement reinforcement was less effective for light weight concrete as compared to normal weight concrete. The light weight aggregate concrete shows characteristics similar to those of high strength concrete; the lateral expansion of light weight concrete at peak stress is less than that of normal weight concrete. In addition, similar to high strength concrete, the lightweight aggregate concrete exhibits low toughness, low ductility, and rapid of loss resistance after reaching the peak stress (Wang et al., 1978; and Zhang and Gjørv, 1991). 
	 
	2.2.7 Effect of Yield Stress of Confining Steel 
	 
	Ahmad and Shah (1982) studied the effect of yield stress of the confining steel on the confining behaviour. For this purpose, the results of specimens with steel spiral wires with yield stresses of 276 MPa, 1116 MPa, and 1433 MPa were used. This effect was studied on two concrete strengths: 34 MPa and 45 MPa. In the case of 34 MPa concrete, the stress in the confining steels at the peak strength of the confined concrete was found to be approximately 276 MPa for all cases, meaning that one of the steels just reached its yield stress and the others did not yield. In the case of 45 MPa concrete, the stress in the confining steels at the peak strength of the confined concrete was equal to about 173 MPa in each case, indicating that none of the steels had yielded at this point. 
	 
	In cases where yielding of the confining steel takes place after reaching the peak stress of the confined concrete, clearly the yield stress of the confining steel will not affect the peak stress of the confined concrete. 
	 
	However, the slope of the descending branch is affected by the yield strength of the confining steel. Ahmad and Shah (1982) also predicted that the descending branch of the high strength concrete could be made flat by using confining steel of very high yield strength. It is to be noted that the stress in the confining steel at peak stress of the confined concrete is less for 45 MPa concrete as compared to that of 34 MPa. This is because the lateral expansion of concrete at its peak stress reduces with the increase in the strength of the concrete. 
	 
	Sheikh and Uzumeri (1980) observed in their testing program that by reducing the yield stress of the confining steel, the strength enhancement of the confined concrete decreases. This is not contrary to the Ahmad and Shah (1982) findings where yielding of the confining steel takes place either at the peak stress or after the peak stress of the confined concrete. In the case of the Sheikh and Uzumeri (1980) experimental program, a reduction in yield stress of the confining steel due to heat treatment led to yielding before reaching the peak stress of the confined concrete and, as a result, a reduction in the peak stress of the confined concrete took place. 
	 
	Chung et al. (2002) reported based on their test results on 65 concrete columns of 200 x 200 mm cross section that yielding of confining steel after the maximum load results in improved ductility. Yielding of the confining steel before and close to the peak load deteriorates the ductility of the confined concrete columns. 
	 
	 
	2.2.8 Effect of Spacing of Confining Steel 
	 
	The behaviour of confined concrete is highly dependent on the spacing of the confining steel. Scott et al. (1982) reported, based on their test results, that with the increase of spacing of transverse reinforcement, keeping other parameters constant, the efficiency of confinement decreases.  
	 
	If the spacing of transverse steel is too large, it becomes ineffective no matter how high the volumetric ratio of transverse steel is. Iyengar et al (1970) reported, based on their test results, that the confinement is only effective if the spacing of the confining steel is less than the least lateral dimension of the column. For spacing of the confining steel equal to the least lateral dimension, virtually no enahcement in strength and ductility was observed. Similarly, Ahmad and Shah (1982), based on their test results, reported that the effect of confinement became negligible in specimens for spiral spacings equal to 1.25 times the diameter of the confined concrete core. 
	 
	2.2.9 Effect of Amount of Confining Steel 
	 
	The amount of confining steel in the columns has a significant effect on the behaviour of the column. Scott et al (1982) reported that an increase in the amount of transverse reinforcement in the columns enhances the peak stress and longitudinal strain at first hoop fracture, and it decreases the slope of the declining branch of the confined concrete. In this research program, enhancements in concrete strength due to confinement equal to 22% and 24% were obtained for columns with volumetric ratios of tie steel equal to 0.0174 and 0.0182 (both at 72 mm on centres), respectively, tested under concentric monotonic axial loading at a slow strain rate (3.3×10-6/sec).  
	 
	In addition, enhancements in concrete strength equal to 41% and 79% were obtained for columns with volumetric ratios of tie steel equal to 0.0140 (at 98 mm on centres) and 0.0309 (at 64 mm on centres), respectively, tested under concentric monotonic axial loading at a high strain rate (0.0167/sec). The difference in the enhancement of concrete strength is the combined effect of change of spacing and change of volumetric ratio of transverse steel. 
	 
	Sheikh and Uzumeri (1980) also reported that the amount of transverse reinforcement has a significant effect on the behaviour of confined concrete. It was observed that by increasing the amount of transverse steel reinforcement, both the strength and ductility of concrete increases. In this research program, a total of 24 concrete columns of 305x305 mm in cross section and 1955 mm overall height were tested under concentric monotonic axial loading at the same strain rates with different types of tie configurations and spacings. Enhancements in concrete strength equal to 18% and 70% were obtained for columns with volumetric ratios of tie steel equal to 0.008 (at 57 mm on centres) and 0.0227 (at 38 mm on centres), respectively, tested under concentric monotonic axial loading. The difference in the enhancement of concrete strength is the combined effect of change of spacing and change of volumetric ratio of transverse steel. 
	 
	Mander et al (1988a) also reported, based on their tests on 500 mm diameter and 1500 mm long circular columns, that the most significant parameter affecting the behaviour of confined concrete is the quantity of the transverse reinforcement. In this research program, enhancements in concrete strength equal to 24% and 76% were obtained for columns with volumetric ratios of tie steel equal to 0.008 (with 119 mm spiral pitch) and 0.0182 (with 41 mm spiral pitch), respectively, tested under concentric monotonic axial loading. The difference in the enhancements of concrete strength is from the combined effect of the change of spacing and the change of volumetric ratio of transverse steel. 
	 
	2.2.10 Effect of Strain Gradient  
	 
	Scott et al. (1982) tested a total of 27 columns of size 450x450x1200 mm under concentric and eccentric axial loading at low and high strain rates. They observed that the presence of a strain gradient across the section that is steep enough to position the neutral axis within the limits of the cross-section increased the extreme longitudinal compressive strain at which first fracture of a hoop took place by 2.0 to 3.3 times as compared to the average compressive strain of a similar concentrically loaded column. It is to be noted that the average compressive strain of the concentrically and eccentrically loaded specimens were more or less the same at the fracture of the first hoop, however. In addition, the reduction in load after the peak was reached was smaller in the eccentrically loaded columns. Therefore, it was concluded that it is conservative to calculate the moment vs. curvature relationships of concrete members with the neutral axis within the section based on the stress vs. strain curve of concrete obtained from concentric load tests. The strain gradient of members in which the neutral axis lies outside of the section is similar to that of columns under concentric loading. Therefore, for such members, using the stress vs. strain curves of concrete obtained from concentric load tests results in a low level of conservatism. 
	 
	 
	 
	2.2.11 Effect of Distribution of Longitudinal Steel and Resulting Tie Configuration 
	 
	Sheikh and Uzumeri (1980) showed that the distribution of longitudinal steel and the resulting tie configuration has an effect on the confining behaviour of a column. Four patterns for the distribution of longitudinal steel around the core and the resulting tie configurations were investigated. It was found that the columns with well distributed longitudinal bars around the column core showed a greater enhancement in strength and ductility. Scott et al (1982) also reported that by increasing the numbers of longitudinal bars around the column core, while keeping the longitudinal reinforcement ratio constant, the effectiveness of confinement was improved. 
	 
	2.3 Confinement Models 
	 
	Creating a model to predict the stress vs. strain behaviour of confined concrete has always been a challenge to researchers. Since the start of research in this field, numerous models have been proposed for this purpose such as those developed by Chan (1955); Roy and Sozen (1964); Soliman and Yu (1967); Sargin (1971); Kent and Park (1971); Vallenas et al. (1977); Sheikh and Uzumeri (1982); Mander et al. (1988b); Saatcioglu and Razvi (1992); Fam and Rizkalla (2001); Chung et al. (2002); and Légeron and Paultre (2003). All of these models are for the confinement of concrete by steel reinforcing bars except the model proposed by Fam and Rizkalla (2001), which is for the confinement of concrete by circular fiber reinforced polymer tubes. A brief description of these models is given in the following. 
	 
	2.3.1 Chan (1955) 
	 
	Chan (1955) proposed a model for the stress vs. strain curve of unconfined and confined concrete shown in Figure 2 3, based on the test results of small scale specimens (152 x 152 x 292 mm and 152 x 92 x 1321 mm) tested under axial load with small eccentricity. It was assumed that the strength enhancement factor, , due to confinement, and the strain at peak stress of confined concrete, , depend on the volumetric ratio of the confining steel to the core concrete. Equations for the strength enhancement factor,  , and strain at peak stress of confined concrete,  , were proposed. 
	 
	While modelling the behaviour of unconfined concrete by this trilinear curve (OABC), the slope of line BC is always negative. In case of confined concrete, the slope of line BC depends on the level of confinement and for higher levels of confinement, it can be positive as shown in Figure 2 3. 
	 
	2.3.2 Roy and Sozen (1964) 
	 
	Based on the test results of small scale prisms (127 x 127 x 635 mm) confined by steel rectilinear ties, Roy and Sozen (1964) concluded that confinement improves ductility without enhancing the strength of concrete. Based on these observations, a stress vs. strain model for confined concrete was proposed which is shown in Figure 2 4. The model curve consists of two linear segments; OA and AB. The slope of the descending branch depends on the level of confinement. In order to define the descending branch, an equation for   was proposed, where,   is the strain in the post peak region at which the confined concrete stress becomes equal to 50% of the strength of the confined concrete. The variables considered for the ductility of the concrete were the volumetric ratio of confining steel to core concrete and the ratio of the shorter column dimension to the center-to center spacing of tie steel. 
	 
	2.3.3 Soliman and Yu (1967) 
	 
	Soliman and Yu (1967) proposed a model to predict the stress vs. strain behaviour of concrete confined by steel reinforcement (Figure 2 5) based on eccentric compression tests on small scale concrete specimens with cross sections 76 x 152 mm, 102 x 152 mm, and 127 x 152 mm, having a simple tie arrangement (each tie consisted of only a single hoop). The overall height of the specimens was 1321 mm and they were divided into two end zones and a middle prismatic zone. The length of the end zone (including the tapered portion) was 406 mm and the length of the test region was 508 mm. 
	 
	It was assumed that the confined concrete material curve depends on the area of the steel tie bar, the tie spacing, and the section geometry. The proposed curve (OABC) consists of three segments. The segment OA is a parabola that starts from the origin and ascends to its apex at point A ( ,  ). Segment AB is a horizontal line at the maximum confined concrete stress, , up to a strain,  . Segment BC represents a linear descending branch of the material curve, the slope of which is determined using the strain quantity   (the strain in the post peak region that corresponds to a confined concrete stress of  ). In order to define the confined concrete material curves by this model, the values of  ,  ,  , and   are required, for which they proposed equations. 
	 
	2.3.4 Sargin (1971) 
	 
	The model for the stress vs. strain curve of concrete confined by rectilinear steel ties proposed by Sargin (1971) is shown Figure 2 6. The model is based on the results of small scale concrete specimens (127 x 127 x 635 mm) tested under concentric and eccentric loading. No considerable difference in concrete strength for concentrically and eccentrically loaded specimens was obtained. A single continuous equation was proposed for the complete stress vs. strain response of confined concrete depicted in Figure 2 6. In the equation, shown in the figure, the variable A controls the slope of the ascending branch and D controls the path of the descending branch. In order to define the confined material curves by this model, the values of   and   are required. Based on his test results, Sargin (1971) proposed equations for the strength enhancenment factor,  , and the strain at peak stress of confined concrete,  , both of which depend on the following variables: volumetric ratio of lateral steel reinforcement to concrete core; ratio of tie spacing to the width of concrete core; yield strength of steel; and unconfined concrete strength. Knowing the strength enhacement factor, the strength of confined concrete,  , can be calculated as follows:  . 
	 
	2.3.5 Kent and Park (1971) 
	 
	Kent and Park (1971) proposed a model to predict the stress vs. strain curve of concrete in rectangular or square columns confined by transverse steel hoops. The model curve ABCD (Figure 2 7) consists of three parts: (1) ascending branch AB, represented by a parabola which starts from the origin and terminates at point B (0.002  ; (2) descending branch, represented by a straight line that extends to a stress equal to 0.2 ; and (3) the residual stress, for confined concrete only, represented by a horizontal straight line. The model is based on the results of previously existing experimental studies on small scale column specimens with four corner bars and square ties as reported by Roy and Sozen (1965), Bertero and Felippa (1965), and Soliman and Yu (1967), in which no significant enhancement in concrete strength was observed. Hence, to be on the conservative side, this model assumes no enhancement in concrete strength and no enhacement in strain at peak stress due to confinement. The presence of confinement steel only affects the slope of the descending branch. The slope of the descending branch becomes less steep by increasing the amount of confining steel and vice versa. The slope of the descending branch depends on the concrete strength, the volumetric ratio of confining steel to core concrete, and the ratio of tie spacing to the minimum core dimension. 
	 
	Later, tests were performed on more realistic nearly full size reinforced concrete columns as reported by Scott et al. (1982) and Park et al. (1982). Enhacement in both the concrete strength and ductility were observed in these tests due to confinement. As a consequence, the Kent and Park model was modified (Park et al. 1982) to take into account the enhancement in both concrete strength and strain at peak stress strain due to confinement, as shown in Figure 2 8, in addition to the effect of confinement on the slope of descending branch (which was in the original model). The model assumes that the factor for the enhancement of strength and strain at peak stress of the confined concrete is the same and depends on the following variables: (1) concrete strength; (2) yield strength of confining steel; and (3) volumetric ratio of confining steel. 
	 
	2.3.6 Vallenas et al. (1977) 
	 
	Vallenas et al. (1977) proposed a model (Figure 2 9) to predict the stress vs. strain curve for rectangular or square concrete columns confined by steel hoops. The model is based on the test results of large scale square column specimens (254 x 254 x 762 mm) in which enhancement in both strength and ductility was observed. In As a consequence, the proposed model takes into account both the enhancement in concrete strength and strain at peak stress due to confinement. However, the basic structure of this model is similar to the one proposed by Kent and Park (1971), i.e., the model curve (ABCD) consists of three parts: (1) the ascending branch (AB), represented by a parabola; (2) the descending branch (BC), represented by a straight line; and (3) the residual stress equal to 30% of the confined concrete strength, represented by a horizontal straight line (CD). 
	 
	The model assumes that the behaviour of the confined concrete depends on the following variables: (1) strength of concrete; (2) ratio of the volume of the confining steel to the volume of confined concrete core; (3) ratio of tie spacing to the minimum core dimension; (4) ratio of the cross sectional area of longitudinal bars to the cross-sectional area of the column, which takes into account the effect of longitudinal bars in confining the column concrete; (5) ratio of nominal diameter of hoop reinforcement to the nominal diameter of the longitudinal steel bars; (6) yield stress of the confining steel. 
	 
	2.3.7 Sheikh and Uzumeri (1982) 
	 
	Sheikh and Uzumeri (1982) proposed a model (Figure 2 10) for predicting the stress vs. strain curve of concrete in square concrete columns confined by transverse steel reinforcement. The proposed model curve consists of four segments: (1) ascending branch (AB), represented by a parabola starting from the origin and ascending to a point A ( ,  ); (2) sustaining branch (AB), represented by a horizontal straight line at the maximum confined concrete stress,  , to point B ( ,  ); (3) descending branch (BD), represented by a sloping straight line extending up to the residual stress level; and (4) the residual stress equal to  , represented by a horizontal straight line. The proposed model curve depends on the following variables: (1) strength of concrete; (2) center to center spacing of transverse reinforcement; (3) center to center distance of perimeter hoop (core dimension); (4) distribution of longitudinal steel; (5) volumetric ratio of confining steel; and (6) stress in the confining steel at peak stress of the confined concrete The model takes into account the effect of ineffectively confined regions in the column core on the strength enhancement factor. The effectiveness of confinement decreases with the increase of ineffectively confined regions in the core. The amount of ineffectively confined regions in the core depends on the spacing and configuration of ties and the distribution of longitudinal bars. 
	 
	The major difference between this model and the model proposed by Vallenas et al. (1977) is in how the effect of longitudinal bars in confining the concrete is taken into account. Vallenas et al. (1977) takes this factor into account by assessing the ratio of cross sectional area of longitudinal bars to the cross-sectional area of the column, whereas Sheikh and Uzumeri (1982) consider the distribution of longitudinal bars around the core perimeter. 
	 
	2.3.8 Mander et al. (1988b) 
	 
	Mander et al. (1988b) proposed a model (Figure 2 11) for predicting the stress vs. strain curve of concrete confined by circular hoops, or rectangular hoops with or without supplementary cross ties. The model also takes into account the effect of strain rate and allows for cyclic loading (but only the quasi static part of the model is discussed herein). The model can also account for unequal confining stresses along each of the longitudinal faces of the column core. Similar to that by Sargin (1971), the model makes use of a single equation proposed by Popovics (1973) (originally developed for predicting the behaviour of unconfined concrete) for tracing the complete stress vs. strain curve of confined concrete. Similar to Sheikh and Uzumeri (1982), the effect of ineffectively confined regions in the core was also considered. A confinement effectiveness coefficient was defined in terms of these ineffectively confined regions in the core. In order to plot the confined concrete material curve using this equation, the compressive strength of confined concrete, , and the strain at peak stress,  , are required. The confined compressive strength, , is determined using a constitutive model for multiaxial compressive stresses, and the strain at peak stress,  , is determined using Equation 2.2. The failure criterion is defined using an energy balance approach. The longitudinal compressive strain in the concrete at which fracture of the first hoop takes place is considered to be the failure strain. The failure strain of concrete is determined by equating the strain energy capacity of the transverse reinforcement to the strain energy stored in the concrete as a result of confinement. The model assumes that the confining behaviour of concrete depends on the amount of confining steel expressed in terms of the sectional reinforcement ratio, the yield stress of confining steel, the distribution of longitudinal steel around the core perimeter, the center-to-center spacing of confining steel, and the strength of unconfined concrete. 
	 
	2.3.9 Saatcioglu and Razvi (1992) 
	 
	Saatcioglu and Razvi (1992) proposed an analytical model (Figure 2 12) for the stress vs. strain behaviour of concrete confined by circular and rectilinear steel reinforcement. The model takes into account the effect of the distribution of longitudinal reinforcement around the core perimeter. It gives good predictions for circular, square, and rectangular sections confined with steel spirals, rectilinear hoops, cross ties, welded wire fabric, and combinations of different types of lateral reinforcement. The model recognizes the potential differences in confinement pressures in the two orthogonal directions and allows for the superposition of confinement effects of different types and arrangements of reinforcement. The model can handle concentric and eccentric loading, and slow and fast strain rates. The model curve (Figure 2 12) consists of three segments. Segment AB is a parabola that starts from the origin and goes to point B ( ,  ). The descending branch BC is represented by a sloping straight line, the slope of which depends on the level of confinement and is determined based on the strain  , which is the strain of the confined concrete in the post peak region at a stress equal to  . The descending branch is followed by a horizontal straight line at the residual stress level equal to  . The model provides equations for calculating the values of the confined concrete strength,  , strain at peak stress of confined concrete,  , and strain at 85% of the confined concrete strength in the post peak region,  . The model assumes that the behaviour of confined concrete depends on the amount of confining steel expressed in terms of the sectional reinforcement ratio, the yield stress of the confining steel, the centre to centre spacing of ties, the distribution of longitudinal bars, and the strength of unconfined concrete. 
	 
	2.3.10 Chung et. al (2002) 
	 
	Chung et al. (2002) proposed a model (Figure 2 13) for the stress vs. strain curve of concrete confined laterally by rectilinear tie reinforcement in square concrete columns, based on the test results of 65 columns of 200x200 mm cross section and 600 mm height of unconfined concrete strengths varying from 20 to 54 MPa. The model assumes that the confining behaviour of concrete depends on the volumetric ratio of confining steel to the core concrete, the tie configuration, the yield strength of the tie steel, the diameter of the ties, the centre to centre spacing of ties, the distribution of longitudinal bars, and the unconfined concrete strength. The model accounts for transverse reinforcement of low and high yield strength. The model is not based on the assumption of yielding of the tie steel at the peak stress of confined concrete, as was assumed in the previously existing confinement models, but it provides an equation for determing the stress in the tie steel at that point. It is assumed that the stress in the tie steel at the peak stress of confined concrete is a function of the modulus of elasticity of the tie steel, the configuration of the ties, the volumetric ratio of the tie steel, and the strength of concrete. 
	 
	The model curve (OACD) consists of three segments. The Popovics (1973) equation was used to model the first segment from point O to point A ( ,  ). The descending branch is represented by a sloping straight line AC, the slope of which can be determined with the help of  , which is the strain of confined concrete at   in the post peak region. The descending branch is followed by a horizontal line at the residual stress of  . The model gives equations for the strength enhacement factor,  , which is used to calculate the strength of confined concrete as  , the strain at peak stress of confined concrete, , and the strain at   in the post peak region,  . 
	 
	2.3.11 Légeron and Paultre (2003) 
	 
	A more general model (Figure 2 14) for the confinement of concrete was proposed by Légeron and Paultre (2003) that can accommodate circular, square, and rectangular columns It assumes that discrete confinement elements can be replaced by an equivalent continuous confinement tube. The model is valid for normal  and high strength concrete and can handle transverse reinforcement of low and high yield strength. The model curve (OAC) consists of two parts: the ascending branch OA, represented by an equation proposed by Popovics (1973) and the descending branch AC, represented by an expression obtained by modifying an equation proposed by Fafitis and Shah (1985). The model assumes that the confining behaviour of concrete depends on the sectional reinforcement ratio of transverse steel, the centre to centre spacing of ties, the tie configuration, the yield strength of the tie steel, the diameter of the ties, the distribution of longitudinal bars, and the unconfined concrete strength. Similar to Chung et al (2002), the model does not assume that the tie steel yields at the peak stress of the confined concrete. Rather, it provides an equation for calculating the stress in the tie steel at that point. The tie steel stress can be equal to or lower than the yield stress at the peak stress of confined concrete. Légeron and Paultre (2003) proposed the following equation in terms of the effective sectional transverse steel ratio,  or  , and the unconfined concrete strength,  , to determine the yielding of the confining steel at peak stress of confined concrete: 
	 
	[2.4]                          
	 
	When the effective sectional steel ratio provided in a column,   or  , is larger than the value given by the right hand side of the Equation 2.4, the confinement steel yields at the peak load regardless of its yield strength due to the higher strain at peak stress. (This relationship is likely to break down for very high values of the steel ratio due to the assumption in the model of a continuous reinforcing tube.) Converesely, if the amount of confining steel in a column is less than this amount, then it will not yield at the peak stress of the confined concrete. The effective sectional steel ratios take into account the effect of ineffectively confined regions in the core by the procedures defined by Sheikh and Uzumeri (1982) or Mander et al. (1988b). 
	 
	2.3.12 Fam and Rizkalla (2001) 
	 
	An analytical model has been proposed to predict the behaviour of axially loaded short concrete columns confined by fiber reinforced polymer (FRP) circular tubes (Figure 2 15). The model is applicable to totally filled and partially filled tubes; that is, the concrete core can be with or without a central hole. The model is capable of predicting the behaviour of a confined column when the load is applied to the concrete core only, as well as when the load is applied to the concrete core and the tube simultaneously. The biaxial strength criterion for the FRP is used to account for the biaxial state of stress. The model is based on equilibrium and radial displacement compatibility.  
	 
	The stress vs. strain behaviour of FRP is linear. Therefore, the confining pressure induced by the FRP tube is variable. Consequently, a step by step strain incremental technique, utilizing the equations proposed by Mander et al. (1988b) for constant confining pressure, is used to develop the confined stress strain curve. The secant Poisson’s ratio of confined concrete depends on the confining pressure. Small increments of axial strain are taken so that during each increment, the confining pressure and the secant Poisson’s ratio of confined concrete can be assumed constant. In an increment, several unknowns are encountered. Hence, an iterative procedure is used to get convergence on the values of the unknown variables within an increment. After convergence, the next increment on axial strain is taken and the process is repeated until convergence is achieved. In this way, the complete stress strain curve for FRP confined concrete is traced until the fracture of the FRP (Figure 2 15). In Chapter 5, a model is proposed for predicting the behaviour of columns confined externally by steel collars having significant axial and flexural stiffness that makes use of relationships for the dilation of confined concrete proposed by Fam and Rizkalla (2001). 
	 
	2.4 Deficiencies in the Existing Confinement Models 
	 
	The existing confinement models are unable to predict the behaviour of concrete confined by steel collars with significant axial and flexural stiffness principally because of the following two reasons: (1) the existing models lack an explicit flexural stiffness parameter for the confining element; and (2) the confining pressure imposed by steel collars varies through the axial load history because of their high stiffness. The first reason applies to all models cited, while the second is addressed to some degree in some of the more recent models. These two deficiencies in the existing confinement models are elaborated in the following. 
	 
	2.4.1 Flexural Stiffness of Confining Elements 
	 
	Both the axial and flexural stiffnesses of the confining elements contribute to concrete confinement. In the existing models for the confinement of concrete by rebars, the most important parameter for concrete confinement is the amount of confining steel, expressed as either a volumetric ratio of the confining steel to core concrete or in terms of the sectional ratio of confinement reinforcement. These transverse steel ratios are directly related to the cross sectional area of the confining elements. However, they do not give direct information about the diameter of the tie bars, which is also related to their flexural stiffness. Conventionally, in concrete columns, the confinement is provided by small diameter ties having significant axial stiffness but negligible flexural stiffness. Therefore, no explicit parameter for flexural stiffness was introduced in the existing confinement models. Most of the confinement models are based on regression analyses performed on the test results of columns. Therefore, any effect of the small flexural stiffness of the transverse ties is implicitly incorporated in the other parameters of the models. Researchers like Kent and Park (1971), Iyengar (1970), and Saatcioglu and Razvi (1992) recognized the effects of the flexural stiffness of the confining elements in addition to their axial stiffness in confining the concrete, but no explicit flexural stiffness parameter was included in their models. This aspect of the existing confinement models makes them unsuitable for modelling concrete columns confined by steel collars with significant flexural stiffness. 
	 
	ACI 318 02 requires that the diameter of the tie steel not be less than #3 (10 mm). The code also requires that the distance between two neighbouring corners of ties, cross ties, or both (which is also referred to as the unsupported length, Lu) on any side of the exterior boundaries of confined core of concrete columns shall not exceed 14 in. (355 mm), as depicted in Figure 2 16. Moreover, the clear distance between an unsupported longitudinal bar and an adjacent supported bar on the same face of the column may not be more than 6 in. (152 mm). (Supported longitudinal bars are those that are supported by a cross-tie or placed in the corner of a hoop with an included angle not more than 135 degrees.) It is to be noted that the unsupported length, Lu , is not a function of the diameter of the tie bar. By providing these restrictions on the reinforcement of columns, the intent of the code is, in part, to provide sufficient lateral restraint (due to flexural stiffness of ties) to the unsupported longitudinal bars of the columns (between two supported bars) to prevent them from buckling. These restrictions specified by the code on the detailing of column steel may help to confine the concrete. 
	 
	Hussain and Driver (2001) demonstrated through finite element study that the flexural stiffness of confining elements has a significant effect on the behaviour of confined concrete. The effect of flexural and axial stiffness of the confining elements on the behaviour of confined concrete was segregated numerically. Khaloo and Bozorgzadeh (2001) also demonstrated the contribution of flexural stiffness of confining elements to the behaviour of confined concrete based on the results of two experimental studies (Khaloo et al., 1999; Khaloo and Bozorgzadeh 2001). 
	 
	Khaloo and Bozorgzadeh (2001) tested eight elliptical-shaped high strength light weight aggregate concrete columns of 152 x 229 mm cross section and 762 mm height under axial loading. The confinement was provided with steel wires of 4.52 mm diameter with a yield strength of 621 MPa. Four longitudinal bars of the same wire were placed longitudinally in the column to hold the lateral reinforcement in the desired configuration. The results of this study were compared with those of similar columns confined by steel reinforcement of larger diameter (Khaloo et al., 1999). Comparing the results of the two studies, the effect of flexural stiffness of confining steel on the behaviour of high strength light weight concrete columns was evaluated. It was concluded that columns confined by hoops of small diameter wires showed considerably lower strength and ductility than those confined by a larger diameter hoop for the same unsupported length, amount and spacing of confining steel, and concrete strength. It was also observed that the effect of flexural stiffness became more prominent in high strength concrete. 
	 
	2.4.2 Variation of Confining Pressure with Axial Load History 
	 
	The confining pressure can be constant or variable through the axial load history of the columns. When the confining material behaves plastically, constant confining pressure can be assumed, as is often done in confinement models for traditional tied columns. The existing models by Sargin (1971), modified Kent and Park (Park et al., 1982), Vallenas et al. (1977), Sheikh and Uzumeri (1982), Mander et al. (1988b), and Saatcioglu and Razvi (1992) for predicting the behaviour of confined concrete are based on the assumption that the confining pressure remains constant throughout the axial load history. The confinement models proposed by Mander et al (1988b) and Saatcioglu and Razvi (1992) directly use equations proposed by Richart et al. (1928) that were developed based on the test results of concrete cylinders under constant hydraulic confining pressure. The assumption of constant confining pressure remains valid if the confining steel yields at or before the peak stress of the confined concrete because the greatest influence of confinement on the compressive behaviour of the concrete occurs near and beyond the peak stress. Therefore, these existing models assume that yielding of the tie steel occurs at the peak stress. 
	 
	Sheikh and Uzumeri (1982) assumed, in the derivation of their confinement model, that the stress in the tie steel at the peak stress of confined concrete could be less than the yield strength of the tie steel. However, no equation was proposed for the calculation of this stress and hence, while applying this model to predict the behaviour of confined columns, yielding of the tie steel at the peak stress of confined concrete was assumed. The most recent models for concrete confined by rebars or high strength wires, such as those proposed by Chung et al. (2002) and Légéron and Paultre (2003), do not assume that yielding of the confining steel necessarily occurs at the peak stress of the confined concrete and they provide equations to calculate this stress. In situations where the stress in the confining steel is less than the yield strength, the confining pressure on the columns cannot be assumed constant through the axial load history. 
	 
	Variable confining pressure is generated through the use of confining elements that remain elastic through the axial load history of the confined columns and have considerable stiffness. For example, the confining pressure generated by FRP confinement varies because the material remains elastic through the axial load history (Fam and Rizkalla, 2001). The confining pressure in columns confined by steel collars (HSS collars or solid steel collars) also varies through the axial load history of the columns because of their high stiffness, as demonstrated by Hussain and Driver (2003). 
	 
	2.5 Code Requirements for Concrete Confinement  
	 
	2.5.1 Current Requirements (ACI 318–02 and CSA–A23.3–94) 
	 
	The confinement requirements for square and rectangular columns are derived from those for circular columns with spiral reinforcement. Because the hoops in rectangular and square collars are less efficient than spirals in providing confinement, an allowance is included to give the hoops (and cross-ties) a greater total cross sectional area than the requirements for spirals. The hoops are assumed to yield at the peak axial column stress. According to ACI 318 02, the confinement requirements for square and rectangular columns at the location of plastic hinges are controlled by the one of the following equations that gives the higher greater value of  : 
	 
	[2.5]                         
	 
	[2.6]                        
	where: 
	 
	  = area of rectangular core of column measured out to out of hoop; 
	  = gross area of the section; 
	 
	  = total cross sectional area of transverse reinforcement 
	  (including cross-ties) within spacing    and perpendicular to  
	  dimension   ; 
	 
	  = cross-sectional area of one leg of the hoop reinforcement; 
	 
	  = specified compressive strength of concrete as measured from  
	standard cylinders; 
	  = specified yield strength of transverse reinforcement but not more  
	than 60 000 psi (414 MPa); 
	 
	  = cross-sectional dimension of the column core  
	  measured centre to centre of confining reinforcement; 
	 
	 
	  = centre to centre spacing of transverse reinforcement in the longitudinal direction of the column; 
	 
	  = volumetric ratio of spiral steel  
	 
	 
	 
	Equation 2.6 provides a minimum transverse reinforcement area to account for large columns for which Equation 2.5 does not result in a sufficient level of confinement. 
	 
	In order to provide a certain efficiency of the confinement mechanism and to prevent buckling of the longitudinal bars, the code also requires that the centre to centre spacing of the transverse reinforcement shall not exceed (a) one-quarter of the minimum member dimension, (b) six times the diameter of the longitudinal reinforcement, and (c)  , as defined by the following equation (both s and hx are in inches): 
	 
	[2.7]                            
	 
	where: 
	 
	  = maximum unsupported length of rectangular hoops  
	measured between perpendicular legs of the hoop  
	or supplementary cross-ties; 
	 
	 
	 
	2.5.2 Evolution of Requirements in ACI 318 
	 
	Prior to the publication of ACI 318 71, the confinement requirements for circular columns with spiral reinforcement were controlled by the following equation: 
	 
	 [2.8]                         
	 
	where: 
	 
	  = area of the concrete measured to outside diameter of spiral; 
	 
	This equation is derived on the basis that the loss in load carrying capacity of the column due to the spalling of concrete cover is compensated by the enhancement of concrete strength in the core due to confinement. The spiral reinforcement is assumed to yield. The derivation of this equation is given in Appendix A.  
	 
	Equation 2.8 does not provide sufficient confinement for large circular columns. Therefore, in ACI 318 71, a lower limit to the volumetric ratio of the spiral steel was introduced: 
	 
	[2.9]                       
	 
	Prior to ACI 318 71, there were no codified equations available for the confinement of square and rectangular columns. In ACI 318 71, the following equation was introduced to calculate the area of one leg of the hoop reinforcement in these columns (the derivation of this equation is also given in Appendix A): 
	 
	[2.10]                          
	 
	where   is the unsupported length of rectangular hoops measured between perpendicular legs of the hoop or supplementary cross-ties, as shown in Figure 2 16. 
	 
	The derivation of Equation 2.10 is given in the commentary of ACI 318-71 and is also reproduced in Appendix A. This equation was derived based on the assumption that rectangular hoops are 50% less effective in confining the concrete than spirals. Substituting the values of   from Equations 2.8 and 2.9 into Equation 2.10, the following equations are obtained: 
	 
	[2.11]                           
	 
	[2.12]                           
	 
	Writing Equations 2.11 and 2.12 in terms of  , as defined by ACI 318 83 and later versions, and assuming that the section is square and contains only a perimeter hoop (and replacing   by   and    by  ), the following equations are obtained: 
	 
	 [2.13]                        
	 
	[2.14]                         
	 
	It should be noted that   and  are the same for a square column with only a perimenter hoop. Although Equation 2.10 (ACI 318 71) is based on the assumption that the confinement efficiency of the hoop reinforcement is 50% of that of spirals, in ACI 318 83, this estimate was increased to 75%, resulting in the following revised requirement: 
	 
	[2.15]                                   
	 
	In terms of  , Equation 2.15 becomes: 
	 
	[2.16]                                    
	 
	Substituting the value of   from Equation 2.8 into Equation 2.16 (and replacing   by   and   by  ), the following equation is obtained: 
	 
	[2.17]                                  
	 
	For large sized columns, Equation 2.14 was adopted in ACI 318-83, without modification, and is repeated here: 
	 
	[2.18]                                 
	 
	In all subsequent editions of the code, the confinement reinforcement was controlled by the same equations as those contained in ACI 318–02 (Equations 2.5 and 2.6). 
	 
	2.6 Rehabilitation of Reinforced Concrete Columns by Jacketing  
	 
	Widely spaced ties and short lap splices of longitudinal bars located in the plastic hinge regions of reinforced concrete columns are the most common problems that render the columns seismically deficient due to their resulting lack of ductility and energy dissipation capabilities. A number of jacketing techniques have been developed to overcome these deficiencies such as steel jacketing, active confinement by wire prestressing, concrete jacketing, and jacketing by composite materials. For example, the California Department of Transportation (CALTRANS) has adopted the use of steel jackets for the seismic upgrade of bridge columns. Numerous experimental studies have been conducted to study the performance of seismically deficient reinforced concrete columns rehabilitated by jacketing. Among them, some studies appreciate the effect of the flexural stiffness of the jackets in confining the concrete. In the following, the details of a few experimental studies on rehabilitated reinforced columns are presented. 
	 
	 
	 
	2.6.1 Valluvan et. al (1993) 
	 
	This paper presents techniques for strengthening tensile lap splices of the longitudinal reinforcement in the columns of seismically deficient reinforced concrete structures. Twelve, two third scale specimens (one without rehabilitation and 11 rehabilitated) with lap splices in the longitudinal bars were tested under alternating axial tensile and compressive loads. The specimens were 305 x 305 mm in cross section and 1829 mm in length. High strength rods of 38 mm (1.5 in.) diameter were embedded at the top and bottom ends to apply a tensile load to the specimens. The compressive load was applied with plates with holes (to permit tension rods pass through it), grouted on the top and bottom of the specimens. Several techniques were used for rehabilitation of the short lap splices in these specimens: welding of lapped bars; welding of lapped bars with an additional tie to overcome the outward thrust due to the eccentricity in the splice; ungrouted steel angles and straps; grouted steel angles and straps; ungrouted external ties; grouted external ties; partially grouted external ties; and additional internal ties. Based on the test results, the following conclusions were drawn. 
	 
	With respect to performance, the grouted angle and straps scheme is the preferred scheme for the rehabilitation of column splices. However, difficulty of construction makes the scheme less attractive as compared to rehabilitation by providing external ties. The external tie scheme is easier to construct and is cost effective provided there is no limitation on the rehabilitated column dimensions. Adding internal ties is not a suitable rehabilitation scheme for column splices because the concrete core is affected during chipping.  
	 
	Welded splices would be a suitable rehabilitation scheme when there are limitations on the column dimensions. In older structures, the carbon content of the steel is relatively lower than that of the steel used in current practice; hence, the older steel is more weldable. Strict quality control is required for proper welding of spliced bars such as chemical analysis and proper welding procedures and inspection. 
	 
	2.6.2 Chai et al. (1990) 
	 
	Chai et al (1990) reported on an experimental program for studying the effectiveness of steel jackets in enhancing the seismic performance of circular and rectangular concrete columns with inadequate lap slpices and insufficient transverse reinforcement. The experimental program consisted of a total of 24 columns of circular and rectangular cross sections with long and short shear spans. Circular flexural columns were rehabilitated with cylindrical steel jackets and the gap between the concrete and steel jacket was about 6.35 mm (1/4in.) and was filled with cement based grout. Rectangular flexural columns were rehabilitated with three types of steel jackets: elliptical steel jackets (the gaps between the steel jacket and the column were filled with concrete, rectangular steel jackets with grids of horizontal and vertical steel stiffeners (the gaps between steel and concrete were filled with cement based grout), and jacketing consisting of side by side vertical channels enclosed by horizontal channels with bolted corner connections (the gaps between the column and the steel channels were filled with cement based grout). The latter two schemes of jacketing rectangular columns make use of the out of plane flexural stiffness of the confining elements. Circular shear columns were rehabilitated with cylindrical steel jackets and rectangular shear columns were rehabilitated with elliptical steel jackets only. 
	 
	The result showed that ductility, strength, energy dissipation capability, and shear strength of seismically deficient reinforced concrete columns were greatly improved by steel jacketing. However, comparison of the various jacketing schemes for rectangular concrete columns showed that the elliptical steel jackets proved to be the best rehabilitation scheme in terms of performance. 
	 
	2.6.3 Marsh (1992) 
	 
	Marsh (1992) reported the test results of 18 in. diameter circular reinforced concrete columns with inadequate lap splices rehabilitated by pretensioned steel hoops in the splice region. The rehabilitated columns showed significant enhancement in lateral load resistance, flexural strength, and ductility. 
	 
	2.6.4 Aboutaha et al. (1996) 
	 
	Aboutaha et al. (1996) studied the effectiveness of different types of steel jackets for improving the strength and ductility of reinforced concrete columns with widely spaced ties and inadequate lap splices in the longitudinal reinforcement at the location of plastic hinges. The experimental program consisted of a total of 11 large scale columns with different widths tested under lateral cyclic loading without axial load (having no axial load was considered more critical for splices). Four columns were tested without strengthening and acted as reference columns. Seven columns were tested after strengthening. Six of these columns were strengthened with grouted steel jackets with and without anchor bolts (the function of anchor bolts is to stiffen the steel jackets to improve confinement) and the remaining was strengthened with closely spaced collars made from steel channels (C100x11) with bolted corner connections. A total of three collars were used in the plastic hinge region. These collars were not clamped onto the columns but instead a gap was kept between the collars and the columns that was filled later with a non shrink grout. On one side of the column, an anchor bolt was also used that passed through the channel and into the column, presumably to assess the benefits of additional anchorage.  
	 
	The test results showed that a thin rectangular steel jacket combined with adhesive anchor bolts is highly effective in improving the seismic performance of reinforced concrete columns with inadequate lap splices. The columns rehabilitated with channel collars experienced an early splice failure, although the collars were relatively widely spaced, they were flexible for the column size (910x460 mm), and were not prestressed to the column. 
	 
	2.6.5 Xiao and Wu (2003) 
	 
	An improved jacketing method is presented in this paper to rehabilitate square and rectangular reinforced concrete columns that have inadequate longitudinal bar splices located in the plastic hinge regions enclosed by widely spaced ties. Jackets made by welding together thin steel plates were grouted onto the columns and then stiffened by providing flexurally stiff confining elements at the locations of plastic hinges. Thin jackets provide an enhancement in shear strength and the stiffeners tend to enhance the strength, ductility, and energy dissipation through confinement. In this experimental program, three types of stiffeners were used in the plastic hinge regions: stiffeners made from thick steel plates, stiffeners made from steel angles, and stiffeners made from square steel hollow structural sections (HSS). In all the cases, the corner connections of the stiffeners were welded and the stiffeners were welded onto the thin steel plate jackets. Five 254x254 mm columns, rehabilitated by this scheme, were tested in double curvature with the inflection point at midheight of the column, under constant axial load and lateral cyclic loading. Test results showed improved behaviour of the rehabilitated columns with respect to the enhancement in the shear strength and ductility. An ultimate drift ratio of more than 8% was obtained for these columns showing the efficiency of this rehabilitation scheme and the benefits of providing flexurally stiff elements. The authors also proposed a procedure for the design of these jackets. 
	 
	2.6.6 Ghobarah et al. (1997) 
	 
	Rectangular steel jackets are unable to confine rectangular concrete columns effectively because of their low flexural stiffness. Ghobarah et al. (1997) developed a steel jacket made from corrugated steel to effectively confine beam to-column joints. The experimental program consisted of four large scale beam to-column joint specimens. One specimen satisfied the code requirements of reinforcement detailing and the remaining three had insufficient transverse reinforcement. Two of the specimens—the one with sufficient reinforcement and the other without—were tested without external jacketing. The other two specimens without sufficient internal tie reinforcement were tested after rehabilitation by corrugated steel jacketing.In one such specimen, corrugated steel jacketing was provided on the beam, column, and joint region and in the other specimen jacketing was provided on the column and joint only. The results show that confinement with corrugated steel jacketing improves the performance of the beam to-column joints through enhancement in shear strength and ductility. Corrugated steel jackets confine the concrete effectively through their out of plane flexural stiffness. 
	 
	2.7 Summary 
	 
	The focus of the present reseach is to improve the seismic performance of reinforced concrete frames through providing external confinement by HSS collars at the location of plastic hinges or through a combination of HSS collars and steel plate shear walls. In either case, the collar confinement plays a pivotal role in the seismic performance of the rehabilitated frames. Therefore, the nature of confinement is reviewed in this chapter. Research on the confinement of concrete started in 1920s. Summaries of several experimental reseach studies conducted since then, on small  and large scale specimens, are reported. A comparison between hydraulic and rebar confinement is presented. It has been reported extensively in the literature based on experimental studies that confinement improves both the strength and ductility of concrete. Through the results of existing experimental research, effects of various parameters, such as: gauge length, strain rate, strength of concrete, type of aggregate, yield stress of confining steel, spacing of confining steel, amount of confining steel, strain gradient, and distribution of longitudinal bars around the core and the resulting tie configurations, on the behaviour of confined concrete are reported.  
	 
	Important characteristics of collar confinement are: (1) collars provide confinement through their axial and flexural stiffnesses (the flexural stiffness of collars is significantly higher than that of conventional rebars ties and, therefore, it cannot be ignored); and (2) the confining pressure under the collars varies through the axial load history of the collared columns. 
	 
	Brief summaries of the existing confinement models of Chan (1955), Roy and Sozen (1964), Soliman and Yu (1967), Sargin (1971), Kent and Park (1971), Vallenas et al. (1977), Sheikh and Uzumeri (1982), Mander et al. (1988b), Saatcioglu and Razvi (1992), Fam and Rizkalla (2001), Chung et al. (2002), and Légeron and Paultre (2003) have been presented. All of these models are for the confinement of concrete by steel reinforcing bars except the model proposed by Fam and Rizkalla (2001), which is for the confinement of concrete by circular fiber reinforced polymer tubes. It is highlighted in the chapter that these models may be unable to predict the behaviour of concrete confined by HSS collars because of the lack of an explicit flexural stiffness parameter and/or because these models cannot account for variations in confining pressure through the axial load history of the columns.  
	 
	Due to certain similarities with the behaviour of concrete confined by steel collars, some research into confinement using steel jackets is also summarized, including the work of Chai et al. (1990), Marsh (1992), Aboutaha et al. (1996), Xiao and Wu (2003), and Ghobarah et al. (1997). Although the rehabilitation of short lap splices is not the main focus of the present research, a summary of experimental research conducted by Valluvan et al. (1993) for the improvement of the performance of short lap splices under cyclic loading is also presented in this chapter because they commonly exist in seismically deficient reinforced concrete buildings. In addition, the evolution of the ACI 318 code with respect to steel confinement requirements of rectangular/square reinforced concrete columns is also presented in this chapter. 
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	4. PERFORMANCE OF COLLARED COLUMNS UNDER CYCLIC LOADING 
	 
	4.1 Introduction 
	 
	With the advancement in earthquake engineering in the past four decades, new codes and standards have been developed that have revealed that many existing reinforced concrete structures are seismically deficient. Some structures have also been deemed seismically deficient due to seismic rezoning of the area. Such structures need to be upgraded to meet the latest codes and standards. The behaviour of structures during an earthquake depends on their strength and stiffness, as well as their ductility. Seismic rehabilitation of structures can be carried out by increasing their strength and stiffness without enhancing their ductility significantly, which is typically achieved by adding new structural walls and/or bracing. These types of rehabilitation schemes may require the structures to deform elastically during strong motions and can impose high demands on the existing foundations, which may, in turn, need to be strengthened. The use of ductility enhancement in the design of new structures, as well as in rehabilitation projects, reduces the seismic design forces considerably. Therefore, attention is given to maximizing ductility in new construction as well as in rehabilitation projects. Such rehabilitation schemes have become increasingly popular in the recent years (Aboutaha et al., 1996; Chai et al., 1990; Ghobarah et al., 1997; and Marsh, 1992). The ductility and energy dissipation at the location of plastic hinges in concrete frames can be enhanced through confinement (Chung et al., 2002; Mander et al., 1988a; Saatcioglu and Razvi, 1992; Sheikh and Uzumeri, 1980). The confinement of concrete is conventionally achieved through closely spaced internal tie reinforcement. However, existing seismically deficient reinforced concrete buildings may possess insufficient ductility due to the lack of internal tie reinforcement at the location of plastic hinges. In these cases, an external means of confinement is required. One such method is proposed in the present research: confinement of concrete columns by steel collars. 
	 
	The primary objective of this chapter is to evaluate the performance of collared columns under cyclic loading. For this purpose, nine full scale cantilever columns were tested under cyclic loading. The confinement was provided with collars made from steel hollow structural sections (HSS) with welded corner connections. The effects of parameters such as axial load, collar spacing, collar stiffness, and shear span on the behaviour of the columns were studied. The tests reported in this chapter were performed at the I.F. Morrison Structural Engineering Laboratory at the University of Alberta. 
	 
	Using the experimental stress versus strain curves of the steel rebars and stress versus strain curves of concrete confined externally by steel collars obtained by a model proposed in Chapter 5, moment versus curvature relationships were developed. The flexural displacements at the point of application of the horizontal loads were determined with the help of these moment versus curvature relationships. For the rotation at the column base due to bond slip at the longitudinal bars, existing models were used. The corresponding displacements at the point of application of horizontal loads were then determined. The flexural displacements and displacements due to base rotation were combined to get the total displacements at the point of application of the horizontal load. The moment versus total displacements are plotted to get the analytical envelope curves, which are compared with the experimental average envelope curves. 
	 
	4.2 Experimental Program 
	 
	4.2.1 Test specimens 
	 
	Nine full-scale column specimens (CL0 to CL8) were designed to simulate typical columns of two to three story reinforced concrete buildings in seismic regions. All the columns were 300x300 mm in cross-section and reinforced with eight longitudinal steel bars of 25 mm diameter, constituting a longitudinal reinforcement ratio of 4.4%. Figure 4 1 shows the details of the internal reinforcement for all the columns and footings. Concrete cover of 60 mm was provided to the centroid of the vertical bars. Column CL0 was a control column and was provided with conventional tie reinforcement in the test region, which satisfied the seismic plastic hinge requirements of ACI 318 02 and CSA Standard A23.3 94 (Equations 3.1 and 3.2). The spacing of the first hoop was set equal to  above the footing in this column, where s is the typical hoop spacing of 70 mm. All the remaining columns were provided with external transverse reinforcement by HSS collars in the test regions. In order to study the effect of external confinement separately, no internal tie reinforcement was provided in the test regions of these columns. For the sake of discussion, the collars and the gaps between the collars in the test region are numbered from the bottom upwards. The first collar near the footing is given number 1 and the second collar is given number 2 and so on. Similarly, the gap between the footing and the first collar is given number 1 and the gap between the first and second collars is given number 2 and so on. 
	 
	The volumetric ratios of transverse confining steel, (t , for all of the test columns are given in Table 4.1. The volume of the confining steel for columns tested under cyclic loading (CL1 to CL8) was calculated by multiplying the cross-sectional area of the HSS by the perimeter of the collar measured at the centroid of the HSS cross-section. Since the collars are placed externally and prevent most of the spalling, the volume of the concrete was calculated based on the gross area of the column and the centre-to-centre vertical spacing of the collars. Hence, the core of the collared columns was considered equal to the cross sectional dimensions of the columns. For column CL0, the volume of the tie steel was calculated in a manner analogous to that used for the collars, but the volume of the concrete was based on the core of the column within the reinforcing cage. The core dimensions of column CL0 were 220x220 mm based on the centreline of the ties. 
	 
	All the columns had 1800x1050x591 mm bases that were anchored to the strong floor of the structural laboratory by four post-tensioned 50 mm diameter high strength steel threaded rods to achieve fixity at the bases of the columns as shown in Figure 4 2. An initial post tensioning force of about 520 kN was applied to each threaded rod. The column reinforcement cages were erected vertically into the footings before casting the footing concrete and there was no splicing of the vertical bars in the columns, as shown in Figure 4 3. Casting of the columns and the footings was done separately. At the location of the construction joint between the columns and footings, the footing surface was roughened before the hardening of the concrete. The casting of the columns was done vertically in groups of three, as shown in Figure 4 4. A release agent was applied to the plywood forms before closing and then they were sealed with construction sealant to prevent leakage, as shown in Figure 4 5. Six standard 150x300 mm cylinders were cast at the time of casting of the respective column or footing. Two cylinders, tested at 7 days, were used to observe the rate of growth of strength and the remaining four cylinders were used to determine the strength of the concrete at the time of testing of the corresponding column. The curing conditions of the cylinders were identical to those of the respective test specimens so that the cylinder strength would be representative of the strength of the concrete in the specimen. The casting of the footings and the first three columns (CL1 to CL3) was done with commercially prepared ready mix concrete. For each footing a different batch of concrete was used. However, the columns (CL1 to CL3) were cast with concrete from the same batch. However, separate cylinders were cast for each of these columns to find the concrete strength at the time of loading. Therefore, different cylinder strengths are reported for these columns. Columns CL0 and CL4 to CL8 were cast with concrete mixed in the laboratory mixing plant and due to the small capacity of the plant, a separate batch was prepared for each column. A separate batch of concrete was also used for each footing.  
	 
	Figure 4 6 shows the arrangement for the external confinement of the columns by collars and schematic diagrams for the loading of the columns. Figure 4 7 shows a typical steel HSS collar with welded corner connections. A general view of the first three columns (CL1 to CL3) at different stages of collar installation is given in Figure 4 8(a). Table 4.1 summarizes the details of confinement, axial load, and the dimensions H1, H2 and H3 for all the columns used in this study. The dimensions H1 (column height), H2 (height to horizontal load point), and H3 (height to vertical load point) have been defined in Figures 4 1 and 4 6. Specimens CL1 to CL8 were provided with external confinement by HSS collars in the test region, the height of which was kept approximately equal to 600 mm based on the premise that the plastic hinge length will not exceed the test region. The clear spacing between the collars,  , was either 50 or 100 mm. The clear distance between the top of the footing and the bottom of the first collar was equal to . The fabrication of the collars was done in a commercial fabrication shop with full penetration groove welds all around the corners. Inspection of the welds was carried out by sectioning a sample collar and full penetration of the welds was verified. The inner dimensions of the collars were 10 to 12 mm larger than the cross-sectional dimensions of the columns. The collars were threaded over the columns from the top, a procedure clearly not applicable to real structures where collar installation includes assembly around the existing column. The collar was placed on a Styrofoam spacer with a uniform gap all around (Figure 4-8(b)). The gap was then sealed from the bottom with hot glue and epoxy grout was poured into the gap. Although the grout was flowable, a steel strip was vibrated into the gap to eliminate the chance of trapping air bubbles. 
	 
	4.2.2 Material Properties 
	 
	There are four materials involved in this study: concrete, steel reinforcing bars, HSS collars, and epoxy grout. The strength of the concrete in the columns and footings was obtained by testing at least four 150x300 mm cylinders as per ASTM C469, one day before the testing of the columns. The average cylinder strengths, standard deviations, and the age of the concrete at the time of testing of the cylinders are given in Table 4.2 for all the columns and footings. Although an error in the ready mix supplied for columns CL1 to CL3 resulted in a very low concrete strength, it was decided to proceed with testing. These columns provide a means of assessing the effect of HSS collars on the behaviour of poor quality concrete. Concrete batches used for subsequent tests were mixed in the laboratory to provide better control. The average stress versus strain curves of the reinforcing steel, the HSS collars, and the epoxy mortar are given in Figure 4 9. Reinforcing bars conformed to CSA Standard G30.18 and were tested as per ASTM A370. The material properties of steel reinforcing bars and steel HSS are reported in Table 4.3. Three tension coupons were tested for each size of rebar, the results of which were then averaged. Master Builders Concressive Liquid LVI epoxy was used to make the epoxy mortar. The epoxy consists of two parts: resin and hardener. The epoxy mortar was obtained by mixing fine sand with the resin and hardener in the ratio of 4:2:1. In order to determine the material properties of the epoxy mortar, three cubes of 51x51x51 mm were made from the same mix as was used for grouting the collars. The testing of the three mortar cubes was done with the bottom end fixed and the top end with a spherical ball joint. A strain rate of 9.45x10-5 per second was maintained during the testing of all three prisms, the results of which were then averaged. The average stress versus strain curve of the epoxy mortar was used to find the modulus of elasticity, peak stress, and the strain at peak stress which were found to be 3.42 GPa, 84.0 MPa and 0.0325, respectively. The HSS conformed to ASTM A500 grade C. Stub-column tests were performed to find the material properties of the HSS. For each size of HSS, one stub-column was tested. The height of the stub columns were 200 and 250 mm for HSS51x51x6.35 mm and HSS 76x51x6.35 mm, respectively. Two LVDTs were used to measure the average strain over the gauge length of 100 mm, in addition to strain gauges, as shown in Figure 4 10. Figure 4 11 shows the deformed configurations of stub columns of HSS 51 x 51 x 6.35 mm and HSS 76 x 51 x 6.35 mm. 
	 
	4.2.3 Test Set-up 
	 
	A schematic diagram of the loading set up is shown in Figure 4 6. Columns CL0 to CL4 were tested with long shear-spans and columns CL5 to CL8 were tested with short shear-spans. On columns CL1 to CL4, heavy collars were provided in the region between the test region and the bracing channels to prevent failure at that location, as shown in Figure 4 12. 
	 
	The horizontal load was applied to the columns by two double acting hydraulic jacks in parallel and coupled to each other by a yoke. The jacks were mounted on a reaction frame. The assembly for horizontal loading is shown in Figure 4 13. Figure 4 14(a) shows the attachment of horizontal loading assembly to the column specimen. Gravity load simulators—similar to those developed by Yarimci et al. (1966)—anchored to the strong floor of the laboratory were used to apply the vertical load through a distributing beam at the top of the test column. These devices form a pin-jointed mechanism that keeps the load close to the vertical throughout large in plane horizontal displacements. The assembly applies gravity load on the test specimen and, in turn, also induces moments due to the P–( effect on the test specimens. A knife edge assembly was used between the column top and a flat load cell for measuring the vertical applied load (Figure 4 14(b)). The out of plane displacement of the columns was prevented by lateral bracing that did not inhibit in plane movement (Figure 4 12). 
	 
	4.2.4 Instrumentation 
	 
	An electronic data acquisition system was used to record the data. Horizontal and vertical loads were measured with load cells. In addition, pressure gages were used to record the hydraulic pressure in the jacks to calculate the loads. Custom load cells, manufactured at the University of Alberta, were fitted to the jack to measure the horizontal loads in tension and compression. A commercial flat load cell of 1360 kN capacity was used to measure the vertical load applied to the top of the columns. Electrical resistance strain gages were used to measure the strain of the vertical rebars in the test region. A total of 12 strain gages were installed on the vertical bars of a column. Eight strain gages, one on each bar, were installed at a height of 50 mm above the top of the footing and the remaining four strain gages were installed, one on each of the corner bars, at a height of 300 mm from the top of the footing to help characterize the development of the plastic hinge. Cable transducers were used to measure the overall rotation of the test region and were mounted on the top collar in the test region (Figure 4 15(a)). Rotation meters were installed on the collars in the test region to measure the rotation of the collars at different locations in the test region (Figure 4 16). The rotation of the bottom collars were measured using LVDTs (Figure 4 15(b)). Table 4.4 gives the location of devices for measuring rotation of collars along the test region of the column specimens. 
	 
	4.2.5 Testing Procedure 
	 
	After checking that all of the instrumentation was functioning properly, the vertical load was applied, followed by the horizontal cyclic loading. For all of the columns, the vertical load was kept constant throughout the tests except for column CL0, in which a load of 1470 kN was applied from cycles 1 to 16 and 720 kN from cycle 17 to the end of the test. When the column reached large displacements, the P–( effect from the high vertical load caused a substantial drop in the lateral force required to reach each subsequent displacement increment. For this reason, the vertical load was reduced to 720 kN and the test was continued. All the remaining columns were tested under 720 kN or zero load as per Table 4.1.  
	 
	In order to facilitate the discussion, it is to be noted that the columns were originally in the neutral position. After the application of gravity load, if present, the columns were first pushed towards the north (see Figure 4 6) up to the desired level of force or displacement and then back towards their neutral positions. Without stopping at their neutral position, they were pushed towards the south up to the desired level of force or displacement and then back towards the neutral position, completing one full cycle. In general, the cycles were performed one after another without interruption. On the average, the time required to complete a test was about 5 days. Therefore, the test had to be interrupted at the end of each day. 
	 
	The sequence for horizontal loading shown in Figure 4 17, which has been adapted from Ghee et al. (1989), was used for all the columns. Ghee et al. (1989) required the horizontal load for the first cycle to be calculated based on 75% of the ideal flexural strength, , of the column. The ideal flexural strength,  , was calculated based on the ACI compression stress block, measured material strengths, and an ultimate compressive strain of concrete of 0.003 (for unconfined concrete), without considering axial load in calculations. The yield displacement was determined based on the first cycle of loading by extrapolating straight lines from the origin through the peak load displacement points of this cycle to the horizontal load level corresponding to the ideal flexural strength. The term ideal flexural strength, , is not commonly used. The present research considers using nominal flexural strength,  , for unconfined concrete sections. The nominal flexural strength,   is the strength of a section without capacity reduction factors and is calculated by taking into consideration the effect of axial load. The yield displacement,  , determined by this procedure corresponds to a moment that falls between   and  . Hence, according this procedure the actual moment corresponding to the yield displacement,  , will always be less than the nominal flexural strength,  . It has been demonstrated in Appendix C using a typical reinforced concrete section that the yielding of tensile reinforcing steel is not guaranteed at   determined by this procedure. 
	 
	While applying the above procedure to determine the yield displacements of the columns in the present research, a slight modification was made. Table 4.5 reports the following analytical (using strain compatibility and methods described in Appendix C) and experimental results of the test specimens under consideration (all account for the presence of axial load, if any): 
	 
	(1) Moment at the first yield of the tensile steel calculated assuming unconfined concrete in the compression zone,  . The specimens CL0, CL1, CL2, CL3, CL4, CL6, CL7, and CL8 are over reinforced; the failure is triggered by the crushing of concrete in the compression zone before yielding of the tensile steel occurs. Therefore, the values of   do not exist for these specimens. In specimen CL5, the yielding of the longitudinal steel takes place before the crushing of concrete. (Although column CL1 is nominally identical to CL5 in this regard, the low strength concrete creates the over reinforced condition.) 
	 
	(2) The nominal moment strength of the section calculated assuming unconfined concrete in the compression zone using the method in the ACI code,  . 
	 
	(3) Moment at the first yield of the tensile steel calculated assuming confined concrete in the compression zone,  . For column CL0, the confined concrete material curve was obtained using the confinement model proposed by Mander et al. (1988b). For the confined concrete material curves of the collared columns, the confinement model proposed in Chapter 5 was used. 
	 
	(4) The nominal moment strengths of the sections assuming confined concrete in the compression zone,  . The values of   reported in this table are the experimental values. These are the peak values obtained from the average envelopes to experimental moment vs. drift (%) hysteresis curves presented later in this chapter. These values can also be calculated analytically. The analytical envelopes to the hysteresis will be presented at the end of this chapter. 
	 
	It must be determined which of the above mentioned moments ( , , , and  ) should be used for the determination of yield displacements for the column specimens. The values of   exist only for column CL5. Therefore, the choice of moment for the determination of yield displacement is limited to  , , and  . The following are the arguments in selecting one of these moments for the determination of the yield displacement: 
	 
	  could be used for the yield displacement determination to be consistent with the original procedure. However, the values of   are generally considerably lower than both  and  . Using   means that lower values of the yield displacement will be obtained which will result in higher apparent values of displacement ductility that may not be representative of the actual ductility. Since   is calculated based on the unconfined concrete material curve, and all the columns presented in this chapter are heavily confined columns, the determination of the yield displacement using   does not appear to be realistic. 
	 
	One can argue that due to the influence of the collars, the maximum moment capacity exhibited by the confined system,  , should be used for yield displacement determination analogous to the determination of the yield displacement of conventional columns using   (Ghee et al. 1989). Undoubtedly, the confinement improves the axial deformation capability of the concrete columns as has been reported in literature as well as demonstrated by experimental results of the present research reported in Chapter 3, and it is generally accepted that if the axial behaviour is improved, the cyclic behaviour is also improved. However, the benefits of confinement on the yield displacement are also availed in this option; that is, the yield displacement increases by increasing the level of confinement. Hence, both the maximum displacement and the yield displacement of the system increase, but their ratio—that is, the displacement ductility of the system—may not increase. Therefore, this tends to be a highly conservative option and it is not recommended that the yield displacement of laterally loaded collared columns be determined by using  . This option gives results similar to the area equalization method (Xu and Niu, 2003) for yield displacement determination. The area equalization method will be presented later in this chapter. 
	 
	Instead of using one of the two extreme options described above, an intermediate option was selected, i.e.,   was used for yield displacement determination in the present research. It is to be noted that the moment versus lateral drift envelope curves becomes non linear at moments well below  . The moment corresponding to the yield displacement determined by this method (called method 1 in subsequent discussions) is slightly lower than  . Therefore, yielding of the longitudinal bars may not occur at the yield displacement but the displacement determined by this method may represent overall yielding of the section because of the non linearity of the moment versus lateral drift envelope curves in the proximity of  . 
	 
	Consistent with the previous discussion, the first five cycles were load controlled, in which a peak moment of 75 percent of   was applied. The applied moment consists of moment due to horizontal loading and due to the P–( effect if axial load is present. The procedure is explained with the help of Figure 4 17. The Figure 4 17(a) shows the first full cycle of a typical moment vs. drift (%) hysteresis. The straight lines starting from the origin and passing through the peak moment vs. drift (%) points of the first cycle are extrapolated to moment  . The corresponding yield drifts in the positive and negative directions, DR1 and DR2, are thereby determined. The average yield drift is taken as the average of DR1 and DR2 and is denoted by DR. The yield displacement,  , is related to yield drift(%), DR, by the equation given in Figure 4 17. The displacement ductility factor,  , is defined as the ratio of the actual displacement to the yield displacement. Subsequent cycles were displacement controlled and extended to displacement ductilities,  , equal to 1.5, 2, 4, 6, 8 and so on, with five cycles carried out at each displacement ductility level. The stroke limit of the jack for horizontal loading was about 200 mm in either direction, so when this was reached (specimens with the long shear span) additional cycles were conducted at that displacement. The tests were continued until the horizontal and vertical load carrying capacity of the specimens dropped significantly, up to a maximum of 45 cycles. If the jack stroke limit had been reached in the test, the jack was then repositioned so that the full stroke was available and the specimen was pushed in one direction to examine the residual strength at large deflections. 
	 
	In the above mentioned procedure for determining the yield displacements of the column, the following could be the possible sources of error: (1) difficulty in reversing the load exactly at  , especially in flexible systems; and (2) difficulty in determining the exact value of   due to the lack of true material curves of the constituent materials. In the present research, the material curves of the steel were available at the time of testing. However, due to the inefficacy of the existing confinement models for predicting the stress vs. strain curves of concrete confined by steel HSS collars, the correct material curves of concrete confined by the collars were not available. Therefore, the material curves of collar confined concrete for the phase 2 columns were estimated based on the material curves for the phase 1 columns tested under concentric axial loading (Chapter 3). Column CL0 is exempted from this limitation because the confinement was provided with conventional tie reinforcement and the confinement model proposed by Mander et al. (1988b) was used. Keeping in view the above two limitations, the yield displacements used to conduct the tests are considered as approximate and are reported under the category of method 1(alternative 1) in Table 4.6. These values are re-evaluated in the next section. 
	 
	4.3 Test Results 
	 
	The details of the number of cycles at different displacement ductility levels sustained by the specimens are given in Table 4.7. Any partial cycles at the end of the test during which final failure occurred are not included in the values presented in the table. The strain data of reinforcing bars of the columns is presented in Appendix D. 
	 
	4.3.1 Test Observations 
	 
	4.3.1.1 Specimen CL0 
	 
	The yield displacement used for the test was 30 mm (method 1(alternative 1), Table 4.6). The column sustained a total of 44 complete cycles and failed in 45th cycle. The cycles 26 through 44 (19 cycles) were performed at a displacement ductility level corresponding to the stroke limit of the horizontal jacks. 
	 
	The testing of column CL0 was started with a gravity load of 1470 kN, which was maintained up to the end of 16th cycle. Due to the large P–( effect, the applied moment exceeded the capacity of the column in 16th cycle. Therefore, before starting 17th cycle, the gravity load was reduced to 720 kN and the test was continued. 
	 
	Figure 4 18 shows the appearance of the test region of the column at different stages of the test. Horizontal tension cracks appeared in the first cycle on both the north and south faces of the column that opened and closed during the first five cycles. In the sixth cycle, spalling of the concrete cover was observed in the test region. This figure shows that the most damaged zone in the test region of the column is away from the footing. The level of damage increases with the increase of number of cycles and the extent of damage on the south face is higher than that on the north face. It is also clear from this figure that an upward shift in the location of hinge formation occurs for this column during the regime of cycling. In the 45th cycle, while pushing towards the north, both the horizontal and vertical loads dropped due to sudden shear failure at the most damaged part of the test region (Figures 4 18(h) and 4 18(i)). 
	 
	It was expected that most of the damage would occur at the point of maximum moment, which is at the interface of the column and footing, but Figure 4 18 shows that the most damaged region of the column is away from the footing. This discrepancy occurs due to the presence of additional restraint (confinement) provided by the footing to the column at the critical section. Similar observations were also made by Sheikh and Khoury (1993). 
	 
	4.3.1.2 Specimen CL1 
	 
	The testing of this column was carried out without gravity load. The yield displacement used for the test was 23 mm (method 1(alternative 1), Table 4.6). Figure 4 19 shows the appearances of the specimen at different stages of the test. Horizontal hairline cracks appeared in the test region on the north and south faces of the column after the 5th cycle. The number of hairline cracks increased with the increase in the number of cycles and the displacement ductility level at which these cycles were performed. The width of a few cracks increased with the increase of displacement ductility level. Figure 4 19(a) shows the view of a wide open crack in gap 2 of the test region during the 16th cycle. 
	 
	In the 17th cycle, when the column was being pushed towards the south, a crack appeared in the footing cover concrete adjacent to the column north face as shown in Figure 4 19(b). A similar crack appeared in the footing cover concrete adjacent to the south face of the column when column was being pushed towards north in the 19th cycle. The appearance of these cracks in the footing cover concrete was due to bond failure and extension of the longitudinal bars of the column in the footing. In the later cycles, these pieces of footing cover concrete spalled off completely. 
	 
	In the 26th cycle, the crushing of concrete between the footing and the first collar took place both on the north and south faces of the column when the column was pushed towards north and south, respectively. 
	 
	This specimen was subjected to a total of 45 complete cycles. Cycles 26 through 45 (20 cycles) were performed at the same ductility level corresponding to the stroke limit of the horizontal jacks. The stroke of the jacks was adjusted and then the column was pushed towards the north up to the available stroke limit of the adjusted jacks, but the column could not be failed. 
	 
	Figure 4 19(c) shows the appearance of the test region of the column at the end of the test. It is clear from this figure that the collars remained in position (i.e., had not slipped) after sustaining 45 cycles and a final push towards the north as described above. Most of the damage occurred in the first and second gap of the test region. Figure 4 19(d) shows the extent of damage in the first and second gap. 
	 
	4.3.1.3 Specimen CL2 
	 
	The testing of this column was done with a gravity load of 720 kN. The yield displacement used for this test was 41 mm (method 1(alternative 1), Table 4.6). The column sustained a total of 27 cycles (Table 4.7). Cycle 21 through 27 (seven cycles) were performed at the same ductility level corresponding to the stroke limit of the horizontal jacks. 
	 
	Figure 4-20 shows the appearances of the column at different stages of the test. The extent of damage can be seen in the first, second, and third gap at the end of 10th and 20th cycles, and at test end. However, the most damage region of the column is in gap 2, where the fractured vertical bars are also visible (Figure 4 20(d)). 
	 
	The spalling of concrete cover started in the 7th cycle. The spalling increased with the increase in the number of cycles. In the 22nd cycle, the vertical bars of the column became visible due to excessive spalling of the concrete cover. The three vertical bars on the south face of the column fractured in a brittle manner due to low cycle fatigue while pushing the column towards the north; one in each of 26th, 27th, and 28th cycle. The test was stopped after the fracture of the third vertical bar in the 28th cycle. No spalling of cover concrete of the footing adjacent to the column took place (Figure 4 20). 
	 
	 
	 
	 
	4.3.1.4 Specimen CL3 
	 
	The testing of this column was carried out with a gravity load of 720 kN. The yield displacement used for testing this column was 38 mm (method 1(alternative 1), Table 4.6). The specimen sustained 45 complete cycles (Table 4.7). Cycles 21 through 45 (25 cycles) were performed at the same ductility level corresponding to the stroke limit of the horizontal jacks. The stroke of the jack was then adjusted and the column was pushed towards the north up to the available stroke limit, but the column could not be failed. The capacity of the column in the final push was significantly lower than the peak capacity. No spalling of concrete occurred in the first ten cycles. Spalling started in the 11th cycle and increased therafter. However, it remained very limited up to the end of cycle 20. Figure 4 21 shows the appearances of the column at different stages of the test. Spalling occurred on the north and south faces of the column in all the gaps in the test region. However, the spalling of concrete in the first four gaps was relatively high. No slippage of collars is seen at the end of the test. No spalling of cover concrete of footing took place. 
	 
	4.3.1.5 Specimen CL4 
	 
	The testing of this column was done with a gravity load of 720 kN. The yield displacement was 28 mm (method 1(alternative 1), Table 4.6). The specimen sustained 45 complete cycles (Table 4.7). Cycles 26 through 45 (20 cycles) were performed at the same ductility level corresponding to the stroke limit of the horizontal jacks. The stroke of the jack was again adjusted and then the column was pushed towards the north up to the available stroke limit of the adjusted jack, but the column could not be failed.  
	 
	No spalling of concrete occurred in the test region in the first 15 cycles. Spalling started in the 16th cycle and increased with the increase in the number of cycles but it remained very limited at the end of the 20th cycle. Figure 4-22 shows the appearances of the column at different stages of the test. Spalling of concrete is visible in the first five gaps. No slippage of collars is seen at the end of the test. 
	 
	Cracks in the footing cover concrete adjacent to the column north and south faces appeared after the 20th cycle. With the increase in the number of cycles, the concrete cover was completely removed. Figure 4 22(b) shows the appearance of the specimen at the end of the 30th cycle. The spalled footing concrete can be seen in this figure. 
	 
	 
	 
	 
	4.3.1.6 Specimen CL5 
	 
	The testing of this column was done under zero gravity load. The yield displacement was 8 mm (method 1(alternative 1), Table 4.6), which is considerably lower than for the previously discussed specimens due to the smaller shear span. The specimen sustained 37 complete cycles (Table 4.7) and failed due to the fracture of three vertical bars on the south face of the column under low cycle fatigue while pushing the column towards the north: one bar fractured with a bang in 37th cycle while pushing the column towards the north and two bars fractured in the 38th cycle with two consecutive bangs while pushing the column towards the north. Figure 4 23 shows the appearances of the column at the end of the test. This figure shows that most of the damage occurred in the first two gaps. The fractured vertical bars are visible in Figure 4 23(c). No slippage of collars is seen at the end of the test.  
	 
	Cracks in the footing cover concrete adjacent to the north and south faces of the column appeared in 21st cycle due to extension and the failure of bond of the vertical bars in the footing. In the subsequent cycles, the cover was completely removed. The resulting depression in the footing adjacent to the column face is seen in Figure 4 23(a). 
	 
	4.3.1.7 Specimen CL6 
	 
	The testing of this column was done under 720 kN gravity load. The yield displacement was 8.5 mm (method 1(alternative 1), Table 4.6). The specimen sustained 31 complete cycles (Table 4.7) and the column failed due to the fracture of a vertical bar (the middle bar on the north face of the column) due to low cycle fatigue. The test was stopped after the fracture of this bar with a bang while pushing the column towards the south in the 32nd cycle, accompanied by a drop in load.  
	 
	Figure 4 24 shows the appearances of the column at different stages of the test. Most of the damage occurred in the first gap. After the completion of 15 cycles, the damage was seen in the first gap only. After the completion of the 20th cycle, the level of damage increased in the first gap and some cracks were also seen in the second gap. Figure 4 25 shows the fractured vertical middle bar on the north face of the column at the end of the test. No slippage of collars is seen at the end of the test.  
	 
	The spalling of footing cover concrete took place from cycle 21 through 25 due to extension and failure of bond of the vertical bars in the footing. The resulting depression in the footing adjacent to the column face is seen in Figures 4 24(d) and 4 25. 
	 
	4.3.1.8 Specimen CL7 
	 
	The testing of this column was carried out under 720 kN gravity load. The yield displacement was 11.5 mm (method 1(alternative 1), Table 4.6). The specimen sustained 35 complete cycles (Table 4.7) and the column failed due to the fracture of three vertical bars due to low cycle fatigue. The first vertical bar fractured on the south face while pushing the column towards the north in the 35th cycle and the second fractured on the north face while pushing the column towards the south in the same cycle. The third vertical bar fractured on the north face while pushing the column towards the south in the 36th cycle and then the test was stopped. 
	 
	Figure 4 26 shows the appearances of the column at different stages of the test. Most of the damage occurred in the first gap. Spalling of the concrete in the test region was not visible after the completion of the first 10 cycles. After the completion of 20 cycles, the damage in the first gap was seen which increased with the increase in the number of cycles. No slippage of collars is seen at the end of the test.  
	 
	Footing cover concrete adjacent to the north and south faces of the column was completely removed by the end of the 20th cycle due to extension and the failure of bond of the vertical bars in the footings. 
	 
	4.3.1.9 Specimen CL8 
	 
	The testing of this column was done under 720 kN gravity load. The yield displacement was 11 mm (method 1(alternative 1), Table 4.6). The specimen sustained 35 complete cycles (Table 4.7) and the column failed in the 36th cycle due to fracture of vertical bars under low cycle fatigue. The middle bar on the south face fractured while pushing the column towards the north in the 36th cycle. While pushing the column towards the south in the same cycle, two more bars fractured on the north face, one after the other and the test was stopped. 
	 
	Figure 4 27 shows the appearances of the column at different stages of the test. At the completion of the 10th cycle, no spalling of concrete was observed. However, after the completion of the 20th cycle, spalling of concrete was seen in the first gap and some horizontal cracks were seen in the second gap. At the end of the test, damage in the first and second gap increased, with relatively more damage in the first gap (Figure 4 27(d)). No slippage of collars is seen at the end of the test.  
	 
	After the completion of the 20th cycle, spalling of footing cover concrete was seen adjacent to the north and south faces of the column due to bond failure and extension of column vertical rebars in the footing. 
	 
	4.3.2 Hysteresis Curves 
	 
	The results of the tests can be presented in terms of horizontal force versus horizontal displacement at the point of application of the horizontal load. Such hysteresis relationships indirectly reflect the influence of P–( because the horizontal load required to reach a certain displacement is affected by the presence of the vertical load. The results can also be presented in terms of moment at the column base due to both lateral load and axial load (through the P–( effect) vs. percentage drift at the point of application of lateral load. The percentage drift is defined as follows: 
	 
	[4.1]                   
	 
	where   is the vertical distance to the point of application of the lateral load from the base of the column and   is the lateral displacement at that level. The moment versus drift(%) relationships are influenced by the P–( effect but it is incorporated directly into the moment values. Therefore, any reduction in moment capacity observed can be attributed solely to a degradation in strength due to cyclic loading. In the present research, the point of application of horizontal load was not same for all the columns (Table 4.1). In addition, the points of application of the vertical loads were not coincident with the point of application of horizontal loads. In columns CL5 to CL8, the distance between the points of application of horizontal and vertical loads was large. In these column specimens, a small horizontal displacement at the point of application of horizontal load caused a large horizontal displacement at the point of application of vertical load, resulting in a large P–( effect. Therefore, presenting the hysteresis behaviour for such columns in terms of horizontal load vs. horizontal displacement at the point of application of horizontal load will not be representative because the P–( effect will be proportionately higher. Therefore, it was decided to present the hysteresis results in terms of moment at the column base vs. percentage drift at the point of application of horizontal load. 
	 
	Figures 4 28 through 4 36 show the hysteresis curves for specimens CL0 through CL8, respectively. The north push is plotted in the first quadrant and the south push in the third quadrant. The approximate yield displacements used for conducting the tests and given in Table 4.6 under method 1(alternative 1) are also shown in Figures 4 28 through 4 36, along with the corresponding displacement ductility levels at which cycles were performed. The starred displacement ductility levels for specimens CL0, CL1, CL2, CL3, and CL4 (Figures 4 28 through 4 32) correspond to the stroke limit of the horizontal jacks. The hysteresis curves for all the columns are flexure dominated, as will be explained later in this chapter. However, the hysteresis curves for columns with short shear spans (CL5, CL6, CL7, and CL8) have specific characteristics that are present in those of concrete shear walls (Antoniades et al., 2003) and columns with a significant amount of shear (Ghee et al., 1989; and Saatcioglu and Yalcin, 2003). 
	 
	Positive envelopes (north push), negative envelopes (south push), and average envelopes (average of positive and negative envelopes) to the hysteresis curves given in Figures 4 28 through 4 36, respectively are given in Appendix E. The maximum drift of an average envelope corresponds to the smaller of the maximum drifts of the positive and negative envelopes. 
	 
	4.3.3 Revised Yield Displacements 
	 
	The experiments were performed with approximate yield displacements, as discussed previously. However, other methods of determining yield displacements need to be explored. Two methods for the determination of yield displacements were studied, as specified in Table 4.6. Method 1 (adapted from Ghee et al., 1989) was applied in five alternative ways. Method 2 consists of developing an idealized bilinear (elasto plastic) moment versus drift curve, that establishes a unique yield displacement, based on the average envelope curve of a specimen such that areas under the two curves up to the drift level corresponding to the peak moment are equal. This method for determining the yield displacements was used by Xu and Niu (2003) in the testing of reinforced concrete braced frames. It was also used by Lam et al. 2003) for rectangular columns with low confinement reinforcement tested under lateral cyclic loading and high axial loads. The methods (method 1 and method 2) are explored in the following: 
	 
	4.3.3.1 Method 1 (alternative 1) 
	 
	This procedure was used to determine the yield displacements to perform experiments and is considered approximate, as discussed previously. 
	 
	4.3.3.2 Method 1 (alternative 2) 
	 
	This alternative is similar to alternative 1 except that the values of   are based on confined concrete material curves obtained from a newly proposed confinement model that takes into account axial and flexural stiffness of the confining elements (Chapter 5). The procedure was applied to all the columns (Appendix F). These figures also indicate how much the first cycles differ from the values of   determined with the new confinement model. The resulting values of yield displacements are reported in Table 4 6. 
	 
	4.3.3.3 Method 1 (alternative 3) 
	 
	In this alternative, the average envelope curves (as opposed to the first cycle) and values of the yield moments,  , determined using the new confinement model are used to determine the yield displacements of the test specimens. By using the envelope curve the point corresponding to a moment of exactly   can be selected for constructing the line that is extended to   to determine the yield displacement. The procedure was applied to all the columns (Appendix F) and the resulting values of yield displacements are reported in Table 4.6. 
	 
	4.3.3.4 Method 1 (alternative 4) 
	 
	In this alternative, the average envelope curves and nominal moment capacities,  , calculated based on the unconfined concrete material curves, are used to determine the yield displacements of the test specimens in a manner analogous to alternative 3. The procedure was applied to all the test specimens (Appendix F) and the resulting values of yield displacements are reported in Table 4.6. 
	 
	4.3.3.5 Method 1 (alternative 5) 
	 
	In this alternative, the average envelope curves and ultimate moment capacities,   (obtained experimentally), were used to determine the yield displacements of the test specimens. The procedure was applied to all the columns (Appendix F) and the resulting values of yield displacements are reported in Table 4.6. 
	 
	4.3.3.6 Method 2 
	 
	The average envelope curves to the moment vs. drift hysteresis are used to determine the yield displacements of the test specimen by establishing a bilinear curve such that the areas under the two curves up to the peak moment are equal. The procedure was applied to all the columns (Appendix F) and the resulting values of yield displacements are reported in Table 4.6. Due to the unique shape of the curve for column CL0, three cases were considered. In the first case, the procedure is applied to the average envelope curve with respect to the first peak, which results in a yield displacement equal to 22 mm. In the second case, the procedure is applied with respect to the second peak, which results in a yield displacement equal to 29 mm. In the third case, the first peak of the envelope curve is truncated to form a smooth curve and the procedure is then applied with respect to the second (only remaining) peak, which results in a yield displacement equal to 32 mm. The third case might be appropriate for columns with shallow concrete cover. 
	 
	4.3.4 Revised Hysteresis Curves 
	 
	Various methods for determining yield displacements of the test specimens have been discussed in the previous section. However, method 1 (alternative 3) seems a more viable option in the present study as described before. Hysteresis curves presented in Figures 4 28 through 4 36 are therefore revised with respect to these yield displacements, and are shown in Figures 4 37 through 4 45. In these figures, the displacement ductility level specified for the first five cycles is in fact the average value (.i.e., average of 10 data points) since these cycles were conducted under load control. 
	 
	4.3.5 Comparison of Envelope Curves 
	 
	Figures 4 46 through 4 53 show the envelope curves to the moment versus drift hysteresis loops for each of the collared columns (CL1, CL2, CL3, CL4, CL5, CL6, CL7, and CL8, respectively) along with that of the control column (CL0) for comparison.  
	 
	Before making the comparison of the envelope curves, it is important to describe the failure criterion and the basis on which the tests were ended in the laboratory. The criterion to end the tests was based on the significant reduction in horizontal and vertical load carrying capacity of the specimens. Generally, it was attributed to shear failure (column CL0) or rupture of longitudinal bars (columns CL2, CL5, CL6, CL7, and CL8). However, the upper limit of performing the cycles was 45. The specimens CL1, CL3, and CL4 sustained 45 cycles but could not be failed, even when the jacks were repositioned and the columns were pushed towards the north to a large displacement.  
	 
	For the analysis of test results and for the comparison of the performance of the test specimens, a failure criterion is required and a 10% reduction in the peak moment capacity of the column (obtained from the average envelope curves) at the column base has been used. The peak moment capacity consists of moment due to horizontal loading and moment due to the P–( effect. Other researchers such as Sheikh and Khoury (1993), Bayrak and Sheikh (1997), and Iacobucci et al. (2003) used a 10 or 20% reduction in the moment capacity as the failure criterion for the analysis of test results. 
	 
	Figure 4 46 shows the envelope curve for columns CL0 and CL1. The average, north (positive), and south (negative) envelope curves for column CL1 are shown in Appendix E. The north envelope curve goes up to a higher drift level than the south envelope curve. The average envelope curve also goes up to the extreme drift level of the south envelope curve. The high ductility of this column is clear from the north envelope curve. No failure of this column was observed at the extreme north when pushed with the repositioned jack. Therefore, it was considered reasonable to extrapolate the average envelope curve (Appendix E) up to the extreme drift level of the north envelope. The average envelope curve of column CL4 was also extrapolated using the same procedure as that used for specimen CL1 (Appendix E). 
	 
	Although column CL3 was pushed towards the north with the repositioned jack, due to the significant reduction in load at the end of 45 cycles, the north envelope curve was not extended up to the end of the final push. Figure 4 31 shows that it does not seem appropriate to extend the north envelope up to the extreme drift of the final push.  
	 
	The comparison of the envelope curves is done with respect to the following parameters: secant stiffness at 0.25% drift, average peak moments, modulus of toughness, and normalized modulus of toughness, with both moduli calculated up to both the drift level corresponding to the average peak moments and up to that corresponding to 90% of the average peak moment in the descending branch (i.e., the failure condition).  
	 
	4.3.5.1 Secant Stiffness at 0.25% Drift 
	 
	The secant stiffnesses of the test specimens are calculated at 0.25% drift and are reported in Table 4.8. The secant stiffness at 0.25% drift was also used by Canbolat et al. (2005) to normalize the secant stiffness of high performance fibre reinforced cement composite coupling beams at higher drift levels. Generally, the first diagonal cracks appeared at this level of drift in the coupling beams tested under cyclic loading in their experimental program. The reason for the selection of secant stiffness at 0.25% drift for normalization purposes is discussed at the end of this section. 
	 
	It is assumed that the confinement will not be effective up to this level of drift. Hence, the secant stiffness depends on the strength of unconfined column concrete,   ( ), properties of the steel, and the stresses in the concrete and steel longitudinal bars due to column axial loads. Using the strain compatibility analysis, the stress in the concrete and steel longitudinal bars under the column axial loads are calculated and are reported in Table 4.9. A portion of the total gravity load, , is carried by concrete,  , and the remaining is carried by steel longitudinal bars,  , which can be calculated from the following equations: 
	 
	[4.2]                                              
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	The corresponding stresses in the concrete and steel longitudinal bars can be calculated from the following equations: 
	 
	[4.4]                                                
	 
	[4.5]                                                
	 
	where: 
	 
	  = Area of concrete in column cross section,  ; 
	  = Gross area of column cross section; 
	  = Total area of steel longitudinal bars; 
	  = Modulus of elasticity of steel longitudinal bars (see Table 4.3) 
	  = Secant modulus of elasticity of concrete; in the present study the modulus of elasticity of concrete is calculated as:  ; 
	  = Compressive cylinder strength of concrete based on standard cylinders; 
	  = stress in concrete due to axial load; 
	  = compressive strength of column concrete,   ; 
	  = stress in steel longitudinal bars due to axial load; 
	  = Axial load carried by concrete; 
	  = Axial load carried by steel longitudinal bars; 
	  = Total axial load; 
	 
	All the columns have same amount of longitudinal steel (8 bars of 25 mm dia.). The moduli of elasticity,  , of the steel longitudinal bars for all the columns are essentially identical (Table 4.3). Therefore, the longitudinal steel bars do not contribute to the variations in the secant stiffness of the test specimens at 0.25% drift. The ratios of concrete stress,  , due to axial loads to the strength of the column concrete,  , are also reported in Table 4.9.  
	 
	According to Chen (1982), the stress vs. strain curve for unconfined concrete has a linear behaviour up to 30% of its maximum compressive strength. From 30% to 75% or 90% of the unconfined concrete strength, the stress vs. strain curve shows a gradual increase in curvature. Thereafter, it turns more sharply and reaches the peak point of the stress vs. strain curve of the unconfined concrete. 
	 
	According to Table 4.9, the ratio of concrete stress due to axial load to the strength of the column concrete is highest for column CL0, which is 0.42. Although the curvature of the stress vs. strain curve of the concrete starts increasing beyond 30%, the increase in curvature up to the concrete stress equal to 42% of the concrete strength is assumed to be small. Therefore, the effect of the presence of the axial loads on the secant stiffness at 0.25% drift can be ignored. Hence, the variations in the secant stiffness of the test specimens at 0.25% drift depends on the variations in the modulus of elasticity of the concrete,  , due to the variations in the strength of the column concrete,  . 
	 
	It is to be noted that the stiffness of a structural member tends to reduce due to the presence of a compressive axial force. The Euler buckling loads for all the columns are reported in Table 4.9. The loads were calculated based on the secant modulus of elasticity of concrete and gross moment of inertia of the columns assuming a fixed support condition at the bottom and pinned at the point of application of horizontal loads. The unsupported lengths of columns CL0 through CL4 are 1900 mm and the unsupported length of columns CL5 through CL8 are 750, 760, 755, and 775 mm, respectively. The effective lengths of these columns were obtained by multiplying the unsupported lengths by an effective length factor of 0.699. The axial loads on the columns are much lower than the corresponding Euler buckling loads (Table 4.9). Therefore, the effect of geometric stiffness on the behaviour of the columns is neglected. 
	 
	The modulus of elasticity of concrete,  , for column CL0 is higher than those of columns CL1, CL2, CL3, and CL5 (Table 4.10). Therefore, the secant stiffness at 0.25% drift for column CL0 is higher than those of columns CL1, CL2, CL3, and CL5 (Table 4.9) as expected. This is also apparent from Figures 4 46, 4 47, 4 48, and 4 50. 
	 
	The modulus of elasticity of concrete,  , is almost identical for columns CL0, CL4, and CL6. However, the secant stiffness at 0.25% drift for column CL0 is higher than that of the column CL4 and the secant stiffness of column CL6 is higher than that of column CL0. 
	 
	The modulus of elasticity of concrete,  , for columns CL7 and CL8 are higher than that of the column CL0. The secant stiffness at 0.25% for column CL7 is higher than that of the column CL0, which makes sense. However, the secant stiffness of column CL8 is slightly lower than that of the column CL0. 
	 
	The following are the possible reasons for these discrepancies: 
	 
	(1) There could be differences in the curvature distribution along the test regions of the columns. For the same rotations in the test region, if the curvature is uniformly distributed over a longer length, then the strain level in the concrete will be low as compared to if the curvature is distributed over a smaller length of the test region. The curvature distributions will be shown later in this chapter. 
	(2) There could be small differences in column dimensions and the location of longitudinal bars of the columns due to construction errors. 
	(3) There are variations in the cylinder strength of concrete. The standard deviations for the cylinder strength of concrete are given in Table 4.2. 
	 
	Table 4.10 shows the cracking moments of the columns obtained using ACI 318 02. The tensile strengths (modulus of rupture,  ) of concrete for the columns were calculated based on the strength of concrete in the columns,  . For columns CL1 and CL5, the cracking moment can be calculated directly using the code equations because these columns carry no axial load. The remaining columns (CL0, CL2, CL3, CL4, CL6, CL7, and CL8) have compressive stresses due to axial load (Table 4.9 and Table 4.10). The cracking moments for these columns were obtained by a trial and error procedure such that the resultant tensile stress in these columns under the combined effect of axial load and the moment becomes equal to the tensile strength of the concrete (modulus of rupture,  ). The moment at 0.25% lateral drifts for these columns obtained using the experimental average envelope curves are also reported in this table for comparison. These moments are higher than the corresponding cracking moments. It is to be noted that columns without axial load (CL1 and CL5) have lower values of cracking moments and moments at 0.25% drifts as compared to the columns with axial load. 
	 
	Theoretically, the stiffness of the concrete columns is higher before cracking. However, it was considered that accurate values of pre cracked stiffness could not be obtained from the test data due to the low values of the cracking moment as compared to the peak moment, as can be seen from the curves in Figures 4 46 through 4 54. Therefore, in order to represent the initial stiffness of the columns, the secant stiffness at 0.25% drift was determined for all the columns. It is assumed that the moments corresponding to this level of drift are free from the effects of confinement, similar to the cracking moments. 
	 
	In subsequent sections, peak moments, moduli of toughness up to the peak moments, and moduli of toughness up to failure of the columns are presented, which all include the influence of the level of confinement and the properties of the unconfined concrete. In order to observe the benefits of confinement on the cyclic behaviour of the columns, the influence of the properties of the unconfined concrete need to be eliminated. Therefore, the peak moments are normalized with respect to the moments at 0.25% drift. The moduli of toughness up to peak and up to failure are normalized with respect to the moduli of toughness up to 0.25% drift. 
	 
	4.3.5.2 Average Peak Moments 
	 
	The peak moments and the corresponding drifts (%) from the average envelope curves are reported in Table 4.8. Generally, the peak moments of the collared columns are higher than that of the control column (Figure 4 54). The differences in peak moment from column to column are partly due to the inherent strength of the concrete itself and partly due to the differences in the level of confinement. It is assumed that the contribution of the steel to the peak moment is the same in all the columns. It is also assumed that the confinement is not effective up to 0.25% drift. The effect of the inherent strength of the concrete on the peak moments can therefore be taken out by normalizing the peak moments with respect to the moment at 0.25% drift of the corresponding columns. These normalized peak moments are also reported in Table 4.8. The normalized peak moments of the collared columns are higher than that of the control column (Figure 4 55), indicating the beneficial effects of the collar confinement. 
	 
	4.3.5.3 Modulus of Toughness 
	 
	Modulus of toughness is a measure of ductility. The modulus of toughness is equal to the area under the moment vs. drift envelope curves. The moduli of toughness were calculated up to the peak moments and up to 90% of the peak moments in the descending branch of the envelope curves. The values of moduli of toughness obtained from average envelope curves are reported in Table 4.11 and are plotted in Figure 4 56. These values of modulus of toughness include both the effect of strength of concrete and the level of confinement. 
	 
	4.3.5.4 Normalized Modulus of Toughness 
	 
	In order to eliminate the effect of strength of concrete from the modulus of toughness, the values of modulus of toughness of a certain specimen are normalized with respect to the modulus of toughness up to 0.25% drift. The normalized moduli of toughness for the test specimens are also reported in Table 4.11 and are depicted in Figure 4 57. Generally, the normalized moduli of toughness for collared columns are higher than that of the control column CL0. 
	 
	4.3.6 Stiffness Retention 
	 
	Stiffness degradation of all the nine specimens was evaluated by means of the secant stiffness. Secant stiffnesses of the test specimens were calculated at different levels of drifts with the help of the average envelope curves shown in Appendix E. Other researchers such as Xu and Niu (2003) and Canbolat et al. (2005) calculated the secant stiffness with the help of peak values of the cycles at each displacement ductility level. 
	 
	To account for the variations in the strength of concrete from specimen to specimen, the secant stiffness values were normalized with respect to the secant stiffness values at 0.25% drift for each specimen. Secant stiffnesses at 0.25% drifts were also used for normalization by Canbolat et al. (2005) in the evaluation of stiffness degradation of high performance fibre reinforced cement composite coupling beams.  
	 
	The normalized secant stiffness values were plotted with respect to the drifts (%) for all the test specimens. Figures 4 58 through 4 65 show the normalized secant stiffness vs. drift (%) curves for collared columns along with that of the control column CL0. It is evident from these figures that the level of stiffness retention of the collared columns is higher than that of the control column CL0 (conventional column). This is one distinct advantage of collared columns over conventional columns. 
	 
	4.3.7 Energy Dissipation Characteristics 
	 
	The energy dissipation capability of structures is of paramount importance in their performance under cyclic loading. There are various ways to evaluate the energy dissipation capacity of structures. In the present research, the energy dissipation of the test specimens was evaluated by calculating the area enclosed by the moment vs. drift (%) hysteresis loops. The energy dissipation characteristics of the specimens can be evaluated in terms of energy dissipation per cycle, cumulative energy dissipation vs. cycle number, and normalized cumulative energy dissipation vs. cycle number. 
	 
	4.3.7.1 Energy Dissipation Per Cycle 
	 
	Figures 4 66 through 4 74 show the bar charts of energy dissipated per cycle for all the nine columns (CL0 to CL8). The energy dissipated in a cycle is the area enclosed by the moment vs. drift hysteresis loop corresponding to that cycle. The numerical values of the energy dissipated per cycle are given in Appendix G. Theoretically, the energy dissipation in the first cycle (primary cycle) out of a total of five cycles at a certain displacement ductility level is more than that of any one of the remaining four cycles (secondary cycles) at that ductility level. These figures show that in some cases, a secondary cycle shows more energy dissipation than does the primary cycle. This is attributed to the small fluctuation in gravity loads and the slight relative difference in amplitude of the cycles at a certain ductility level. In order to demonstrate that the energy dissipated in a primary cycle is more than that of a secondary cycle of the same amplitude, the energy dissipated in the 16th cycle is compared with the energy dissipated in the 17th cycle for all the specimens. The ratios of energy dissipated in cycle 16 to energy dissipated in cycle 17 are about 1.50, 1.23, 1.06, 1.19, 1.28, 1.36, 1.23, 1.23, and 1.09 for columns CL0, CL1, CL2, CL3, CL4, CL5, CL6, CL7, and CL8, respectively. The ratio is higher for column CL0 because of the additional effect due to the large difference in gravity load for cycle 16 and cycle 17 for this specimen. For higher gravity loads, the energy dissipation is higher provided the remaining influencing parameters are kept constant. 
	 
	Hence, the energy dissipation in a cycle for a column under cyclic loading depends on the displacement amplitude, which is multiple of the yield displacement, and the axial load. The energy dissipation in a cycle increases with the increase of displacement amplitude and/or axial load. The energy dissipation in the primary cycles is always higher than that of secondary cycles at a particular displacement ductility. In addition, if a large number of cycles are performed at the same displacement ductility, the energy dissipation in a cycle gradually decreases due to degradation in strength and stiffness (Figures 4 69 and 4 70).  
	 
	4.3.7.2 Cumulative Energy Dissipated vs. Cycle Number 
	 
	Figures 4 75(a) through 4 82(a) show the cumulative energy dissipated vs. cycle number for all the collared columns along with that of the column CL0. The numerical values of the cumulative energy dissipated per cycle are given in Appendix G. 
	 
	The relationship between cumulative energy dissipated and cycle number has been used to compare the energy dissipation characteristics of reinforced concrete braced frames (Xu and Niu, 2003). The method has also been used in the literature to characterize the energy dissipation characteristics of columns under cyclic loading. The energy dissipation characteristics of the columns are influenced by various factors such as yield drift, axial load, and the peak moment capacity. The peak moment capacities of the columns include the influence of the properties of the unconfined column concrete and the properties of the steel longitudinal bars of the columns. The influence of these parameters on the energy dissipation characteristics is discussed in the following: 
	 
	The yield displacements used to conduct the tests are given in Table 4.6 (method 1 (alternative 1)). The heights of the point of application of the horizontal load from the top of the footing,  , are given in Table 4.1. Knowing the yield displacements and the values of  , the yield drifts of the test specimens CL0, CL1, CL2, CL3, CL4, CL5, CL6, CL7, and CL8, expressed in percentage, are calculated to be 1.58, 1.21, 2.16, 2.00, 1.47, 1.07, 1.12, 1.52, and 1.42, respectively. 
	 
	Figures 4 75(a) shows that the rate of increase of cumulative energy dissipation with respect to cycle number for column CL0 is higher than that of column CL1. This is attributed to the following:  
	 
	(1) The yield drift of column CL0 is higher than that of column CL1.  
	 
	(2) Column CL0 was tested under heavy axial load, whereas column CL1 was tested without axial load;  
	 
	(3) The peak moment capacity,  , of the columns also influence their energy dissipation characteristics. In the present case, the peak moment capacity of column CL0 is lower than that of column CL1. However, its influence on the energy dissipation characteristics of the columns does not appear because of the dominating effect of the other two factors. 
	 
	Although the cumulative energy dissipated by both columns at the end of the tests is high, it is higher for column CL0. However, column CL1 did not fail after sustaining 45 cycles. Then the stroke of the jack was adjusted and the column was pushed towards north. If the energy dissipated by column CL1 after the 45th cycle is added to the cumulative energy dissipated up to 45th cycle, then the cumulative energy dissipated by column CL1 at the end of the test becomes higher than that of column CL0. The improved energy dissipation characteristics of column CL1 as compared to those of column CL0 are derived from a combination of reduced axial load, which tends to reduce the rate of deterioration, and collar confinement. 
	 
	Figures 4 76(a) shows the relationships between the cumulative energy dissipated vs. cycle number for columns CL2 and CL0. The rate of increase of cumulative energy dissipation versus cycle number for column CL2 is higher than that of column CL0 because of the higher yield drift and higher nominal moment capacity of column CL2. However, the cumulative energy dissipated by column CL2 is much less than that of column CL0. This poor performance of column CL2 is attributed to the wider spacing of collars in this column. 
	 
	The rate of increase of cumulative energy dissipation with respect to cycle number for columns CL3 and CL0 are almost the same (Figure 4 77(a)). The cumulative energy dissipation at the end of the test for column CL3 is slightly higher than that of column CL0 (Figure 4 77(a)). It can be concluded that the energy dissipation characteristics of both columns are essentially identical. 
	 
	Figure 4 78(a) shows the cumulative energy dissipated versus cycle number for columns CL0 and CL4. The cumulative energy dissipated for both columns are comparable at the end of the tests. The test for column CL4 was stopped prematurely. If the energy dissipated by column CL4 after the 45th cycle were to be added, the total energy dissipated by this column would become higher than that of column CL0. 
	 
	The cumulative energy dissipated at the end of the tests by collared columns with short shear spans (CL5, CL6, CL7, and CL8) are much lower than that of column CL0 (Figures 4 79(a), 4 80(a), 4 81(a) 4 82(a)). This means that the short shear span has an adverse effect on the energy dissipation characteristics of the collared columns. 
	 
	From the above exercise, it can be concluded that the slopes of the energy dissipation curves (cumulative energy dissipation versus cycle number) depend on the magnitude of axial loads, yield drifts, and the nominal moment capacities of the columns. A higher slope of this curve does not guarantee that the cumulative energy dissipation at the end of the test will also be higher. The most important criterion for comparing the energy dissipation characteristics of the columns under cyclic loading is the total energy dissipated by the columns at the end of the tests or at failure. With respect to this criterion, it can be concluded that the energy dissipation characteristics of the collared columns with closely spaced collars are better than, or at least similar, to those of conventional columns (which satisfy the plastic hinge requirements of the codes). However, the energy dissipation capabilities of the collared columns with widely spaced collars were much less than that of conventional column. Similarly collared columns with short shear spans exhibited poor energy dissipation characteristics as compared to that of the conventional column CL0 that had a long shear span. 
	 
	4.3.7.3 Normalized Cumulative Energy Dissipated vs. Cycle Number 
	 
	Similar to the relationship between cumulative energy dissipated and cycle number discussed in the previous section, the relationship between the normalized cumulative energy dissipated and cycle number is also used to characterize the energy dissipation characteristics of the reinforced concrete columns under cyclic loading. This method is less sensitive to differences in the yield displacements. 
	 
	A procedure for normalizing the cumulative energy dissipation for lateral force vs. lateral displacement curves is given by the following equation (Lukkunaprasit and Sittipunt, 2003): 
	 
	[4.6]                                       
	 
	where Hmax is the maximum horizontal load applied. In the present research, the hysteresis curves are presented in terms of base moment vs. lateral drift (%). Therefore, Equation 4.6 is translated to the following for normalizing the cumulative energy dissipated: 
	 
	[4.7]                                    
	 
	Figures 4 75(b) through 4 82(b) show the normalized cumulative energy dissipated vs. cycle number for all the collared columns CL1, CL2, CL3, CL4, CL5, CL6, CL7, and CL8 along with that of the control column CL0. When plotted in normalized form, the curve for the control column CL0 is higher than those of all the collared columns. The numerical values of the cumulative energy dissipated per cycle are also given in Appendix G. The normalized cumulative energy dissipation characteristics of each collared column are compared with that of the control column in the following. 
	 
	Figure 4 75(b) shows the normalized cumulative energy dissipated versus cycle number for columns CL0 and CL1. The rate of increase of normalized cumulative energy dissipated for both curves is almost the same after the 25th cycle. The normalized cumulative energy dissipated at the end of the test for column CL0 is higher than that of column CL1 at the end of 45th cycle. However, column CL1 did not fail after sustaining 45 cycles and after adjusting the stroke of the horizontal jack, this column was further pushed towards north but still the column could not be failed. If this additional normalized energy is added to normalized cumulative energy dissipated at 45th cycle, the normalized cumulative energy dissipation for column CL1 at the end of the tests will become higher than that of column CL0. This better performance of column CL1 as compared to that of column CL0, with respect to energy dissipation, could be partly due to the absence of axial load in column CL1 and partly due to the benefits of collar confinement. 
	 
	Figure 4 76(b) shows that the normalized cumulative energy dissipation characteristics of column CL0 are much better than those of column CL2. This is because of the wider spacing of the collars in column CL2. 
	 
	Figure 4 77(b) shows that the energy dissipation characteristics of column CL0 are better than those of column CL3. 
	 
	It appears from Figure 4 78(b) that the energy dissipation characteristics of column CL0 are better than those of column CL4. However, column CL4 could not be failed after sustaining 45 cycles. Thereafter, it was pushed towards the north with repositioned jacks. If the normalized cumulative energy dissipated by column CL4 after 45 cycles is added, then the energy dissipated at the end of test becomes higher than that of column CL0. Hence, it appears that the energy dissipation characteristics of columns with closely spaced collars are indeed better than those of column CL0. 
	 
	Figures 4 79(b) through 4 82(b) show the relationship between normalized cumulative energy dissipated versus cycle number for columns CL5 through CL8, respectively, along with that of the control column CL0. The normalized cumulative energy dissipated at the end of the test for column CL0 is higher than that of columns CL5 through CL8. It is to be noted that the collared columns CL5 through CL8 were tested with a short shear span. The short shear span columns generally exhibit brittle behaviour and dissipate less energy as compared to those with a long shear span. Hence, the short shear–span collared columns are excluded from the comparison between the conventional column and collared columns with respect to energy dissipation characteristics. 
	 
	Based on the above, it can be concluded that conventional columns with closely spaced ties and collared columns with the closely spaced collars exhibit comparable energy dissipation characteristics. However, when accounting for the effect of reaching the limit of jack stroke in the tests, a promising potential of collared columns with closely spaced collars is witnessed that such collared columns would dissipate more energy at the end of the tests or at failures as compared to that of conventional columns.  
	 
	It is noteworthy that the conclusions drawn based on the cumulative energy dissipation characteristics and the normalized cumulative energy dissipation characteristics are the same. 
	 
	4.3.8 Equivalent Viscous Damping Ratio 
	 
	Damping helps to reduce the amplitude of vibration of structures when subjected to excitations. Strong earthquake excitations may drive the structures to vibrate in the inelastic range. For these structures, the equivalent damping ratio,  , consists of two parts as given by the following equation (ATC 40, 1996): 
	 
	[4.8]                     
	 
	where   is the inherent viscous damping ratio that is always present whether the structure vibrates in the elastic or inelastic range and is usually assigned a constant value of 0.05 and   is the hysteretic damping ratio, represented as equivalent viscous damping, that is associated with a full hysteretic loop area at a certain value of lateral drift. The value of   is calculated as follows (Chopra, 1995): 
	 
	[4.9]                          
	 
	where   is the energy dissipated in cycle   at a certain value of lateral drift and   is the maximum elastic strain energy corresponding to the cycle. Knowing the moment and the drift corresponding to the peaks of the cycle  , the maximum elastic strain energy,  , is calculated as follows: 
	 
	[4.10]                           
	 
	For the tests reported herein, the calculations of hysteretic damping ratio,   (Equation 4.9), were based on parameters that were obtained by averaging the results from all the available loops for a particular ductility level. Figures 4 83 through 4 90 show the relationships between the hysteretic damping ratio,  , and the corresponding lateral drifts for the collared columns along with that of the control column CL0 for comparison.  
	 
	It is clear from these figures that the hysteretic damping ratio increases with the increase of displacement amplitude or the increase of lateral drift. It is also evident that the hysteretic damping ratios for the collared columns are significantly high. However, at a certain level of lateral drift, the hysteresis damping ratio exhibited by control column is generally higher than that of the collared columns. This is attributed to the relatively higher axial load in the first 16 cycles for the control column. As explained previously, the energy dissipation in a cycle at a certain level of displacement ductility depends on the magnitude of axial load, in addition to other parameters; the energy dissipation is higher for higher axial loads. 
	 
	Although the hysteretic damping ratio has its importance in nonlinear dynamic analyses of structures, nevertheless, it appears to be the best method to determine the energy dissipation characteristics of the specimens for comparison with each other. Due to the presence of maximum strain energy term in the denominator of Equation 4.9, the effect of displacement amplitude and the effect of peak moment of a cycle are automatically normalized. 
	 
	4.3.9 Curvature Distributions in the Test Regions 
	 
	Curvature distributions along the test regions of the columns give insight into the nature of the flexural hinging. The curvature distributions can be determined in two ways: (1) using strains of the longitudinal bars of the column; and (2) using rotation of the collars. 
	 
	The curvature distributions along the test regions can be also be determined using instruments that were placed externally at different heights in the test regions and this method is used in the present research. Since these instruments were attached to the collars, only the results for the collared columns are presented. A summary of the instrumentation used for measuring the rotations on the collared columns is given in Table 4.4. 
	 
	The average curvature of a segment between the centrelines of any two collars was taken as the difference in rotation (radians) of the collars divided by the length of the segment. Similarly, the average curvatures of all the segments in the test region are determined and then plotted with respect to the distance from the top of the footing to the mid depth of the respective segments. The average curvature for the north (push) and south (pull) directions are determined separately and then averaged, however no significant difference in the curvature distributions for the  directions was found. Curvature distributions along the test regions were determined at different levels of displacement ductility to study the associated variations. 
	 
	Figures 4 91 through 4 98 show the curvature distributions along the test regions of the collared columns. It can be concluded from the figures that hinging takes place in the lower half of the test region and the maximum curvature takes place below the first collar in columns CL1, CL3, CL4, CL5, CL6, CL7, and CL8. In column CL2, the maximum curvature at large displacement ductilities takes place between the first and second collar (Figure 4 92). The maximum damage and the rupture of the vertical bars of this column took place in this region (Figure 4 20). It is to be noted that the curvature distributions presented are not only due to flexural deformations. The effect of rotations due to anchorage slip at the interface between the column and footing is also present in these diagrams. 
	 
	The distribution of energy dissipation mechanisms in the test regions of the collared columns (CL1 through CL8) are given in Appendix H. 
	 
	 
	 
	 
	4.3.10 Other Ductility Parameters 
	 
	There are several ways to express the ductility and deformability of reinforced concrete sections and members and some of them have been discussed previously in this chapter. In this section, the ductility parameters suggested by Sheikh and Khoury (1993) are used to evaluate the performance of sections of the test specimens, These are the curvature ductility factor,  , cumulative ductility ratio,  , and energy damage indicator,  , defined in the following: 
	 
	Curvature ductility factor,  : 
	[4.11]                             
	 
	Cumulative ductility ratio,  : 
	[4.12]                             
	 
	Cumulative energy damage indicator,  : 
	[4.13]                             
	 
	The definitions of all terms in these equations are given in Figure 4 99 except   and  , which represent, respectively, the length of the most damaged region of the column observed during testing and the depth of the column section. 
	 
	In the present study, the lengths of the most damaged regions of the test specimens,  , were estimated from observations during the tests, curvature distributions along the test regions (Figure 4 91 through 4 98), and the distribution of energy dissipation along the column lengths (Appendix H). These lengths are reported in Table 4.12. The locations of the collars measured from the top of the footing are given in Table 4.4. 
	 
	In column CL0, the length of a relatively undamaged core region attributed to additional confinement provided by the footing is taken as 300 mm measured from the top of footing. The most damaged region of this column extends from 300 to 550 mm.  
	 
	In columns CL1, CL5, CL7, and CL8, most of the damage occurs below the 2nd collar. The clear distances from the top of the footings to the bottom of the 2nd collars are taken as the most damaged regions of these columns.  
	 
	In column CL2, most of the damage occurred between the 1st and 2nd collar, the clear distance of which is taken as the most damaged region of this column.  
	 
	In columns CL3 and CL4, most of the damage occurred below the 3rd collar. The clear distances from the top of footings to the bottom of the 3rd collars are taken as the most damaged region of these columns.  
	 
	In column CL6, most of the damage occurred below the 1st collar. The clear distance from the top of the footing to the bottom of the 1st collar is taken as the most damaged region of this column. 
	 
	In order to calculate the ductility parameters for the sectional performance of the test specimens, moment versus curvature hysteresis curves are required. The curvatures could be calculated across the most damaged regions of the columns, using the rotation measurements described previously, and assumed uniform in those regions, and the moments due to horizontal and vertical loading could be calculated at mid height of those same regions. However, in the present research not all the collars were instrumented for rotation measurements and in column CL0, these measurements were not obtained. To maintain consistency in the location of points (in the test regions) about which moments, M, are calculated, cable transducers located at the top ends of the test regions (Table 4.4) are used to calculate the curvatures,  , over the test regions of the columns. (The moment M at the midpoint of the test region is clearly smaller than the moment at the base of the corresponding column.) The locations of the cable transducers are close, but not exactly the same, for all the specimens. Based on these instruments, the moments versus curvature hysteresis curves for columns CL0 through CL8 were developed and are given in Appendix I. The envelopes to these hystereses were determined both for the north and south push, the averages of which are depicted in Figures 4 100 through 4 108. In the cases of columns CL1 (Figure 4 101), CL4 (Figure 4 104), and CL8 (Figure 4 108), the terminate curvatures for the north and south envelopes were significantly different, so the average curvature for these columns can be obtained only up to the smaller of the two terminate curvatures. The remaining part of the average curvature curve for these columns was projected, keeping in view the trend of the constituent envelope curve with the higher terminate curvature. (It is to be noted that in the case of the envelope curve to the moment at the column base versus drift hysteresis for column CL8, shown in Figure 4 53, this type of projection was not required because the moment corresponding to the terminate point of the curve is well below 90% of its peak moment.) 
	 
	In the procedure proposed by Sheikh and Khoury (1993),   represents the initial slope of the average curvature curve. In the present research, a slight modification to the procedure was made, where   represents the slope of a secant line that passes through the origin and a point on the average envelope curve having an abscissa equal to 2.5x10-6 (rad/mm). This secant line is very close to the initial slope, as is clear from Figures 4 100 through 4 102. The reasons for this modification are: 
	 
	(1) The initial slope lines are drawn through judgement and errors may be introduced while applying the procedure from curve to curve; and  
	 
	(2) They are highly influenced by the interval of data points in the very first cycle of loading. If the data points of the first cycle are widely spaced, the initial slope lines will, in fact, become a secant line. In addition, the interval of data points can vary from curve to curve and influence the initial slope lines. 
	 
	The proposed modification overcomes these difficulties to a certain extent. The slopes,  , of the secant lines drawn to the envelope curves are given in Table 4.13. The curvature,  , corresponds to the point of intersection of the secant line and a horizontal line corresponding to the peak moment of the envelope curve. The curvature,  , represents the abscissa of the point on the average moment versus curvature envelope curve in the descending branch for which the moment is 90% of the peak moment of the envelope curve (Figures 4 105, 4 106, 4 108). In cases where the moment does not drop to 90% of the peak moment due to any reason, the terminate curvature of the average envelope curve is taken as   (Figures 4 100, 4 101, 4 102, 4 103, 4 104, and 4 107). The ratio of   to   represents the curvature ductility factor,  . The values of  ,  , and   for all the columns are reported in Table 4.13. The starred values of  , and   for columns CL0 through CL4 are lower bounds, since the columns did not fail completely. 
	 
	Figures 4 109 through 4 116 show the relationships between the cumulative ductility ratios,   (Equation 4.12), and the cycle numbers for columns CL1 through CL8 along with that of the control column, CL0, for comparison. The curve for the control column is higher than that of the collared columns in all cases. This trend is attributed principally to the relatively lower value of   for column CL0 (Table 4.13). 
	 
	Figures 4 117 through 4 124 show the relationships between the cumulative energy damage indicator,   (Equation 4.13), and the cycle numbers for columns CL1 through CL8 along with that of the control column, CL0, for comparison. The curve for the control column CL0 is much higher than those of the collared columns. The main reason for this trend is considered to be the relatively lower value of   for column CL0 (Table 4.13) and, moreover, that the term   in the expression for   (Equation 4.14) is squared. Although the term   has a reduction effect on the value of   for column CL0 because of the relatively higher values of   for this column (Table 4.13), its influence is dominated by the squared values of the term  . The numerical values of the cumulative ductility ratio,  , and the cumulative energy damage indicator, , for columns CL0 through CL8 are given in Appendix J. 
	 
	4.4 Effect of Various Parameters on Column Behaviour 
	 
	In this section, the effect of several key parameters—axial load, collar spacing, size of collar, and shear span—on the behaviour of columns confined externally by HSS collars, is studied. 
	 
	4.4.1 Effect of Axial Load 
	 
	There are different ways to express the axial load index such as: 
	 
	 ;  ; and   
	 
	The values of these axial load indices for each of the columns tested are presented in Table 4.14. Column CL0 was subjected to two levels of axial load. Hence, two values for each of the axial load indices are reported for this column. The ratio   is considered to be the most appropriate way of expressing the axial load index for this purpose because it can be used directly to define the location of the failure point of the column in an axial load versus moment interaction diagram. 
	 
	Axial load produces three primary effects: (1) it affects the moment capacity of the columns; (2) it produces a P   effect under lateral displacement (the moment due to P–( is included in the total column moment in the present research); and (3) it increases the compressive strain level in the column resulting in accelerated deterioration taking place under cyclic loading. 
	 
	In order to study the effect of the variation of axial load on the behaviour of the collared columns, the results of two columns with long shear spans, CL1 and CL3, and the results of two columns with short shear spans, CL5 and CL7, are compared. Columns CL1 and CL5 were tested with zero axial load and columns CL3 and CL7 were tested under an axial load of 720 kN. All of these columns were provided with steel collars of HSS 76x51x6.35 mm at a centre to centre spacing of 101 mm; therefore, the axial load is the only parameter varied in these comparisons other than the inherent variation in concrete material strength. 
	 
	4.4.1.1 Comparison of Columns CL1 and CL3 
	 
	Figures 4 38 and 4 40 show moment versus drift hysteresis curves for columns CL1 and CL3, respectively. In testing columns CL1 and CL3, a total of 20 and 25 cycles, respectively, were performed at the stroke limit of the horizontal jacks during which some reduction in strength took place in column CL1 but the reduction in strength in column CL3 was relatively large. By pushing these columns towards the north with adjusted stroke jacks at the end of the tests, increases in strength and ductility were witnessed for column CL1 but for column CL3, the large displacement was accompanied by a strength (moment capacity) reduction. This stark difference in behaviour at large displacements is attributed primarily to the difference in axial load. 
	 
	Figure 4 125 shows the envelope curves to the base moment versus lateral drift hysteresis curves of column CL1 and CL3. It has been demonstrated previously that the initial slope of the curve for column CL3 is not affected significantly by the presence of axial load because the stress on the concrete is very low as compared to the strength of the concrete. Therefore, the difference in the initial slopes of the two curves can be attributed primarily to the difference in the secant modulus, which is a function of the material strength. Conversely, at ultimate conditions the presence of axial load can have an effect on the performance of the column. Considering the confined concrete material curves, the moments at the first yield of the tensile reinforcing bars, , were calculated for all the columns and are reported in Table 4.5. The existence of   for a column means that the yielding of tensile steel takes place before the failure of the confined concrete. It means that the column CL3 is under reinforced. In general, if the axial load of an under reinforced column is increased, the corresponding moment capacity of the column increases. The fact that the envelope curve for column CL3 is higher than that of column CL1 (Figure 4 125) is attributed primarily to the presence of the axial load. The effect of the difference in the confined concrete strength for these columns (Figure 4 197) on the moment strength of the columns is considered minimal because both of these column sections are essentially under reinforced. 
	 
	The normalized peak moments of column CL1 and CL3 are 7.6 and 5.65, respectively (Table 4.8), The normalized moduli of toughness for columns CL1 and CL3 up to peak moment conditions are 468.23 and 376.44, respectively (Table 4.11), and the normalized moduli of toughness up to the end of tests for column CL1 and CL3 are 772.84 and 376.44, respectively (Table 4.11). The lower values of normalized peak moment, normalized modulus of toughness up to peak moment condition, and the normalized modulus of toughness up to the end of the test for column CL3 as compared to that of CL1are attributed to the following: (1) the full capacity of column CL3 could not be explored due to the exhaustion of the stroke limits of the horizontal jacks; (2) both for column CL1 and CL3 a large number of cycles was performed at the stroke limits (20 and 25, respectively) and due to the presence of axial load, the rate of degradation in strength and stiffness for column CL3 was much higher than that of column CL1. Moreover, it increased with the increase in the number of cycles at the stroke limit of the jacks (refer to Figures 4 38 and 4 40). 
	 
	Figure 4 126 shows the relationship between normalized secant stiffness and lateral drift (%) for columns CL1 and CL3. This figure depicts that the reduction in normalized secant stiffness with the increase of lateral drift (%) is more rapid for column CL3 than column CL1, although at small drifts the curves are nearly identical. The difference at larger drifts is attributed to the effect of axial load acting on the displaced configuration. 
	 
	Figure 4 127 shows the relationship between cumulative dissipated energy versus cycle number for columns CL1 and CL3. The curve for column CL3 is higher than that of column CL1 and the rate of increase of energy dissipation with respect to cycle number is higher for column CL3 than column CL1. There are three reasons for this behaviour: (1) the unconfined concrete strength for column CL3 is higher than that of column CL1; (2) the experimental yield displacement for column CL3 ( 38 mm) is higher than that of column CL1 ( 23 mm), which results in greater energy dissipated in an equivalent cycle; and (3) the presence of axial load in column CL3 tends to increase its moment capacity, as discussed previously, although the difference in the cumulative energies is considered to be dominated by the other two effects. The deteriorating effect of axial load on ductility is not evident from this figure because both tests were stopped prematurely after pushing the columns towards north with jacks having adjusted strokes after performing 45 complete cycles. Had the stroke limits of the jack not exhausted and the tests not stopped prematurely, the cumulative energy dissipated by column CL1 at the end of the test would likely have been greater than that of column CL3.  
	 
	To offset the effects of differences in yield displacements, axial load, and unconfined concrete strengths for column CL1 and CL3 on the energy dissipation characteristics, the cumulative energy dissipated is normalized with respect to the maximum moment capacity and the experimental yield drift (i.e., based on the yield displacement used in the test) of the respective column. Figure 4 128 shows the relationship between cumulative normalized dissipated energy versus cycle number for columns CL1 and CL3. The curve for column CL3 is higher up to the end of 27 cycles, then it becomes lower than that of column CL1. This reduction in cumulative normalized energy dissipation towards the end of the test for column CL3 as compared to CL1 can be attributed to the deteriorating effect of axial load. Cumulative normalized energy dissipation is considered to be a better characteristic than cumulative energy dissipation for representing the energy dissipation characteristics of a column. 
	 
	Figure 4 129 shows the relationship between the hysteretic damping ratio and lateral drift (%) for columns CL1 and CL3. The hysteretic damping ratio of column CL1 is generally slightly higher than that of column CL3. It is anticipated that beyond a lateral drift of 10%, the difference between the two curves will become more pronounced, with column CL3 exhibiting a lower hysteretic damping ratio than CL1. This reduction in hysteretic damping for column CL3 is due to the deteriorating effect of the axial load at large drifts. 
	 
	The lower bound values of curvature ductility for columns CL1 and CL3 are 11.92 and 9.78, respectively (Table 4.13). Although these values are both lower bounds, it is believed that they are close to their ductility limits. At the point corresponding to  , the envelope curve for column CL1 (Figure 4 101) is declining to a point near to the failure criterion. Although the envelope curve for column CL3 (Figure 4 103) appears to be well short of the actual peak, the final push with the repositioned jacks showed a rapid decline in capacity. As the values of curvature ductility reported for column CL1 and CL3 are lower bound, it not possible to make a point on the effect of axial load on the curvature ductility of the columns. Figure 4 130 shows the relationship between the cumulative ductility ratio,  , and cycle numbers for columns CL1 and CL3. The curve for column CL3 is higher than that of column CL1. That is, the trend shown by these curves is opposite to the existing concept that the axial load has a deteriorating effect on the ductility. This is because of the following reasons:  
	 
	(1) The experimental yield displacement of column CL3 is 38 mm (alternative 1(method 1), Table 4.6) as compared to the true yield displacement of 32 mm (alternative 3 (method 1, Table 4.6) due to which this column will accumulate higher values of curvatures in the cycles. In the case of column CL1, the experimental yield displacement is 23 mm (alternative 1 (method 1), Table 4.6) as compared to the true yield displacement of 30 mm (alternative 3 (method 1, Table 4.6) due to which this column will accumulate lower values of curvatures in the cycles. 
	 
	(2) The value of curvature   is lower for column CL3 as compared to that of CL1 (Table 4.13). 
	 
	The cumulative energy damage indicator,  , is another parameter for representing ductility. Figure 4 131 shows the relationship between the cumulative energy damage indicator and cycle numbers for columns CL1 and CL3. The curve for column CL3 is higher than that of column CL1. This trend is also opposite to the existing concept that the axial load has deteriorating effect on ductility. Some reasons for this discrepancy have already been given in the discussion of the cumulative ductility ratio,  . Another reason that contributes to this discrepancy is the larger length of the most damaged region,  , for column CL3 as compared to that for column CL1 (Table 4.12). 
	 
	4.4.1.2 Comparison of Columns CL5 and CL7 
	 
	The axial load indices   for columns CL5 and CL7 are zero and 0.15, respectively (Table 4 14). Figures 4 42 and 4 44 show moment versus drift hysteresis curves for columns CL5 and CL7, respectively. Figure 4 132 shows the envelope curves to the base moment versus lateral drift hysteresis curves for these columns. The initial slope of the envelope curve for column CL7 is steeper than that of the curve for column CL5. This is due to the difference in the strength of concrete for these columns since the initial slope is not affected by the presence of axial load. The moment capacity of column CL7 is higher than that of column CL5 due to the following reasons: (1) the strength of concrete for column CL7 is higher than that of CL5; and (2) column CL7 is subjected to an axial load that falls in the range of zero to the balanced load condition in the moment versus axial load interaction diagram for the column, considering the confined concrete material curve. Hence, the presence of axial load enhances the moment capacity of this column. 
	 
	The normalized moduli of toughness for columns CL5 and CL7 up to peak moment conditions are 107.95 and 122.00, respectively (Table 4.11), and the normalized moduli of toughness up to the end of tests for column CL5 and CL7 are 228.92 and 329.51, respectively (Table 4.11). The normalized moduli of toughness has increased with the increase of axial load. This is consistent with the other ductility parameters given subsequently. 
	 
	Figure 4 133 shows the relationship between normalized secant stiffness and lateral drift (%) for columns CL5 and CL7. This figure depicts that the reduction in normalized secant stiffness with the increase of lateral drift (%) is more rapid for column CL7 than for column CL5, although at small drifts the curves are nearly identical. The difference at larger drifts is attributed to the effect of axial load acting on the displaced configuration. 
	 
	Figure 4 134 shows the relationship between cumulative dissipated energy versus cycle number for columns CL5 and CL7. The curve for column CL7 is higher than that of column CL5. There are three reasons for this behaviour: (1) the unconfined concrete strength for column CL7 is higher than that of column CL5; (2) the experimental yield displacement for column CL7 ( 11.5 mm) is higher than that of column CL5 ( 8 mm), which results in greater energy dissipated in an equivalent cycle; and (3) due to the presence of axial load in column CL7 and the fact that it is under-reinforced, its moment capacity is higher than that of column CL5. The deteriorating effect of axial load on ductility is not evident from this figure.  
	 
	To offset the effects of differences in yield displacements, axial load, and unconfined concrete strengths for column CL5 and CL7 on the energy dissipation characteristics, the cumulative energy dissipated is normalized with respect to the maximum moment capacity and the experimental yield drift of the respective column. Figure 4 135 shows the relationship between cumulative normalized dissipated energy versus cycle number for columns CL5 and CL7. The two curves match with each other up to the 20th cycle. After that, the curve for column CL5 is slightly higher than that of column CL7. This reduction in cumulative normalized energy dissipation towards the end of the test for column CL7 as compared to CL5 is attributed to the deteriorating effect of the axial load.  
	 
	Figure 4 136 shows the relationship between the hysteretic damping ratio and lateral drift (%) for columns CL5 and CL7. The hysteretic damping ratio of column CL5 is higher than that of column CL7. The lower hysteretic damping ratio of column CL7 is due to the deteriorating effect of axial load. 
	 
	The values of curvature ductility,  , for columns CL5 and CL7 are 9.14 and 15.59, respectively (Table 4.13). With the increase of axial load, curvature ductility has improved. The axial load improves the moment capacity of the columns. The deteriorating effect of axial load is undermined by the improvement in the moment capacity of the columns by increasing axial load. 
	 
	Figure 4 137 shows the relationship between cumulative ductility ratio,  , and cycle numbers for columns CL5 and CL7. The curve for column CL7 is higher than that of column CL5. That is, the trend shown by these curves is opposite to the hypothesis that the axial load has a deteriorating effect on the ductility. This is because of the following reasons:  
	 
	(1) The experimental yield displacement of column CL7 is 11.5 mm (alternative 1 (method 1), Table 4.6), whereas the more accurate yield displacement of this column is 9 mm (alternative 3, (method 1), Table 4.6) due to which this column will accumulate greater curvature at the extremes of the loops. The experimental yield displacement of column CL5 is 8 mm (alternative 1 (method 1), Table 4.6), whereas the true yield displacement of this column is 7.5 mm (alternative 3 (method 1), Table 4.6). Although this column also accumulates greater curvatures at the extremes of the loops, this effect is far less in this column than in column CL7. 
	 
	(2) The value of curvature   is lower for column CL7 as compared to that for CL5 (Table 4.13). 
	 
	Figure 4 138 shows the relationship between the cumulative energy damage indicator and cycle numbers for columns CL5 and CL7. The curve for column CL7 is higher than that of column CL5. This trend is opposite to the hypotheses that the axial load has deteriorating effect on ductility. Reasons for this discrepancy have already been given in the discussion of cumulative ductility ratio,  . 
	 
	 
	 
	4.4.1.3 Discussion on the Effect of Axial Loads 
	 
	The effect of axial load on the behaviour of the collared columns was studied by comparing the results of columns with long shear spans and short shear spans. Based on the results of these column tests, it can be concluded that an increase of axial load causes an increase in the rate of degradation in strength and a decrease in the stiffness retention of the collared columns. 
	 
	The cumulative energy dissipation with respect to cycle number is a not good measure for assessing the energy dissipation characteristics of the specimens because it is influenced by the difference in concrete strength and differences in yield drifts. The cumulative normalized energy dissipation with respect to cycle number curve is considered to be a better means of assessing this characteristic. The presence of axial load decreased the cumulative normalized dissipated energy at the end of the tests. This observation is valid for both long and short shear span columns. 
	 
	The presence of axial load tended to result in a lower hysteretic damping ratios. However, this effect was more pronounced in collared columns with short shear spans than in those with long shear spans. 
	 
	The effect of axial load on the cyclic ductility of the collared columns is not entirely clear from the analyses presented. In the case of columns with long shear spans, the normalized modulus of toughness and curvature ductility of the column without axial loads was higher than that of the column with axial load, whereas ductility parameters such as cumulative curvature ductility and cumulative energy damage indicators are higher for the column with axial load. In the case of columns with short shear spans, the normalized modulus of toughness, curvature ductility, cumulative ductility ratio, and cumulative energy damage indicator are higher for the column with axial load. Explanations of why these various measures might have exaggerated any beneficial effects of axial load—primarily related to the redefinition of the yield displacement after the tests were complete—have been presented. Nevertheless, it appears that axial load may have some beneficial effects on cyclic ductility, although the increased rate of deterioration in the presence of axial loads is perhaps an overriding consideration. Beneficial effects for the level of axial load used in the present research may have been observed because in columns with axial load, the confinement is mobilized more rapidly resulting in an improvement in the ductility of the columns.  
	 
	 
	 
	 
	 
	4.4.2 Effect of Collar Spacing 
	 
	In order to study the effect of collar spacing on the performance of the collared columns under cyclic loading, the results of column CL2 are compared with those of column CL3 (columns with long shear span), and the results of column CL6 are compared with those of column CL7 (columns with short shear span). The size of collars in all these columns is the same (i.e., HSS76x51x6.35) but the spacing of collars is higher in columns CL2 and CL6, as compared to the spacing of collars in columns CL3 and CL7 (Table 4.1). 
	 
	4.4.2.1 Comparison of Columns CL2 and CL3 
	 
	The axial load indices (ratio of  ) for columns CL2 and CL3 are 0.22 and 0.23, respectively (Table 4 14), which are virtually identical. Therefore, the effect of axial load is considered the same. 
	 
	Figures 4 39 and 4 40 show moment versus drift hysteresis curves for columns CL2 and CL3, respectively. The envelopes to these hystereses are shown in Figure 4 139. The initial parts of these curves are identical because the strength of concrete for these columns is almost the same (the strength of concrete in column CL2 is only marginally higher than that of column CL3 (Table 4.2)). After that, the curve for column CL3 becomes higher. This is because of the higher level of confinement in column CL3 as compared to that of CL2 due to the difference in collar spacing (and the associated value of  .) The other reason for this behaviour is the more rapid spalling of concrete between the collars for column CL2 as compared to that of column CL3 (Figure 4 20(c) and 4 21(a)). 
	 
	The normalized peak moments of columns CL2 and CL3 are 5.29 and 5.65, respectively (Table 4.8), the normalized moduli of toughness up to peak moment conditions are 253.66 and 376.44, respectively, and the normalized modulus of toughness up to the end of tests are 315.19 and 376.44, respectively (Table 4.11). The higher values for column CL3 are consistent with the values of   and the spacing of collars for these columns. 
	 
	Figure 4 140 shows the relationship between the normalized secant stiffness and lateral drift (%) for columns CL2 and CL3. The curves overlap each other. It means that the stiffness retention of the collared columns is not affected by the change in the level of confinement due to the change in collar spacing and  . 
	 
	Figure 4 141 shows the relationship between cumulative dissipated energy versus cycle number for columns CL2 and CL3. The curve for column CL2 is slightly higher than that of column CL3 because of the difference in the experimental yield displacements of column CL2 ( 41 mm) and column CL3 ( 38 mm). A similar trend is shown by Figure 4 142, which shows the relationships between cumulative normalized dissipated energy and cycle number. The cumulative energy dissipated and cumulative normalized energy dissipated up to the end of the test for column CL3 is higher than that for column CL2 (Appendix G). This is because of the significantly lower number of cycles sustained by column CL2 as compared to that of column CL3. Hence, with the increase in collar spacing, the energy dissipation capability of the specimens decreases significantly mainly because of the increased rate of deterioration. 
	 
	Figure 4 143 shows the relationship between the hysteretic damping ratio and lateral drift (%) for columns CL2 and CL3. The hysteretic damping ratio increases with the increase in the lateral drift for both columns. The hysteretic damping ratio of column CL2 is slightly higher than that of column CL3 at a certain drift. This is consistent with the trend shown by the curves in Figures 4 141 and 4 142. 
	 
	The lower bound values of curvature ductility,  , for columns CL2 and CL3 are 12.96 and 9.78, respectively (Table 4.13). From this information, it appears that the curvature ductility of the collared column increases with the increase in collar spacing, which is not true. As a matter of fact, at the stroke limits of the jacks the damage in the test region of column CL2 is much higher than that of column CL3 due to which more rotation takes place in the test region of column CL2 as compared to that of column CL3 (Appendix H). This results in higher values of   for column CL2 as compared to that of column CL3. Although the slopes, , for both columns are almost the same, due to the difference in values of   for these columns, the value of   for column CL3 is higher than that of column CL2 (Table 4.13). Had the stroke of the horizontal jacks not been exhausted, the curvature ductility exhibited by column CL3 is expected to have been much higher than that of column CL2. 
	 
	Figure 4 144 shows the relationship between cumulative ductility ratio,  , and cycle numbers for columns CL2 and CL3. The rate of increase in cumulative curvature ductility with the increase in the number of cycles for column CL2 is much higher than that of column CL3. The reason for this trend has been given in the preceding paragraph. As a matter of fact, it was due to the more rapid accumulation of damage in the test of column CL2 as compared to that of column CL3. The cumulative ductility ratio of column CL3 at the end of the test is much higher than that of column CL2, which means that columns confined with closely spaced collars exhibit more ductility. 
	 
	Figure 4 145 shows the relationship between cumulative energy damage indicator and cycle numbers for columns CL2 and CL3. The slope of the two curves is the same, which means that the rate of increase in the cumulative energy damage indicator with the increase in the number of cycles is same; however, the curve for column CL2 terminates long before that of column CL3. The cumulative energy damage indicator for column CL3 at the end of the test is much higher than that of column CL2. Based on this parameter, the ductility exhibited by column CL3 is much higher than that of column CL2. 
	 
	4.4.2.2 Comparison of Columns CL6 and CL7 
	 
	The axial load indices (ratio of  ) for columns CL6 and CL7 is 0.16 and 0.15, respectively (Table 4 14), which are very close to each other. Therefore, the effect of axial load is considered to be the same. 
	 
	Figures 4 43 and 4 44 show moment versus drift hysteresis curves for column CL6 and column CL7, respectively. The envelopes to these hystereses are shown in Figure 4 146. These curves clearly show that the ductility and peak moment capacity exhibited by column CL7 are higher than those of column CL6. This is partly attributed to the higher strength of concrete for column CL7 and partly due to the higher level of confinement for this column CL7. The other reason for this behaviour is the more rapid spalling of concrete between the collars of column CL6 as compared to that of column CL7 (Figure 4 24(c) and 4 26(b)). 
	 
	The normalized peak moments of columns CL6 and CL7 are 3.15 and 3.49, respectively (Table 4.8), the normalized moduli of toughness up to peak moment conditions are 89.66 and 122.00, respectively, and the normalized modulus of toughness up to the end of tests are 167.93 and 329.5, respectively (Table 4.11). The results are consistent with the level of confinement in these columns. 
	 
	Figure 4 147 shows the relationship between the normalized secant stiffness and lateral drift (%) for columns CL6 and CL7. The curves are close to each other, which means that stiffness retention of collared columns is not affected significantly by the change in the level of confinement related to spacing and  . 
	 
	Figure 4 148 shows the relationship between cumulative dissipated energy versus cycle number for columns CL6 and CL7. The rate of increase in cumulative energy dissipation is higher for column CL7 as compared to column CL6. The is due to the higher strength of concrete, higher level of confinement, and higher experimental yield displacement of column CL7. In addition, the cumulative energy dissipated at the end of the tests for column CL7 is higher than that of column CL6. Similarly, Figure 4 149 shows the relationship between the cumulative normalized energy dissipated for columns CL6 and CL7. The rate of increase of this curve for column CL6 is higher than that of column CL7. However, at the end of the tests, the cumulative normalized energy dissipated for column CL7 is much higher than that of column CL6, which is consistent with the level of confinement in these columns. Hence, with an increase in collar spacing, the energy dissipation capability of the specimens decreases significantly. 
	 
	Figure 4 140 shows the relationship between hysteretic damping ratio and lateral drift (%) for columns CL6 and CL7. The hysteretic damping ratio increases with the increase in the lateral drift for both columns. However, the rate of increase for column CL6 is higher than that of column CL7. The maximum hysteretic damping ratio exhibited by column CL6 is higher than that of column CL7. Figures 4 143 and 4 150 show the same trend. This behaviour is because of the more rapid damage in columns with widely spaced collars as compared to columns with closely spaced collars. 
	 
	The values of curvature ductility,  , for columns CL6 and CL7 are 14.41 and 15.59, respectively (Table 4.13). Hence, columns with closely spaced collars exhibit higher curvature ductility as compared to columns with widely spaced collars. 
	 
	Figure 4 151 shows the relationship between the cumulative ductility ratio,  , and cycle numbers for columns CL6 and CL7. The two curves overlap each other. However, the cumulative ductility ratio at the end of the test for column CL7 is higher than that of column CL6 as expected, which means that columns confined with closely spaced collars exhibit a higher cumulative ductility ratio. 
	 
	Figure 4 152 shows the relationship between cumulative energy damage indicator and cycle numbers for columns CL6 and CL7. The rate of increase of the cumulative energy damage indicator with the increase of number of cycles is higher for column CL7. In addition, the cumulative energy damage indicator at the end of the tests is higher for column CL7, which means that column CL7 exhibits more ductility as compared to column CL6. 
	 
	4.4.2.3 Discussion on the Effect of Collar Spacing 
	 
	In the regime of both long and short shear span columns, columns with wider spacing of collars exhibited lower values of normalized peak moments, normalized modulus of toughness up to peak moment condition, and normalized modulus of toughness up to the failure of columns as compared to those of columns with closer spacing. 
	 
	The rate of deterioration of strength is higher in columns with widely spaced collars as compared to columns with closely spaced collars. 
	 
	For both long and short shear span columns, the effect of collar spacing on the stiffness retention of the columns was marginal; columns with closely spaced collars exhibited slightly higher stiffness retention as compared to columns with relatively wider collar spacing. 
	 
	For both long and short shear span columns, the cumulative energy dissipated and cumulative normalized energy dissipated at the end of the tests is significantly less for columns with widely spaced collars as compared to columns with closely spaced collars. 
	 
	In long shear span columns, the hysteretic damping ratio of columns with widely spaced collars is slightly higher than that of columns with closely spaced collars. However, in the regime of columns with short shear spans, the columns with a wider spacing of collars exhibited a significantly higher hysteretic damping ratio at a certain level of lateral drift as compared to that of columns with closely spaced collars. 
	 
	Both in the regime of long and short shear span columns, columns with widely spaced collars exhibit lower ductility in terms of curvature ductility, cumulative ductility ratio, and cumulative energy damage indicator as compared to columns with widely spaced collars. 
	 
	 
	 
	 
	 
	4.4.3 Effect of Size of Collar 
	 
	In order to study the effect of size of collars on the performance of the collared columns under cyclic loading, the results of column CL3 are compared with those of column CL4 (columns with long shear span), and the results of column CL7 are compared with those of column CL8 (columns with short shear span). 
	 
	4.4.3.1 Comparison of Columns CL3 and CL4 
	 
	The axial load index (ratio of  ) for column CL3 and CL4 is 0.23 and 0.16, respectively (Table 4 14), which are quite different from each other. This means that axial load will also have an influence on the behaviour of these columns. 
	 
	Figures 4 40 and 4 41 show moment versus drift hysteresis curves for column CL3 and column CL4, respectively. The envelopes to these hystereses are shown in Figure 4 153. The strength of concrete for column CL4 is higher than that of column CL3 (Table 4.2), which explains the stiffer behaviour of column CL4 as compared to column CL3 in the initial parts of the envelope curves. Although the strength of concrete for column CL3 is lower than that of column CL4, the peak moment capacity of column CL3 is slightly higher than that of column CL4. This is partly due to the higher level of confinement in column CL3 and partly due to its higher axial load index. 
	 
	The normalized peak moments of columns CL3 and CL4 are 5.65 and 4.39, respectively (Table 4.8), the normalized moduli of toughness up to peak moment conditions are 376.44 and 244.07, respectively, and the normalized moduli of toughness up to the end of tests are 376.44 (lower bound) and 463.46 (lower bound), respectively (Table 4.11). Excluding the lower bound values from discussion, the remaining results are consistent with the level of confinement in these columns. 
	 
	Figure 4 154 shows the relationship between the normalized secant stiffness and lateral drift (%) for columns CL3 and CL4. The stiffness retention of column CL3 is higher than that of column CL4. Hence, columns with stiffer collars exhibit more stiffness retention as compared to those with a smaller collar size. In spite of the fact that the axial load index for column CL3 is higher than that of column CL4 and it has been postulated previously that a higher axial load index results in lower stiffness retention (Figures 4 126 and 4 133), column CL3 exhibits higher stiffness retention. This means that the effect of the difference in axial load indices is dominated by the effect of the difference in the size of the collars.  
	 
	Figure 4 155 shows the relationship between cumulative dissipated energy and cycle number for columns CL3 and CL4. The rate of increase in cumulative energy dissipation with the increase in cycle number is higher for column CL3 up to 16th cycle. The higher rate for column CL3 is partly due to the difference in the size of collars and partly due to the higher experimental yield displacement of column CL3. After the 16th cycle, the rate of increase of energy dissipation becomes the same for both columns up to the end of 45 cycles. This means that the higher level of confinement was not favourable to energy dissipation. The cumulative energy dissipated is higher for column CL3 as compared to column CL4 at the end of 45 cycles. Figure 4 240 shows the relationship between the cumulative normalized energy dissipated for column CL3 and CL4. Up to the 27th cycle, the curve for column CL3 is higher, after which the curve for column CL4 becomes higher. At 45 cycles, the cumulative normalized energy dissipated by column CL4 is higher than that of column CL3 which means that the performance of column CL4 is better than that of column CL3 with respect to energy dissipation. The strength of concrete in column CL3 is much lower than that in column CL4. The size of collars on column CL3 are bigger than those on column CL4, resulting in higher confining pressure for column CL3. Hence, the maximum ratio of confining pressure to concrete strength for column CL3 is much higher than that of column CL4, resulting in higher tensile stresses on the surface concrete between the collars. The tensile strength of concrete for column CL3 is lower than that of column CL4. Hence, under higher tensile stresses, the spalling of concrete between the collars is more rapid in column CL3 as compared to column CL4. In addition, the axial load index for column CL3 is higher than that of column CL4. The higher axial load index results in a higher deterioration rate for column CL3. All these phenomena contribute to the lower level of energy dissipation for column CL3, although the very low concrete strength makes a direct comparison between these two columns difficult. 
	 
	Figure 4 157 shows the relationship between hysteretic damping ratio and lateral drift (%) for columns CL3 and CL4. The hysteretic damping ratio increases with the increase in lateral drift for both columns. The curve for column CL3 is slightly higher than that of column CL4. This behaviour is because of the more rapid damage that occurred in column CL3. 
	 
	The lower bound values of curvature ductility,  , for columns CL3 and CL4 are 9.78 and 17.22, respectively (Table 4.13). The curvature ductility exhibited by the column with small size collars is higher than the column confined with large size collars. This is also related to the large difference in concrete strength in the two specimens and is consistent with the previous discussion. 
	 
	Figure 4 158 shows the relationship between cumulative ductility ratio,  , and cycle numbers for columns CL3 and CL4. The cumulative curvature ductility for column CL3 is higher initially than that of column CL4. However, at the end of 45 cycles it is the same for both columns. If the cycles would had been continued beyond 45, the cumulative curvature ductility for column CL4 would have been higher than that of the column CL3 as is clear from the slope of the two curves. This is consistent with the observation of curvature ductility, given in the preceding paragraph. 
	 
	Figure 4 159 shows the relationship between the cumulative energy damage indicator and cycle numbers for columns CL3 and CL4. Initially, the slope of the curve for column CL3 is higher than that of column CL4. After the 26th cycle, the slope of the curve for column CL4 become higher and at the end of 45 cycles, the cumulative energy damage indicator for column CL4 is higher than that of column CL3. Hence, the behaviour of column CL4 is more ductile as compared to the behaviour of column CL3, which is consistent with the observations in the preceding paragraphs. 
	 
	4.4.3.2 Comparison of Columns CL7 and CL8 
	 
	The axial load index (ratio of  ) for column CL7 and CL8 is 0.15 and 0.16, respectively (Table 4 14), which are close to each other. Hence, the influence of axial load on the performance of these columns would be the same. 
	 
	Figures 4 44 and 4 45 show moment versus drift hysteresis curves for column CL7 and column CL8, respectively. The envelopes to these hystereses are shown in Figure 4 160. The strength of concrete for both columns is almost the same (Table 4.2) but the level of confinement is quite different in these two columns. Based on these envelope curves, the behaviour of column CL7 is almost identical to that of column CL8 in terms of ductility. 
	 
	The normalized peak moments of column CL7 and CL8 are 3.49 and 3.89, respectively (Table 4.8), the normalized moduli of toughness up to peak moment conditions are 122.00 and 139.65, respectively, and the normalized modulus of toughness up to the end of tests are 329.51 and 380.33, respectively (Table 4.11). These values all imply slightly better performance for the column CL8, which had smaller collars. 
	 
	Figure 4 161 shows the relationship between normalized secant stiffness and lateral drift (%) for columns CL7 and CL8. The stiffness retention of column CL7 is less than that of column CL8. Hence, columns with smaller size collars appear to exhibit more stiffness retention as compared to those with larger size collars.  
	 
	Figure 4 162 shows the relationship between cumulative dissipated energy and cycle number for columns CL7 and CL8. Both columns sustained 35 cycles. The cumulative energy dissipated in column CL7 at the end of 35 cycles is slightly higher than that of column CL8. This is attributed to the higher yield displacement of column CL7. Figure 4 163 show the cumulative normalized energy dissipated versus cycle number for column CL7 and column CL8. The curves overlap each other indicating that the columns possess the same energy dissipation characteristics. 
	 
	Figure 4 164 shows the relationship between the hysteretic damping ratio and lateral drift (%) for columns CL7 and CL8. The hysteretic damping ratio increases with the increase in lateral drift for both columns. The curves are similar; however, column CL8 exhibits a slightly higher damping ratio. 
	 
	The curvature ductility,  , for columns CL7 and CL8 are 15.59 and 14.78, respectively (Table 4.13). Therefore, the curvature ductility exhibited by the column with larger size collars is slightly higher than that exhibited by the column confined with smaller size collars.  
	 
	Figure 4 165 shows the relationship between cumulative ductility ratio,  , and cycle numbers for columns CL7 and CL8. The cumulative curvature ductility for column CL7 is higher than that of column CL8, which is consistent with the result of examining the curvature ductility at the end of the test alone. 
	 
	Figure 4 166 shows the relationship between the cumulative energy damage indicator and cycle numbers for columns CL7 and CL8. The cumulative energy damage indicator for column CL7 is slightly higher than that of column CL8, supporting the observation that the behaviour of column CL7 is more ductile as compared to column CL8. 
	 
	4.4.3.3 Discussion on the Effect of Size of Collars 
	 
	In case of columns with a long shear span, the stiffness retention was slightly higher for columns with larger size collars as compared to that for columns with smaller size collars. In the case of columns with a short shear span, the stiffness retention was slightly higher for the columns with smaller size collars. Although these observations appear to contradict one another, the differences observed were relatively small. It is likely that the stiffness retention characteristics of the columns were not particularly sensitive to the change in the size of the collars in the range in which this study was conducted. 
	 
	In the case of columns with a long shear span, the normalized cumulative energy dissipated at the end of the test for the column with small size collars was higher than that of the column with large size collars because the higher ratio of confining pressure to the strength of concrete in the column confined by large size collars produced high tensile stresses in the concrete between the collars for this column due to which the column might have deteriorated rapidly and, hence, exhibited low energy dissipation characteristics. In the case of columns with a short shear span, columns with different size of collars exhibited similar energy dissipation characteristics in terms of cumulative normalized energy dissipated versus cycle number. It appears that the energy dissipation characteristics of the columns were not sensitive to the change in the size of the collars in the range in which this study was made. 
	 
	In the case of columns with a long shear span, the hysteretic damping ratio was slightly higher for columns with larger size collars as compared to that for columns with smaller size collars. In the case of columns with a short shear span, the hysteretic damping ratio of columns was slightly higher for columns with smaller size collars. Again, the differences were very small and it is concluded that the hysteretic damping ratio was not sensitive to the change in the size of collars in the range in which this study was made. 
	 
	In the case of columns with a long shear span, the columns with larger size collars exhibited a higher modulus of toughness as compared to columns with smaller size collars. However, the columns with larger size collars exhibited lower values of curvature ductility, cumulative ductility ratio, and cumulative normalized energy damage indicator. This discrepancy is attributed to the relatively much higher value of axial load index in the column with larger size collars as compared to that of columns with small size collars. In the case of columns with a short shear span, the columns with larger size collars exhibit higher modulus of toughness, curvature ductility, higher cumulative ductility ratio, and higher energy damage indicator as compared to those of columns with small size collars, although the differences tended to be relatively small. Based on the above, it is concluded that columns with larger size collars exhibit somewhat higher ductility as compared to columns with smaller size collars, although it is not clear that this difference would be significant. 
	 
	 
	 
	 
	 
	4.4.4 Effect of Shear Span 
	 
	In order to study the effect of shear span on the performance of the collared columns, the results of columns CL1, CL2, CL3, and CL4 are compared with those of columns CL5, CL6, CL7, and CL8, respectively. 
	 
	4.4.4.1 Comparison of Columns CL1 and CL5 
	 
	Both of these columns were tested without axial load (Table 4.14). Hence, the influence of axial load is not present in these columns. 
	 
	Figures 4 38 and 4 42 show moment versus drift hysteresis curves for columns CL1 and CL5, respectively. The envelopes to these hystereses are shown in Figure 4 167. The slope of the initial part of the curve for column CL5 is much higher than that of column CL1 because of the higher strength of the concrete of column CL5. With the increase in lateral drift, the curve for column CL5 descends more rapidly. Hence, the rate of strength deterioration in the column with a short shear span is much higher than the columns with a long shear span. From these envelope curves, it can also be deduced that columns with short shear spans are less ductile as compared to columns with long shear spans. 
	 
	The normalized peak moments of columns CL1 and CL5 are 7.60 and 4.00, respectively (Table 4.8), the normalized moduli of toughness up to peak moment conditions are 468.23 and 107.95, respectively, and the normalized moduli of toughness up to the end of tests are 772.84 and 228.95, respectively (Table 4.11). Hence, using these measures the columns with long shear spans are more ductile as compared to columns with short shear spans. 
	 
	Figure 4 168 shows the relationship between normalized secant stiffness and lateral drift (%) for columns CL1 and CL5. The stiffness retention of column CL1 is higher than that of column CL5. Hence, the column with a short shear span degraded in stiffness more rapidly than the column with a long shear span. 
	 
	Figure 4 169 shows the relationship between cumulative dissipated energy and cycle number for columns CL1 and CL5. The two curves overlap each other up to the 27th cycle and then the slope of the curve for column CL1 becomes higher than that of column CL5. The cumulative energy dissipated up to the end of the test for column CL1 is much higher than that for column CL5. Figure 4 170 shows the relationship between the cumulative normalized energy dissipated for columns CL1 and CL5. After 15 cycles, the rate of increase in cumulative normalized energy dissipation for column CL5 becomes higher than that of column CL1. However, the cumulative normalized energy dissipated at the end of the test for column CL1 is much higher than that of column CL5. 
	 
	Figure 4 171 shows the relationship between the hysteretic damping ratio and lateral drift (%) for columns CL1 and CL5. The hysteretic damping ratio increases with the increase in lateral drift for both columns. The curve for column CL5 is higher than that of column CL1. The trend of these curves indicates that more rapid damage takes place in column CL5 as compared to that of column CL1. 
	 
	The curvature ductility,  , for columns CL1 and CL5 are 11.92 and 9.14, respectively (Table 4.13). The curvature ductility exhibited by the column with a long shear span is higher than that of the column with a short shear span. This is consistent with the previous discussion. 
	 
	Figure 4 172 shows the relationship between cumulative ductility ratio,  , and cycle numbers for columns CL1 and CL5. The rate of increase of cumulative curvature ductility with respect to cycle numbers is higher for column CL5 as compared to column CL1. However, the cumulative curvature ductility at the end of the test for both columns is about the same. Had the stroke of the jacks not been exhausted, the cumulative ductility ratio at the end of test for column CL1 would likely have been much higher. 
	 
	Figure 4 173 shows the relationship between the cumulative energy damage indicator and cycle numbers for columns CL1 and CL5. The rate of increase of the cumulative energy damage indicator with respect to cycle numbers is higher for column CL5 as compared to column CL1. However, the cumulative energy damage indicator at the end of the test for column CL5 is slightly higher than that of column CL1. These observations indicate that the energy damage indicator is relatively insensitive to the change of shear span of the columns. 
	 
	4.4.4.2 Comparison of Columns CL2 and CL6 
	 
	The axial load indices (ratio of  ) for columns CL2 and CL6 is are 0.22 and 0.16, respectively (Table 4 14). The axial load indices for these columns are quite different from each other. Hence, the influence of axial load would be present in the performance of these columns. 
	 
	Figures 4 39 and 4 43 show moment versus drift hysteresis curves for columns CL2 and CL6, respectively. The envelopes to these hystereses are shown in Figure 4 174. The slope of the initial part of the curve for column CL6 is much higher than that of column CL2. This is because of the higher strength of concrete of column CL6 as compared to that of column CL2. With the increase in lateral drift, the curve for column CL6 descends more rapidly. Hence, the rate of strength deterioration in the column with a short shear span is higher than that of the column with a long shear span. From these envelope curves, it can also be deduced that columns with short shear spans are less ductile as compared to columns with long shear spans and are more susceptible to degradation. 
	 
	The normalized peak moments of columns CL2 and CL6 are 5.29 and 3.15, respectively (Table 4.8), the normalized moduli of toughness up to peak moment conditions are 253.66 and 89.66, respectively, and the normalized modulus of toughness up to the end of tests are 315.19 and 167.93, respectively (Table 4.11). Hence, the column with a long shear span is more ductile than the column with a short shear span in terms of energy absorption. 
	 
	Figure 4 175 shows the relationship between the normalized secant stiffness and lateral drift (%) for columns CL2 and CL6. The stiffness retention of column CL2 is higher than that of column CL6. Hence, the column with a short shear span degrades in stiffness more rapidly than the column with a long shear span. 
	 
	Figure 4 176 shows the relationship between cumulative dissipated energy and cycle number for columns CL2 and CL6. The curve for column CL2 is higher than that of column CL6. This is because of the higher experimental yield drift (%) of column CL2 as compared to that of column CL6 and the higher value of axial load index for column CL2. However, at the end of the tests, the cumulative energy dissipated by both columns is more or less the same. Figure 4 261 shows the relationship between cumulative normalized dissipated energy and cycle number for columns CL2 and CL6. The curve for column CL2 is slightly higher than that of column CL6 up to the 25th cycle. After that it becomes lower than that of column CL6. The cumulative normalized energy dissipated at the end of the test for column CL6 is higher than that for column CL2. Columns with long shear spans usually exhibit better energy dissipating characteristics, but in the present case, the opposite trend is seen. In the case of column CL2, failure occurs between the first and second collars. In the case of column CL6, the failure happens between the footing and the first collar. The gap between the footing and the first collar is smaller than the gap between the first and second collars in both of these columns. Hence, the longitudinal bars are more prone to lateral bending in the gap between the first and the second collars rather than the gap between footing and the first collar. The yield drift of column CL2 is much higher than that of column CL6. Under large amplitude cycles, the longitudinal bars of column CL2 ruptured more rapidly as compared to that of column CL6. Therefore, the number of cycles sustained by column CL2 are less than that sustained by column CL6. The discrepancy in the energy dissipation characteristics of these columns is attributed to the different location of damage in the test region of these columns. The unsupported length of bars in the second gap is higher than that of the first gap. Therefore, the bars in the second gap rupture more rapidly as compare to the bars in first gap due to low cycle fatigue. Hence, the total energy dissipated by the column CL6 at the end of the test is higher than  that of column CL2. 
	 
	Figure 4 178 shows the relationship between the hysteretic damping ratio and lateral drift (%) for columns CL2 and CL6. The hysteretic damping ratio increases with the increase in lateral drift for both columns. The curve for column CL6 is higher than that of column CL2. The trends of these curves indicate that more rapid damage takes place in column CL6 as compared to column CL2. 
	 
	The curvature ductility,  , for columns CL2 and CL6 are 12.96 (lower bound) and 14.41, respectively (Table 4.13). Had the stroke of the jack for column CL2 not been exhausted, the curvature ductility exhibited by column CL2 would have been higher. Therefore, no conclusion can be drawn about curvature ductility based on these results. 
	 
	Figure 4 179 shows the relationship between the cumulative ductility ratio,  , and cycle numbers for columns CL2 and CL6. Near the end of the tests, the rate of increase of cumulative curvature ductility for both columns is the same. The cumulative curvature ductility at the end of the tests is also same. The column with a long shear span would be expected to exhibit more ductility. However, the axial load index for column CL2 is significantly higher than that for column CL6, which tends to reduce ductility. 
	 
	Figure 4 180 shows the relationship between the cumulative energy damage indicator and cycle numbers for columns CL2 and CL6. The rate of increase of the cumulative energy damage indicator is higher for column CL2 than for column CL6. In addition, the cumulative energy damage indicator at the end of the test for column CL2 is much higher than that for column CL6. Hence, column CL2 is more ductile as compared to column CL6 according to this measure. 
	 
	 
	 
	 
	 
	4.4.4.3 Comparison of Columns CL3 and CL7 
	 
	The axial load indices (ratio of  ) for columns CL3 and CL7 are 0.23 and 0.15, respectively (Table 4 14). The axial load indices for these columns are quite different from each other. Hence, the influence of axial load would be present in the performance of these columns. 
	 
	Figures 4 38 and 4 44 show moment versus drift hysteresis curves for columns CL3 and CL7, respectively. The envelopes to these hystereses are shown in Figure 4 181. The slope of the initial part of the curve for column CL7 is much higher than that of column CL3 due to the higher strength of the concrete of column CL7. With the increase in lateral drift, the envelope curve for column CL7 descends, whereas the envelope curve for column CL3 does not. Hence, the rate of strength deterioration in the column with a short shear span is higher as compared to that in the columns with a long shear span. The normalized peak moments of columns CL3 and CL7 are 5.65 and 3.49, respectively (Table 4.8), the normalized moduli of toughness up to the peak moment conditions are 376.44 and 122.00, respectively, and the normalized modulus of toughness up to the end of tests are 376.44 (lower bound) and 329.51, respectively (Table 4.11). Hence, the column with a long shear span is more ductile as compared to the column with a short shear span. 
	 
	Figure 4 182 shows the relationship between normalized secant stiffness and lateral drift (%) for columns CL3 and CL7. The stiffness retention of column CL3 is higher than that of column CL7. Hence, the column with a short shear span degrades in stiffness more rapidly than the one with a long shear span. 
	 
	Figure 4 183 shows the relationship between cumulative dissipated energy and cycle number for columns CL3 and CL7. The curve for column CL7 is initially lower than that of column CL3. After about the 32nd  cycle, the curve for column CL7 becomes higher than that of column CL3. The number of cycles sustained by column CL3 are much higher than that of column CL7. Therefore, the cumulative energy dissipated at the end of the tests for column CL3 is higher than that of column CL7. Figure 4 184 shows the relationship between the cumulative normalized energy dissipated for column CL3 and CL7. The curve for column CL7 is higher than that of column CL3. In addition, the cumulative normalized energy dissipated at the end of the tests for both columns is about the same. Had the stroke of the jack not been exhausted, the cumulative normalized energy dissipated by column CL3 would likely have been much higher for column CL7. 
	 
	Figure 4 185 shows the relationship between the hysteretic damping ratio and lateral drift (%) for columns CL3 and CL7. The hysteretic damping ratio increases with the increase in lateral drift for both columns. The curve for column CL3 terminates at a lower level of lateral drift than that for column CL7. Up to this level of lateral drift, the hysteretic damping ratio exhibited by column CL3 is slightly higher than that of column CL7. However, the hysteretic damping ratio exhibited by column CL7 at the end of the test is higher than that of column CL3.  
	 
	The curvature ductility,  , for columns CL3 and CL7 are 9.78 (lower bound) and 15.59, respectively (Table 4.13). Since the curvature ductility exhibited by column CL3 is a lower bound, no conclusion can be drawn on ductility with respect to shear span. 
	 
	Figure 4 186 shows the relationship between the cumulative ductility ratio,  , and cycle numbers for columns CL3 and CL7. The cumulative curvature ductility at the end of the test for column CL3 is higher than that for column CL7. Hence, column CL3 is more ductile than column CL7 based on this measure. 
	 
	Figure 4 187 shows the relationship between the cumulative energy damage indicator and cycle numbers for columns CL3 and CL7. The rate of increase of the cumulative energy damage indicator is higher for column CL3 as compared to column CL7. In addition, the cumulative energy damage indicator at the end of the test for column CL3 is higher than that of column CL7, which confirms that columns with a long shear span tend to be more ductile than columns with a short shear span. 
	 
	4.4.4.4 Comparison of Columns CL4 and CL8 
	 
	The axial load indices (ratio of  ) for column CL4 and CL8 are same (Table 4 14). Hence, the influence of axial load on the performance of these columns would be the same. 
	 
	Figures 4 41 and 4 45 show the moment versus drift hysteresis curves for columns CL4 and CL8, respectively. The envelopes to these hystereses are shown in Figure 4 188. The slope of the initial part of the curve for column CL8 is slightly higher than that of column CL4, which is consistent with their respective concrete strengths. 
	 
	The normalized peak moments of columns CL4 and CL8 are 4.39 and 3.89, respectively (Table 4.8), the normalized moduli of toughness up to peak moment conditions are 244.07 and 139.65, respectively, and the normalized moduli of toughness up to the end of tests are 463.46 (lower-bound) and 380.33, respectively (Table 4.11). Hence, the column with a long shear span is more ductile than the columns with a short shear span. 
	 
	Figure 4 189 shows the relationship between the normalized secant stiffness and lateral drift (%) for columns CL4 and CL8. The stiffness retention of column CL4 is very slightly higher than that of column CL8. Hence, the column with a short shear span degraded in stiffness marginally more rapidly than the column with a long shear span. 
	 
	Figure 4 190 shows the relationship between the cumulative dissipated energy and cycle number for columns CL4 and CL8. The cumulative energy dissipated up to the end of the test for column CL4 is much higher than that of column CL8. Figure 4 191 shows the relationship between the cumulative normalized energy dissipated for columns CL4 and CL8. The cumulative normalized energy dissipated at the end of the test for column CL4 is much higher than that for column CL8. 
	 
	Figure 4 192 shows the relationship between the hysteretic damping ratio and lateral drift (%) for columns CL4 and CL8. The hysteretic damping ratio increases with the increase in lateral drift for both columns. The curve for column CL8 is slightly higher than that of column CL4 in the beginning. At lateral drift of about 9%, the curves converge. The hysteretic damping ratio at the end of the test for column CL8 is much higher than that for column CL4.  
	 
	The curvature ductility,  , for columns CL4 and CL8 are 17.22 (lower bound) and 14.58, respectively (Table 4.13). The curvature ductility exhibited by the column with a long shear span is higher than that of the column with a short shear span, which is consistent with the previous discussion. 
	 
	Figure 4 193 shows the relationship between the cumulative ductility ratio,  , and cycle numbers for columns CL4 and CL8. The curves are nearly identical. However, the cumulative curvature ductility at the end of the test for column CL4 is much higher than that of column CL8, which supports the body of evidence indicating that columns with long shear spans are more ductile. 
	 
	Figure 4 194 shows the relationship between the cumulative energy damage indicator and cycle numbers for columns CL4 and CL8. The rate of increase of the cumulative energy damage indicator is higher for column CL4. In addition, the cumulative energy damage indicator at the end of the test for column CL4 is higher than that of column CL8. Again, this confirms that columns with long shear spans are more ductile. 
	 
	4.4.4.5 Discussion on the Effect of Shear Span 
	 
	Based on the results of four collared columns with long shear spans and four with short shear spans, the rate of strength deterioration tends to be higher in columns with short shear spans. Moreover, the collared columns with long shear spans exhibited higher stiffness retention. Based on the results of three collared columns with long shear spans and three with short shear spans, those with long shear spans exhibit higher energy dissipation characteristics. Generally, the hysteretic damping ratio exhibited by columns with short shear spans was higher than that of columns with long shear spans. 
	 
	Based on the results of four collared columns with long shear spans and four with short shear spans, those with long shear spans exhibit higher values of normalized peak moment, normalized modulus of toughness up to the peak moment condition, and normalized modulus of toughness up to failure of the columns. Hence, those with long shear spans are more ductile. Other ductility parameters were also evaluated for both long and short shear span columns such as curvature ductility, cumulative ductility ratio, and cumulative energy damage indicator. Despite some discrepancies in these parameters (discussed previously), it can be concluded that the collared columns with long shear spans exhibit more ductility as compared to columns with short shear spans. 
	 
	4.5 Prediction of Envelope to Hysteresis Curves 
	 
	In order to predict the envelope curves to the base moment versus lateral drift (%) hysteresis curves of the columns, analytical tools are required to determine the displacement of the columns at the point of application of the horizontal loads. This displacement may consist of elastic flexural displacement,  , plastic flexural displacement,  , shear displacement,  , displacement due to sliding at the base,  , and displacement resulting from anchorage slip and elongation of the longitudinal bars at the top of the footing,  .  
	 
	During the testing of columns, measurements showed that there was no sliding at the base of the columns. Hence, displacement due to sliding,  , is taken equal to zero.  
	 
	It is to be noted that the effective shear span to depth ratio,  , where a is the base moment divided by the horizontal force and d is the effective section depth, changes during the experiments due to changes in both the base moment and the horizontal force with the change of lateral drift (%). These changes occur due to the following: (1) change of horizontal force due to changes in the resistance of the column; (2) change in the location of the point of application of the horizontal load due to the presence of a rigid outrigger attached to the column through which the loads were applied (Figure 4 14(a)); (3) the generation of a small vertical component of the jack force due to the slight inclination of the jacks that developed as the drifts increased; and (4) additional moment caused by the P   effect. The original (nominal) shear span to depth ratios,  , based on  , and effective shear span to depth ratios,  , calculated at the location of  , are given in Table 4.15. The   ratios at the location of   are higher than the nominal values, except for column CL1. For the two columns that were tested without a vertical applied load—CL1 and CL5—the values are nearly identical, showing that the presence of axial load is highly influential. The   ratios remain larger than 3.0 for all the columns; therefore, the effect of shear deformations can be ignored in comparison to the contributions due to flexure. It means all the columns are flexure dominant. 
	 
	Hence the total displacement,  , at the point of application of horizontal loads consists of the following: 
	 
	[4.14]………………..  
	 
	Not all the components of displacements given in Equation 4.15 necessarily exist at all levels of loading. The displacements   and   are flexural displacements, the detail of which is given in the following section. 
	 
	4.5.1 Flexural Deformations 
	 
	Each specimen is idealized as a cantilever subjected to a horizontal and a vertical load (Figure 4 195). When the column is in the elastic range, the elastic displacement,  , at the tip of the cantilever is calculated as follows: 
	 
	[4.15]                             for ( ) 
	 
	where ( is the curvature at the column base. When this curvature reaches the yield curvature, , the displacement at the tip of the cantilever is calculated as: 
	 
	[4.16]                               
	 
	This is the extreme case of elastic displacement. When the curvature at the base of the column exceeds the yield curvature,  , the displacement at the tip of the cantilever consists of two parts: yield displacement,  , and plastic displacement,  . The yield displacement can be determined from Equation 4.16. In the case of columns CL6, CL7, and CL8, due to the large vertical distance between the points of application of the horizontal and vertical loads (Figure 4 5), some moment due to the P   effect may be present at the point of application of the horizontal loads. This might have some influence on the elastic displacements, but as the elastic displacements are very small as compared to the plastic displacements, this moment was not taken into consideration and Equations 4.16 and 4.17 were used without change. 
	 
	For the plastic displacement, plastic rotation at the column base is assumed to be concentrated at the centre of the plastic hinge length,  , and the plastic displacement at the tip of the cantilever is expressed as: 
	 
	[4.17]                                
	 
	4.5.1.1 Plastic Hinge Length 
	 
	In order to use Equation 4.18 for the determination of plastic displacement,  , at the tip of a cantilever, the plastic hinge length,  , is required. There exist various empirical equations in the literature for the determination of plastic hinge lengths. In the present research, equations suggested by Corley (1966), Mattock (1967), and Priestley and Park (1987) are used to estimate the plastic hinge lengths of the collared columns. The detail of the equations follows: 
	 
	Corley’s equation: 
	 
	[4.18]                       
	 
	Mattock’s equation: 
	 
	[4.19]                       
	 
	Priestley and Park’s equation: 
	 
	[4.20]                        
	 
	where,   is the distance between the point of contraflexure in the column and the section of maximum moment,   is the diameter of the longitudinal bars, and   is the effective depth of the section. 
	 
	These equations were applied to all the test columns and the results are reported in Table 4.12. Corley’s equation gives the smallest equivalent plastic hinge lengths in all cases and Priestley and Park’s equation gives the largest. Mattock’s equation gives intermediate values of the plastic hinge lengths and seems more suitable for the test specimens in the present research because they show relatively better comparison with the most damaged regions of the columns given in Table 4.12. Hence, the plastic hinge lengths given by Mattock’s equation were used to calculate the plastic displacements of the test specimens. 
	 
	4.5.1.2 Analytical Moment Versus Curvature Relationships 
	 
	In order to use Equations 4.16, 4.17, and 4.18 for the calculation of tip displacements, analytical moment versus curvature relationships are required for the sections of all the columns. For the moment–curvature analysis, stress versus strain curves of steel reinforcing bars and concrete material curves are required. The stress versus strain curves of steel reinforcing bars and HSS are given in Figure 4 7 and the corresponding material properties are given in Table 4.3. The material properties of unconfined concrete are given in Table 4.2. The conventional column CL0 consists of a confined concrete core and unconfined concrete cover. The stress versus strain curve for the confined concrete core of this column was determined using a model proposed by Mander et al. (1988b) and is shown in Figure 4 196. For determining the confined concrete material curves of collared columns, a model is proposed in Chapter 5 was used and they are given in Figure 4 197. 
	 
	The moment versus curvature relationships were determined for all the column sections using a strain compatibility analysis, with the assumption that plain sections remain plain throughout the tests. For this purpose a FORTRAN computer program, MCR, was written, the listing of which is given in Appendix K along with a typical data file. Figure 4 198 shows the moment versus curvature relationship for a typical column (column CL1).  
	 
	For column CL0, three moment versus curvature relationships were required since the behaviour of the core and cover concrete is different. Therefore, a program for the analysis of this section is required that can deal with at least two different concrete material curves. The program MCR can only deal with one concrete material curve. In addition, this column was subjected to an axial load of 1470 kN in the beginning of the test, which was reduced to 720 kN after completing the 16th cycle. In order to predict the envelope curve of this column with the available computing facility (program MCR), moment versus curvature relationships were determined for the following three cases: 
	 
	(1) gross column section (300 x 300 mm), using the confined concrete material curve and considering an axial load of 1470 kN. This moment versus curvature relationship is useful for predicting the initial part of the envelope curve where the behaviours of core and cover concretes are similar and the benefits of confinement are negligible. 
	 
	(2) column core of 235 x 235 mm (measured out to out of hoop reinforcement), using the confined concrete material curve for the core concrete and considering an axial load of 1470 kN. This relationship would be appropriate in the second segment of the envelope curve up to and including the 16th cycle. 
	 
	(3) column core of 235 x 235 mm (measured out to out of hoop reinforcement), using the confined concrete material curve for the core concrete and considering an axial load of 720 kN. This relationship is suitable beyond the 16th cycle. 
	 
	4.5.2 Rotations at Column Base Due to Anchorage Slip 
	 
	It was observed in the experiments that relatively wide cracks formed at the interface between the column and the footing. Due to high strains in the tensile reinforcing bars, the bond between the concrete and steel close to the joint deteriorated, resulting in the elongation and slip of the reinforcing bars that caused additional rotations of the columns at the base. These additional fixed end rotations are not captured by the flexural analysis presented in the previous section. Various models have been proposed to determine the fixed end rotations due to anchorage slip. Models proposed by Otani and Sozen (1972) and by Sezen (2000) are used to determine these rotations for the test specimens used in the present research. 
	 
	Otani and Sozen (1972) proposed the following equation to determine the fixed end rotation at the base of a column due to anchorage slip: 
	 
	[4.21]                                
	 
	where, 
	  effective depth of the section; 
	  distance from the compression face of concrete to reinforcing bars in compression; 
	  diameter of steel reinforcing bars; 
	  cylinder strength of concrete; 
	  yield stress of steel reinforcing bars; 
	  bending moment at the end of the member; 
	  yield moment at the end of the member; and  
	  additional rotation at column base due to anchorage slip. 
	 
	Equation 4.20 is based on the following assumptions: it uses the elastic modulus of elasticity of steel, ; and the stress in the reinforcing bars is determined using a linear relationship with the section bending moment. Hence, the model seems more appropriate for the elastic range. 
	 
	Sezen (2000) proposed two separate equations for the rigid body rotations due to anchorage slip for the elastic and plastic ranges, respectively: 
	 
	[4.22]                                                                 for       
	 
	[4.23]                      for     
	 
	where, 
	 
	  distance from extreme compression fibre to the neutral axis of section; 
	  effective depth of section; 
	  diameter of steel reinforcing bars; 
	  cylinder strength of concrete; 
	  steel stress; 
	  yield stress of steel; 
	  steel strain; 
	  yield strain of steel; 
	  additional rotation at column base due to anchorage slip. 
	 
	Knowing the rotation at the base of the columns, the displacements at the point of application of the horizontal load can be determined from the following equation: 
	 
	[4.24]                 
	 
	The models by Otani and Sozen (1972) and Sezen (2000) were both used to determine the rigid body rotations at the base of the column. However, no considerable difference was found in the overall behaviour of the columns. Therefore, it was decided to present the results using the rigid body rotations determined by Sezen’s model only. 
	 
	4.5.3 Predicted Envelope Curves 
	 
	Knowing the moment versus curvature relationships, and rigid body rotations at the base due to anchorage slip, the moment versus lateral drift (%) at the point of application of horizontal load, can be determined using Equations 4.14, 4.15, 4.16, 4.17, and 4.24.  
	 
	Figure 4 199 show the experimental hysteresis curve, the experimental average envelope curve based on north and south envelopes, and the predicted envelope curve for column CL0. Figure 4 200 shows an enlarged view of the envelope curves given in Figure 4 199 for clarity. The initial slope of the predicted envelope curve (case A) and that of the average experimental envelope curve are more or less the same. In the later stages of the test, the predicted envelope curve (case A) rises much higher than that of the average experimental envelope curve because it is based on the gross concrete section without considering spalling of the cover concrete. The initial slopes of the predicted envelope curves for cases B and C are the same, but they are much lower than that of the predicted envelope curve for case A and the experimental average envelope curve. The predicted envelope curve for case B is slightly higher than that of case C, which is attributed to the difference in the magnitude of axial loads in the two cases. Considering the curve for case A in the initial region, case B in the central region, and case C at higher drifts, according to their respective assumptions, a good simulation of the experimental behaviour is obtained. 
	 
	Figures 4 201 through 4 204 show the experimental hysteresis curve, average experimental envelope curve, and predicted envelope curve for columns with long shear spans—columns CL1, CL2, CL3, and CL4, respectively. Good agreement exists between the predicted envelope curve and the experimental average envelope curves. Generally, the predicted envelope curves show a slightly higher capacity than the associated experimental average envelope curves in the later stages of the test. This is because the predicted envelope curves are based on the gross column section and therefore they do not consider spalling of the concrete between the collars under cyclic loading. Due to the spalling of the concrete between the collars, the effective column section becomes reduced, resulting in experimental capacities that are less than the predicted capacities. 
	 
	Figures 4 205 through 4 208 show the experimental hysteresis curve, average experimental envelope curve, and predicted envelope curve for columns with short shear spans—columns CL5, CL6, CL7, and CL8, respectively. Good agreement exists between the predicted envelope curve and the experimental average envelope curves up to about 5% lateral drift. After that, the predicted envelope curves show significantly higher capacity than the associated experimental average envelope curves. This is because with a short shear span, more rapid spalling of concrete takes place as compared to columns with long shear spans, as was observed in the tests, but this reduction of cross section due to spalling is not taken into account in the model. In addition, the effect of cyclic loads on the properties of the concrete and steel reinforcing bars and the effect of lateral bending of longitudinal bars were not included in the model. 
	 
	 
	 
	 
	4.6 Summary  
	 
	The seismic behaviour of reinforced concrete structures can be improved through enhancement in strength and ductility at the location of plastic hinges, which can be achieved through external confinement. There are various schemes for providing external confinement to concrete. A new such scheme has been proposed that makes use of collars made from steel hollow structural sections (HSS) for providing confinement to the concrete. The axial behaviour of collared columns was studied in Chapter 3 through an extensive experimental programme. In the present chapter, the behaviour of reinforced concrete columns confined by steel HSS collars has been studied under simulated seismic loading. A total of nine full scale reinforced concrete columns typical of two to three storey buildings, were tested in the experimental program. One column (CL0) had conventional tie reinforcement in the rest region and it satisfied the seismic plastic hinge requirements of both ACI 318 02 and CSA Standard A23.3 84. All the specimens were 300 x 300 mm in cross sections and about 2100 mm in height. The variables included in this study were axial load, collar spacing, collar size, and shear span. In addition, envelope curves to the hystereses of the columns are predicted by using analytical models for flexural deformations and for anchorage slip.  
	 
	4.7 Conclusions 
	 
	4.7.1 Conclusions Based on Experimental Results 
	 
	All the collared columns showed very good behaviour under severe cyclic loading. The desired enhancement in strength and ductility was achieved through confinement of concrete and the presence of the collars made the columns very resistant to degradation under severe cyclic loading. External confinement by HSS collars therefore shows promise of being an effective means of rehabilitating columns in seismically deficient reinforced concrete buildings.  
	 
	In the collared columns, very little spalling of concrete between the collars was observed at the end of the first 20 cycles, a ductility level equal to 4, which is common in the design of new reinforced concrete structures. In the case of the conventional column (CL0), most of the spalling of the concrete cover occurred at a displacement ductility level of 1.5. Hence, collared columns possess a larger effective core than that of conventionally tied columns and are more resistant to degradation under severe cyclic loading.  
	 
	Fracture of some vertical bars due to low-cycle fatigue was observed in several collared columns. However, it was more pronounced in columns with a wider collar spacing. No slippage of the collars was observed in any of the collared columns at the end of the tests, a feature which is highly desirable for the success of this rehabilitation scheme.  
	 
	In the collared columns, most of the spalling was confined to the lower half of the test region, while in the conventional column, spalling took place over a wider range because it did not have collars; the collars restrict the spread of damage. 
	 
	The normalized peak moment of the control column is less than that of the collared columns used in the present study. The normalized modulus of toughness of the control column is less than that of the collared columns having the same shear span. However, some collared columns with the short shear–span exhibited a lower modulus of toughness than the control column. 
	 
	All the collared columns exhibited more stiffness retention as compared to the control column. Hence, collared columns are more resistant to degradation under severe cyclic loading than the control column. 
	 
	The rate of increase of cumulative normalized energy dissipation with respect to cycle number is generally higher for the control column as compared to that of the collared columns. The cumulative normalized energy dissipated at the end of the tests is higher for control column as compared to that of collared columns with a short shear span. A direct comparison between the control column and collared columns with a long shear span cannot be made with respect to cumulative normalized energy dissipated at the end of the tests because the tests of most of the collared columns with a long shear span were stopped prematurely due to the limitation in jack stroke. Had the tests not stopped prematurely, the cumulative normalized energy dissipated at the end of the tests of collared columns with long shear span would likely have been higher than that of the control column. 
	 
	The hysteretic damping ratios of all the columns were plotted with respect to lateral drift of the columns. The hysteretic damping ratio increases with the increase of lateral drift for all the columns. The hysteretic damping ratio of the control column is generally higher than that of collared columns. Very rarely, the hysteretic damping ratio of collared columns became higher than that of the control column. 
	 
	The curvature ductility of the control column was higher than that of the collared columns. The cumulative ductility ratio and cumulative energy damage indicator at the end of test are significantly higher for the control column than the collared columns. The collared columns exhibited less ductility using these measures because the damage is concentrated within a smaller length of the test region as compared to the length of damaged region in the control column. 
	 
	In addition, the following conclusions are drawn with respect to the effect of various parameters on the behaviour of the collared columns. 
	 
	4.7.1.1 Effect of Axial Load 
	 
	Based on the results of these columns with short and long shear spans, it can be concluded that an increase of axial load on the columns causes an increase in the rate of degradation in strength and a decrease in the stiffness retention of the collared columns. Moreover, the presence of axial load caused a reduction in the cumulative normalized dissipated energy at the end of the tests. 
	 
	All the columns exhibited an increase in the hysteretic damping ratio with the increase of lateral drift. With the increase in axial load the hysteretic damping ratio of collared columns decreased at the lateral drift under consideration. However, this effect was more pronounced in collared columns with short shear spans as compared to columns with long shear spans. 
	 
	The application of axial loads in the range of   to   generally caused improvement in the ductility of the collared columns. It is assumed that in columns with this range of axial loads, the axial load improves the ductility by mobilizing confinement more rapidly as compared to columns without axial load. Furthermore, the presence of axial compression is known to improve shear behaviour, which is particualary important for the columns with the short shear span. It is considered that the beneficial effect of this range of axial load on ductility is greater than its contribution to deterioration. 
	 
	4.7.1.2 Effect of Collar Spacing 
	 
	In the regime of both long and short shear span columns, columns with a wider spacing of collars exhibited lower values of the normalized peak moment, normalized modulus of toughness up to the peak moment, and normalized modulus of toughness up to the failure of the columns as compared to those of columns with a closer collar spacing. 
	 
	The rate of deterioration of strength is higher in columns with widely spaced collars as compared to columns with closely spaced collars. However, in the regime of both long and short shear span columns, the effect of collar spacing on the stiffness retention of the columns was marginal; columns with closely spaced collars exhibited slightly higher stiffness retention. 
	 
	For both long and short shear span columns, the cumulative energy dissipated and the cumulative normalized energy dissipated at the end of the tests was significantly less for columns with widely spaced collars as compared to columns with closely spaced collars. 
	 
	For long shear span columns with widely spaced collars, the hysteretic damping ratio was slightly higher than that of columns with closely spaced collars. However, in columns with a short shear span, the columns with a wider spacing of collars exhibited a significantly higher hysteretic damping ratio at a certain level of lateral drift. 
	 
	In both long and short shear span columns, columns with widely spaced collars exhibit less ductility in terms of curvature ductility, cumulative ductility ratio, and cumulative energy damage indicator as compared to columns with widely spaced collars. 
	 
	4.7.1.3 Effect of Collar Size 
	 
	In the case of columns with a long shear span, the stiffness retention was slightly higher for columns with large size collars as compared to that of columns with small size collars. In the case of columns with a short shear span, the stiffness retention was slightly higher for columns with small size collars. In both cases, the differences were small and it is concluded the energy dissipation characteristics of the columns were not sensitive to the change in the size of the collars in the range in which this study was made. 
	 
	In the case of columns with a long shear span, ,the normalized cumulative energy dissipated at the end of the test for column with small size collars was higher than that of column with large size collars. In the case of columns with a short shear span, columns with different sizes of collars exhibited similar energy dissipation characteristics in terms of cumulative normalized energy dissipated versus cycle number. This implies that the energy dissipation characteristics of the columns were not sensitive to the change in the size of the collars in the range in which this study was made. 
	 
	In the case of columns with long shear spans, the hysteretic damping ratio of the columns was slightly higher for columns with large size collars as compared to that of columns with small size collars. In the case of columns with short shear spans, this ratio was slightly higher for columns with small size collars. The hysteretic damping ratio was not particularly sensitive to the change in the size of collars in the range in which this study was conducted. 
	 
	In the case of columns with long shear spans, the column with large size collars exhibited a higher modulus of toughness as compared to the column with small size collars. However, it exhibited lower values of curvature ductility, cumulative ductility ratio, and cumulative normalized energy damage indicator. This discrepancy is attributed to a relatively higher value of axial load index in the column with the large size collars as compared to that in the column with the small size collars. In the case of columns with short shear spans, the column with the large size collars exhibited a higher modulus of toughness, curvature ductility, cumulative ductility ratio, and energy damage indicator. Based on the above, it can be concluded that columns with large size collars tend to exhibit higher ductility as compared to columns with small size collars. 
	 
	4.7.1.4 Effect of Shear Span 
	 
	The rate of strength deterioration is higher in collared columns with a short shear span as compared to that in columns with a long shear span. Moreover, collared columns with long shear spans exhibit higher stiffness retention. 
	 
	The collared columns with long shear spans exhibited higher energy dissipation characteristics as compared to those of columns with short shear spans. Generally, the hysteretic damping ratio exhibited by the columns with short shear spans was higher than that of columns with long shear spans. 
	 
	Based on parameters such as the normalized modulus of toughness, curvature ductility, cumulative ductility ratio, and cumulative energy damage indicator, the collared columns with long shear spans are more ductile as compared to collared columns with short shear spans. 
	 
	4.7.2 Conclusions Based on Analytical Results 
	 
	The envelope to the hysteresis curves of the control column, collared columns with long shear spans, and collared columns with short shear spans were predicted analytically. In general, the predicted envelope curves showed very good agreement with those of the average experimental envelope curves. For the control column, this agreement was obtained through three different models that simulated the behaviour in three different ranges of the test. In the case of collared columns with short shear spans, the predicted envelope curves showed very good agreement with the experimental envelope curves up to a lateral drift of about 5%. After this level of lateral drift, the predicted envelope curves over-estimate the capacity of the columns because in columns with short shear spans, more rapid spalling of concrete takes place as compared to columns with long shear spans. Rapid spalling of concrete between the collars results in a reduction in the column cross section that also reduces the experimental capacity of the columns rapidly. This reduction of cross section due to spalling is not taken into account in the model. In addition, the effect of cyclic loads on the properties of the concrete and steel reinforcing bars and the effect of lateral bending of longitudinal bars were not included in the model. 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	Table 4.1:Detail of test specimens
	Specimen
	Confinement Steel
	 
	Axial Load 
	(kN)
	Location of Horizontal and Vertical Loads
	 
	Size of confining 
	steel 
	(mm)
	s 
	(mm)
	  
	(mm)
	(t 
	(%)
	 
	H1 
	(mm)
	 
	H2 
	(mm)
	 
	H3 
	(mm)
	CL0
	Ties: (15
	70
	55
	5.19
	1470/720
	2075
	1900
	2200
	CL1
	HSS76x51x6.35
	101
	50
	21.80
	0
	2075
	1900
	—
	CL2
	HSS76x51x6.35
	151
	100
	14.58
	720
	2075
	1900
	2200
	CL3
	HSS76x51x6.35
	101
	50
	21.80
	720
	2075
	1900
	2200
	CL4
	HSS51x51x6.35
	101
	50
	15.42
	720
	2075
	1900
	2200
	CL5
	HSS76x51x6.35
	101
	50
	21.80
	0
	2075
	750
	—
	CL6
	HSS76x51x6.35
	151
	100
	14.58
	720
	2125
	760
	2250
	CL7
	HSS76x51x6.35
	101
	50
	21.80
	720
	2125
	755
	2245
	CL8
	HSS51x51x6.35
	101
	50
	15.42
	720
	2125
	775
	2250
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	Table 4.2: Cylinder strengths of concrete
	 
	 
	Specimen 
	 
	Cylinder strength of footing concrete,  
	Cylinder strength of column concrete,  
	Average 
	value 
	(MPa)
	Standard 
	deviation 
	(MPa)
	Age of concrete 
	(days)
	Average value 
	(MPa)
	Standard 
	deviation 
	(MPa)
	Age of concrete 
	(days)
	CL0
	31.1
	1.52
	108
	32.7
	0.51
	63
	CL1
	40.0
	1.73
	139
	12.3
	2.69
	104
	CL2
	32.2
	0.56
	154
	15.9
	1.01
	131
	CL3
	33.1
	1.31
	203
	15.4
	1.36
	187
	CL4
	38.6
	1.46
	116
	32.7
	0.77
	82
	CL5
	46.2
	2.34
	154
	26.3
	1.19
	131
	CL6
	43.3
	1.18
	60
	32.6
	1.54
	33
	CL7
	44.4
	0.88
	66
	35.4
	1.54
	50
	CL8
	45.9
	0.85
	80
	35.3
	1.41
	71
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	Table 4.3: Properties of steel rebars and steel HSS
	Steel 
	Type
	 
	Size 
	(mm)
	  
	(MPa)
	  
	(MPa)
	  
	(MPa)
	 
	 
	  
	(MPa)
	Rebars
	(15
	517
	206 800
	802
	0.1070
	-
	-
	(25  
	(CL0 TO CL4)
	510
	199 930
	710
	0.0600
	0.0110
	8529
	(25  
	(CL5 TO CL8)
	515
	199 795
	687
	0.1370
	0.0170
	5377
	HSS
	HSS 51x51x6.35
	464
	202 140
	601
	0.1004
	-
	-
	HSS 76x51x6.35
	512
	206 660
	660
	0.0415
	-
	-
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	Table 4.4: Length of test regions and types of instrumentation
	 
	 
	Specimens 
	 
	 
	 
	Test 
	region 
	lengths 
	 
	(mm)
	 
	Location of collars from footing and instrumentation in the test regions 
	 
	Type of 
	Instrument 
	Collar 1
	Collar 2
	Collar 3
	Collar 4
	Collar 5
	Collar 6
	CL1
	 
	590
	Type
	LVDTs
	—
	RTM
	—
	—
	CTD
	Distance 
	(mm)
	55
	154
	256
	357
	452
	565
	CL2*
	 
	558
	Type
	LVDTs
	RTM
	—
	CTD
	—
	—
	Distance 
	(mm)
	76
	240
	389
	533
	—
	—
	CL3
	 
	630
	Type
	LVDTs
	—
	RTM
	—
	—
	CTD
	Distance 
	(mm)
	64
	176
	294
	394
	505
	605
	CL4
	 
	615
	Type
	LVDTs
	—
	RTM
	—
	—
	CTD
	Distance 
	(mm)
	66
	175
	285
	385
	490
	597
	CL5
	 
	590
	Type
	LVDTs
	—
	RTM
	—
	—
	CTD
	Distance 
	(mm)
	50
	150
	260
	360
	460
	565
	CL6*
	 
	586
	Type
	LVDTs
	RTM
	RTM
	CTD
	—
	—
	Distance 
	(mm)
	97
	254
	405
	556
	—
	—
	CL7
	 
	581
	Type
	LVDTs
	RTM
	RTM
	RTM
	RTM
	CTD
	Distance 
	(mm)
	51
	152
	253
	354
	455
	556
	CL8
	 
	599
	Type
	LVDTs
	RTM

	RTM
	RTM
	RTM
	CTD
	Distance 
	(mm)
	65
	170
	270
	375
	477
	574
	*In specimen CL2 and CL6, there were only four collars in the test region. 
	Note: The counting of collars is done from bottom upwards. The first collar near the footing is given number 1. 
	LVDTs: Linear variable differential transformers 
	RTM: Rotation meter 
	CTD: Cable transducers
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	Table 4.5: Analytical and experimental moment capacities of columns
	Specimes
	  
	(kN.m)
	  
	(kN.m)
	  
	(kN.m)
	  
	(kN.m)
	CL0
	no yielding 
	of steel
	180.31
	246.76
	216.50
	CL1
	no yielding 
	of steel
	142.56
	151.11
	235.47
	CL2
	no yielding 
	of steel
	132.43
	194.29
	276.92
	CL3
	no yielding 
	of steel
	130.41
	198.19
	300.96
	CL4
	no yielding 
	of steel
	187.75
	212.50
	296.84
	CL5
	135.45
	164.34
	163.78
	207.42
	CL6
	no yielding 
	of steel
	187.45
	217.83
	282.93
	CL7
	no yielding 
	of steel
	193.34
	221.73
	296.90
	CL8
	no yielding 
	of steel
	193.16
	220.89
	296.48
	Note: The columns CL1 and CL5 were tested without axial load
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	Table 4.6: Summary of yield displacements determined by different methods
	Specimens
	Yield displacement,   
	(mm)
	Method 1
	Method 2
	Alt. 1*
	Alt. 2
	Alt. 3
	Alt. 4
	Alt. 5
	CL0
	30
	30
	30
	16
	24
	22; 29; and 32
	CL1
	23
	29
	30
	28
	58
	70
	CL2
	41
	34
	31
	17
	59
	71
	CL3
	38
	37
	32
	16
	67
	81
	CL4
	28
	28
	28
	23
	49
	57
	CL5
	8
	8
	7.5
	7.5
	10.5
	12.5
	CL6
	8.5
	8
	7
	5.5
	11
	11.5
	CL7
	11.5
	10
	9
	7
	15
	17
	CL8
	11
	10
	9
	7.5
	16
	17.5
	*Approximate yield displacements used to perform experiments
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	Table 4.7: Detail of number of complete cycles at different ductility levels and total number of cycles sustained by the specimens
	 
	Specimens 
	Number of complete cycles sustained
	 
	 
	Displacement Ductility,  
	Total
	1.5
	2
	4
	6
	8
	10
	12
	CL0
	5
	5
	5
	5
	5
	19*
	-
	-
	44
	CL1
	5
	5
	5
	5
	5
	20*
	-
	-
	45
	CL2
	5
	5
	5
	5
	7*
	-
	-
	-
	27
	CL3
	5
	5
	5
	5
	25*
	-
	-
	-
	45
	CL4
	5
	5
	5
	5
	5
	20*
	-
	-
	45
	CL5
	5
	5
	5
	5
	5
	5
	5
	2
	37
	CL6
	5
	5
	5
	5
	5
	5
	1
	-
	31
	CL7
	5
	5
	5
	5
	5
	5
	5
	-
	35
	CL8
	5
	5
	5
	5
	5
	5
	5
	-
	35
	Note: The starred number of cycles were performed at the stroke limit of the horizontal jacks instead of the ductility levels specified. 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	Table 4.8: Values of moments and drifts from envelope curves at 0.25% drift, at peak moment, and at failure. 
	Specmens
	 
	At 0.25% drift 
	 
	At peak moment 
	 
	At failure 
	 
	Drift  
	 
	(%)
	 
	Moment 
	 
	(kN.m) 
	Secant 
	stiffness 
	at 0.25% 
	drift 
	 
	(kN.m) 
	 
	Drift 
	 
	(%)
	 
	Moment 
	 
	(kN.m) 
	 
	Normalized 
	peak moments w.r.t. moment at 0.25% drifts 
	 
	Drift 
	 
	(%)
	 
	Moment 
	 
	(kN.m) 
	CL0
	0.25
	77.70
	31 080
	8.00
	216.50
	2.79
	10.62*
	208.30
	CL1
	0.25
	30.98
	12 392
	10.10
	235.47
	7.60
	15.60*
	225.00
	CL2
	0.25
	52.37
	20 948
	8.80
	276.92
	5.29
	10.49*
	275.04
	CL3
	0.25
	53.31
	21 324
	10.45
	300.96
	5.65
	10.45*
	300.96
	CL4
	0.25
	67.66
	27 064
	8.91
	296.84
	4.39
	16.02*
	255.00
	CL5
	0.25
	51.83
	20 732
	4.53
	207.42
	4.00
	8.84
	186.73
	CL6
	0.25
	89.85
	35 940
	4.66
	282.93
	3.15
	8.25
	254.65
	CL7
	0.25
	85.16
	34 064
	6.31
	296.90
	3.49
	15.58
	267.30
	CL8
	0.25
	76.23
	30 492
	5.67
	296.48
	3.89
	13.68
	266.85
	 
	Note: The starred values are lower bound 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	Table 4.9: Stress in concrete and steel longitudinal bars before the application of horizontal loads
	Specimen
	 
	Total axial 
	load 
	 
	 
	(kN)
	 
	  
	 
	 
	 
	(MPa) 
	 
	 
	  
	 
	 
	 
	(MPa)
	 
	Steel 
	load, 
	  
	 
	(kN) 
	 
	Concrete 
	load, 
	  
	 
	(kN)
	 
	Steel 
	stress, 
	  
	 
	(MPa)
	 
	Concrete 
	stress,   
	 
	(MPa)
	 
	Ratio 
	 
	 
	 
	Euler 
	Buckling 
	Load 
	 
	  
	 
	(kN) 
	CL0
	1470
	27.8
	19 507
	474.5
	995.5
	118.64
	11.58
	0.42
	73 676
	CL0
	720
	27.8
	19 507
	232.4
	487.6
	58.11
	5.67
	0.20
	73 676
	CL1
	0
	10.5
	11 964
	0
	0
	0
	0
	0
	45 186
	CL2
	720
	13.5
	13 602
	292.4
	427.6
	73.09
	4.97
	0.37
	51 375
	CL3
	720
	13.1
	13 387
	295.1
	424.9
	73.78
	4.94
	0.38
	50 561
	CL4
	720
	27.8
	19 507
	232.4
	487.6
	58.11
	5.67
	0.20
	73 676
	CL5
	0
	22.4
	17 494
	0
	0
	0
	0
	0
	424 050
	CL6
	720
	27.7
	19 477
	232.6
	487.4
	58.14
	5.67
	0.20
	459 773
	CL7
	720
	30.1
	20 296
	226.1
	493.9
	56.53
	5.74
	0.19
	485 478
	CL8
	720
	30.0
	20 267
	226.3
	493.7
	56.59
	5.74
	0.19
	460 093
	 
	 
	 
	  
	 
	 
	 
	Table 4.10: Cracking moments of the columns 
	Specimen 
	 
	 
	Axial 
	load 
	 
	 
	(kN)
	 
	Axial 
	stress on  
	concrete 
	  
	(MPa)
	 
	 
	  
	 
	 
	(MPa)
	 
	 
	  
	 
	 
	(MPa)
	 
	 
	  
	 
	 
	(kN.m)
	 
	Moment 
	at 
	0.25% 
	drift 
	 
	(kN.m)
	CL0
	1470
	11.58
	27.80
	3.28
	66.88
	77.70
	CL1
	0
	0
	10.46
	2.01
	9.06
	30.98
	CL2
	720
	4.97
	13.52
	2.29
	32.65
	52.37
	CL3
	720
	4.94
	13.09
	2.25
	32.36
	53.31
	CL4
	720
	5.67
	27.80
	3.28
	40.28
	67.66
	CL5
	0
	0
	22.36
	2.94
	13.25
	51.83
	CL6
	720
	5.67
	27.71
	3.28
	40.29
	89.85
	CL7
	720
	5.74
	30.09
	3.42
	41.23
	85.16
	CL8
	720
	5.74
	30.01
	3.41
	41.21
	76.23
	Note: The cracking moments and the moments at 0.25% drift for columns CL1 and CL5 are relatively less because of the absence of axial stress.
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	Table 4.11: Moduli of toughness and normalized moduli of toughness for the test specimens
	 
	 
	Specimen 
	 
	 
	Modulus of toughness 
	(kN.m) 
	 
	Normalized modulus of toughness
	Up to peak moment
	Up to end of test 
	Up to peak moment
	Up to end of end
	CL0
	15.67
	21.90*
	132.79
	185.55*
	CL1
	19.45
	32.10*
	468.23
	772.84*
	CL2
	19.20
	23.86*
	253.66
	315.19*
	CL3
	29.90
	29.90*
	376.44
	376.44*
	CL4
	22.04
	41.85*
	244.07
	463.46*
	CL5
	7.69
	16.30
	107.95
	228.92
	CL6
	11.09
	20.77
	89.66
	167.93
	CL7
	15.40
	41.59
	122.00
	329.51
	CL8
	13.43
	36.59
	139.65
	380.33
	 
	Note: The starred values are lower bound 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	Table 4.12:Equivalent plastic hinge lengths and most damaged region of the test specimens
	 
	Specimens
	Plastic hinge lengths 
	(mm)
	Most 
	damaged 
	region 
	  
	(mm)
	Corley 
	(1966)
	Mattock 
	(1967)
	Priestley and Park 
	(1987)
	CL0
	144.5
	215.0
	302.0
	250
	CL1
	144.5
	215.0
	302.0
	129
	CL2
	144.5
	215.0
	302.0
	113
	CL3
	144.5
	215.0
	302.0
	269
	CL4
	144.5
	215.0
	302.0
	260
	CL5
	129.7
	157.5
	210.0
	125
	CL6
	129.8
	158.0
	210.8
	72
	CL7
	129.7
	157.8
	210.4
	127
	CL8
	130.0
	158.8
	212.0
	145
	Note: It appears that the spacing of collars has an influence on the length of the most damaged region of the columns
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	Table 4.13: Curvature ductility factors for columns CL0 to CL8
	Specimens
	  
	 
	x106 
	kN.m/(1/mm) 
	  
	 
	x10-6 (rad/mm)
	  
	 
	x10-6 (rad/mm)
	 
	CL0
	22.46
	9.13
	180.25*
	19.74*
	CL1
	8.96
	22.23
	264.91*
	11.92*
	CL2
	17.74
	14.82
	192.00*
	12.96*
	CL3
	16.63
	16.79
	164.20*
	9.78*
	CL4
	16.61
	16.49
	284.00*
	17.22*
	CL5
	8.61
	15.02
	137.20
	9.14
	CL6
	16.03
	13.38
	192.80
	14.41
	CL7
	18.75
	12.69
	197.96
	15.59
	CL8
	16.82
	13.96
	206.32
	14.78
	Note: The starred values are lower bound.
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	Table 4.14: Axial load indices for columns CL0 through CL8
	 
	Specimen
	Axial 
	Load 
	  
	 
	kN
	Cylinder 
	Strength 
	  
	MPa
	 
	Axial load indices 
	 
	 
	 
	CL0
	1470
	32.7
	0.59
	0.33
	0.42
	CL0
	720
	32.7
	0.29
	0.16
	0.20
	CL1
	0
	12.3
	0
	0
	0
	CL2
	720
	15.9
	0.59
	0.22
	0.37
	CL3
	720
	15.4
	0.61
	0.23
	0.38
	CL4
	720
	32.7
	0.29
	0.16
	0.20
	CL5
	0
	26.3
	0
	0
	0
	CL6
	720
	32.6
	0.29
	0.16
	0.20
	CL7
	720
	35.4
	0.27
	0.15
	0.19
	CL8
	720
	35.3
	0.27
	0.16
	0.19
	Note:  , and  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	  
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	 
	Table 4.15: Ratio of shear span   to effective depth 
	Specimen
	 
	Nominal
	 
	Effective   ratio at  
	 
	 
	  
	 
	(mm)
	 
	Ratio 
	 
	 
	 
	 
	 
	  
	 
	(kN.m)
	 
	 
	  
	 
	(kN)
	 
	  
	 
	(mm)
	 
	Ratio 
	 
	 
	 
	CL0
	1900
	7.92
	216.5
	43.11
	5022
	20.93
	CL1
	1900
	7.92
	235.47
	124.32
	1894
	7.89
	CL2
	1900
	7.92
	276.92
	69.39
	3991
	16.63
	CL3
	1900
	7.92
	300.96
	75.27
	3998
	16.66
	CL4
	1900
	7.92
	296.84
	82.37
	3604
	15.02
	CL5
	750
	3.13
	207.42
	272.76
	760
	3.17
	CL6
	760
	3.17
	282.93
	266.92
	1060
	4.42
	CL7
	755
	3.15
	296.90
	282.74
	1050
	4.38
	CL8
	775
	3.23
	296.48
	281.06
	1055
	4.40
	Note:  
	 : shear span; 
	 : effective depth of the column section equal to 240 mm for all columns; 
	 :nominal moment capacity of the column corresponding to the peak of moment versus drift (%) average envelope curve; and 
	 : average horizontal force at drift (%) at which  occurs
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