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Abstract

Partially encased composite (PEC) columns consist of a built-up thin-walled
I-shaped steel section with links welded between opposing flanges that is infilled with
concrete between the flanges. The Canadian steel design standard, CAN/CSA S16-01,
permits PEC columns with normal-strength concrete under concentric axial load only.
To address these limitations, eleven full-scale PEC columns with high-strength concrete
were tested under either concentric or eccentric axial loading.

In seven concentric tests, concrete type and link spacing were studied. In four
eccentric tests, bending axis and various eccentricities were studied. Test results indicate
that the columns attain full composite behaviour, but have a more brittle failure mode
than those with normal-strength concrete. However, smaller link spacings or the addition
of steel fibres to the concrete improves the failure mode. The current design criteria are
conservative for concentrically-loaded high-strength PEC columns. Load-moment
interaction diagrams agree well with test results from the eccentrically-loaded PEC

columns in either orientation.
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1.0 Introduction

1.1 Background

Composite columns are constructed using various combinations of steel and
concrete in an attempt to utilize the beneficial properties of each material in an
economical manner. A partially encased composite (PEC) column is a type of composite
column that generally consists of an H-shaped steel section with concrete cast between
the flanges. One of the advantages of this type of column over fully encased columns is
that it requires formwork on only two sides of the column. In the mid-1990s, the Canam
Group Inc. (Canam) developed a new design for PEC columns intended to make it more
economical, particularly for mid- and high-rise steel structures. Since then, Canam and
several North American universities, led primarily by Ecole Polytechnique de Montréal,
have been involved in an aggressive research program to better understand PEC column
behaviour and establish design rules. This program has led to the inclusion of PEC
columns in the Canadian standard for design of steel structures, CSA S16-01 (CSA
2001). These design provisions permit the use of PEC columns only when loaded
concentrically and they contain limitations on the permissible concrete strength (must be
less than 40 MPa).

The new PEC columns utilize bare steel sections to carry a portion of the dead load
and the construction live loads, so that the speed of erection of all-steel construction is
maintained. The columns are then cast with the floors and once the concrete has cured,
the columns then rely on composite action to support the full dead load and occupancy
live load of the building.

A typical section of the Canam-type of PEC column is depicted in Figure 1-1. It is
composed of a thin-walled welded steel H-shaped section, approximately square in
overall dimensions, that is infilled with normal-strength concrete. The H-shape is
fabricated from steel plates having the same thickness that are welded continuously along
the web—flange junction. The width-to-thickness ratios of the flanges, b/¢, and the web,
(d-2t)/t, are high, and as such the bare steel section is prone to local buckling. Local

buckling of the web is prevented by the presence of concrete after curing, but to increase



the local-buckling resistance of the flanges, links (sometimes referred to as tie bars) are
welded between opposing flange tips at regular intervals along the column length. These
links also tend to provide some confinement to the concrete.

Existing research into thin-walled PEC columns includes only columns fabricated
with normal-strength concrete (less than 34 MPa). High-performance concrete (HPC),
which generally implies primarily higher strength, has been used successfully in
reinforced concrete columns (especially in high-rise construction) and is becoming a
regular choice of designers. Concrete strengths of 60 MPa are not uncommon. By
providing higher strength, the use of HPC reduces column size, thereby increasing
useable floor space. However, high-strength concrete tends to be stiffer and more brittle
than normal-strength concrete. The addition of steel fibres to high-strength concrete
should produce a HPC with increased ductility. To utilize the advantages of HPC in PEC

columns, additional research is required.

1.2 Objectives and Scope

The primary objective of this research project is to study the behaviour of PEC
columns made with high performance concrete. The main issues to be addressed are:

e to evaluate the ultimate load and failure mode of PEC columns made with high-
strength concrete under concentric and eccentric loading;

e to determine whether the capacity equations of CSA S16-01 that are currently limited
to a concrete strength of 40 MPa can be extended to include PEC columns with
higher strength concrete;

e to propose a means of designing PEC columns made with high-strength concrete that
are subjected to both axial load and flexure;

e to examine whether the current design requirements of CSA S16-01 relating to
allowable values of the link size and spacing are adequate for PEC columns made
with high-strength concrete;

e to examine whether the current design requirements of CSA S16-01 relating to
allowable flange width-to-thickness ratios are adequate for PEC columns made with

high-strength concrete;



¢ to examine whether the presence of steel-fibres in the concrete improves the failure
mode of PEC columns

e to evaluate the effects of transverse stresses in PEC columns made with high-strength
concrete.

To achieve the objectives listed above, a total of eleven full-scale PEC columns
measuring 400 mm x 400 mm x 2000 mm were constructed and tested. Seven of these
columns were tested under concentric loading. They consisted of two columns with
normal-strength concrete, three columns with high-strength concrete, and two columns
with high-strength concrete containing steel fibres. Within these sub-groups, the columns
varied with respect to the spacing of the transverse links. The other four columns were
identical and were cast with high-strength concrete. They were tested under eccentric

loading. The amount of eccentricity and the orientation of the columns were varied.

1.3 Report Organization

This report is divided into eight chapters. An overview of each remaining chapter
follows.

Chapter two includes a review of literature pertaining to PEC columns made with
standard steel sections and with thin-walled built-up sections (Canam-type of PEC
column). The evolution of the CSA S16-01 (CSA 2001) design equations is described.

Chapter three presents the test program and details the PEC column parameters to
be examined. It also includes a description of the fabrication of the steel section and the
placement of the concrete used in the columns. The mix designs of the four types of
concrete used in this study are explained. Proportioning the ratio of fine to coarse
aggregate with the use of a workability meter in order to achieve good rheological
properties is also described.

Chapter four presents the mechanical material properties of the steel and concrete
used in the fabrication of the PEC columns. These properties were measured during

ancillary testing.



Chapter five presents the test setup for PEC columns loaded concentrically and for
the PEC columns loaded eccentrically. A description of the instrumentation, end fixtures,
and general loading protocol is included.

Chapter six presents the results and observations of the concentrically-loaded PEC
column tests. The observations are presented with an overview that is followed by
specific observations for each test specimen. The results include longitudinal strains
(with a focus on flange buckling) at various locations on the cross-section at a link-level
and a mid-link-level elevation, transverse stresses measured in the steel section, axial
stresses in the links, and a comparison of measured column strength to strength calculated
from the constituent materials.

Chapter seven presents the results and observations of the eccentrically-loaded PEC
column tests in a similar manner to the description of the concentrically-loaded column
results in chapter six. In addition to those observations and results, the moment-versus-
curvature relation is examined and the column results are compared to load-versus-
moment interaction diagrams.

Chapter eight presents a summary of the testing program, conclusions drawn from
the results presented in Chapters 6 and 7, and recommendations for design of PEC

columns and future research.
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2.0 Literature Review

2.1 Introduction

Composite columns are constructed using various combinations of steel and
concrete in an attempt to utilise the beneficial properties of each material. They are
typically categorised into three groups: concrete filled tubes (CFT), fully encased
composite (FEC) columns, and partially encased composite (PEC) columns (see Figure
2-1). Both CFT and FEC columns have limitations and characteristics that can present
construction and erection challenges. For example, CFT sizes are limited and fixed
beam-to-column connections require additional fabrication for circular tube shapes. FEC
columns require full form-work to support the wet concrete, which can be quite complex
at the beam-to-column connections. Nevertheless, CFT and FEC columns can be a
practical choice for certain projects. CFT and FEC columns have been studied
extensively. However, their behaviour is fundamentally different from PEC columns and
they will not be discussed in this review.

PEC columns are constructed by infilling an I-shaped (or H-shaped) steel section
with concrete between the opposing flanges. Initially, PEC columns were constructed
using standard sized rolled steel sections; however, they can also be constructed from
thin-walled built-up sections with transverse links to inhibit local buckling of the flanges.
Research has also been conducted on PEC columns with additional longitudinal steel

reinforcement in an attempt to improve their behaviour.

2.2 PEC Columns Fabricated with Standard Sections

2.2.1 Hunaiti and Fattah (1994)

Hunaiti and Fattah (1994) tested 19 PEC columns under monotonic eccentric
axial loading. The columns were sorted into two groups. The purpose of the first group
was to determine if PEC columns would act compositely without additional shear
connectors. The purpose of the second group was to determine the behaviour of PEC

columns fabricated with either shear connectors or batten plates at various load



eccentricities. All columns were fabricated from IPE 200x100x22 steel sections
(German standard size) and had an effective length of 2.4 m. The flange width-to-
thickness ratio (b/f) for all specimens was 5.9.

The first group consisted of ten PEC columns. Of these, five were made with low
strength concrete (9.7 MPa) and five were made with normal strength concrete
(32.5 MPa). The load eccentricity at one end of the column was 70 mm, while the
eccentricity at the other end varied among tests. For all ten tests, the researchers
observed that there were no signs of local buckling of the steel flanges or any distortion
of the cross-section. Therefore, Hunaiti and Fattah (1994) concluded that the columns
were able to develop the full flexural strength of the standard section and that full
composite behaviour was achieved.

The second group consisted of a total of nine PEC columns. Of these, three had
shear studs welded along the centreline of the web, three had 190 mm x 20 mm x 3 mm
steel batten plates welded between the tips of opposing flanges on both sides, and the
remaining three had no additional steel added. All were cast with 51 MPa concrete.
Each column type was tested at eccentricities of 30 mm, 50 mm, and 70 mm. For each
eccentricity, the columns had similar column strength, regardless of whether additional
steel was used. From these results, Hunaiti and Fattah (1994) concluded no additional
steel was required to achieve full composite behaviour between the infilled concrete and
the steel section. However, the researchers recommended the use of mechanical shear
connectors in design because the concrete in real structures is affected by factors that are
not present in a laboratory setting, such as deceased bond between the steel and the

concrete as the concrete ages.

2.2.2 Elnashai and Broderick (1994)

Elnashai and Broderick (1994) tested four PEC columns under cyclic and pseudo-
dynamic loading. All were fabricated with 845 mm long, 152x152x23 UC steel sections
(British standard size) and infilled with 28 MPa concrete. The b/t ratio for the steel
flanges was 11.2. Before casting the columns, 6 mm diameter steel rods were welded

between opposing flanges on both sides of the column to act as transverse links and



provide increased confinement for the concrete. The rods used by Elnashai and
Broderick (1994) were similar to the battens used by Hunaiti and Fattah (1994) except
that the rods were welded 10 mm in from the flange tip while the battens were welded at
the flange tip. The column behaviour under these loading conditions was compared to
previous tests by Elnashai ef al. (1991) wherein the columns had, in addition to the
transverse links, four 10 mm diameter longitudinal reinforcing bars tied with 6 mm
diameter stirrups. The researchers concluded that the capacity of the PEC columns with
only the transverse links was marginally less than the PEC columns with the additional
reinforcing bars. However, they stated that the fabrication cost savings of the link-only
PEC columns significantly offset the minor capacity loss and made the link-only PEC

columns a more attractive alternative.

2.2.3 Plumier et al. (1995)

Plumier ef al. (1995) tested 12 full-sized test specimens that consisted of a PEC
column connected to a PEC beam. The specimens were tested under cyclic loading to
examine primarily the behaviour of the joint region. The PEC beams were constructed
from 1500 mm long (from the working point in the joint) HE 260 A steel sections
(European standard size) that were infilled with 53 MPa concrete. The beam sections
were modified by welding 6 mm diameter transverse links 30 mm from the flange tips.
The links were spaced at a 150 mm. Two additional 6 mm diameter longitudinal bars
were also added at mid-depth. The PEC columns were constructed from 3000 mm long
(between inflection points above and below the joint) HE 300 B steel sections that were
also infilled with 53 MPa concrete. Similar to the PEC beams, the PEC columns were
modified with transverse links and additional longitudinal bars. The b/t ratios for the
PEC beams and columns were 10.4 and 14.3, respectively. Two fixed-connection types
were used to attach the beams to the columns: bolted and welded. For each connection
type, they used three different web thicknesses and two different cyclic testing
procedures (total of six specimens per connection type). From these tests, Plumier et al.
(1995) observed that neither the connection type nor the web thickness affected the

performance of the specimen. Furthermore, they noted that all yielding took place in the



beams and that the beam flanges always buckled outward due to the presence of the

concrete.

2.3 PEC Columns Fabricated with Thin-Walled Built-Up Sections

2.3.1 Tremblay et al. (1998)

In 1996, a collaboration between The Canam Group Inc. and Ecole Polytechnique
de Montréal resulted in a new design concept for a partially encased composite (PEC)
column (see Figure 2-1d). The Canam type of PEC column is significantly different from
previous research because the steel section was fabricated from relatively thin plates to
make the section lighter than standard sections. However, the thin plates are more
susceptible to local buckling. Therefore, transverse links, similar to those used by
Elnashai and Broderick (1994), were required to prevent local buckling of the bare steel
shape.

For the initial phase of the research program, six PEC stub columns were tested
and analysed by Tremblay et al. (1998). Each column had a square cross-section (either
300 mm x 300 mm or 450 mm x 450 mm) and a length that was five times the cross-
section dimension. As well, each column was fabricated with CSA-G40.21-350W grade
steel and was cast with normal strength concrete (ranging from 32 to 34 MPa). The main
parameters examined were the spacing of the links (ranging from half of the cross-section
depth to the full cross-section depth), the flange /¢ ratio (ranging from 23.2 to 35.4), and
the overall size of the columns (as noted above). The b/t ratio for this type of PEC
column was much higher than that for PEC columns fabricated from standard shapes
(ranged from 5.9 to 14.3) making it more susceptible to local buckling.

In addition to the composite columns, ten bare steel specimens of similar
dimensions were tested to determine the capacity with a variety of steel shapes (including
smooth rod, deformed bar, and steel plate) used as transverse links (Filion 1998). The
capacity of the bare steel section was calculated using Canadian standard CSA S136-94
(CSA 1994), which uses a reduced effective cross-sectional area in calculating the
capacity of members susceptible to local buckling. The mean test-to-predicted ratio of

the bare steel columns was 1.22 (Filion 1998), with a low value of 0.95. The high test-to-
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predicted ratio indicates that the design capacity of the bare steel shape is generally
conservative regardless of what steel shape was used as the transverse link.

The failure mechanism was similar for all of the composite columns in this study.
Failure occurred by crushing of the concrete combined with local buckling of the steel
flange near the crushed concrete. Tremblay et al. (1998) observed that columns having
larger link spacings exhibited a faster degradation of post-peak strength than columns
with smaller link spacings. The researchers concluded that smaller link spacings result in
a more ductile response. The column with the largest width-to-thickness ratio had a
lower strength than similar columns with stockier flanges and exhibited a sharper drop in
post-peak strength.

Tremblay ef al. (1998) developed a mathematical model to predict the strength of
the PEC stub columns. The model calculates the contribution from the steel and the
concrete separately and then adds them to predict the overall column strength, C,:

C,=0854f" . +4,F, (2.1)

In Equation (2.1), 0.85 is a factor that relates concrete cylinder strength to in-situ
concrete strength, 4. is the cross-sectional area of concrete, /7 is the concrete cylinder
strength, and F), is the yield strength of the steel. The thin-walled steel section is
susceptible to local buckling, so its full cross-sectional area is reduced to an effective

steel area, A, using the effective width method based on von Karman’s formula as

follows:
A, =t(d—2t+4b,) (2.2)
b —aib<1o
e =a- b=l (2.3)
P
12(1-v?
A, _b /—(2 JF, (2.4)
t 7 Ek
4 15 , 20
= +—I\s/b) + 2-3v
D 7[4( ) 3wz( ) (2.5)

In Equation (2.2), ¢ is the thickness of the steel plate, d is the depth of the cross-
section, and b, is the effective half-flange width as calculated using Equation (2.3). In

Equation (2.3), a 1s an empirical factor to account for initial imperfections and residual
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stresses taken by Tremblay et al. (1998) as 0.6, 4, is a slenderness parameter for the
flanges as calculated in Equation (2.4), and b is the actual half-flange width. In
Equation (2.4), E and v are Poisson’s ratio and Young’s modulus for steel. Also in
Equation (2.4), k is the plate buckling coefficient calculated using Equation (2.5),
wherein s is the centre-to-centre link spacing. Equation (2.5) was developed from energy
methods that assumed that the flanges buckled outward between adjacent links.

The use of this model (Equations 2.1 to 2.5) produced results that predicted the
test results within 3%. Tremblay et al. (1998) recommended that larger specimens be

tested to determine if size variations affected the validity of their model.

2.3.2 Chicoine et al. (2002a)

As an extension of the research presented by Tremblay et al. (1998), Chicoine
et al. (2002a) tested five PEC stub columns measuring 600 mm x 600 mm x 3000 mm to
determine if size effects were present in the model presented in the earlier work. The
columns had 16 mm diameter links, spaced at either 300 mm or 600 mm, and were cast
with 34 MPa concrete. Chicoine et al. (2002a) also studied the effects of additional
reinforcement by including reinforcing bars and stirrups in one of the five specimens. As
well, the transverse stresses in the steel section and the links due to the lateral expansion
of the concrete were recorded to determine if they reduced the capacity of the steel
section.

The bare steel section was studied to determine the shape and extent of local
imperfections between the links. Due to the fabrication process, shrinkage of the welds
between the web and flanges tends to cause the flanges to bend inward before the links
(with a length consistent with the nominal column dimension) are inserted between them
and welded in place. Thus, the flanges tend to have a slight residual inward bow between
adjacent links. Chicoine ef al. (2002a) determined that the local imperfections were more
pronounced when the link spacing was larger. Furthermore, comparing with previously
tested specimens, they concluded that the local imperfections, when normalized by link

spacing, were less on larger specimens. Chicoine et al. (2002a) speculated that the slight
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inward imperfections benefit the local buckling resistance of the steel flange after the
concrete has been placed.

The failure mechanism observed by Chicoine ef al. (2002a) was consistent with
previous tests; the concrete crushed as the steel flanges buckled. Nevertheless, it was
noted that local buckling began at 75% of the peak load in specimens where the link
spacing was equal to the column depth, d. For the columns with link spacings equal to
0.5d, the flanges did not buckle until the peak load and the PEC column underwent a
more ductile failure. From these observations, Chicoine ef al. (2002a) recommended that
PEC columns be designed with a link spacing of 0.5d.

The longitudinal and transverse stresses in the steel plate were calculated from
strain measurements by assuming a bi-axial stress state. The von Mises stress was also
calculated. For all five columns, the transverse stress was found to be negligible and the
longitudinal stress to be similar to the von Mises stress until the peak load was reached.
Therefore, the researchers concluded that the lateral expansion of the concrete did not
induce significant transverse stress in the steel section. Thus, the axial capacity of the
column is unaffected by the lateral expansion of the concrete.

The columns with links spaced at 0.5d experienced higher stresses (296 to
303 MPa) than the columns with links spaced at d (90 to 151 MPa). Chicoine ef al.
(2002a) concluded that the higher stresses were due to the increased confinement of the
concrete provided by the closer spaced bars. Also, they noted that the increase in link
stresses was nearly proportional to the decrease in link spacing. From their results, two
conclusions were reached. First, the cross-sectional area of the link should be the greater
of: (1) 0.025 times the column depth, d, times the plate thickness, #; or (2) 100 mm’.
Second, the weld connecting the link to the flanges should be designed such that the link
can develop its full yield strength.

The capacity prediction model by Tremblay et al. (1998) was found to be less
accurate for the 600 mm x 600 mm columns than for the smaller specimens tested in the
previous research. Therefore, Chicoine et al. (2002a) proposed two significant
modifications to the design equations of Tremblay et al. (1998). First, in another paper

by the same authors (Tremblay et al., 2000a), it was proposed that Equation (2.3) be
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replaced by Equation (2.6) with n being taken as 1.0 because it resulted in a better fit for
the expanded test data set:

b =bli+2, )" (2.6)

Second, the 0.85 term in Equation (2.1) was replaced by the variable ¥, which accounts

for the concrete size effects on the cross-section strength:
22
Y =0.85/ 0.96 + > (0.85<¥<0.97) (2.7)

Equation (2.1) was therefore rewritten, also including an additional term to
account for the possible presence of longitudinal reinforcement, as:

C.=VYA.f' . +AF, +A4.f, (2.8)

where 4, and f;, are the cross-sectional area and yield strength of the reinforcing bars,
respectively.

In addition to the five PEC stub columns, three PEC slender columns measuring
450 mm x 450 mm x 9.75 m were tested (Tremblay ef al. 2000b) to measure the global
buckling behaviour. Only one slender column was tested with a concentric load and its
test load-to-predicted ratio was 1.3. The predicted load for this column was calculated
using Equation(2.9). The double exponential format is similar to other slender column

capacity calculations found in CSA S16-01 (CSA 2001).

C, = (1+ 2 2.9)
(2.10)
.- S
_ 7K, (2.11)
ec (KL)2
. 2.12
b1, -1, + 0OEL: @1
+

In Equation (2.9), 4 is the slenderness parameter defined in Equation (2.10) and C,
is the cross-sectional capacity defined in Equation (2.8). In Equation (2.10), C,. is the
Euler buckling load for the column defined in Equation (2.11). In Equation (2.11), EI, is
the effective stiffness for the composite column defined in Equation (2.12) and KL is the

column effective length. In Equation (2.12), E and E, are the moduli of elasticity of the
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steel and the concrete, respectively, /; and /. are the moments of inertia for the steel and
the concrete, respectively, and D/T it the ratio of dead load to total column load.

For the further development of PEC columns, Chicoine et al. (2002a) recommend
the testing of columns in bending due to eccentric loading and the development of a

validated finite element model.

2.3.3 Chicoine et al. (2003)

To study the long term behaviour and strength of PEC columns, Chicoine et al.
(2003) constructed seven PEC columns to determine the effects of shrinkage, creep, and
loading sequence on the axial capacity. Five of the columns measured 300 mm x
300 mm x 1500 mm. The other two had cross-sectional dimensions of 450 mm x
450 mm, with lengths of 2350 mm and 900 mm. The loading sequence was designed to
simulate the actual loading sequence in a building. First, the bare steel section was
loaded to 100 MPa (compression). Then the concrete was cast into the loaded steel
section. Next, 14 days after casting, the columns were loaded to the expected long-term
service load and held for 136 days. Finally, 150 days after casting, the columns were
loaded to failure. Only a few of the columns went through the entire loading sequence.
The others experienced only a part of the sequence, so that their individual results could
be extracted from the overall behaviour. This testing scheme allowed the researchers to
determine the load distribution between the steel and the concrete at all stages of the test.

Strain measurements were taken throughout the 150-day test period. From the
results, Chicoine et al. (2003) determined that the compressive stress in the steel due to
the shrinkage of the concrete was about 7 MPa. The creep strains obtained during the
same period were found to obey accepted models for concrete. The average
test-to-predicted ratio for the column capacity (tested after 150 days) was 1.10 based on
Equation (2.9), with 4 set to 0. From these results, Chicoine et al. (2003) concluded that
the axial capacity equation based on short term loading tests, Equation (2.9) (from

Chicoine et al. 2002a), could be used to predict the long term axial capacity.
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2.3.4 Chicoine et al. (2002b)

Following their own recommendations, Chicoine et al. (2002b) developed a finite
element model that agreed with existing test data and that could be used to predict the
long term behaviour of PEC columns. Three changes to the existing design equations
were recommended in this work. First, to better fit the experimental data, the factor
Y was reduced by a factor of 0.92. Second, the value of » = 1.0 in Equation (2.6) may be
overly conservative. By adding the long-term tests to the database collected by Tremblay
et al. (2000b), Chicoine et al. (2002b) calculated a mean test-to-predicted ratio of 1.00
when n = 2.0 and a ratio of 1.03 when n = 1.5. Considering that larger imperfections than
those measured on the test specimens would be acceptable under the fabrication
tolerances of the Canadian steel design standard (CSA 2001), the researchers
recommended that n = 1.5 be used. Third, the plate stiffness coefficient, k£ (Equation 2.5),
was modified based on the results of elastic finite element buckling analyses of steel
column flanges. Its new form, presented in Equation (2.13), assumes a Poisson’s ratio of
0.3 in the constants.

k=—2% L005(s/b) +0.75, (1<sb<2) 2.13)

(s/b)

It was also noted that their model predicted that the long-term effects on the
column due to the shrinkage and creep of the concrete would not adversely affect the
axial capacity of the column.

Chicoine et al. (2002b) found that, while their model accurately predicted column
capacity and strain at peak load, the failure mode could only be predicted properly by
implementing initial outward flange imperfections rather than inward, as observed in the
test specimens. This was attributed to the inability of the model to reproduce the rapid
volumetric expansion of the concrete near peak loading. For the same reason, the model
could not trace the post-peak behaviour of the columns.

The design equations included in CSA S16-01 (CSA 2001) are based on those
presented in this paper, with the exception that the concrete strength multiplier, 0.92%,
was replaced with the conservative constant value of 0.8 as follows (excluding resistance

factors):
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C, =084, 1" +A4,F, + 4.1, fi+28) " (2.14)

The variables in Equation (2.14) are calculated using Equations 2.2, 2.4, 2.6, 2.10, 2.11,
2.12 and 2.13, with n taken as 1.5.

2.3.5 Bouchereau and Toupin (2003)

Bouchereau and Toupin (2003) tested 22 PEC columns and two PEC beams to
determine their behaviour in bending and under cyclic loading. All 22 columns were of
dimension 450 mm x 450 mm x 2250 mm, with 16 mm diameter links spaced at 300 mm
(0.67d). The two beams were of dimension 450 mm x 450 mm x 5000 mm, with 16 mm
diameter links spaced at 300 mm. All 24 specimens were fabricated with
CSA-G40.21-350W grade steel plate and 34 MPa concrete. The plate thickness for all
24 specimens was 9.53 mm, resulting in a flange width-to-thickness ratio of 23.6. Eleven
columns and one beam had four additional 20M reinforcing bars tied with 10M stirrups.
Thirteen static tests were performed, including six specimens with additional steel
reinforcement, and 11 cyclic tests were performed, including six specimens with
additional steel reinforcement. The cyclic loading pattern contained a combination of
both large and small amplitude cycles.

Bouchereau and Toupin (2003) compared the results from cyclic tests with the
results from companion static tests. They concluded that a PEC column had similar
capacity whether the column was tested cyclically or statically. Furthermore, there was
no significant difference in post-peak strength between columns tested cyclically or
statically.

The use of additional steel bar reinforcement confirmed the previous findings that
it increased the ductility of the column with a marginal increase in ultimate column
strength. Bouchereau and Toupin (2003) noted that their specimens failed in a ductile
manner when subjected to cyclic loading, regardless of the presence of additional steel
reinforcement.

The column test results were compared to column interaction diagrams
constructed by assuming a linear strain distribution across the cross-section. The strain at

one extreme fibre was set to the concrete crushing strain and the strain at the other
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extreme fibre was varied to establish points on the diagram in a manner similar to that
generally used for deriving interaction diagrams for reinforced concrete columns. A
crushing strain of 3500 pe was assumed for the concrete. The model neglected local
imperfections and local buckling of the steel section. Despite these omissions, the test
results fit reasonably well on the PEC column interaction diagram

Bouchereau and Toupin (2003) recommended that the PEC column interaction
curves could be improved by considering local buckling of the flanges, residual stresses
in the steel section, and confinement of the concrete, although it would increase the

complexity in producing the interaction diagrams.

2.3.6 Begum et al. (2005)

To improve on the numerical model of PEC columns produced by Chicoine et al.
(2002b), Begum et al. (2005) used a damage plasticity model to simulate the concrete
behaviour and a dynamic explicit solution strategy. The researchers postulated that the
material model would improve the results around the peak load because it is capable of
predicting volumetric expansion under low confinement pressures. Moreover, the
dynamic explicit method has the potential to predict results in the range beyond the peak
load. The stub column test results from Tremblay ef al. (1998) and Chicoine ef al.
(2002a) were compared to numerical model. The mean experimental-to-numerical ratio
for the column peak load and longitudinal strain at peak load were 1.00 and 0.98,
respectively. The model also gave good agreement with the post-peak response and the

failure mode observed during testing.

2.4 Summary and Conclusions

The literature review has shown that extensive research has refined the design
equation (Equation 2.14) for concentrically-loaded PEC columns. However, the concrete
strength allowed in PEC columns by CSA S16-01 (CSA 2001) is restricted to a maximum
of 40 MPa because the test specimens used in that research never exceeded 34MPa.

Since reinforced concrete columns regularly exceed 40 MPa, this limitation needs to be
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increased to make PEC columns a competitive alternative. Therefore, PEC columns
made with high-strength concrete should be tested and the results should be directly
compared to the existing research presented in Sections 2.3.1 to 2.3.4. Furthermore, PEC
columns made with high-strength concrete should be tested eccentrically to determine if
the interaction diagrams proposed in Section 2.3.5 predict well the behaviour of PEC

columns under combined axial loading and flexure.
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Figure 2-1 Composite Column Types: (a) Concrete Filled Tubes, (b) Fully Encased,
(c¢) Partially Encased Standard Section, and (d) Partially Encased Thin-Walled
Built-Up Section
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3.0 Test Program and PEC Column Fabrication

3.1 Test Program

3.1.1 Test Specimen Descriptions

Eleven full-scale partially encased composite (PEC) stub columns measuring
400 mm x 400 mm x 2000 mm were constructed. Figure 3-1 shows typical PEC column
geometric parameters. Parameters illustrated in the concrete-side elevation view (Figure
3-1b) are the column length, L, and the centre-to-centre spacing of the links, s.
Parameters illustrated in the plan view (Figure 3-1c) are the column depth, d, the overall
flange width, b the flange width, b (equals half of by), and the plate thickness, z. The
bare steel section was fabricated from CSA-G40.21-350W grade steel plate (CSA
2004d). The nominal plate thickness was 7.9 mm, but measured values ranged from 7.95
to 8.02 mm. The nominal flange width-to-thickness ratio for the columns was 25. This
value is lower than the maximum flange width-to-thickness ratio of 32 specified by CSA
S16-01 (CSA 2001). Four different link spacings were used to study the effect of link
spacing on column behaviour. Often, it is more descriptive to discuss link spacing as it
relates to the column depth, d, because previous research has found that column
behaviour changes with link spacing as it relates to d instead of an absolute value (see
Chapter 2). The columns having a link spacing of 400 mm or 1.0d (H2, HS, and H7)
have a link diameter of 16 mm to satisfy the requirements of CSA S16-01 Clause 18.3.1
(CSA 2001). A link diameter of 12.7 mm satisfies these conditions for the other link
spacings of 120, 200 and 240 mm (0.3d, 0.5d, and 0.6d, respectively). The links are set
back from the flange tips so that there is 30 mm of clear concrete cover between the link
and the concrete face, regardless of the link diameter. Of the eleven columns, seven were
cast with high-strength (nominally 60 MPa) concrete, two were cast with steel-fibre
reinforced (SFR) high-strength (nominally 60 MPa) concrete, and two were cast with
normal-strength (nominally 30 MPa) concrete in the test region. More detail on the
concrete used in the PEC columns can be found in Section 3.2.2. A summary of the PEC

columns characteristics is listed in Table 3-1.
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The end zones of the columns (400 mm of column length at each end) were
strengthened to prevent possible failure at these locations due to uneven loading.
Additional links were added so that the link spacing was 50 mm for the first 100 mm of
the end zone and 75 mm from 100 mm to 400 mm (illustrated in Figure 3-1). To further

strengthen the end zones, a very-high-strength concrete (nominally 80 MPa) was used.

3.1.2 Explanation of Test Parameters

Test specimens H1 through H7 were designed to examine the behaviour of
concentrically loaded PEC columns made with high-strength concrete. Columns H1 and
H2 were cast with normal-strength concrete and served as control specimens that could
be compared directly to previous research. Columns H3, H4, and H5 were cast with
high-strength concrete to investigate their behaviour and failure mode, as well as to
evaluate their capacity against existing design equations. Column H3 was fabricated with
a 0.3d link spacing to evaluate its ductility and post-peak response versus H4 and HS,
which have 0.5d and 1.0d link spacings, respectively. Test specimens H6 and H7 were
fabricated with SFR high-strength concrete to evaluate their ductility and post-peak
response versus H4 and HS, respectively, primarily to assess the potential benefits of
using steel fibres to improve the failure mode. As the smaller link spacing of H3 and the
SFR concrete of H6 and H7 were both expected to improve the ductility and post-peak
response, the smaller link spacing and the steel fibres are compared to assess which
option provides a more ductile response. If the response is similar, the closer link
spacing may be a more economical choice if the column is used in a frame, since ductility
is required in the plastic moment regions to enable a plastic hinge to form. Since plastic
hinges extend over only a small segment of the column length, the link spacing would
only need to be decreased in that region. Conversely, if SFR concrete were to be used
instead of localised small link spacing, the entire column would have to contain SFR
concrete or the SFR concrete would have to be poured in very specific lifts that would
cause construction delays. Either of the two SFR concrete options would likely be more

expensive than welding in extra bars during the steel section fabrication.
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Test specimens H8 though H11 were designed to have identical physical
properties, so that the eccentric loading parameters could be studied. The links were
spaced at 0.6d because this spacing is near to the upper limit permitted by standard
S16-01 and could be divided equally into the 1200 mm test region. Moreover, it is
similar to the %d spacing used in the eccentric load tests of Bouchereau and Toupin
(2003). The parameters varied for H8 through H11 are the load eccentricity and the
column orientation. Columns H8 and H9 were oriented so that bending took place about
the strong axis and they were designed to have eccentricities of 25 mm and 100 mm,
respectively. Columns H10 and H11 were oriented so that bending took place about the
weak axis and they were designed to have eccentricities of 25 mm and 75 mm,
respectively. The eccentricities were chosen so that the failure load would be close to
either 85% or 55% of the maximum cross-section capacity in pure compression (C, from
Equation 2.14). These two failure loads were chosen because 85% of the axial capacity
is the highest permissible design load for reinforced concrete columns and 55% will
typically produce a strain state across the cross-section where one side of the column is in
compression and the other is in considerable tension. A PEC column interaction diagram
(derived using the methods described in Section 2.3.5) was used to determine the
required eccentricities. To simplify the test setup, the values obtained from the
interaction diagrams were rounded to the nearest 25 mm (more information on the test

setup can be found in Section 5.3).

3.2 Column Fabrication

3.2.1 Steel Section Fabrication

The steel sections were fabricated by The Canam Group Inc. in Laval, Quebec
during the fall of 2004. Canam constructed them according to the design drawings in
Appendix A.

The steel sections were fabricated using a similar process to previous PEC column
tests conducted at Ecole Polytechnique de Montréal. First, the web and the flanges are
cut from the same steel plate so that the mill rolling direction of the plate matches the

longitudinal axis of the steel section. Second, they are fillet welded continuously on both
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sides of the web along both web-flange junctions. As the built-up section cools, the
opposing flanges tend to curl slightly inward. Third, the links, cut to the required
nominal dimension, are forced between the opposing flanges and then welded in place.
Finally, 25 mm plates are welded onto the ends of the section to ensure even loading of
the column during testing. Figure 3-2 shows the completed steel section.

Installation of the links restores the flanges to their design locations; however, the
flange lengths between the links retain a slightly inward imperfection (although a few
outward imperfections were also observed). The initial local imperfections between the
links tended to be more pronounced with higher link spacing: mean measured values of
0.05 mm for 0.3d spacing, 0.31 mm for 0.5d spacing, 0.43 mm for 0.6d spacing, and
1.02 mm for 1.0d spacing. This trend occurs because smaller link spacings reduce the
unsupported flange length. The frequency of occurrence of outward local imperfections
between the links tended to decrease with higher link spacings: 13 out of 40
measurements for 0.3d spacing, 5 out of 72 for 0.5d spacing, 2 out of 80 for 0.6d spacing,
and 0 out of 36 for 1.0d spacing. The majority of the outward imperfections in
Column H3 (0.3d) occurred in the NW and SE flanges. Initial imperfection data for the
flanges can be found in Appendix B.

3.2.2 Concrete Mix Design

3.2.2.1 Concrete Constituents

The main properties of interest during the mix design were strength and
workability. Trial batches of all mixes were made to ensure the desired properties were
obtained. To minimise problems during casting, all concrete was designed to be semi-
self-consolidating concrete (SSCC) to provide good rheological properties. To cast the
PEC columns, four types of concrete were used: normal-strength, high-strength, SFR
high-strength, and very-high-strength. Their mix designs are presented in Table 3-2.

The concrete was made with locally available materials. CSA Standard A23.1
(CSA 2004a) Group 1, 14 mm crush coarse aggregate was used. The fine aggregate
satisfied CSA Standard A23.1 and had a fineness module of 2.38. Both aggregates are

typical of the Edmonton area. Lafarge type-10 cement was used in all four concrete
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types, Masterbuilders silica fume and Glenium 3030 high-range water reducer
(superplasticizer) were used in the high-strength, SFR high-strength, and the very-high-
strength concrete, and Lafarge fly ash was used in the very-high-strength concrete only.
The steel fibres used were Bekaert Dramix 65/35. The length of these fibres is 35 mm
and the diameter is 0.55 mm. This size was chosen because the clear space between the
links and the formwork is 30 mm. Initially, 60 mm steel fibres were chosen as they were
readily available. However, during the pouring of a mock column (H-section built of
plywood instead of concrete and steel reinforcing bars used for links) with a 30 mm clear
space, it was found that voids in the concrete are likely to form due to bridging if the
fibres are much longer than the clear space dimension (see Figure 3-3). Each end of the
steel fibre is deformed to resist against pull-out. As shipped, the steel fibres are grouped
together, like staples, with water-soluble glue. As the glue dissolves in the mixer,
individual fibres are released from the group. This provides a good distribution of fibres
in the mix and prevents initial clumping of the fibres when added to the mix.

The normal-strength concrete mix design was typical of normal-strength concrete
previously batched at the University of Alberta. The constituent proportions were
selected primarily based on experience with the mix.

The high-strength concrete required silica fume and superplasticizer to achieve
the desired properties. Silica fume was added to avoid bleeding and superplasticizer was
added to facilitate placement of the concrete. Silica fume is approximately 1/100 the size
of cement, it has more surface area per unit of volume, and holds more water in the paste.
The addition of too much silica fume is uneconomical and will greatly increase the heat
of hydration. An increased heat of hydration can prevent the concrete from achieving its
full strength. The internal temperature of the concrete during the first 40 hours was
monitored at several locations in some columns with thermocouples using a digital
logging thermometer and was confirmed not to be excessive.

The SFR high-strength concrete was formulated to have similar properties to
those of the unreinforced high-strength concrete. The quantity of steel fibres in the mix
(80 kg/m3) accounts for 1% of the total volume. This amount was chosen because there
are enough fibres to influence the ductility of the concrete, but not so many that the

concrete is difficult to batch and place. A workability meter was used to proportion the

24



quantities of sand and gravel. The workability meter is discussed further in
Section 3.2.2.2

The very-high-strength concrete required fly ash, silica fume, and superplasticizer
to achieve the desired properties. A portion of the cement was replaced with fly ash to
reduce the heat of hydration. Fly ash hydrates slower than cement, thereby producing
heat at a slower rate. As well, fly ash is less expensive compared to cement, so it is
typically found in concrete containing large quantities of cementitious material. During
trial batching, fly ash was observed to improve the rheological properties of the concrete.
The silica fume was added to inhibit bleeding and superplasticizer was added to facilitate

placement of the concrete.

3.2.2.2 Use of a Workability Meter for SFR Concrete Mix Design

A workability meter is a tool used to measure the flow of vibrated concrete. The
workability meter used for optimizing the mix design of the SFR high-strength concrete
was adapted from the French standard, AFNOR NF P18-452 (AFNOR 1988) and is
illustrated in Figure 3-4a. The workability meter is placed on a vibration table and the
mould side of the meter is filled to the top with wet concrete. The concrete should not be
compacted, but care must be taken to eliminate air voids when placing the concrete. To
begin the test, the vibration table is turned on while simultaneously removing the gate by
sliding it upwards. The test is complete when the concrete has covered % of the timer
line (Figure 3-4b). The time required to complete the test is recorded. Viscous concrete
will require more time to reach the timer line than fluid concrete.

A workability meter is useful for finding the optimum ratio of fine aggregate to
coarse aggregate for maximum workability. By varying this ratio and recording the times
obtained from a workability meter, a plot of time versus fine aggregate to coarse
aggregate ratio can be generated. The minimum value of the plot is the optimum ratio of
fine to coarse aggregate. For the fibre concrete mix described in Section 3.2.2.1, the
optimum ratio of fine aggregate to coarse aggregate was found to be 1.07 by weight
based on a parabolic least squares regression of the test data (Figure 3-5). The actual

value used in the mix for the test columns was 1.04. The reason for the adjustment is that
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the sample used to obtain the moisture content of the fine aggregate did not accurately
represent the characteristics of the fine aggregate in the bin during the batching of the test
columns. While the fine aggregate was being added to the mixer, it was observed that it
appeared moister than the pre-batching sample had been. Another small sample was
taken and the actual amount of fine aggregate that had been used in the column concrete
was found after batching to be less than originally calculated. Thus, a slightly lower fine
aggregate to coarse aggregate ratio was used for the test columns. As can be seen from
Figure 3-5, this difference has a very small effect on workability.

The times obtained with the workability meter are dependent on the following
factors: the concrete ingredients, the vibrating energy, the workability meter dimensions,
and the surface friction between the concrete and the meter. Therefore, the readings are
more meaningful when compared with each other than when compared to a fixed value.
The workability meter can be used for quality control if the factors listed above are

standardised.

3.2.3 Concrete Placement

All concrete was produced in the batching facility of the I.F. Morrison Structural
Engineering Laboratory at the University of Alberta. This option allowed tighter control
on the batching procedures as compared to ready-mix concrete. Due to the capacity of
the mixer, two columns were cast per day for four casting days and three were cast on the
fifth day. Concrete cylinders (100 mm diameter) were also cast in order to determine the
material properties of the concrete (see Chapter 4). In order to test and practice the
batching, placing, and vibration techniques, and to assess the quality of the resulting
concrete finish around the links, a mock column (see Figure 3-6) similar to the one
discussed previously was constructed and cast with 60 MPa concrete on one side and
SFR concrete on the other. The operation was successfully executed and the resulting
quality of the concrete surfaces was good. Of particular note, no bridging of the steel
fibres occurred at the link locations.

Since the column end zones were designed to have higher strength concrete than

the test region (see Figure 3-1), three different lifts were required for each column.
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Formwork was placed in corresponding lifts so that the bottom and middle lifts could be
placed from the side of the column and only the top lift was placed through the four

76 mm diameter holes in the top end plate. Figure 3-7 shows the first level of formwork.
Concrete was placed with pails up to the top of the formwork. Figure 3-8 shows the
second level of formwork and the chute that was used. The chute facilitated placement of
the test-region concrete. It also provided the steel-fibre reinforced concrete with a
sufficient amount of kinetic energy to randomly distribute the steel fibres within the
column. Figure 3-9 shows the top level of formwork and the hopper that was used on top
of the column. The hopper contained the overflow as the concrete passed through the top
plate openings. The top lift of concrete was intentionally left one inch below the top end
plate and subsequently grouted to accommodate concrete shrinkage (Figures 3-10 and
3-11).

The individual lifts of concrete were placed in rapid succession to prevent cold
joints. Each lift was internally vibrated into the previous lift, although care was taken not
to over-vibrate the semi-self-consolidating concrete. The end zones were each placed in
one lift and the test region was placed in three lifts.

Formwork was removed after 24 hours. The columns were then wrapped in
plastic for 7 days. After the plastic was removed, the columns were air cured until
testing.

The remaining top gap was filled with Sikadur AG Grout Rapid, which is a high-
strength, non-shrinkage, fast-setting epoxy grout. This was done one week before testing
began. To determine the strength of the grout, a 25 mm thick sample was cast between
two plates. The grout sandwich was then compressed to determine the stress-versus-
strain curve of the material. The grout had a 24-hour compressive strength of 97 MPa.

More information on this test can be found in Appendix C.
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Table 3-1 Characteristics of Test Specimens

Section | Length | 4. .. | Flange Width- Link Steel Fibre Nominal

Column brx d L of Plate, t Thi to- Spacing Diameter | Density Concrete

ickness, b/t Strength

(mm) (mm) (mm) (mm) | Ratio ofd (mm) (kg/m3) (MPa)

H1 400 x 400 2000 7.98 25.1 200 0.5d 12.79 30
H2 400 x 400 2000 8.00 25.0 400 1.0d 15.87 30
H3 400 x 400 2000 7.99 25.0 120 0.3d 12.75 60
H4 400 x 400 2000 8.01 25.0 200 0.5d 12.75 60
H5 400 x 400 2000 8.02 24.9 400 1.0d 15.91 60
Ho6 400 x 400 2000 8.02 24.9 200 0.5d 12.84 80 60
H7 400 x 400 2000 8.02 24.9 400 1.0d 15.84 80 60
H8 400 x 400 2000 7.95 25.1 240 0.6d 12.75 60
H9 400 x 400 2000 7.98 25.1 240 0.6d 12.77 60
H10 400 x 400 2000 8.01 25.0 240 0.6d 12.73 60
Hl11 400 x 400 2000 7.95 25.2 240 0.6d 12.71 60




Table 3-2 Concrete Mix Design at Saturated Surface Dry (SSD) Conditions

Normal High SFR High Very-High
Material Strength Strength Strength Strength
Water (kg) 224 189 189 178
Cement (kg) 279 390 398 428
Silica Fume (kg) - 32 31 30
Fly Ash (kg) - - - 58
Coarse Aggregate (kg) 772 616 828 646
Fine Aggregate (kg) 971 1074 861 966
Superplasticizer (L) - 5.9 6.4 7.9
Steel Fibres (kg) - - 80 -
W/C Ratio* 0.80 0.45 0.44 0.34

* The W/C ratio is the ratio of water to total cementitious materials (cement, fly ash, and silica fume).
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Figure 3-2 Bare Steel Section of PEC Column
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Figure 3-3 Void in Concrete (within ellipse) at Link Created by Bridging of 60 mm
Steel Fibres (Ecole Polytechnique)
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Figure 3-4 Elevation of Workability Meter at (a) Start and (b) End of Testing
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Figure 3-6 Mock Column before Casting
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Figure 3-11 Top Gap Infilled with Grout
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4.0 Material Properties

4.1 Steel Properties

4.1.1 Steel Plate Properties

All steel plates used to construct the 11 steel sections of the columns were
produced in a single heat that met the requirements of G40.21 grade 350W (CSA 2004d).
Six tension coupons were tested to determine the material properties. Three of the
coupons were cut parallel to the rolling direction of the plate (corresponds to the
longitudinal column axis) and three were cut transverse to the rolling direction. The
coupons were tested according to ASTM Standard A370 (ASTM 2003).

All coupon tests were conducted in an MTS 1000 universal testing machine, with
a tensile capacity of 1000 kN, at the I.F. Morrison Structural Engineering Laboratory at
the University of Alberta. Load measurements were taken using the internal load cell of
the MTS 1000. An extensometer with a 50 mm gauge length was used to measure
elongations. Two strain gauges were applied to the first specimen to confirm the
extensometer readings. The readings from the extensometer and the strain gauges were
in agreement, so only the extensometer was used for the remaining tests. Three static
readings were taken on the yield plateau and one static reading was taken at the ultimate
load. The extensometer remained in place right up to the rupture strain.

The stress-versus-strain curves generated are typical of hot-rolled structural grade
steels. The results of the steel-plate tension coupon tests can be found in Table 4-1.

The results are grouped by the column axis to which they corresponded:
longitudinal or transverse. The coefficient of variation of each of the parameters
presented is low (1.5% or less) within each group, except for that of the rupture strain in
the transverse group (4.6%). The coefficients of variation are also low if the longitudinal
and transverse groups are combined (1.0% or less), with the exception of the hardening
strain (3.2%) and the rupture strain (4.0%). These latter two strain parameters tend to be
more variable than the others within a heat of steel and are considered to be within typical
levels of variability. This suggests that the material properties can be considered

independent of the rolling direction for this heat of steel plate.
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4.1.2 Steel Rod Properties

All links of a particular diameter were cut from rods from the same heat of steel,
as were additional pieces acquired for material testing. Four tension coupons were tested
from the steel rods. Two of the coupons were cut from the 16 mm steel rod used as links
on three of the specimens (H2, HS5, and H7). The other two were cut from the 12.7 mm
steel rod used as links on the remaining specimens (H1, H3, H4, H6, H8, H9, H10, and
H11). The coupons were tested according to ASTM Standard A370 (ASTM 2003).

All coupon tests were conducted in an MTS 1000 universal testing machine at the
I.F. Morrison Structural Engineering Laboratory at the University of Alberta. Loads and
strains were measured in the same way as for the plate coupons. Again, two strain
gauges were applied to the first specimen to confirm the extensometer readings. Two
static readings were taken on the yield plateau, and one static reading was taken at the
ultimate load. Due to the large strains achieved, the extensometer was removed after the
ultimate load, but before fracture of the coupon. Following fracture, the two coupon
pieces were fit together at the fracture surface and the final elongation was measured
across the initial 50 mm gauge length with digital callipers. The final elongation is used
to determine the rupture strain.

The stress-versus-strain curves generated are typical of hot-formed steel rod. The
results of the steel-rod tension coupon tests can be found in Table 4-2.

The coefficients of variation for the yield stress, ultimate stress, elastic modulus,
and yield strain are low for both sizes of steel rod (2.0% or less). The coefficients of
variation are somewhat higher for the hardening strain (up to 9.2%) and the rupture strain
(up to 4.6%). Measurement error arising from fitting the two pieces together after the test

may account for some of the scatter in the rupture strains.

4.2 Concrete Properties

4.2.1 Concrete Cylinder Test Program and Applicable Standards

A total of 21 mixes were required to batch the 11 partially encased composite

(PEC) columns. The placement and batch date of each mix is illustrated in Figure 4-1.
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The numbers inside the schematics of the columns in the figure indicate the concrete mix
that was placed in that lift. The date to the right the column indicates the respective
casting date (year 2005). For example, column H9 was cast with mix 13 in the bottom
zone, mix 15 in the middle zone, and mix 16 in the top zone. All three of these mixes
were batched on April 27, 2005. All three zones of each column were cast within a
period of about 4 hours. As discussed in Section 3.2.3, the columns were cast in pairs,
except for columns H3, H10, and H11, which were cast together.

In order to determine the material properties, 100 mm diameter concrete cylinders
were cast from each mix according to CSA Standard A23.2-3C (CSA 2004b). Some of
the cylinders were placed near the columns and cured under the same environmental
conditions, as described in Chapter 3, to determine the concrete strength, the elastic
modulus, the strain at peak load, and the Poisson’s ratio on the test date. These
mechanical properties were used to analyse the test specimen behaviour. The remaining
cylinders were moist-cured according to CSA Standard A23.2-3C and tested at 28 days to
determine the concrete strength (CSA 2004b). The 28-day strength of the moist-cured
concrete was measured because this value is typically used to determine the design
strength of concrete, /%, and would be used in the design of partially encased composite
columns (see Equation 2.14). To obtain the concrete strength and the strain at peak load,
cylinders were tested according to CSA Standard A23.2 (CSA 2004b). To obtain the
elastic modulus and the Poisson’s ratio, cylinders were tested according to ASTM
Standard C469 (ASTM 2002). The elastic modulus can be determined according to
either standard, but ASTM Standard C469 provides an assessment of repeatability, as
each cylinder is loaded three times (ASTM 2002). CSA Standard A23.2 specifies that the
cylinder be loaded only once (CSA 2004b). As dictated by both standards, the elastic
modulus is the secant modulus taken at 40% of the peak strength on a stress-versus-strain
curve. All cylinders were capped with a high-strength capping compound prior to testing
to ensure uniform bearing in the testing machine.

Cylinders tested according to CSA Standard A23.2 were tested using an
MTS 2700 compression testing machine, with a capacity of 2670 kN, at the I.F. Morrison
Structures Laboratory at the University of Alberta. Stresses were obtained using load

data from the MTS 2700 load cell. Proper calibration of the load cell was verified before
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and after the test to ensure accuracy. Strains were obtained using the apparatus illustrated
in Figure 4-2. The apparatus consisted of two collars connected near the top and bottom
of the concrete cylinder with pointed clamping screws. One linear variable displacement
transducer (LVDT) was suspended from each side of the top collar. The other end of
each LVDT (an extension of the spindle core) rested on the bottom collar, resulting in a
gauge length of approximately 100 mm. The use of two LVDTs improved the accuracy
of the readings. Measurements taken of the initial distance between the collar attachment
points (i.e., at the clamping screws) allowed for calculation of the strains from the
average LVDT displacement measurements.

Cylinders tested according to ASTM Standard C469 to obtain the elastic modulus
and Poisson’s ratio were loaded using an Amsler compression testing machine, which has
a capacity of 1000 kN. Load readings were recorded from the Amsler’s dial gauge. Load
readings from the Amsler were compared to readings from an independent load cell to
ensure accuracy. The apparatus used to measure the relevant displacements, with a pair
of dial gauges oriented in perpendicular directions, is illustrated in ASTM Standard C469
Section 4 (ASTM 2002).

4.2.2 Concrete Cylinder Results and Analysis

Although material properties were determined for all 21 mixes, the mixes placed
within the test region are the focus of this section. This is because the test-region
concrete properties govern the column behaviour. It is worth noting, however, that the
average test-day strength of the end-zone concrete was 76 MPa, considerably higher than
in the test region. Additional information on the end-zone concrete material properties
can be found in Appendix D. The concrete properties of the test-region mixes are
summarized in Table 4-3. Strength values presented in the table are the average of three
to five cylinder tests. For all cases, the test-region strength was lower than the end zone
strengths within the same column. The Poisson’s ratio and the elastic modulus were not
obtained for mixes 3 (column H1), 7 (column H6), and 11 (column H4) because the
cylinders allotted for testing were damaged. Instead, the values reported in Table 4-3 for

these mixes are the average for that particular concrete type. Typical stress-versus-strain
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curves for the normal strength concrete, high-strength concrete, and steel-fibre reinforced
(SFR) high-strength concrete obtained from this study are illustrated in Figures 4-3 to
4-5, respectively. Stress-versus-strain curves for all test-region mixes can be found in
Appendix D.

The normal-strength concrete and the high-strength concrete mixes had material
properties similar to the expected values obtained from trial batching. Both concrete
types had a slight gain from the 28-day, moist-cured strength to the test-day, air-cured
strength. The normal-strength concrete and the high-strength concrete gained 1.6 MPa
and 2.0 MPa, respectively, on average. Considering that the typical concrete density for
the mixes was 2300 kg/m”, the elastic moduli for the normal-strength concrete (23.3 GPa)
and high-strength concrete (28.8 GPa) are within typical ranges for Canadian concretes
(19.8 GPa to 29.7 GPa and 26.4 GPa to 39.6 GPa, respectively) as noted in CSA Standard
A23.3 Clause 8.6.2.2 (CSA 2004c). The average strain at peak stress for the normal-
strength concrete is 2225 pe, which is a typical value. However, the corresponding value
for the high-strength concrete is 2992 e, which is slightly higher than typical values.
The Poisson’s ratio for the normal-strength concrete (0.13) is typical of accepted values
(0.11 to 0.21) for normal-strength concrete (MacGregor and Bartlett 2000). Typical
values of the Poisson’s ratio for high-strength concrete are comparable to those of
normal-strength concrete according to the American Concrete Institute’s Manual of
Concrete Practice report 363R-92 (ACI 1997). Therefore, the Poisson’s ratio for the
high-strength concrete (0.16) is also within the typical range.

The SFR high-strength concrete did not perform as the trial batches indicated it
would. Unlike the other types of concrete, the SFR high-strength concrete lost strength
from the 28-day moist-cured to the test day air-cured concrete. This happened despite the
fact that all concrete cylinders were sampled, cured, and prepared for testing in a similar
manner. The high-strength concrete had a similar mix design to the SFR high-strength
concrete (see Chapter 3), and it had a strength gain of 3.4% (2.0 MPa) from the 28-day
test strengths to the test-day strengths. If the SFR high-strength concrete had had a
similar strength gain (3.4%), the test-day strengths would have been 60.2 MPa for Mix 6
and 55.4 MPa for Mix 7. However, the actual test day strengths were 52.9 MPa and
49.3 MPa, respectively. The elastic modulus for the SFR high-strength concrete
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(24.8 GPa) was within the typical range (24.4 GPa to 36.6 GPa for 51.1 MPa concrete)
noted in CSA Standard A23.3 Clause 8.6.2.2 (CSA 2004a). The average strain at peak
stress for the SFR high-strength concrete is 2670 pe, which is lower than the high-
strength concrete (2992 pe). However, if the stress-versus-strain curve of the SFR high-
strength concrete (Figure 4-5) would have continued up to the speculated concrete
strength (strength gain of 3.4%), then the average strain at peak stress would have been

similar to that of the high-strength concrete.
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Table 4-1 Tensile Test Results for Steel Plate

Static | Static | Static | Average

Yield | Yield | Yield Static Static

Stress | Stress | Stress Yield | Ultimate | Elastic | Yield | Hardening | Rupture
Coupon 1 2 3 Stress Stress | Modulus | Strain Strain Strain

(MPa) | (MPa) | (MPa) | (MPa) | (MPa) | (MPa) | (ue) (1e) (ue)
Longitudinal
L1 396 396 399 397 538 202 900 1957 16 280 333 100
L2 390 389 392 390 524 202 500 1928 16 290 327 300
L3 391 392 391 391 524 202 800 1930 16 650 323 500
Average 393 529 202 700 1938 16 410 327 900
Std. Dev. 3.6 8.1 208 16 214 4840
Coeff. Var (%) 0.92 1.53 0.10 0.84 1.30 1.48
Transverse
Tl 399 395 394 396 528 202 400 1957 17 400 295 800
T2 392 397 396 395 528 201 800 1957 17 300 322 200
T3 395 395 401 397 528 200 400 1981 17 300 318 400
Average 396 528 201 500 1965 17 360 312 100
Std. Dev. 1.0 0 1030 14 62 14 240
Coeff. Var (%) 0.25 0 0.51 0.71 0.36 4.56
Combined
Average 394 528 202 100 1951 16 900 320 000
Std. Dev. 2.9 5.1 933 20 541 12 860
Coeff. Var (%) 0.74 0.97 0.46 1.03 3.21 4.02
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Table 4-2 Tensile Test Results for Steel Rod

Static | Static | Average

Yield Yield Static Static

Stress | Stress Yield Ultimate | Elastic | Yield | Hardening | Rupture
Coupon 1 2 Stress Stress | Modulus | Strain Strain Strain

(MPa) | (MPa) | (MPa) (MPa) | (MPa) | (ue) (ue) (ue)
12.7 mm Link
R1 309 310 310 439 202 600 1528 26 010 416 500
R2 304 304 304 441 198 300 1533 23720 428 700
Average 307 440 200 500 1530 24 870 422 600
Std. Dev. 3.9 1.4 3040 3.8 1620 8620
Coeff. Var (%) 1.27 0.32 1.52 0.25 6.53 2.04
16 mm Link
R3 302 305 304 445 196 300 1546 21690 465 500
R4 309 311 310 446 194 900 1591 24700 436 500
Average 307 446 195 600 1568 23200 451 000
Std. Dev. 4.6 0.7 990 31 2130 20 540
Coeft. Var (%) 1.50 0.16 0.51 2.00 9.17 4.55
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Table 4-3 Test Region Concrete Cylinder Properties

Strength Strain
Strength at
Increase (28 day | Elastic Peak | Poisson’s
Concrete Type Column | Mix 28 day | Test day to Test day) Modulus | Load Ratio
(MPa) | (MPa) | (MPa) | (%) | (GPa) | (ue)

Normal Strength

HI 3 26.4 28.7 23 8.7% 233 2220 0.13*

H2 2 28.8 29.7 0.9 3.1% 23.3 2230 0.13
Average 27.6 29.2 1.6 5.9% 233 2225 0.13
High Strength

H3 18 59.3 60.0 0.7 1.2% 28.0 2882 0.16

H4 11 59.2 58.9 -0.3 -0.5% 28.8 2994 0.16*

H5 10 57.0 61.7 4.7 8.2% 28.5 3163 0.16

HS8 14 64.6 62.4 -2.2 -3.4% 29.8 2897 0.17

H9 15 63.5 64.5 1.0 1.6% 28.6 3038 0.15

H10 19 62.5 65.7 3.2 5.1% 29.0 2745 0.15

HI11 20 583 65.1 6.8 11.7% 28.7 3226 0.16
Average 60.6 62.6 2.0 3.4% 28.8 2992 0.16
SFR High Strength

Hé6 7 53.6 493 -4.3 -8.0% 24.8 2491 0.15%*

H7 6 58.2 52.9 -5.3 -9.1% 24.8 2849 0.15
Average 55.9 51.1 -4.8 -8.6% 24.8 2670 0.15

* Average value for the concrete type used.
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Figure 4-1 Concrete Mix Placement and Schedule
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Figure 4-2 Concrete Cylinder Strain Apparatus on a Concrete Cylinder in

(a) Plan View and (b) Elevation View
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Figure 4-3 Typical Stress-versus-Strain Curve for Normal-Strength Concrete (taken

from Mix 3)
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Figure 4-4 Typical Stress-versus-Strain Curve for High-Strength Concrete (taken
from Mix 14)
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5.0 Test Setup and Procedures

5.1 Introduction

All partially encased composite (PEC) columns were tested at the C-FER
Technologies Inc. laboratory in Edmonton, AB during June and July, 2005. Seven of the
columns (H1 through H7) were tested with fixed-end conditions and loaded
concentrically. The remaining four columns (H8 through H11) were tested with pinned-
end conditions and loaded eccentrically. The two test setups (concentric and eccentric)
required a different combination of end fixtures and instrumentation, but they utilised the

same testing machine and data acquisition system.

5.2 Testing Machine and Data Acquisition System

All tests were performed using a Universal Testing System (UTS) machine that
has a loading capacity of 15 MN. The UTS actuator, which is attached to a moveable
crosshead, applies a compressive force from above and has a maximum stroke of
250 mm. The base of the UTS sits on a strong floor.

The data acquisition system used consisted of Pacific Instruments 3210 signal
conditioners, a National Instruments PCI 6052 data acquisition board, and a PC running
LabVIEW data acquisition software.

A total of 41 data acquisition channels were required to monitor the
instrumentation used on the eccentric axial tests, while 30 channels were needed for the
concentric tests. Each data channel, with the exception of the UTS load and stroke
channels, was verified before each test to ensure correct readings. Strain gauge channels
were verified by shunt calibration using two known resistances. Displacement channels
were verified by moving the instrumentation a known distance and comparing it to the
channel output. The UTS instruments are frequently calibrated and their channels
verified according to a regular schedule. Real-time graphs of the key data were displayed

during loading to assist in controlling the tests.
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Laboratory safety regulations do not permit personnel near the UTS while it is
operating, so a stationary video recorder was placed beside the UTS. The video recorder
provided a feed to a monitor near the computer, creating a safe observation centre. An
additional stationary digital camera with a zoom lens was placed at the periphery of the

test area and was used to take photographs of the specimens during the tests.

5.3 Setup and Instrumentation for Concentrically-Loaded PEC

Columns

5.3.1 Setup and Installation Procedure

The test setup was similar for each of the seven columns (H1 through H7) tested
with a concentric axial load. The column was placed in the UTS and grouted at both ends
to provide uniform bearing and a fixed end condition. Figure 5-1 shows the concentric
load test setup.

The procedure used to ready the specimen was the same for all seven tests. First,
the specimen was centred underneath the UTS actuator. Second, the column was aligned
vertically with the aid of an external collar system that has three levelling screws and
guide bars oriented in the two orthogonal plan directions. Third, the column was lifted
by an amount just sufficient to place the grout underneath and then lowered into the
grout. The external collar system ensured that the column returned to the original plan
position and also remained plumb. However, the vertical alignment was rechecked at this
stage. Finally, after the bottom grout had gained sufficient strength to support the weight
of the column (a minimum of 2 hours), the external collar system was removed and the
top of the column grouted. The grout was then allowed to cure for 16 hours before
testing. The average grout thickness at each end of the column was 2 mm. The grout
used was Con-Spec Rapid Repair Mortar that was found to have a confined compressive
strength greater than 160 MPa on an 8 mm thick sample. More information on this test
can be found in Appendix C.

Before the test began, an external clamping collar was installed at the top of the

column. The top 25 mm of the column was filled with an epoxy grout (see Section 3.2.3)
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that was stronger than the concrete, but had a lower modulus of elasticity (4 GPa — see
Appendix C). As such, the collar was installed to eliminate any possibility of premature

flange buckling in the top 25 mm. It is shown in Figure 5-1.

5.3.2 Linear Potentiometers

Eight linear potentiometers (lino pots) were aligned vertically to measure the axial
shortening of the column. Figure 5-2 is a schematic showing the configuration of the
vertical lino pots. Lino pots 1 and 2 measured vertical displacements across the 3d test
region, where d is the nominal dimension of the column, (elevation 400 mm to 1600 mm)
that were used to calculate the average vertical strain for the column. These lino pots
were placed in opposite corners to assess whether the column was undergoing uniform
strain across the cross-section. The remaining six lino pots were used to measure the
vertical displacements across the individual sections of length d in the 3d test region:
bottom (elevation 400 mm to 800 mm), middle (elevation 800 mm to 1200 mm), and top
(elevation 1200 mm to 1600 mm). For each individual d section, one lino pot was placed
on each side of the column adjacent to the column web. The first letter of their names
indicates in which section they are located (for example, B3 is located in the bottom
section of the test region). The average of the two lino pots from each section was used
to calculate the vertical strain in that section.

For a concentric test, horizontal displacements are expected to be negligible. To
confirm this, another two lino pots (CT1 and CT2) were used to measure the horizontal
displacements of the column at mid-height (elevation 1000 mm). (CT is an acronym for
“column transverse,” meaning that the lino pot is transverse to the longitudinal column
axis.) CT1 measured the north—south displacement from a stationary object and CT2
measured the east-west displacement. For Columns H1 through H7, the average out-of-
plane measurement taken at the respective peak load from CT1 or CT2 was 0.19 mm.
The maximum observed value was 0.58 mm, thereby confirming that horizontal

displacements were negligible.
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5.3.3 Strain Gauges

A total of 18 strain gauges were used on each of the concentrically loaded
columns, as shown in Figure 5-3. Table 5-1 lists the nomenclature used to identify the
strain gauges, which is based on their location and orientation. “Inside” indicates that the
gauge is on the side of the steel flange surrounded by concrete, while “outside” indicates
that the gauge is on the exterior side of the steel flange. “Longitudinal” and “transverse”
refer to the gauge orientation and are with respect to the column axis.

Ten gauges were used at the link level and eight were used midway between link
levels. The link levels were not the same for all specimens because the link spacings
varied among the specimens. Columns H1, H4, and H6 had a link spacing of 200 mm, so
the gauged link level was at an elevation of 1000 mm and the midway level was at an
elevation of 1100 mm. Columns H2, HS, and H7 had a link spacing of 400 mm, so the
gauged link level was at an elevation of 1200 mm and the midway level was at an
elevation of 1000 mm. Column H3 had a link spacing of 120 mm, so the gauged link
level was at an elevation of 1000 mm and the midway level was at an elevation of
1060 mm.

The strain gauges located at the link levels were used to monitor three strain
types: link strains, transverse plate strains, and longitudinal plate strains. Gauges LI and
LO were used to monitor the strain in the link. One is placed on either side because the
link is expected to bend outward as the concrete expands laterally. Two gauges allowed
the calculation of the force and bending moment in the link. Gauges BNWFOT and
BNWFIT were used to measure the transverse (lateral) strain in the flange. Two gauges
were used, one on the inside of the flange (BNWFIT) and one on the outside
(BNWFOT), to detect any strain gradient across the flange thickness. The six
longitudinal strain gauges (BNWFIL, BNWFOL, BWWL, BEWL, BSEFIL, and
BSEFOL) were used to measure longitudinal strains at various locations on the cross-
section. The strain gauge locations allow for the calculation of a possible bending
moment due to uneven loading. The gauges are paired to increase the accuracy of the
reading and to permit detection of the onset of local buckling.

The strain gauges placed at the midway levels were placed to monitor two strain

types: transverse and longitudinal plate strains. Gauges MEWT and MWWT were used
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to measure the transverse (lateral) strain in the web. Two gauges were used, one on the
east side of the web (MEWT) and one on the west side of the web (MWWT), to detect
any strain gradient across the web. The six longitudinal strain gauges (MNWFIL,
MNWFOL, MWWL, MEWL, MSEFIL, and MSEFOL) were used to measure vertical
strains at various locations on the cross-section. As with the link levels, the strain gauge
locations allow for the calculation of a possible bending moment due to uneven loading
and the gauges are paired to increase the accuracy of the reading and assist in detecting
the onset of local buckling. Furthermore, these six gauges can be compared to their
companion gauges at the link level to determine if the longitudinal strains are consistent
over the column length.

The transverse strain gauges were placed in the regions of the maximum expected
transverse stress. The flange gauges were mounted at the link level because the link was
expected to induce a higher transverse strain in the flange as it pushed outward due to
lateral expansion of the concrete. The transverse strain in the web should be higher at the
mid-link level because at that location only the web supports the flange from outward
movement directly (the flange acts predominantly as a cantilever between links).
Conversely, at the link level the flange is supported by the web and the link, so both
contribute to resisting lateral movement of the flange (the flange acts similar to a beam

with two supports).

5.4 Setup and Instrumentation for Eccentrically-Loaded PEC

Columns

5.4.1 Setup and Installation Procedure

The test setup was similar for each of the four columns (H8 through H11) tested
with an eccentric axial load. The column was placed and grouted between rocker end
fixtures in the UTS that allowed for a pinned column end condition. Figure 5-4 depicts
the eccentric load test setup. Shop drawings of the rockers are included in Appendix A.

The rocker end fixtures can be assembled to accommodate predefined

eccentricities. The assemblies used for specimens H8 though H11 are shown in
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Figure 5-5. The test eccentricities were set by using a combination of the rocker
alignment (either 0 mm in the centre position or 100 mm in the offset position) and
spacer plates (25 mm thick). Vertical bearing plates (reinforced using a stiff collar
assembly, shown in Figure 5-4) are used to prevent the column from slipping when the
rocker is in the inclined position.

The procedure used to ready the specimens was the same for all four tests. First,
the rockers were levelled and rotated in a horizontal plane until their axes of rotation
were precisely parallel to each other and the initial eccentricity was set using the spacer
plates on the rocker assembly. Second, the column was placed on the rockers for either
strong-axis bending (Figure 5-5a and b) or weak-axis bending (Figure 5-5¢ and d) and
was then aligned vertically with the aid of the same external collar system used for the
concentrically loaded column tests. Third, the column was lifted and grouted underneath.
The external collar system ensured that the column returns to the plumb position and the
correct location in plan. However, the vertical alignment was rechecked and the
measured eccentricity, which varied from the nominal values by no more than 2 mm, was
recorded (see Chapter 7). The grout used was the same as that used for the concentrically
loaded columns. Finally, after the bottom grout cured for a minimum of 2 hours, the
external collar system was removed and the top of the column was grouted. Again, the
grout was allowed cure for 16 hours before testing and the average grout thickness was
2 mm.

Before the test began, an external clamping collar was installed at the top of the
column. Similar to the concentric tests, the top 25 mm of the column was filled with an
epoxy grout (see Section 3.2.3). To prevent possible premature flange buckling in the top
25 mm an external support collar was installed, as shown in Figure 5-4.

As the rockers rotate they also translate, as illustrated in Figure 5-6, but the
contact point where the load is applied remains directly below the centre of rotation
located on the rocker surface in contact with the column. Therefore, the translation of the
rocker must be subtracted from measurements of the lateral deflections to a stationary
point when determining the second-order eccentricities along the column height. The

rocker translation (or contact point translation), e,, is calculated as follows:
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e. =r0 (5.1)
where r is the radius of rocker (250 mm) and @ is the angle of rotation (measured in
radians). Although Equation (5.1) is valid for small angles only, the maximum rotation
observed at the peak load was only 0.012 radians (0.7 degrees). To calculate the

additional eccentricity, clinometers were attached to the end plates to measure rotation.

5.4.2 Linear Potentiometers

Four lino pots were aligned vertically to measure the axial displacements of the
column. Figure 5-7a shows the configuration of the vertical lino pots for the strong-axis
bending tests (Columns H8 and H9) and Figure 5-7b shows the weak-axis bending tests
(Columns H10 and H11). The lino pots are named according to the flange to which they
are connected. All four lino pots have a gauge length of 720 mm (3s) and were attached
to the column at elevations of 640 mm and 1360 mm. The adjacent links prevented any
significant lateral translation of the connection point of the lino pots, which would result
in erroneous readings. The readings obtained were used to calculate the strain gradient
across the cross-section. Although the bending moment varied along the length of the
column due to the second order effects, the moment was expected to be nearly constant
over the gauge length for most of the load history.

The remaining seven lino pots were used to measure the horizontal displacements
of the column as it bends. A different layout of horizontal lino pots had to be used for
each bending direction because the lino pots were attached only to the steel. Figure 5-8
illustrates the strong-axis configuration and Figure 5-9 illustrates the weak-axis
configuration. Five lino pots (CT1 through CT5) were used to measure the in-plane
profile of the column. The in-plane measurements from CT3 allowed for the calculation
of the mid-height eccentricity, which was expected to be the maximum for the column.
For strong-axis bending, the translation was measured at the column centreline, so
potential small torsional rotations would not affect the column profile measurements.
Nevertheless, any twist could be assessed using CT6 and CT7, along with any out-of-
plane translation. For weak-axis bending, the translation was not measured at the column

centreline because attachment of the lino pots to the concrete would result in the loss of
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the measurements entirely when spalling occurred. Therefore, CT6 and CT3 were used
to permit an assessment of any torsional rotation. CT7 was used to measure out-of-plane
movement. For both strong-axis and weak-axis bending, significant out-of-plane
movement was not expected since the rockers allow rotation in one plane only. For
strong-axis bending (Columns H8 and H9), CT6 and CT7 both measured less than

0.13 mm at the peak load and they differed by only 0.07 mm, confirming that out-of-
plane and torsional movement was insignificant. For weak-axis bending, (Columns H10
and H11), CT3 and CT6 differed by less than 2% of their average at the peak load and
CT7 measured a maximum value of 0.1 mm at the peak load. Therefore, torsional and

out-of-plane movements are considered negligible.

5.4.3 Strain Gauges

A total of 26 strain gauges were used on each of the concentrically loaded
columns, the layout of which is shown in Figure 5-10. Table 5-1 lists the strain gauge
nomenclature used.

Fourteen gauges were used at the link level and twelve were used midway
between link levels. The link levels were the same for all specimens because they had
identical link spacings. The gauged link level was at an elevation of 1120 mm and the
midway level was at an elevation of 1000 mm.

The strain gauges placed at the link level were placed to monitor three strain
types, as was done for the concentrically loaded cases. Gauges LI and LO were used to
monitor the strain in the link. For weak-axis bending, they were placed on the link that
was on the compression side of bending (west side) because this is the side where the link
would be expected to strain the most while resisting local buckling of the flange plate and
confining the concrete to some degree. For strong-axis bending, both links should
experience similar strains since they are perpendicular to the bending axis. Since the
choice is arbitrary (with respect to the strain), the gauges were placed on the west side, as
for the columns with weak-axis bending, to avoid placement mistakes. One strain gauge
was placed on either side of the link because the link was expected to bend outward as

the concrete expanded laterally. Two gauges allowed the calculation of the force and
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bending moment in the link. Gauges BSWFOT and BSWFIT were used to measure the
transverse (lateral) strain in the flange. Two gauges were used, one on the inside of the
flange (BSWFIT) and one on the outside (BSWFOT), to detect any strain gradient across
the flange. As described for the concentrically loaded columns, the flange was expected
to experience more transverse stress at the link level due to the presence of the links. The
transverse gauges were placed on the SW flange because it is on the compression side
during both strong-axis and weak-axis bending tests. The ten longitudinal strain gauges
(BNWFIL, BNWFOL, BNEFIL, BNEFOL, BWWL, BEWL, BSWFIL, BSWFOL,
BSEFIL, and BSEFOL) were used to measure vertical strains at various locations on the
cross-section. The strain gauge locations allowed for an accurate calculation of the strain
gradient across the cross-section due to the eccentric load. The gauges are paired to
increase the accuracy of the reading and to permit detection of the onset of local
buckling.

The strain gauges placed at the midway levels were placed to monitor two strain
types. Gauges MEWT and MWWT were used to measure the transverse (lateral) strain
in the web, in part to assess the confining effect of the web on the concrete. As in the
concentric load tests, the transverse strain gauges were placed on the web at the mid-link
level because only the web is present at this level to confine the concrete and, therefore,
the highest transverse stresses are expected at this level. Two gauges were used, one on
the east side of the web (MEWT) and one on the west side of the web (MWWT), to
detect any strain gradient across the web. The ten longitudinal strain gauges (MNWFIL,
MNWFOL, MNEFIL, MNEFOL, MWWL, MEWL, MSWFIL, MSWFOL, MSEFIL, and
MSEFOL) were used in a similar manner to their companion gauges at the link level.
Furthermore, these ten gauges can be compared to their companion gauges at the link

level to determine if the longitudinal strains are consistent over the column length.

5.5 Loading Protocols for Concentric and Eccentric Tests

For each type of test (concentric and eccentric loading), a loading protocol was
established to standardise tests within the test type and to reduce the effects of dynamic

loading. Displacement control of the UTS actuator was used for both test types.
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5.5.1 Concentric Test Loading Protocol

The loading procedure was similar for each of the seven tests (Columns H1 to
H7). Four primary stroke rates (0.06, 0.08, 0.1, and 1.0 mm/min) were used to control
the UTS. The test began at a stroke rate of 0.06 mm/min until the load reached
approximately 1000 kN, during which the electronic data were scrutinised to ensure that
all channels were functioning properly. Following this, the stroke rate was increased to
0.08 mm/min until the real-time graphs of the column behaviour indicated that the
column stiffness was decreasing (typically about 80% of the peak load). To minimise
dynamic effects, the stroke rate was then decreased back to 0.06 mm/min until failure of
the column occurred. If the failure resulted in a sudden drop in column capacity, the
displacement of the UTS was held constant until the measured UTS load had stabilised
and photographs had been taken. Loading was then continued at a stroke rate of
0.06 mm/min, but was increased to 0.1 mm/min once no rapid change in load was
observed. If the failure resulted in a gradual drop in capacity, the stroke rate was held at
0.06 mm/min until the column capacity had been reduced to below 85% of the peak load.
Then, the rate was increased to 0.1 mm/min. Regardless of the failure type, once the
degradation of post-peak strength began to slow significantly, defining a reasonably
stable residual strength plateau, the stroke rate was increased to 1.0 mm/min until the
average reading from the overall lino pots (Lino Pots 1 and 2) had reached 20 mm. The
column was then unloaded and the unloading behaviour was recorded.

During the initial phase of loading, the overall linear potentiometer measurements
from Lino Pots 1 and 2 (see Section 5.3.2) were visually compared to each other to
ensure that the column was being loaded uniformly. Post-testing alignment checks
confirmed that the columns were properly aligned. For each concentric test (Columns H1
through H7), the individual lino pot readings were within 5% (1%, 1%, 3%, 5%, 5%, 2%,
and 2%, respectively) of their average at 20% of the peak load, indicating that the column
was loaded evenly and aligned properly.

Any variations to this general loading protocol for individual tests were recorded

during the test and are included in the test observations (see Section 6.1).
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5.5.2 Eccentric Test Loading Protocol

The loading procedure was similar for each of the four eccentric tests
(Columns H8 to H11). Three primary stroke rates (0.06, 0.08, and 0.1 mm/min) were
used to control the UTS. The loading procedure throughout the test was similar to the
concentric loading protocol. The only significant difference occurred during the last
phase of testing (post-peak plateau), as the eccentric tests were only increased to
0.1 mm/min until the end of the test (the concentric tests were increased to 1.0 mm/min).
The test ended when 10 mm of vertical displacement had been reached on the
compression side of the column.

During the initial phase of loading, the longitudinal strain measurements (see
Section 5.4.3) were visually compared to ensure that the column was properly aligned.
Since a strain gradient existed, the strain gauges that were compared had to be the same
distance from the neutral axis. Therefore, the strain-gauge comparison groups depended
on the bending direction. Post-testing alignment checks confirmed that Columns H8
though H11 were aligned properly. For strong-axis bending, the SW and SE flange
strains were compared at approximately 1000 kN. The strains in the individual flanges
varied by 1% and 3% from their average for Columns H8 and H9, respectively. For
weak-axis bending, the SE and NE flange strains were compared at approximately
1000 kN. Strains in the individual flanges varied by 1% and 5% from their average for
Columns H10 and H11, respectively.

Any variations to this general loading protocol for individual tests were recorded

during the test and are included in the test observations (see Section 7.1).
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Table 5-1 Strain Gauge Nomenclature for Concentric and Eccentric Setups

Strain Gauge

Designation Location and Orientation

LO Link Outside

LI Link Inside

BNWFOL Bar (Link) Level North West Flange Outside Longitudinal
BNWFIL Bar (Link) Level North West Flange Inside Longitudinal
BNWFOT Bar (Link) Level North West Flange Outside Transverse
BNWFIT Bar (Link) Level North West Flange Inside Transverse
BSWFOL Bar (Link) Level South West Flange Outside Longitudinal
BSWFIL Bar (Link) Level South West Flange Inside Longitudinal
BSWFOT Bar (Link) Level South West Flange Outside Transverse
BSWFIT Bar (Link) Level South West Flange Inside Transverse
BNEFOL Bar (Link) Level North East Flange Outside Longitudinal
BNEFIL Bar (Link) Level North East Flange Inside Longitudinal
BSEFOL Bar (Link) Level South East Flange Outside Longitudinal
BSEFIL Bar (Link) Level South East Flange Inside Longitudinal
BWWL Bar (Link) Level West Web Longitudinal

BEWL Bar (Link) Level East Web Longitudinal

MNWFOL Mid Link Level North West Flange Outside Longitudinal
MNWFIL Mid-Link Level North West Flange Inside Longitudinal
MSWFOL Mid-Link Level South West Flange Outside Longitudinal
MSWFIL Mid-Link Level South West Flange Inside Longitudinal
MNEFOL Mid-Link Level North East Flange Outside Longitudinal
MNEFIL Mid-Link Level North East Flange Inside Longitudinal
MSEFOL Mid-Link Level South East Flange Outside Longitudinal
MSEFIL Mid-Link Level South East Flange Inside Longitudinal
MWWL Mid-Link Level West Web Longitudinal

MEWL Mid-Link Level East Web Longitudinal

MWWT Mid-Link Level West Web Transverse

MEWT Mid-Link Level East Web Transverse
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6.0 Experimental Results for Concentrically Loaded Columns

6.1 Observations and Failure Modes

6.1.1 General Discussion

A summary of the peak test loads and predicted loads for the seven partially
encased composite (PEC) columns that were loaded concentrically (H1 through H7) is
presented in Table 6-1. The predicted column load was computed using Equation (2.14),
as described in Chapter 2. Since the test specimens are stub columns, their slenderness
parameter, 4, was set to zero for the calculation of the column capacity. For all seven test
specimens, the test load exceeded the predicted capacity. The columns containing steel
fibre reinforcement (SFR), H6 and H7, have the highest test-to-predicted load ratios, 1.30
and 1.28, respectively. If the predicted strength of columns H6 and H7 were calculated
using the speculated concrete strengths of 55.4 MPa and 60.2 MPa (as discussed in
Section 4.2.2), respectively, their test-to-predicted ratios would have been 1.21 and 1.17,
respectively, which would have been similar to the values obtained from Columns H1
through HS5.

All columns had a similar failure mode—concrete crushing combined with local
buckling of the steel flanges—except for column H3 which had a link weld fracture
followed by concrete crushing combined with local buckling of the flanges. No local
buckling of the flanges was observed for any of the columns before the peak load was
reached. Although the failure modes were similar for all columns, the point at which the
failure (marked by a sudden drop in load-bearing capacity) occurred, as compared to the
peak capacity, was different depending on the presence or absence of steel fibres.
Columns cast with high-strength concrete (H3, H4, and HS) exhibited sudden failure at
their peak load. Conversely, columns cast with SFR high-strength concrete (H6 and H7)
showed a period of gradual strength decline after the peak load was reached before a
sudden failure occurred.

Typically, the failure region was located between adjacent links. By removing the
crushed non-fibrous concrete after the test, distinct shear-failure planes were exposed.

The depths of the shear planes related to the link spacing. For the closest link spacing
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(120 mm), the shear-failure plane was only as deep as the links themselves. This resulted
in small amounts of concrete spalling off of the column. However, for the largest link
spacing (400 mm), the shear-failure plane extended to a point closer to the web than the
concrete surface. This resulted in large pieces of concrete exploding out of the column as
failure took place. The relationship between the shear-plane depth and the link spacing
was expected since the closer link spacing provides a higher degree of confinement to the
concrete. This relationship could not be confirmed directly for the SFR concrete because
the fibres kept the concrete intact and made identifying the shear planes difficult.
However, the crack patterns on and near the surface suggested that it is also true for the
SFR concrete.

The following sections describe observations made during the individual tests and
the detailed loading protocol that was used, along with issues related to instrumentation
that may be influential in the interpretation of the test data. To aid in the discussion of
the progressive failure of the individual PEC columns, a schematic of the PEC columns is
presented in Figure 6-1. In this figure, the test region of the column is broken down into
concrete zones separated by the links. Since three different link spacings were used,
three different schematics are required. Column H3 had a cross-section dimension, d, of
400 mm and a link spacing of 120 mm (0.3d). Therefore, Column H3 has ten zones and
is represented by Figure 6-1a. Columns H1, H4, and H6 had a cross-section dimension,
d, of 400 mm and a link spacing of 200 mm (0.5d). Therefore, Columns H1, H4, and H6
have six zones and are represented by Figure 6-1b. Columns H2, HS, and H7 had a
cross-section dimension, d, of 400 mm and a link spacing of 400 mm (1.0d). Therefore,
Columns H2, H5, and H7 have three zones and are represented by Figure 6-1c.

Typically, the failure mechanism that occurred was contained within a single zone.

6.1.2 Column H1

During the pre-test verification of the data acquisition channels, it was noted that
the strain gauge BEWL was not working properly. This gauge was on the web and was
inaccessible after the column was cast, so it could not be replaced. Therefore, the

longitudinal web strain at the link level was measured by BWWL only.
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The column was initially loaded at a stroke rate of 0.06 mm/min. This rate was
held at 0.06 mm/min until the peak load (7380 kN) was reached. Following the peak, the
rate continued at 0.06 mm/min while the post-peak strength slowly declined. Once the
column capacity had decreased to 6400 kN, the rate was increased to 0.08 mm/min.
When the capacity had further decreased to 5600 kN, the rate was increased to
1.0 mm/min and held for the rest of the test. The test was stopped and the column was
unloaded when the average overall displacement reached 20 mm.

The locations of interest during the failure are discussed using the zone schematic
illustrated in Figure 6-1b, which is described in Section 6.1.1. Before the failure load
was reached, local buckling of the flanges was not observed.

Failure of the column was gradual. After the peak load was reached, the first
cracks occurred at elevation 1200 mm on the west face and local buckling of the
SW flange in Zone 5 began. At the same time on the east face, concrete crushed in
Zone 5 and local buckling was observed on the SE and NE flanges in Zone 5. Within one
minute, more pronounced cracks reached the west face, indicating that the concrete had
crushed and the NW flange began to buckle in Zone 6. Near the end of the test, large
pieces of concrete spalled off the east face in Zone 5, exposing the links. At the end of
the test, cracks were observed on the west face at the link elevations 800, 1000, and
1200 mm, and the concrete in Zone 5 had advanced slightly outward (approximately
5 mm) from the column. The fillet welds of the links did not fracture during testing. The
post-peak strength decline for this specimen was the most gradual of all specimens tested.
Figure 6-2 and Figure 6-3 show the failure mode on the west and east faces, respectively.

The photographs were taken following the test.

6.1.3 Column H2

All data acquisition channels were found to be working properly during the pre-
test verification.

The column was initially loaded at a stroke rate of 0.06 mm/min and then
increased to 0.08 mm/min at 785 kN. This rate was held until approximately 5700 kN.

At this load, the load-versus-displacement curve indicated that the column was beginning
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to soften. To minimise dynamic effects, the rate was decreased to 0.06 mm/min until the
peak load was reached (7570 kN). Following the peak load, the rate of 0.06 mm/min was
maintained and the column capacity gradually declined. At 4880 kN, the rate was then
increased to 0.08 mm/min. When the column capacity declined to approximately

4500 kN, the rate was increased to 0.2 mm/min. At 4720 kN, the column capacity was
beginning to stabilise so the rate was increased to 1.0 mm/min and held until the end of
the test. The test was stopped and the column was unloaded when the average overall
displacement reached 20 mm.

The locations of interest during the failure are discussed using the zone schematic
illustrated in Figure 6-1c, which is described in Section 6.1.1. Before the failure load was
reached, local buckling of the flanges was not observed.

Failure of the column was gradual. After the peak load was reached, local
buckling of the SW flange began in Zone 2 and was immediately followed by local
buckling of the NW flange in Zone 2. Cracks were observed on the west face at the link
elevations 800 and 1200 mm. On the east face, local buckling of the SE and NE flanges
in Zone 3 occurred concurrently with the concrete crushing in Zone 3 after the peak load.
Cracks were observed at link elevations 1200 and 1600 mm. During the post-peak
loading, a single piece of concrete advanced outward along a failure plane in Zone 3.
Near the end of the test, a second local buckle began on the SW flange in Zone 3. After
the test was completed, the large pieces of concrete from the east and west side were
removed to expose the links and the concrete failure planes The west-face concrete that
had crushed in Zone 2 advanced outward along a failure plane in Zone 2. The failure
plane was 110 mm deep from the surface. The cracks and the advancing concrete on the
west face occurred after the local buckling of the SW and NW flanges in Zone 2, but
preceded the second local buckle of the SW flange in Zone 3. On the east face, the
failure plane in Zone 3 was 85 mm deep from the surface. The fillet welds of the links
did not fracture during testing. Figure 6-4 and Figure 6-5 show the failure mode on the

west and east faces, respectively.
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6.1.4 Column H3

During the pre-test verification of the data acquisition channels, it was noted that
strain gauge MSEFOL was not working. The lead wires from the gauge were damaged
during the test setup. This gauge was located on the outside steel face, so the lead wires
were repaired. All other data acquisition channels were found to be working properly
during the pre-test verification.

The column was initially loaded at a stroke rate of 0.06 mm/min and then
increased to 0.08 mm/min at 650 kN. This rate was held at 0.08 mm/min until
approximately 10,000 kN. At this load, the load-versus-displacement curve indicated that
the column was beginning to soften. To minimise dynamic effects, the rate was
decreased to 0.06 mm/min until failure. A sudden drop in capacity occurred immediately
after reaching the peak load (12,340 kN). Two bangs were heard as the link welds
fractured at the peak load. The UTS stroke was held until the measured load had
stabilised at approximately 7000 kN. Then the column was reloaded at a stroke rate of
0.06 mm/min until the column capacity had decreased to 6790 kN. The rate was then
increased to 0.08 mm/min and then to 0.2 mm/min until the column capacity had
decreased to 6370 kN. At this point in the test, the capacity was beginning to stabilise so
the stroke rate was raised again to 1.0 mm/min and held until the end of the test. An
additional loud bang was heard near the end of the test (5770 kN) as a third link weld
fractured. The test was stopped and the column was unloaded when the average overall
displacement reached 20 mm.

It was also noted during the test that the strains measured by MSEFOL were
substantially different than similar gauges. It is likely that the gauge was damaged when
its lead wires were repaired before the test. The readings from this gauge were
proportionally matched to MSEFIL’s initial, linear readings. Therefore, MSEFIL was
used to represent the average strain for the SE flange in the initial loading stages. The
non-linear behaviour measured by MSEFOL in the latter loading stages was adjusted in
the same proportion as in the initial stage.

The locations of interest during the failure of the column are discussed using the
zone schematic illustrated in Figure 6-1a, which is described in Section 6.1.1. Before the

failure load was reached, local buckling of the flanges was not observed.
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Failure of the column was sudden. At peak load, the fillet welds between the link
at elevation 1000 mm and the SW flange and between the link at elevation 760 mm and
the SE flange fractured. Immediately thereafter, the west-face concrete in Zone 5
crushed as the SW and NW flanges buckled and the east-face concrete in Zone 3 crushed
as the SE and NE flanges buckled. Throughout the post-peak loading, a large vertical
crack propagated along the centreline of the west face from Zone 5 into Zone 10, but not
into the top end zone. Near the end of the test, the weld between the link at elevation
880 mm and the SW flange fractured. At the end of the test, the west-face concrete in
Zone 6 advanced outward 20 mm at the bottom of Zone 6 and the east-face concrete
advanced outward 10 mm at the bottom of Zone 4. Since the welds fractured, the
unsupported flange length increased resulting in final buckle lengths that were
approximately 200 mm and extended into adjacent zones. Figure 6-6 and Figure 6-7
show the failure mode on the west and east faces, respectively. Figure 6-8 is a
photograph that focuses on the fracture surface of the links on the west side. The
longitudinal lines along the fracture surface indicate that the link was sheared from the
weld. Figure 6-9 shows the fractured weld surface. The conical surface indicates that

rupture occurred in the heat affected zone at the weld-link interface.

6.1.5 Column H4

All data acquisition channels were found to be working properly during the pre-
test verification.

The column was initially loaded at a stroke rate of 0.04 mm/min until 2200 kN.
At this load, it was noticed that one linear potentiometer (Lino Pot T8) was not
responding. The load was decreased to 1200 kN and the lino pot was replaced.
According to the lab safety rules, the load had to be reduced to approximately half of the
maximum experienced load before a technician could enter the test area. After the
successful replacement, the test continued at a stroke rate of 0.04 mm/min until the load
reached 2000 kN. Following this, the rate was increased to 0.06 mm/min until failure.
Failure occurred approximately five minutes after the peak load (11,860 kN) was

reached. The measured column load was dropping steadily after the peak and then
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dropped abruptly at 90% of the peak load (from 10,720 to 9590 kN). The UTS stroke
was held until the measured load had stabilised at approximately 6300 kN. Loading was
continued at a stroke rate of 0.06 mm/min and then 0.08 mm/min until capacity had
decreased to approximately 5000 kN. A bang was heard as a link weld fractured at
5500 kN, but the stroke rate was not paused. At 5000 kN, the capacity was beginning to
stabilise so the rate was increased to 1.0 mm/min and held until the end of the test. The
test was stopped and the column was unloaded when the average overall displacement
had reached 20 mm.

The locations of interest during the failure are discussed using the zone schematic
illustrated in Figure 6-1b, which is described in Section 6.1.1. Before the failure load
was reached, local buckling of the flanges was not observed.

Failure of the column was sudden. During the failure, cracks were evident at
elevation 900 mm and light spalling of the concrete was taking place on the west face.
After the sudden drop in capacity, the west-face concrete in Zone 4 was crushed and the
SW and NW flanges buckled in Zone 4 and Zone 3, respectively. On the east face, the
concrete in Zone 2 crushed as the SE and NE flanges underwent local buckling. During
the post-peak loading, a thin, vertical crack propagated along the centreline of the west
face from Zone 3 into Zone 2. The fillet weld between the link at elevation 1000 mm and
the SW flange fractured midway through the post-peak period. After the test, the west-
face concrete in Zone 5 advanced outward 15 mm at the bottom of Zone 5 and the east-
face concrete in Zone 2 advanced outward 25 mm at the bottom of Zone 2. The link
welds did not fracture on the east face. Figure 6-10 and Figure 6-11 show the failure
mode of concrete crushing with combined local buckling of the steel flange on the west

and east faces, respectively.

6.1.6 Column H5

All data acquisition channels were found to be working properly during the pre-
test verification.
The column was initially loaded at a stroke rate of 0.06 mm/min and then

increased to 0.08 mm/min at 1200 kN. The rate was held at 0.08 mm/min until 8500 kN.
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At this load, the load-versus-displacement curve indicated that the column was beginning
to soften. To minimise dynamic effects, the rate was decreased to 0.06 mm/min until
failure, which occurred immediately after a peak load of 12,390 kN was reached. The
UTS stroke was held until the measured load had stabilised at approximately 3800 kN.
Then the column was reloaded at a stroke rate of 0.06 mm/min. The column load
increased up to 4400 kN and stabilised. The rate was increased to 0.1 mm/min and then
to 1.0 mm/min and held until the end of the test. The test was stopped and the column
was unloaded when the average overall displacement had reached 20 mm.

The locations of interest during the failure are discussed using the zone schematic
illustrated in Figure 6-1c, which is described in Section 6.1.1. Before the failure load was
reached, local buckling of the flanges was not observed.

Failure of the column was brittle and explosive. On the west face, the concrete in
Zone 3 crushed and a large piece of concrete was ejected from the column, landing near
the column base. As this occurred, the SW and NW flanges underwent local buckling in
Zone 3. On the east face, the concrete in Zone 2 crushed and a large piece of concrete
was ejected from the column, landing approximately 300 mm away from the column
base. At the same time, the SE and NE flanges underwent local buckling in Zone 2. The
fillet welds of the links did not fracture during testing. Figure 6-12 and Figure 6-13 show
Zones 3 and 2 on the west and east faces, respectively. Since the concrete has exploded

out of the column, the concrete shear planes are visible.

6.1.7 Column H6

All data acquisition channels were found to be working properly during the pre-
test verification.

The column was initially loaded at a stroke rate of 0.06 mm/min and then
increased to 0.08 mm/min at 1100 kN. This rate was held until 9000 kN. At this load,
the load-versus-displacement curve indicated that the column was losing stiffness. To
minimise dynamic effects, the rate was decreased to 0.06 mm/min until failure. The
column reached its peak load (12,180 kN) and then began to decrease gradually. After a
gradual decrease to 11,730 kN (96% of the peak load), there was a sudden drop in
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column capacity. The UTS stroke was held until the measured load had stabilised at
approximately 5590 kN. Then the column was reloaded at a rate of 0.06 mm/min. The
column capacity increased slightly to 5800 kN and stabilised. The rate was further
increased to 0.1 mm/min and then to 1.0 mm/min and held until the end of the test. The
test was stopped and the column was unloaded when the average overall displacement
had reached 20 mm.

The locations of interest during the failure are discussed using the zone schematic
illustrated in Figure 6-1b, which is described in Section 6.1.1. Before the failure load
was reached, local buckling of the flanges was not observed.

Failure of the column was sudden after a gradual decline from the peak load.
There were no signs of cracking at the peak load on either concrete face. When the load
dropped quickly after the peak, cracks were evident on the west face at elevation 400 mm
and the concrete crushed in Zone 2. When the cracks formed, the SW and NW flanges
buckled in Zone 2. On the east face, cracks were evident on the surface at elevation
1100 mm and the concrete crushed in Zone 4. Simultaneously, the SE flange buckled in
Zone 4, while the NE flange buckled in Zone 3. During post-peak loading, the cracks
grew and light spalling of the concrete continued on both concrete faces, but the concrete
remained intact. The steel fibres prevented the concrete from separating. The fillet welds
of the links did not fracture during testing. Figure 6-14 and Figure 6-15 show the crushed

concrete and the local buckles on the west and east faces, respectively.

6.1.8 Column H7

During the pre-test verification of the data acquisition channels, strain gauge
MWWT was not working properly. This gauge was on the web and was inaccessible
after the column was cast, so it could not be replaced. Therefore, MEWT is used to
represent the average transverse strain for the web at the mid-link level.

The column was initially loaded at a stroke rate of 0.06 mm/min and then
increased to 0.08 mm/min at 500 kN. This rate was held until approximately 10,000 kN.
At this load, the load-versus-displacement curve indicated that the column was beginning

to soften. To minimise dynamic effects, the rate was decreased to 0.06 mm/min until
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failure. The column reached its peak load (11,890 kN) and then began to decrease
gradually. After a small, gradual decrease in column capacity to 11,780 kN (99% of the
peak load), there was a sudden drop in column strength. The UTS stroke was held until
the capacity had stabilised at approximately 5300 kN. Then the column was reloaded at a
stroke rate of 0.08 mm/min. The column capacity increased slightly to 5600 kN and then
began to decrease. Once the column capacity began to stabilise, the rate was increased to
1.0 mm/min and held until the end of the test. The test was stopped and the column was
unloaded when the average overall displacement had reached 20 mm.

The locations of interest during the failure are discussed using the zone schematic
illustrated in Figure 6-1c, which is described in Section 6.1.1. Before the failure load was
reached, local buckling of the flanges was not observed.

Failure of the column was sudden after a minimal amount of gradual decline from
the peak load. There were no signs of cracking at the peak load on either concrete face.
When the load dropped quickly after the peak, cracks were evident on the west-face at
elevation 700 mm and the concrete crushed in Zone 2. When the cracks formed, the
SW and NW flanges buckled in Zone 2. On the east face, cracks were evident on the
surface at elevation 1500 mm and the concrete crushed in Zone 3. Simultaneously, the
SE and NE flanges buckled in Zone 3. As the post-peak loading continued, the cracks
grew and light spalling of the concrete continued on both the concrete faces, but the
concrete remained intact. The steel fibres prevented the concrete from separating
completely. The fillet welds of the links did not fracture during testing. Figure 6-16 and
Figure 6-17 show the crushed concrete and the local buckles on the west and east faces,

respectively.

6.2 Data Obtained from Instrumentation

In this section, data obtained from the instrumentation used on the concentrically
loaded columns is analysed to determine their behaviour. Information regarding the
location and nomenclature of the instrumentation described herein can be found in

Section 5.3.
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6.2.1 Longitudinal Strain Measured with Linear Potentiometers

The displacements measured by the eight vertical linear potentiometers (lino pots)
were used to calculate longitudinal column strains over the test region (between 400 mm
and 1600 mm). Two of these lino pots (Lino Pots 1 and 2 — see Figure 5-2) were used to
measure the overall column shortening, which represents the global behaviour of the
column. The average overall strain, &,, was calculated by averaging the overall
shortening of the column measured by Lino Pots 1 and 2 and dividing it by the initial
length (1200 mm) between the attachment points. The other six lino pots (Lino Pots B3,
M4, T5, B6, M7, and T8) were used to measure shortening over smaller sections to
capture the localised column behaviour. The smaller section strains for the bottom
(between elevations 400 mm and 800 mm), middle (between elevations 800 mm and
1200 mm), and top (between elevations 1200 mm and 1600 mm) sections were calculated
by dividing the average measurements from Lino Pots B3 and B6, Lino Pots M4 and M7,
and Lino Pots T5 and T8, respectively, by the initial length between the attachment points
(400 mm). The smaller section strains were similar to each other (within 5%) and to the
overall column strain measurements until near the measured column peak load, P,.
Following the peak load, the smaller sections that did not contain the failure region
relaxed, while those that did contain the failure experienced large strains. Graphs
illustrating the relationship between the local and overall strains versus load for each
column can be found in Appendix E (Figures E-1 to E-7).

Figure 6-18 shows the load-versus-average-overall-strain curves for Columns H1
though H7. Important parameters associated with this figure are summarised in Table
6-2. The plots of H1 and H2 in Figure 6-18 show that the behaviour of the PEC columns
made with normal-strength concrete was linear up to approximately 0.5P,. Beyond
0.5P,, there is a gradual decrease in the stiffness until approximately 1900 pe when the
column behaviour becomes very non-linear. The secant moduli at 0.4P, were 5.0 and
5.1 kN/pe for Columns H1 and H2, respectively. The plots of the PEC columns made
with high-strength concrete, with and without steel fibres, (H3 through H7) show linear
behaviour up to approximately 0.75P,. Their secant moduli (measured at 0.4P,) varied
between 5.5 and 5.8 kN/pe. The average stiffness (secant modulus) of the high-strength
PEC columns (Columns H3 through H5) is 12% higher than that of the normal-strength

81



columns. This appears to be directly related to the difference in the secant moduli of the
concrete materials themselves (Chapter 4); the average measured value for the normal
high-strength concrete is about 22% higher than that for the normal strength concrete.
When the stiffness of the steel section is considered, the expected increase in column
stiffness is 14% (when the concrete stiffness is increased by 22%). However, there are
no significant differences in the secant moduli among Columns H3 through H7 despite
the fact that the average measured value of the steel fibre reinforced (SFR) high-strength
concrete in Columns H6 and H7 was less than the average measured value of the high-
strength concrete in Columns H3 through HS. This suggests that the steel fibres may
have improved the stiffness of the column. However, this is not a typical benefit of
adding steel fibres to concrete. Considering this and the uncertainty in the concrete
material response for the SFR high-strength concrete (lower-than-expected concrete
strength by 3.4%), no definitive conclusions can be made about the addition of steel
fibres to improve the column stiffness. Since the secant moduli of columns made with
the same concrete but with different link spacing were similar (Columns H1 and H2,
Columns H4 and H5, and Columns H6 and H7), the link spacing did not affect the initial
column stiffness appreciably.

The PEC column failure mode improved as the link spacing decreased, regardless
of the type of concrete used. For the normal-strength concrete columns (H1 and H2), the
overall strain at peak load was higher for Column H1 (2793 pe) which had 0.5d link
spacing compared to Column H2 (2081 pe) which had 1.0d link spacing. This agrees
with the observation of Chicoine ef al. (2002a) that closer link spacing results in more
ductile behaviour for PEC columns cast with normal-strength concrete. For the high-
strength concrete columns (H3, H4, and HS), the overall strain at peak load of
Column H3 (3420 pe) which had 0.34 link spacing was higher than Columns H4 and HS5,
which had link spacings of 0.5d and 1.0d, respectively. However, Column H4 did not
have a higher overall strain at peak load than Column H5 (2835 versus 2903 pe). The
discrepancy is likely caused by the lower peak load of Column H4 (11,860 kN) compared
with Columns H3 and H5, which had a similar peak loads (12,340 and 12,390 kN,
respectively). If the plot of Column H4 were to be extended past its own peak load in

Figure 6-18 up to the peak load of Column H3 or HS, then Column H4 would have had a
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strain at peak load of approximately 3200 pe. This value would fit between those of
Columns H3 and H5 (3420 and 2903 pe), thereby supporting the trend of an improved
failure mode with closer link spacing. For the SFR high-strength concrete columns (H6
and H7), the overall strain at peak load was higher for Column H6 (3003 pe) which had
0.5d link spacing compared to Column H7 (2828 pe) which had 1.0d link spacing. This
also supports the trend of an improved failure mode with closer link spacing.

The steel fibres increased the ductile behaviour of the PEC columns somewhat at
the peak load. The PEC columns that were fabricated with SFR high-strength concrete
were able to sustain the applied load slightly longer than their non-steel fibre
counterparts. Examining the behaviour of Columns H3 through H7 near the peak (peak
region close-up is shown in Figure 6-18), it can be seen that the PEC columns cast with
SFR high-strength concrete (H6 and H7) have a gradual rounding of the load-versus-
strain curve at the peak load. By comparison, the curves for the companion columns
without steel fibres (H4 and HS) have a sudden drop at or very near the peak load. This
sudden drop is evident in Column H3 as well. This behaviour can be attributed to the
material behaviour of the concrete used in the column. Comparing the stress-versus-
strain curves of SFR high-strength concrete (Figure 4-4) with non-SFR high-strength
concrete (Figure 4-3) shows that the SFR high-strength concrete can undergo more post-
peak strain before fracture than high-strength concrete (440 pe versus 320 pe). This is an
expected advantage when steel fibres are added to concrete due to their role in inhibiting
crack propagation.

Adding steel fibres to the high-strength concrete or decreasing the link spacing to
0.3d both improved the column failure mode. Column H3, which had non-SFR concrete
and a link spacing of 0.3d, and Column H6, which had SFR concrete and a link spacing
of 0.5d, reached much higher strains than Column H4, which had non-SFR concrete and
a link spacing of 0.5d (Figure 6-19). Although the column with the closer link spacing
reached the higher strain at peak load (3420 pe compared to 3003 pe), the shape of the
curve indicates a more gradual failure when steel fibres were added. Therefore, both
options improve the failure mode.

The post-peak response of the test specimens was improved by closer link

spacing, regardless of what type of concrete was used in the column. For normal-strength
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concrete, Column H1 (0.5d link spacing) had a higher residual capacity than Column H2
(1.0d link spacing). For high-strength concrete, Column H3 (0.3 link spacing) had the
highest residual capacity followed by Column H4 (0.5d link spacing) and then

Column H5 (1.0d link spacing). Finally, for SFR high-strength concrete, Column H6
(0.5d link spacing) had a higher residual capacity than Column H7 (1.0d link spacing).
The increased concrete confinement caused by smaller link spacing had a greater effect
on retaining column capacity than adding steel fibres. Column H3 had a higher residual
capacity than Column H6 after failure (6600 kN versus 5600 kN) and throughout the

post-peak region.

6.2.2 Longitudinal Strain Measured with Strain Gauges

Longitudinal strain gauges were placed at a single link elevation and at an
adjacent mid-link level near the mid-height of each column. The exact placement
locations of each gauge can be found in Section 5.3.3. For each column (H1 through
H?7), the readings of the strain gauges were compared to the average overall strain, €,, to
determine the validity of the measurements. Figure 6-20 shows a plot of longitudinal
strain gauge measurements versus the overall column strain, &,, taken from Column H6.
The behaviour exhibited by Column H6 is characteristic of Columns H1 through H7.
Plots for all concentrically-loaded PEC columns can be found in Appendix E
(Figures E-8 to E-14). When the slope of the curves in Figure 6-20 equals 1.0, the
longitudinal gauges are straining at the same rate as the overall column. The three
vertical lines represent important strain levels in the column. From left to right, they are
the link-level flange yield strain, the mid-link-level web yield strain, and the average
overall strain at peak load. The link-level flange yield strain and the mid-link-level web
yield strain are calculated using a biaxial stress state. The calculation procedure is
detailed in the next section.

The web is straining at the same rate as the overall column until the web yield
marker is reached for both the mid-link level (MW) and link level (BW) web
measurements. Therefore, the longitudinal web strains are not affected locally by the

presence of links up to this point. However, this trend is different for the flanges. The
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link-level flanges (BNWF and BSEF) begin to yield locally before the overall column
reaches 1000 pe. However, the mid-link level flanges (MNWF and MSEF) do not yield
early. This same trend can be noted by examining the load-versus-strain behaviour for
Column H6 (Figure 6-21). Similar plots for all columns (H1 through H7) can be found in
Appendix E (Figures E-15 to E-21). In Figure 6-21, the plot of the average column strain
is similar to the plot of MNWF, MSEF, MW, and BW strain up to about 1800 pe.
However, the plots of BNWF and BSEF strain show early yielding. Therefore, the
longitudinal flange strains are affected by the presence of the links. This may be due to
residual stresses caused by the welding of the links (the gauges were only about 25 mm
from the weld toe) or to strains caused by shrinkage of the concrete. Chicoine et al.
(2003) found that shrinkage of the concrete induced only a small average residual stress
in the steel (about 7 MPa). However, the average measurement would not capture the
localised stresses induced at the link... Regardless of the cause, the premature yielding of
the steel flanges at the link level did not reduce the capacity of the column because the
ductility of the steel allowed it to retain its capacity until the column failed. Furthermore,
the links present at the locations of premature yielding prevented the column flanges
from buckling.

As described in Section 5.3.3, each column (H1 through H7) had a longitudinal
strain gauge on each side of the NW and SE flanges at the mid-link level that could
measure the strains on a potential buckle. Longitudinal strain gauge pairs were also
located at the link level, but buckles could not form at this level unless the link weld
fractured. Close examination of the mid-link level pairs showed good agreement of strain
inside and outside of the flanges until the peak load was reached for Columns H1 through
H7, indicating that local buckling had not taken place, with the exception of Column H3.
Plots of the strain-versus-column load obtained from the strain-gauge pairs at mid-link
level for the NW and SE flanges of Columns H1 through H7 can be found in Appendix E
(Figures E-22 to E-35). Slight differences in the slopes of the inner and outer gauge
curves in these plots may be caused by initial flange imperfections or slight gauge
misalignment (i.e., not perfectly vertical). The large variation of the strain curves for the
gauges on H3 indicate that the onset of local buckling occurred at approximately 75% of

the peak load. The sudden divergence of the plots of the inner and outer gauge strains in
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Figure 6-22 indicates that a significant strain gradient (flexure) developed across the plate
thickness. Although, Figure 6-22 illustrates the behaviour of the NW flange only, the
same behaviour was evident to a lesser extent in the SE flange. The formation of local
buckles in the flanges of Column H3 is likely due to the large number of initial outward
imperfections that were present only in H3 (see Section 3.2.1). These imperfections tend
to reduce the capacity of the column and less column load is required for the buckle to
develop. In spite of the fact that buckles were starting to form, Column H3 failed by
fracture of the link weld adjacent to this gauge pair. Concrete crushing and local
buckling followed.

In some cases, the gauge pairs were placed where the local buckles eventually
formed. Columns H2, H5, H6, and H7 had strain gauges situated directly on the flange
local buckles. Figure 6-23 is the load-versus-strain curve for the buckled NW flange of
Column H2, which is typical of the captured buckles that formed. Since the gauges were
placed on the outside and inside of the flange, local buckling could be observed by
relating the two curves. Before a buckle forms, the inside and outside gauges experience
the same strain. However, when the buckle forms, it causes a strain gradient across the
flange thickness. For Columns H5, H6, and H7, the gauges were close to the apex of the
buckle. As such, the inner gauge experienced greater than average compressive strain
and the outer gauge experienced less than average compressive strain as the outward
buckle formed. For Column H2, the gauges were away from the apex of the buckle, past
the buckle’s inflection point. As such, the inner gauge experienced less than average
compressive strain and the outer gauge experienced greater that average compressive
strain. For all of the gauge-captured buckles mentioned above, local buckling occurred

after the peak load was reached.

6.2.3 Transverse Strain Measurements and Transverse Stresses

To assess the effect on the steel shape of confinement pressure caused by the

lateral expansion of the concrete, a biaxial stress state was assumed.
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In Equation (6.1), o;, and o7 are the longitudinal and transverse stresses,
respectively, E is the measured elastic modulus of the steel plate (202,100 MPa), v is the
Poisson’s ratio for steel (0.3), &z and 7 are the longitudinal and transverse strains,
respectively, measured by the strain gauges, and &g is the residual longitudinal strain
corresponding to the residual stress in the steel section arising principally from weld
shrinkage. The residual strain pattern used was adapted from a 450 mm x 450 mm x
9.5 mm section tested by Tremblay et al. (2000b). The residual strain used on the web
and the flange at the gauge locations were 223 pe compression and 406 pe compression,
respectively. Equation (6.1) assumes no residual stress in the transverse direction
because the steel shape is free to deform in this direction.

The von Mises criterion was then used to evaluate the yielding of the biaxial

stress state as follows:
Ol =0, —0,0; +07 < Fyz (6.2)

In Equation (6.2), oy is the von Mises equivalent stress and F), is the static uniaxial yield
strength of the steel plate (394 MPa). The plate yields when oyu,equals F,.

As illustrated in Section 5.3.3, two pairs of strain gauges, each consisting of a
longitudinal and a transverse strain gauge, were placed on the inside and outside of the
NW flange at the link level to obtain ¢; and 7. Similarly, another two pairs were placed
on both sides of the web at the mid-link level. A summary of the transverse stresses at
yielding for the flange and web is presented in Table 6-3 for each of the concentrically
loaded columns. The values reported are the average values measured by strain gauge
pairs on both sides of the flange or web. In Table 6-3, the ratio P/P,, is the ratio of the
column load when the steel reached yield to the peak column load, and oy, /oy, 1s the ratio
of longitudinal stress to the von Mises stress when the steel yields.

When the von Mises yield criterion was satisfied, o, /oy, was close to 1.0 for each
column (H1 through H7) for both the flange and web and o7 ranged from 28 MPa
compression to 28 MPa tension. Therefore, the transverse stress had a negligible

influence on the axial capacity of the steel section in the flange and the web.
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The flanges of the PEC columns at the link level yielded well before the peak
column load was reached. This agrees with the observations shown in Figure 6-20
Columns H1 and H2 yielded before the peak load at 0.7P,. This is much lower than the
values obtained by Chicoine ef al. (2002a) that indicate yielding happened near the peak
load. However, the values reported by Chicoine ef al. (2002a) are obtained by combining
a longitudinal strain measured at the mid-link level with the transverse strain measured at
the link level. Figure 6-20 shows that the longitudinal strains at the mid-link level are
significantly different from the longitudinal strains at the link level. Therefore, the two
sets of data cannot be compared. A comparison of the flange results of Columns H4 and
H5 (0.62P, and 0.50P,, respectively) to Columns H1 and H2 (both 0.7P,) indicates that
the PEC columns made with high-strength concrete yielded sooner relative to their peak
load. However, the average column strain at peak load for Columns H4 and H5
(2869 pe) is much higher than that of Columns H1 and H2 (2437 pe). Therefore, the
lower ratio merely reflects the fact that Columns H4 and H5 had a strain at peak load
much higher than the yield strain for the steel plate (1950 pue). Comparing average
column strains at peak load to the yield strain from the uniaxial tension test is valid
because the transverse stresses are negligible. The flange results for Columns H6 and H7
(0.56P, and 0.54P,, respectively) are similar to those of Columns H5 and H4, and
Columns H6 and H7 had similar average column strain at peak load (2916 pe) to
Columns H4 and H5. Therefore, the argument for the lower P/P, ratio is also relevant for
Columns H6 and H7.

The webs of the PEC columns at the mid-link level yielded near the peak load for
Columns H1 through H3, but yielded well before the peak column load was reached for
the other columns (H4 through H7). The values obtained for Columns H1 and H2
(0.95P, and 0.94P,, respectively) are similar to those of Chicoine et al. (2002a) where
yielding happened near the peak load. A comparison of the web results of Columns H4
and H5 (0.77P, and 0.76P,, respectively) to Columns H1 and H2 (0.95P, and 0.94P,,
respectively) indicates that the PEC columns made with high-strength concrete yielded
sooner relative to the peak load, which is a similar observation as for the flanges. The
lower ratio again reflects the fact that Columns H4 and HS had a strain at peak load much

higher than the yield strain for the steel plate (1950 pe). The web results for Columns H6
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and H7 (0.74P, and 0.77P,, respectively) are similar to those of Columns H5 and H4.
Columns H6 and H7 had similar average peak column strain (2916 pe) to Columns H4
and HS (2869 pe). Therefore, the argument for the lower P/P, ratio is relevant for
Columns H6 and H7.

6.2.4 Link Stresses

The link strains were measured by a pair of strain gauges, LI and LO, placed on
the inside and the outside of the link, respectively. For Columns H1 and H2, the strains
measured on the link were small, but there was a slight difference between them
indicating that the link was bending slightly. For Columns H3 through H7, the strains
measured on the inside and the outside of the link for a particular column were similar,
indicating that outward bending of the link was negligible before the peak column load.
Table 6-4 is a summary of the link strains at the peak column load. Plots of link strain
versus column load for Columns H1 through H7 can be found in Appendix E
(Figures E-36 to E-42). The average link strain at the peak load increases approximately
proportionally with the column strain at peak load for Columns H1 to H5. The link strain
also increases with the strain at peak load for the SFR concrete columns (H6 and H7), but
at a higher proportion. The maximum link stresses occurred in the SFR columns, as
Columns H6 and H7 reached 256 MPa and 213 MPa, respectively. The non-SFR
columns only reached an average link stress of 138 MPa (45% of the yield stress).

Figure 6-24 is a plot of link strain versus average column strain for Columns H3 through
H7 from which an exponential relationship between the link strain and the column strain
can be observed. The higher link strains of the SFR columns (H6 and H7) are caused by
the increased column ductility at higher levels of column strain; the peak column strains
are sustained for a longer period (see Figure 6-18). During this sustained period, the
concrete continued to expand laterally causing increased link strains. This resulted in an
abrupt increase in link strain near the average column strain at peak load. This behaviour
also results in a plateau at the peak of the link-strain-versus-column-load curve (see

Appendix E). By comparison, the non-SFR columns (H3 through H5) reach their peak
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without the sustained straining. At their peak, the load drops suddenly and the links are

unloaded.

6.2.5 Comparison of Column Behaviour to Constituent Behaviour

The strength of PEC stub columns is a summation of the strength of the steel
section and the strength of the concrete section (see Equation 2.14). The strength of the
steel section is reduced to account for its susceptibility to local flange buckling by
lowering the cross-sectional steel area from the full area, 4, to an effective area, 4.,
However, observations made during testing and information obtained from the analysis of
the measurements indicates that in general buckling did not occur before the peak load.
The early onset of local buckling in Column H3 was caused by unusual initial outward
local imperfections and even then buckling did not occur until after a link weld had
fractured.

The behaviour of the steel and the concrete can be superimposed as a means to
study the overall column behaviour. Figures 6-25 through 6-31 illustrate the
superimposed constituent strengths compared to the actual column behaviour for
Columns H1 through H7. In these figures, the concrete strength is calculated by
multiplying the concrete area, 4., by the corresponding measured concrete stress, f. from
the average cylinder test curve for that mix. Similarly, the steel strength is calculated by
multiplying A4, by the steel stress, F, measured from the tension coupons. At the peak
load for each column, F§ equals F), and £, equals /.. Four combinations of superimposed
constituent strengths are illustrated to compare to the actual column behaviour. To
compare to Equation 2.14, the steel and concrete strength plots are combined and plotted
as A Fs+0.84.f.. (Although 4, is only defined at the peak load of each column, where it
is multiplied by F), to obtain the effective capacity of the steel section with buckled
flanges, for simplicity it is multiplied by F throughout the load history.) Since local
buckling was not observed before the peak load, a plot of A,F+0.84f. is also shown in
the figures. In addition to these two plots, plots of A.F+0.94f. and AFs+A f. are

included in the figures to determine how conservative the factor 0.8 is in Equation 2.14.
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The summation of the material behaviour provides a simple model to compare to the
actual column behaviour.

For Column H1 (Figure 6-25), the measured column load is greater than that
predicted by 4,F;+0.84.f. for the majority of the pre-peak behaviour and is close to
A F+0.94 f. at low column loads. Therefore, the column utilizes the full steel section,
A;. The column reaches its peak load at a higher strain than the constituent summation
predicts. The higher strains achieved by the column are due to the concrete confinement
provided by the small link spacing (0.5d) in the steel shape. Therefore, the 0.5d link
spacing improved the failure mode of PEC columns. Past the peak column load, the
constituent summation predictions drop rapidly as the concrete material model does not
benefit from any confinement.

For Column H2 (Figure 6-26), the measured column load is greater than that
predicted by 4F+0.9A4f. for the majority of the pre-peak behaviour and is similar to
those predictions at the peak column load. Therefore, the column utilizes the full steel
section, A4y, and more than 80% of the concrete strength. The constituent summation
predicts the peak well because the peak column strain was similar to the peak concrete
cylinder strain. This indicates that a PEC column with 1.0d link spacing does not confine
the normal-strength concrete enough to improve its failure mode. Of course, the links
benefit the steel section as they reduce the unbraced flange length. At the peak column
load, a large piece of crushed concrete fell out of the column, which reduced 4..
Therefore, the constituent-summation predictions are not valid after the peak load
because 4. had been substantially changed and the predictions do not include that
reduction.

For Column H3 (Figure 6-27), the measured column load is similar to that
predicted by 4,F;+0.94.f. until the peak load of the constituent model is reached.
Therefore, the column utilizes the full steel section, 4, and more than 80% of the
concrete strength. The constituent summation under-predicts the peak strain because the
peak concrete cylinder strain was lower than the column strain at peak load. The
concrete material model indicates a sudden failure at the peak. However, when confined
within the steel shape with small link spacing (0.3d), higher strains are achieved,

resulting in an improved failure mode. Post-peak behaviour cannot be compared because
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the constituent summation predictions did not reach the average column strain at the peak
load.

For Column H4 (Figure 6-28), the measured column behaviour is between that
predicted by 4,F;+0.84.f. and AF+0.9A4f. until the peak load of the column is reached,
although it is close to the A,F+0.94 f prediction at the peak load. Therefore, the column
utilizes the full steel section, A;. The constituent summations slightly over-predict the
strain at peak load by 160 pe (5.6%). Variation between the concrete cylinders and the
column concrete may be a potential reason for this difference. It appears as though a link
spacing of 0.5d does not result in significant confinement of the high-strength concrete.
Post-peak behaviour of the column follows a similar path line to the constituent
summation prediction.

For Column H5 (Figure 6-29), the measured column behaviour is similar to that
predicted by 4,F+0.94.f. until the peak load of the column is reached. Therefore, the
column utilizes the full steel section, 4, and more than 80% of the concrete strength.

The constituent summation over-predicts the peak strain by 260 pe (9.0%). This is
similar to Column H4. However, at failure Column HS5 had a large piece of crushed
concrete fall out of the column, reducing 4. (as in Column H2). Therefore, the
constituent summation predictions are not valid after the column strain at peak load
because 4. had been substantially changed and the predictions do not include the
reduction.

For Column H6 (Figure 6-30), the constituent summations use an adjusted stress-
versus-strain curve to predict the concrete contribution. The ordinates of the curve were
increased (3.4%) based on the expected increase in concrete strength (3.4%) from the
28-day cylinder strength to the column test date (see Section 4.2.2). Using the unadjusted
concrete strength would result in a measured column strength exceeding that predicted by
AFs+Afe, which would require high levels of concrete confinement that were not
observed in the other columns. Since the concrete material curve is not based on the
actual test date cylinders, the strength of the column cannot be compared to the
constituent summation curves directly. However, the shapes of the actual and predicted
curves can be compared. The initial, nearly-linear behaviour of the column is predicted

well until the near the constituent-summation peak. The constituent summation under-
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predicts the strain at peak load because the peak concrete cylinder strain was lower than
the peak column strain. Regardless of the strain at peak load, both the concrete material
curve and the measured column curve indicate a gradual failure at their respective peaks.
Therefore, the column ductility is somewhat increased by the presence of the ductile SFR
concrete and some degree of confinement due to the links.

Similar to Column H6, Column H7 (Figure 6-31) uses the adjusted concrete
strength in the constituent summations. Again, using the unadjusted strength would
result in the measured column behaviour exceeding that predicted by A,F;+A.f.. The
behaviour of the column is predicted well until very near the column peak load, as the
concrete cylinder peak strain and the column strain at peak load were similar. The
concrete material curve indicates a gradual failure after the peak, which is similar to the
column curve. Therefore, the column ductility is increased by the presence of the ductile
SFR concrete, with perhaps a nominal benefit from confinement due to the presence of
the links.

For all plots, the steel strength curve has a kink when the yield strength is
reached. When the steel strength is combined with the concrete strength to form the
superimposed strength curves, a change in slope is observed on the strength curves at the
same strain. The measured column curves also exhibit a change in slope at a similar
strain, but the presence of residual strains in the steel section of the PEC column shifts
the location to slightly lower strains. However, the presence of the kink in both the
predicted and measured curves confirms the validity of the simple constituent summation
method.

Regardless of the link spacing used in each specimen (Columns H1 through H7),
the column behaviour exceeded the plots of both 4. Fs+0.84.f. and A;F;+0.84.f., and was
typically closer to the curve defined by 4F;+0.94.f.. This indicates that the column
utilizes the full steel section, A, and it need not be reduced to an effective area, Ay.. This
conclusion is supported by the observation that the flanges generally did not buckle
before the peak column load was reached, as discussed previously. The constituent
summation results also indicate that the coefficient 0.8 on the concrete strength is

conservative for the columns tested.
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Table 6-1 Test Load Summary for Concentrically Loaded Columns

Peak Test Failure Predicted
Column Load Mode Load Test/Predicted
(kN) (kN)

Concrete Crushing

H1 7380 Flanges Buckling 6860 1.08
Concrete Crushing

H2 7570 Flanges Buckling 6510 1.16
Link Weld Fracture

H3 12 340 Concrete Crushing 10 830 1.14
Flanges Buckling
Concrete Crushing

H4 11 860 Flanges Buckling 10 500 1.13
Concrete Crushing

H5 12 390 Flanges Buckling 10 360 1.20
Concrete Crushing

H6 12 180 Flanges Buckling 9350 1.30
Concrete Crushing

H7 11 890 Flanges Buckling 9300 1.28

Table 6-2 Overall Column Test Results Obtained from Lino Pots

Overall Secant
Peak Test Strain at Modulus at

Column Load, P, Peak Load 04 P,

(kN) (ne) (kN/pe)
H1 7380 2793 5.0
H2 7570 2081 5.1
H3 12 340 3420 5.5
H4 11 860 2835 5.6
H5 12 390 2903 5.8
H6 12 180 3003 5.8
H7 11 890 2828 5.7
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Table 6-3 Biaxial Stress State of the Steel Plate at Yielding

Location P/Pu (1J 4 oT ovM O'L/O'VM
(MPa) | (MPa) | (MPa)

Flange 0.70 399 11 394 1.01

Hl1
Web 0.95 378 -28 394 0.96
Flange 0.70 382 -23 394 0.97

H2
Web 0.94 394 -1 394 1.00
Flange 0.70 385 -23 394 0.98

H3
Web 0.94 395 -2 394 1.00
Flange 0.62 407 28 394 1.03

H4
Web 0.77 400 11 394 1.02
Flange 0.50 386 -15 394 0.98

HS5
Web 0.76 398 7 394 1.01
Flange 0.56 392 -5 394 0.99

Ho6
Web 0.74 397 6 394 1.01
Flange 0.54 396 4 394 1.01

H7
Web 0.77 396 3 394 1.00

Note: Tension is negative

95




Table 6-4 Link Strain at Peak Load Summary for Concentrically Loaded Columns

Overall Average Average
Peak Strain Tensile Tensile % Yield
Column Load at Peak Load | Link Strain | Link Stress Stress

(kN) (pe) (pe) (MPa) (307 MPa)
H1 7380 2793 661 132 43%
H2 7570 2081 424 83 27%
H3 12 340 3420 930 186 61%
H4 11 860 2835 719 144 47%
H5 12 390 2903 749 147 48%
H6 12 180 3003 1275 256 83%
H7 11 890 2828 1091 213 70%
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Figure 6-2 Crack Pattern on West Face  Figure 6-3 Crushed Concrete and NE
of H1 and Buckle of SW flange in and SE Flange Buckles in Zone S on the
Zone 5 (after test) — NW Flange Buckle East Face of H1 (after test)

in Zone 6 not shown

Figure 6-4 Crushed Concrete and NW Figure 6-5 Crushed Concrete and NE
and SW Flange Buckles in Zone 2 and a and SE Flange Buckles in Zone 3 on the
Second Buckle of the SW Flange in East Face of H2 (after test)
Zone 3 on the West Face of H2 (after
test)
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Figure 6-6 Crushed Concrete and NW Figure 6-7 Crushed Concrete and
and SW Flange Buckles in Zone Son  SE Flange Buckle in Zone 3 on the East
the West Face of H3 and Link Weld Face of H3 (after test) - NE Flange

Fractures at Elevation 880 and Buckle in Zone 3 not shown

1000 mm (after test)

¥

Figure 6-8 Links Fractured from Weld  Figure 6-9 Weld Fractured from Link
on the West Face (Column H3) on the East Face (Column H3)
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Figure 6-10 Crushed Concrete and Figure 6-11 Crushed Concrete and

SW Flange Buckle in Zone 4 and NE Flange Buckle in Zone 2 on the East
NW Flange Buckle in Zone 3 on the Face of H4 (after test) — SE Flange
West Face of H4 and Link Weld Buckle in Zone 2 not shown
Fracture at Elevation 1000 mm (after

test)

(-,

Figure 6-12 Crushed Concrete and NW  Figure 6-13 Crushed Concrete and NE

and SW Flange Buckles in Zone 3 on  and SE Flange Buckles in Zone 2 on the
the West Face of HS (after test) East Face of HS (after test)
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Figure 6-14 Crushed Concrete and NW Figure 6-15 Crushed Concrete and

and SW Flange Buckles in Zone 2 on SE Flange Buckle in Zone 4 and
the West Face of H6 (after test) NE Flange Buckle in Zone 3 on the East
Face of H6 (after test)

Figure 6-16 Crushed Concrete and NW  Figure 6-17 Crushed Concrete and NE
and SW Flange Buckles in Zone 2 on  and SE Flange Buckles in Zone 3 on the
the West Face of H7 (after test) East Face of H7 (after test)
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7.0 Experimental Results for Eccentrically Loaded Columns

7.1 Observations and Failure Modes

7.1.1 General Discussion

Four identical partially encased composite (PEC) columns (H8 through H11) were
loaded eccentrically according to the test setup and procedures described in Chapter 5.
Columns H8 and H9 were bent about the strong axis and Columns H10 and H11 were
bent about the weak axis. The measured eccentricities for Columns HS through H11
were 23, 100, 25 and 74 mm, respectively. As mentioned in Section 5.4.1, the measured
eccentricities were all within 2 mm of the target eccentricity after the columns had been
aligned. All columns had a similar failure mode: concrete crushing combined with local
buckling of the steel flange as a plastic hinge was formed. Columns bent about their
strong axis exhibited a more gradual hinge formation because the flange provided
continuous confinement to the concrete face undergoing the highest compressive strain.
Columns bent about their weak axis showed a more sudden hinge formation because the
concrete face undergoing the highest compressive strain was only periodically supported
laterally by the transverse links.

A summary of the failure loads and moments, predicted loads and moments, and
failure modes for Columns H8 through H11 is presented in Table 6-1. The failure values
shown in the table are the peak axial load and the concurrent second-order moment at the
mid-height. The predicted values reported were computed by using a load—moment
interaction diagram, the details of which are included in Section 7.2.6. The point where
the measured load-versus-moment curve (measured moment includes second-order
effects) crosses the failure envelope on the interaction diagram is the predicted capacity.
For all four test specimens, the peak column capacity exceeded the predicted capacity for
both load and moment. Columns bent about the strong-axis (H8 and H9) had slightly
higher test-to-predicted ratios for load and moment than columns bent about the weak-
axis (H10 and H11). In strong-axis bending, the presence of the steel flange along the
compression face prevents the concrete from advancing outward and from spalling, both

of which would have reduced the column capacity.
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The following sections describe both the loading protocol and the observations
made during the individual bending tests. To aid in the discussion of the progressive
failure of the individual PEC columns during the test, a schematic of the PEC columns is
illustrated in Figure 6-1. In this figure, the test region of the column is broken down into
five concrete zones separated by the links. Typically, the failure mechanism occurred
within a single zone. Note that the transverse link welds did not fail during any of the

eccentric-load tests.

7.1.2 Column HS

A load of 30 kN was placed on the column using the UTS to ensure that the
rockers would not slip before the test began. All data acquisition channels were found to
be working properly during the pre-test verification.

The column was initially loaded at a stroke rate of 0.06 mm/min until the load
reached 1620 kN. The rate was then increased to 0.08 mm/min. When the load reached
3800 kN, the rate was further increased to 0.1 mm/min. At 9160 kN, the load-versus-
displacement curves indicated that the column stiffness was decreasing. To minimise
dynamic effects, the stroke rate was decreased to 0.08 mm/min until the peak load
(10,920 kN) was reached. Following the peak load, the rate was maintained at
0.08 mm/min and the column capacity decreased steadily (within a few minutes) to
approximately 6600 kN. The UTS stroke was then held and photographs were taken.
The loading was then continued at a rate of 0.08 mm/min until the average displacement
of the SW and SE (compression face) linear potentiometers (lino pots) had reached
10 mm. Then the column was unloaded and the test was stopped.

The locations of interest during the failure are described using the zone schematic
illustrated in Figure 6-1, which is described in Section 7.1.1. Before the failure load was
reached, local buckling was not visually observed, but the instrumentation suggested
some buckling had begun to take place (see Section 7.2.2). Local buckles formed in
Zone 3 on the SW and SE flanges, which were on the compression side. The SE flange
buckled slightly before the peak load was reached, but the SW flange buckled at the peak

load. On the west concrete face, concrete crushing began in Zone 3 at the SW flange,
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progressed northward throughout the post-peak testing, and ended at approximately
75 mm from the NW flange. Similarly on the east concrete face, crushing began in
Zone 3 at the SE flange and ended at approximately 30 mm from the NE flange. The
final crush patterns on the west and east faces are shown in Figures 7-2 and 7-3,
respectively. For both faces, the crushing intensity was most severe near the buckles,
where the concrete on the west and east faces advanced outwards 12 and 15 mm,

respectively.

7.1.3 Column H9

A load of 20 kN was placed on the column using the UTS to ensure that the
rockers would not slip before the test began. All data acquisition channels were found to
be working properly during the pre-test verification.

The column was initially loaded at a stroke rate of 0.06 mm/min until the load
reached 1050 kN. The rate was then increased to 0.08 mm/min until the peak load
(7259kN) was reached. Following the peak load, the rate was maintained at
0.08 mm/min and the column capacity decreased steadily to approximately 5400 kN.

The column capacity was stabilising, so the rate was increased to 0.1 mm/min and held
until the end of the test. The test was stopped and the column was unloaded after the
SW lino pot (on the compression face) had reached 10 mm of displacement.

Local buckles in the steel flange did not form before the peak load. Unlike
Column HS8, flange buckles did not form at the same elevation. Local buckles formed in
Zone 3 on the SW flange and in Zone 2 on the SE flange, which were on the compression
side. On the west concrete face, concrete crushing began in Zone 3 at the SW flange,
progressed northward throughout the post-peak testing, and ended at approximately
100 mm from the NW flange. Similarly, the east face concrete crushed in Zone 2 near
the SE flange, progressed northward, and ended at approximately 50 mm from the
NE flange. The final crush patterns on the west and east faces are shown in Figures 7-4
and 7-5, respectively. The concrete advancement near the buckles was 10 and 15 mm for

the west and east faces, respectively, which is similar to Column H8. Small, horizontal
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tension cracks formed on the west and east faces (near the north column edge) during

post-peak testing. Tension cracks were expected with the larger load eccentricity.

7.1.4 Column H10

A load of 22 kN was placed on the column using the UTS to ensure that the
rockers would not slip before the test began. All data acquisition channels were found to
be working properly during the pre-test verification.

The column was initially loaded at a stroke rate of 0.06 mm/min until the load
reached approximately 2400 kN. The rate was then increased to 0.08 mm/min. When the
load reached 3300 kN, the rate was further increased to 0.1 mm/min. At 9000 kN, the
load-versus-displacement curves indicated that the column stiffness was decreasing. To
minimise dynamic effects, the rate was decreased to 0.08 mm/min until the peak load
(9737 kN) was reached. At the peak load, the column failed suddenly and the column
capacity dropped to 5700 kN. The UTS stroke was held constant and the capacity
stabilised at 5200 kN. The loading was then continued at a stroke rate of 0.08 mm/min.
The column capacity increased to 5550 kN and then began to decrease again. After the
capacity had decreased to 5450 kN, the stroke rate was increased to 0.1 mm/min until the
end of the test. The test was stopped and the column unloaded when the average
displacement of the NW and SW lino pots (on the compression face) had reached 10 mm.

Local buckling of the steel flange was not observed before the peak load. In
weak-axis bending, the entire west concrete face is in compression. As such, the west
face failed in a similar manner to concentrically loaded columns. The concrete crushed
in Zone 4 and local buckles formed in the SW and NW flanges in Zone 4. As well, the
concrete advanced outward 15 mm at the bottom of Zone 4. Figure 6-6 shows the west
face after the test. Large horizontal cracks formed on the east side (tension side) from the
SE flange to the NE flange. The widest crack formed at an elevation of 1360 mm, which
is a link elevation that borders the top of Zone 4. Other horizontal cracks were spaced
approximately 120 mm (half link spacing) from the widest crack. However, the width of
these cracks decreased away from the widest crack. Figure 6-7 shows the crack pattern

on the east face after the test.
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7.1.5 Column H11

A load of 12 kN was placed on the column using the UTS to ensure that the
rockers would not slip before the test began. All data acquisition channels were found to
be working properly during the pre-test verification.

The column was initially loaded at a stroke rate of 0.06 mm/min until the load
reached approximately 1035 kN. The rate was then increased to 0.08 mm/min. The
column reached the peak load of 6370 kN and failed suddenly. At failure, the UTS stroke
was held and the column capacity stabilised at 3800 kN. The loading was then continued
at a stroke rate of 0.06 mm/min. The column capacity increased to 3850 kN and then
began to decrease again. After the capacity had fallen to 3800 kN, the stroke rate was
increased to 0.08 mm/min. The rate was further increased to 0.1 mm/min when the
capacity had fallen to 3750 kN and maintained until the end of the test. The test was
stopped and the column unloaded when the displacement of the SW lino pot (on the
compression face) had reached 10 mm.

Local buckling was not observed before the peak load. On the west, compression
face, the concrete crushed in Zone 4 and local buckles formed on the SW and NW
flanges in Zone 4, which was similar to Column H10. However, the concrete did not
advance as far outward (10 mm versus 15 mm for Column H10). Figure 6-10 shows the
west face after the test. Large horizontal cracks formed on the east side (tension side)
from the SE flange to the NE flange. The widest crack (final width of 3 mm) formed at
an elevation of 1360 mm, which is a link elevation that borders the top of Zone 4. The
second largest crack formed at an elevation of approximately 1240 mm, which is the mid-
link level of Zone 4. Neither of these cracks were present before the peak load. During
post-peak loading, a third crack (much smaller than the first two) formed at an elevation
of 1120 mm, which is a link elevation that borders the bottom of Zone 4. Therefore, all
of the significant tension cracks on the east side were within Zone 4. Figure 6-11 shows

the crack pattern on the east face after the test.
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7.2 Data Obtained from Instrumentation

In this section, data obtained from the instrumentation used on the eccentrically
loaded columns is analysed to determine the PEC column behaviour. Information
regarding the location of the instrumentation described herein can be found in

Section 5.4.

7.2.1 Longitudinal Strain Measured from Linear Potentiometers

Four linear potentiometers (lino pots) were used to measure longitudinal strain
over a 3d mid-section (elevation of 640 to 1360 mm). One lino pot was placed in each
corner of the column (NW, NE, SW, and SE). Since the column was loaded
eccentrically, the strain in the cross-section can be considered to be a combination of the
axial compressive strain, which is constant across the cross-section, and the flexural
strain, which varies across the cross-section. The strain distribution of a PEC column
bent about its strong axis is illustrated in Figure 7-10. The average strain at the tension
lino pots (NW and NE) was calculated by dividing the average reading by their initial
gauge length (720 mm). The average strain at the compression lino pots (SW and SE)
was calculated the same way. The distribution of the strain across the cross-section was
assumed to be linear between the average tensile strain at the NW and NE lino pots and
the average compressive strain at the SW and SE lino pots. The lateral distance between
the lino pots and the column affects how much strain the lino pots measure. To
standardise the results, the strains at the column edges (“extreme fibre” in Figure 7-10),
which were 35 mm from the respective lino pot pair, are presented in subsequent
discussions. A similar linear strain distribution was assumed for columns bent about their
weak axis (not shown), where the lino pot pairs were also 35 mm from the compression
and tension faces and the gauge lengths for the lino pots were also 720 mm. Depending
on the magnitude of the eccentricity, both sides of the column may be in compression or
one side may be in compression and the other in tension. Columns H8 and H10 had a
small eccentricity (23 and 25 mm respectively), so their entire cross-sections were in
compression. Conversely, Columns H9 and H11 had enough eccentricity (100 and

74 mm, respectively) so that one side of the column was in compression and the other in
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tension. To differentiate the column sides, they are referred to according to their flexural
state. Therefore, the compressive side will always be in compression, but the tensile side
may be in tension or a smaller compression, as mentioned above. In strong-axis bending,
the north face of the column was the tension side and the south face was the compression
side, while in weak-axis bending, the east face of the column was the tension side and the
west face was the compression side. The average of the four lino pots (NW, NE, SW,
and SE) is the overall average for the column, which was located at the column
centreline.

The curvatures of the columns (used in subsequent sections) were calculated by
dividing the difference of the average measured compressive strain and the average
measured tensile strain by the lateral distance between the lino pot locations (470 mm).
By assuming a constant strain over an individual lino-pot gauge length, the curvature is
assumed to be constant over the gauge length.

The load-versus-strain relationships for Columns H8 through H11 are shown in
Figure 7-11 through Figure 7-14, respectively. Table 6-2 is a summary of the average
strains, as well as the tensile and compressive extreme fibre strains at the peak load
obtained from these figures. As expected, the amount of load eccentricity is reflected in
the degree of separation between the curves in Figures 7-11 to 7-14 for the tension and
compression sides of the columns. The strong-axis bending curves for Columns H8 and
H9 are linear to approximately 8100 kN (0.75P,) and 5700 kN (0.80P,), respectively,
while the weak-axis bending curves for Columns H10 and H11 are linear to
approximately 7700 kN (0.80P,) and 5300 kN (0.8P,), respectively

The compressive side reached higher strains for the columns bent about their
strong axis. Columns H8 and H9 reached 4035 and 4742 pe, respectively, while
Columns H10 and H11 only reached 3118 and 3498 e, respectively. Columns bent
about their strong axis had higher peak strains because the flange provided continuous
confinement to the concrete undergoing the highest compressive strain. Furthermore, this
concrete was 8 mm in from the extreme fibre, so it experienced slightly less strain than
the extreme steel fibre. Columns bent about their weak axis did not have much

confinement for the extreme concrete fibre, which was only periodically supported by the

116



transverse links. As such, the compression strains measured at the column were similar
to typical unconfined concrete crushing strains.

The secant moduli (axial stiffnesses) taken from the load-versus-average-strain
response at 40% of the peak load (0.4P,) are reported in Table 7-2. They were lower for
the columns with more eccentricity. Columns H8 and H10, which had eccentricities of
23 and 25 mm, respectively, had a stiffness of 6.0 kN/pe, while Columns H9 and H11,
which had eccentricities of 100 and 74 mm, respectively, had a stiffness of 5.6 kN/pue
(6.7% lower). The columns with the larger eccentricities had some cross-sectional area
in tension. When the concrete was in tension, cracking of the concrete occurred and the
overall stiffness was reduced. Regardless of the small difference in column stiffness
between these two groups, the range of values of stiffness measured for Columns HS8 to
HI11 (5.6 to 6.0 kN/pe) is similar to the range of values measured for Columns H3 to H7
(5.5 to 5.8 kN/pe), which were loaded concentrically and had a range of link spacings.

7.2.2 Longitudinal Strain Measured from Strain Gauges

The distribution of strain that was calculated in the last section from lino pot
measurements can be verified by comparing it to strain gauge measurements.
Figure 7-15 shows this comparison for Column H9, which is typical for Columns H8
through H11. Plots for Columns H8, H10, and H11 are included in Appendix F
(Figures F-1 to F-4). In Figure 7-15, the link level tension flange is the average
measurement of strain gauges BNWFOL, BNWFIL, BNEFOL, and BNEFIL, plotted
against the average strain in the tension flange obtained from the lino pot strain
distribution (see Figure 7-10). Similarly, the mid-link level tension flange is the average
measurement of strain gauges MNWFOL, MNWFIL, MNEFOL, and MNEFIL, plotted
against the average strain in the tension flange determined from the lino pots. The link
level web and the mid-link level web are the average measurements of BEWL and
BWWL, and of MEWL and MWWL, respectively, plotted against the average strain in
the web (see Figure 7-10). The link level compression flange and the mid-link level
compression flange are the average measurements of BSWFOL, BSWFIL, BSEFOL, and
BSEFIL, and of MSWFOL, MSWFIL, MSEFOL, and MSEFIL, respectively, plotted
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against the average strain in the compression flange (see Figure 7-10). If the strain
gauges were straining at the average rate, then the plot should have a one-to-one slope,
which is included in Figure 7-15 for convenience.

Figure 7-15 shows that the strain gauge readings and the calculated strains from
the lino-pot strain distribution were similar. The strain in the web at the link level and at
the mid-link level followed the one-to-to one slope until approximately 1850 pe, which is
close to the plate yield strain (1950 pe). Therefore, the web had a uniform strain along
the column length up to about 1850 pe. The web strain was not uniform up to the
nominal yield strain because there were residual strains in the steel section of the column
due to welding the built-up steel shape. The compression flange at the mid-link level also
followed the one-to-one slope until approximately 1800 pe. Again, residual stresses
caused early yielding. The subsequent deviation from the one-to-one slope implies that
yielding did not commence uniformly along the column length. The compression flange
at the link level differed from the mid-link level because it only followed the one-to-one
slope until approximately 1300 pe. This agrees with the results of the concentric tests
(see Section 6.2.2), which found that the flanges at the link level began to yield
significantly earlier than the flanges at the mid-link level. It was proposed in that
discussion that the additional residual strains at the link level are caused by the welding
of the links and by shrinkage of the concrete. This trend was similar for Columns HS,
H10, and H11 (see Appendix F). The tension flange at the link level and at the mid-link
level strained at a one-to-one slope until approximately 200 pe. After this, the strain
gauges strained slightly faster than the average strain distribution (the slope is slightly
greater than one-to-one). The modulus of rupture for the concrete in Column H9
determined from the compressive strength is 4.8 MPa (CSA 2004c), which corresponds
to a tensile strain of 170 pe. Therefore, the change from a one-to-one slope to a higher
slope at 200 pe may reflect the formation of micro-cracks in the concrete near the strain
gauges. The higher effective tensile stiffness over the column length, as compared to at a
crack location, is known as tension stiffening. The steel near a crack would strain more
than the average as the steel accepts the tensile load from the cracked concrete. Initial
column imperfections and the associated alignment imperfections may also have

contributed to the slightly higher rate. The tension flange for Column H11 also
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experienced tensile strains similar to Column H9. However, the tensile strain gauge
measurements were much smaller at peak for Column H11 (140 pe) than Column H9
(620 pe) because the strain gauges were much closer to the neutral axis (75 mm from the
extreme fibre) in weak-axis bending (Column H11). Therefore, the effects of tension
stiffening cannot be determined for Column H11. Since the strain gauge measurements
agree well with the average overall strain distribution during the initial loading phase, the
curvature obtained from the strain gauge measurements must also agree with the
curvature from the average overall strain distribution over the same phase.

The flanges of Columns H8 through H11 had a pair of longitudinal strain gauges
located 75 mm from each flange tip, with one of each pair affixed on each side of the
flange. The pairs allowed for an increased accuracy of the reading and for the detection
of local buckling of the compression flange. Since a strain gradient exists across the
column cross-section, a slight difference in strain for strong-axis bending is expected
because the gauges on the outside of the flange are farther from the neutral axis than the
inside gauges. In weak-axis bending, the inside and outside flange gauges are the same
distance from the neutral axis, so the measurements should be similar. .For strong-axis
bending (Columns H8 and H9), the SW and SE flanges were the compression flanges,
and for weak-axis bending (Columns H10 and H11), the SW and NW flanges were the
compression flanges. Examination of these pairs showed signs of local buckling before
the peak load on the SE flange of Column HS (see Figure 7-16). The behaviour observed
in Figure 7-16 was typical of the captured buckles that formed in concentrically-loaded
PEC columns (more information describing the characteristics of local buckles on a load-
versus-strain curve can be found in Section 6.2.2). No signs of local buckling before the
peak were evident for Columns H9 through H11. The formation of a buckle in
Column HS is likely caused by initial geometric imperfections or variations in the
material properties because a buckle did not form on the SW flange of H8, nor did
buckles occur on Column H9, which was also bent about the strong axis. Plots showing
the longitudinal strain, measured from the compression flange pairs, versus the column

load for Columns H8 through H11 are included in Appendix F (Figures F-5 to F-12).
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7.2.3 Moment versus Curvature

The moment-versus-curvature relation can be used to determine the effective
column stiffness and to quantify the ductility of a plastic hinge. The effective flexural
stiffness for an eccentrically loaded column at a given load is the tangential slope of the
moment-versus-curvature plot at that load. The stiffness of a PEC column decreases
during eccentric loading as the concrete in the tension zone cracks, the concrete in the
compression zone crushes, and the steel yields or buckles. The ductility of the column
can be quantified by examining the peak moment region on the curve. An eccentrically
loaded column with high ductility is able to sustain the peak moment over a large range
of curvature.

Figure 7-17 shows the moment-versus-curvature curves for Columns H8 through
H11. In the figure, the moments are calculated by multiplying the column load by the
mid-height eccentricity, which is determined by adding the initial eccentricity to the mid-
height deflection (measured by CT3) and subtracting the translation of the rockers. The
rocker translation is calculated using Equation 5.1. The column curvature is the slope of
the strain distribution measured by the lino pots (see Section 7.2.1).

During the initial linear portion of the moment-versus-curvature diagram, the
measured stiffness (slope of the curve) should be close to the theoretical initial (elastic)
stiffness. The theoretical initial stiffness can be calculated by adding the steel section
stiffness to the concrete stiffness as follows:

(EI)PEC =El;+E.l. (7.1)
In Equation 7.1, (El)pgc is the theoretical initial column stiffness, E is the elastic modulus
of the steel plate (202,100 MPa), / is the moment of inertia of the steel section, E. is the
elastic modulus of the concrete (see Table 4-3), and /. is the moment of inertia of the
concrete. In determining /., the stiffness of the concrete in tension is neglected since
cracking in tension takes place at low strains. Columns H8 and H10 were in compression
over the entire cross-section, while Columns H9 and H11 experienced some tension on
the cross-section. Column H11 experienced more tensile strain in its tension face than
did Column H9. For Columns H9 and H11, the location of the neutral axis, which varied
little between 10% and 50% of the peak moment (#/,), was determined using the average

overall strain distribution. The neutral axis was 10 mm and 70 mm from the tension face
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for Columns H9 and H11, respectively. The large variation of the neutral-axis location
below 0.1, can be attributed to a combination of seating of the columns in the testing
machine and the fact that the measurement errors may have been significant as compared
to the measurements themselves. Above 0.5M,, the neutral-axis location moves due to
the increased second-order moment effects on the column and the non-linear behaviour of
the material at these strains. For Column H9, the neutral axis was only 2 mm into the
concrete section (10 mm from the tension face minus 8 mm flange thickness), so the
concrete experienced negligible tension and /. was not reduced. Therefore, /. was
reduced for Column H11 only.

The theoretical initial column stiffness for columns bent about their strong axis
(Columns H8 and H9) is 112x10'* and 110x10"* N-mm?, respectively, and about their
weak axis (Columns H10 and H11) are 76.6x10'* and 54.7x10"* N-mm?, respectively.
The initial measured column stiffnesses (initial slope of the moment-versus-curvature
plot) for Columns H8 through H11 are 106x10'%, 103x10'2, 74.6x10'%, and
55.6x10' N-mm?, respectively. These values are less than the theoretical stiffnesses by
5.4%, 6.4%, and 3.6% for Columns H8, H9, and H10, respectively, because the
theoretical values do not consider geometric imperfections and material variability that
are present in the actual columns. The theoretical stiffness of Column H11 is 1.6% less
than the measured value (55.6x10"> N-mm?). The difference in these values results from
the uncertainty in the determination of the neutral-axis location and the omission of the
geometric imperfections and material variability in the calculation of the theoretical
value. Nevertheless, the theoretical stiffnesses are all reasonable approximations of the

measured values.

7.2.4 Transverse Strain Measurements and Transverse Stresses

The transverse strains were measured on the SW flange (which was in
longitudinal compression in all columns) at the link level and on the web at the mid-link
level for all four columns. To analyse the confinement pressure on the steel shape due to
the lateral expansion of the concrete, a biaxial stress state was assumed that was

determined using the procedure and residual stress pattern described in Section 6.2.3. A
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summary of the transverse stresses at yielding (i.e., when the von Mises stress, gy,
equals the steel yield stress, F)) for the flange and web is presented in Table 7-3 for
Columns H8 through H11. InTable 6-3Table 7-3, the transverse stresses, o7, reported for
the web are the average values of those measured on each side of the web. However, the
flange bent outward, so both the inner and outer transverse stresses are reported. The
ratio P/P, is the ratio of the column load when the steel yielded to the peak column load,
and oy /oy, s the ratio of longitudinal stress to the von Mises stress when the steel
yielded. Only the web of Column H11 reached the column peak load without yielding
(P/P, equals 1.0) due to the steep strain gradient that resulted in a relatively low strain at
the gauge location.

When the von Mises criterion was reached, g, /oy, was slightly greater than 1.0
for each column (Columns H8 through H11) for both the flange and web, indicating that
the transverse stress did not reduce the axial capacity of the steel section. Moreover,
despite the fact that the measured transverse strains were tensile as a result of the Poisson
effect, the average stress oy ranged from 6 MPa compression to 51 MPa compression,
implying that confinement of the concrete may not have been taking place at these load
levels. (However, as mentioned in the previous section, the steel section provided
significant confinement to the concrete during the hinge formation when the column was
bent about its strong axis.) The compression flanges of all columns experienced a higher
transverse compressive stress on the inside of the flange than on the outside as a result of
a slight outward bend between the web and the link.

For all columns, the link-level flange yielded at a lower P/P, than the web
(mid-link level) due to the localised residual strains present near the links (see
Section 7.2.2) and the strain distribution. The SW flange was oriented to always be a
compression flange and was farther from the neutral axis than the web gauge location
(see Figure 7-10). Therefore, at a given load, the SW flange was straining at a higher

rate, which caused it to yield before the web.

122



7.2.5 Link Strains and Stress

Link strains were measured on the inside and outside of a link that was at an
elevation of 1120 mm on the west face. As shown in Figure 5-10, the link strain was
measured using strain gauges that were placed half-way along the link’s length. The
strains and stresses in the links at the peak load are summarised in Table 7-4. Plots of the
link strain versus column load are included in Appendix F (Figures F-13 to F-16). For
Columns H8 and H10, with small eccentricities, a slight difference between the inner and
outer strain gauges developed near the peak load (40 pe and 80 pe, respectively, at
0.95 P,), indicating that the links were bending inward for Column H8 and outward for
Column H10. The outward bending in Column H10 may have been due to the higher
lateral dilation of the concrete under nearly pure compression. The inward bending of
Column H8 may have been caused by an initial outward bend in the link being
straightened as the tensile strain increased during the test or it could be a result of the
strain gradient across the column cross-section causing a curvature reversal in the link.
In any case, the degree of bending was small for both columns. For Columns H9 and
H11, with larger eccentricities, there was a negligible difference between the inner and
outer strain gauges. The strain at the peak load was less for columns bent about their
strong axis (396 and 300 pe for Columns H8 and H9, respectively) than columns bent
about their weak-axis (596 and 449 pe for Columns H10 and H11, respectively). For
eccentrically loaded columns in strong-axis bending, the link strain will vary along the
length of the link because the links are perpendicular to the bending axis of the column.
The tensile strain gradient in the link along its length should be approximately
proportional to the strain gradient across the column’s cross-section. At the end of the
link at the compression flange, the link prevents the flange from buckling outward,
resulting in maximum link tension at that end. At the other end of the link, the column
compression will be less (or tensile) and the link will not strain as much. The varying
tensile stress is equilibrated by the bond stresses at the interface with the concrete.
Column HS8 had a higher measured strain in the link at the peak load (396 pe) than
Column H9 (300 pe) because it had a lower strain gradient across the cross-section
resulting in more tensile demand from the link at the “tension” face of the column.

Therefore, the average demand, which theoretically occurs at the gauge location, will be
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higher for a more uniform compressive strain (lower strain gradient). A link on the
compression side during weak-axis bending should experience relatively constant tension
along its length because both ends of the link inhibit flange buckling. This is similar to
the concentrically loaded columns; however, unlike the concentrically loaded columns,
the concrete expands less near the web due to the strain gradient. Column H10 had a
higher measured strain in the link at the peak load (596 pe) than Column H11 (449 pe)
because it had a smaller strain gradient across the cross-section resulting in more lateral
concrete expansion at both ends of the link. Although the links on the tension side of the
columns were not measured for strain, they were expected to strain the least because the
flanges at either end of the links are not as susceptible to local buckling. More gauges

would be required to accurately determine the tensile strain gradient along the link length.

7.2.6 Interaction Diagrams for PEC Columns

Interaction diagrams were developed for the eccentrically loaded PEC columns
tested in this study. Figure 7-18 shows strong-axis bending and Figure 7-19 shows weak-
axis bending. The failure envelope on the interaction diagram represents the predicted
failure for any combination of (unfactored) load and moment. Theoretically, if a
particular combination of applied load and moment falls within the failure envelope, then
the column has the capacity to support that combination. If it falls outside to the failure
envelope, then the column is predicted to fail.

The interaction diagrams shown in Figure 7-18 and Figure 7-19 were developed
using methods similar to reinforced concrete column interaction diagrams. As such, they
neglect the links present at distinct elevations. Multiple strain gradients were assumed
for the column and then the load and moment capacities were calculated for each strain
gradient. Since the degree of concrete confinement is small, for every strain gradient the
extreme concrete fibre crushing strain was set at 3500 pe. For weak-axis bending this
fibre was at the edge of the concrete face, while for strong-axis bending, this fibre was
inside of the compression flange (see Figure 7-20). The extreme tension strain was
varied to generate different strain gradients, resulting in different points on the failure

envelope. The values of extreme tension strain used to generate the failure curve in
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Figure 7-18 and in Figure 7-19 were zero tension, 0.5 times the yield strain of steel, ¢y,
0.75¢y, 1.0gy, 1.5¢y, 2¢,, 3¢y, 5S¢y, and 10g, (10, results in a tensile load capacity for
strong-axis bending and is not shown in Figure 7-18) Uniform compression on the cross-
section was also used to determine points on the failure envelope. Uniform compression
was calculated using the concentric load resistance given in Equation 2.14.

The load and moment capacities calculated for each strain gradient were based on
the measured cross-sectional geometry and material properties. The concrete was
assumed to have no tensile strength. To calculate the compressive force in the concrete,
an equivalent rectangular compression block was assumed for the stress distribution in a
manner similar to that used in the design of concrete columns (CSA 2004¢). The

concrete force at the ultimate condition was taken as:

Cc = alf'c bcﬂlc (72)
a, =0.85-0.0015f",>0.67 (7.3)
B, =0.97-0.0025f" >0.67 (7.4)

In Equation 7.2, b, is the net width of the concrete block (392 mm in strong-axis bending
and 384 mm in weak-axis bending), c is the distance from the neutral axis to the extreme
concrete compression fibre (see Figure 7-20), and a; and £ are defined in Equations 7.3
and 7.4, respectively. For strong-axis bending, /7. was set to 63.5 MPa because this was
the average value measured for Columns H8 and H9 (individual batches differed by 3%).
For weak-axis bending, 1. was set to 65.4 MPa because this was the average value
measured for Columns H10 and H11 (individual batches differed by 1%). The force
resultant, C,, acts through the centre of the compression block. As mentioned in the
previous paragraph, Equation 2.14 was used to calculate the capacity of the section in
uniform compression. This approach effectively equates a; to 0.8, instead of 0.75, which
was calculated using Equation 7.3. Although this is a discrepancy in the procedure, the
use of 0.75 would decrease the uniform compressive capacity by 6% when the results of
the concentrically-loaded PEC columns (see Chapter 6) show that Equation 2.14 is
already conservative. Therefore, the uniform compressive capacity was not reduced

using a;. To avoid a discontinuity in the interaction diagrams, the transition is assumed
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to be linear between the point corresponding to zero strain on the column tension face
and the one corresponding to pure compression, as shown in Figures 7-18 and 7-19.

The steel section was discretised based on its orientation so that the individual
pieces were under a nearly-uniform strain. For strong-axis bending, the flanges were
each kept as one piece and the web was separated into ten pieces (see Figure 7-20). In
weak-axis bending, the web was kept as one piece and each flange was each broken into
ten pieces. The strain at the centre of each piece (calculated from the strain distribution)
was assumed constant over that piece’s area. The effect of the transverse stresses was
neglected in determining the yield point in the steel section. If the piece had yielded
(strain exceeds 1950 pe in tension or compression), the force resultant for the individual
piece was the area of the piece multiplied by the yield stress (394 MPa). If the piece had
not yielded, the force resultant for the individual piece was the area of the piece
multiplied by its strain and by the elastic modulus of steel the steel plate (202,100 MPa).
If an individual flange piece was in compression, then the area of that piece was reduced
to an effective area using Equations 2.4, 2.6, with n = 1.5, and 2.13 (by taking b and b, in
Equation 2.6 to be the actual and effective widths, respectively, of the individual piece
and all other variables, including b, in Equations 2.4 and 2.13 to be as defined in
Chapter 2) to account for its susceptibility to local buckling. By so doing, for weak-axis
bending the effective width may be somewhat underestimated since a strain gradient is
present along the flange that was not assumed in the development of the effective width
equations for concentric loading. The force resultant for an individual steel piece acts
through the centre of that piece’s area.

The load capacity for the section is taken as the summation of the force resultants.
The moment capacity for the section is the summation of each force resultant multiplied
by its distance from the column centreline.

The predicted load and moment capacities listed in Table 6-1 are the locations
where the measured column behaviour crosses the failure envelope. For strong-axis
bending (Figure 7-18), Columns H8 and H9 exceeded the capacities predicted by the
interaction diagram failure envelope by 17 to 27%. The interaction diagram does not
consider the effects of any concrete confinement provided by the steel section or the

strain hardening of the steel at high strains. Since the load-versus-moment curves of
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Columns H8 and H9 are quite linear, the second-order effects were minimal. Like the
strong-axis bending, the predicted capacities of Columns H10 and H11 (see Figure 7-19)
were exceeded, but by only 4 to 9%. The PEC interaction diagrams did not overestimate
the column capacity as much in weak-axis bending because no flange is present to
provide confinement for the concrete as it crushes at the extreme fibre. Second-order
effects were also minimal for Columns H10 and H11, as their behaviour was quite linear.
Although the interaction diagram does not consider concrete confinement provided by the
steel section or the strain hardening of the steel, it still provides a good, conservative
prediction of PEC column behaviour in both strong- and weak-axis bending over a large

range of eccentricities.
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8C1

Table 7-1 Peak Load Summary for Eccentrically Loaded Columns

Initial Test Failure Predicted Test/Predicted
Specimen | Eccentricity | Load | Moment Mode Load | Moment | Load | Moment
(mm) (kN) (kNm) (kN) (kNm)
Local Buckling
HS8 23 10 920 285 Concrete Crushing | 9285 225 1.18 1.27
Local Buckling
H9 100 7260 771 Concrete Crushing | 6230 645 1.17 1.20
Concrete Crushing
H10 25 9740 273 Local Buckling 9125 250 1.07 1.09
Concrete Crushing
HI11 74 6370 506 Local Buckling 6145 485 1.04 1.04




Table 7-2 Overall Column Test Results Obtained from Lino Pots

Average Tension Compression Average
Peak Strain at | Side Strain | Side Strain Secant
Test Peak at Peak at Peak Modulus at
Column Load Load Load Load 0.4P,
(kN) (ne) (ne) (ne) (kN/ue)
HS8 10 920 2625 1216 4035 6.0
H9 7260 2079 -584 4742 5.6
HI10 9740 1893 668 3118 6.0
H11 6370 1286 -927 3498 5.6

Note: Tension is negative

Table 7-3 Biaxial Stress State of the Steel Plate at Yielding

Inner | Outer | Average
Location P/P, (9 oT oT oT ovM oL/6ym
(MPa) | (MPa) | (MPa) (MPa) | (MPa)

Flange 0.62 | 414 73 18 46 394 1.05

HS8
Web 0.86 | 401 14 14 394 1.02
Flange 0.56 | 397 18 -7 6 394 1.01

H9
Web 0.97 | 401 15 15 394 1.02
Flange 0.63 415 93 8 51 394 1.05

HI10
Web 0.95 399 9 9 394 1.01
Flange 0.66 | 416 80 21 51 394 1.06

HI1
Web 1.00 | 295 13 13 289 1.02

Note: Tension is negative
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Table 7-4 Link Strain Summary for Eccentrically Loaded Columns

Average Average
Peak Tensile Tensile Link
Column Load Link Strain Stress % Yield
(kN) (Me) (MPa) (307 MPa)
HS8 10 920 396 79 26%
H9 7260 300 60 20%
H10 9740 596 119 39%
H11 6370 449 90 29%
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Figure 7-2 Crushed Concrete and Figure 7-3 Crushed Concrete and
SW Flange Buckle in Zone 3 on the SE Flange Buckle in Zone 3 on the East
West Face of H8 (after test) Face of H8 (after test)

Figure 7-4 Crushed Concrete and Figure 7-5 Crushed Concrete and

SW Flange Buckle in Zone 3 on the SE Flange Buckle in Zone 2 on the East
West Face of H9 (after test) Face of H9 (after test)
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Figure 7-6 Crushed Concrete and SW Figure 7-7 Tension Crack Pattern on
and NW Flange Buckles in Zone 4 on the East Face of H10 (after test)
the West Face of H10 (after test)

Figure 7-8 Crushed Concrete and SW Figure 7-9 Tension Crack Pattern on
and NW Flange Buckles in Zone 4 on the East Face of H11 (after test)
the West Face of H11 (after test)
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8.0 Summary, Conclusions, and Recommendations

8.1 Summary

An experimental and analytical research project was undertaken to study the
behaviour of partially encased composite (PEC) columns made with high performance
concrete. PEC columns consist of a thin-walled welded H-shaped steel section with
transverse links welded between the opposing flanges (to improve the buckling resistance
of the flange) that is infilled with concrete between the flanges.

Previous research studied the behaviour of PEC columns made with normal-
strength concrete under concentric or eccentric loading. For this study, 11 PEC stub
columns measuring 400 mm x 400 mm x 2000 mm were tested, with the primary
variables being concrete type, link spacing, and load eccentricity. Besides the concrete
type and the transverse-link spacing, all other parameters for the PEC columns satisfied
the requirements of the Canadian steel design standard, CSA S16-01 (CSA 2001).

Two groups of PEC columns were tested. The first group consisted of seven PEC
columns that were tested under concentric axial loading. Three types of concrete
(normal-strength, high-strength, and steel-fibre reinforced high-strength) and three
different link spacings (120, 200, and 400 mm) were used in the columns. The normal-
strength concrete was used as a control to permit a direct comparison with previous
research and the steel fibres were used as a potential means of improving the failure
mode of PEC columns constructed with high-strength concrete. The column behaviour
was examined by considering the load-versus-strain response at various points in the
cross-section, the transverse stresses in the steel shape (web, flange, and links), and the
summation of the constituent behaviours (steel and concrete). The test capacities were
compared to those predicted using the existing design provisions in S16-01 that were
developed using test results for PEC columns with normal strength concrete.

The second test group consisted of four identical PEC columns made with high-
strength concrete and 240 mm link spacing that were tested under eccentric axial loading
to determine their behaviour under a combination of axial force and bending. Rocker end

fixtures allowed for a pin-ended connection for the eccentric tests. The parameters
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investigated included the bending axis (strong-axis or weak-axis, as defined by flexural
stiffness) and the amount of initial eccentricity of the load. Similar to the first group, the
eccentrically-loaded column behaviour was examined by considered the load-versus-
strain response at various points in the cross-section and the transverse stresses. In
addition, the moment-versus-curvature response was studied. Load-versus-moment

interaction diagrams were constructed to predict the column performance.

8.2 Conclusions

8.2.1 Concentric Load Tests

For all seven concentric tests, the failure mode was similar: concrete crushing
combined with the steel flange buckling. The onset of local buckling occurred prior to
the peak load in only one column that had atypical outward local imperfections in the
steel flanges between the links. The failure of the columns made with the high-strength
concrete was sudden, as compared to an equivalent column made with normal-strength
column. The addition of steel fibres to the high-strength concrete resulted in a column
failure that was somewhat more ductile. Ancillary test results from the steel fibre
reinforced (SFR) concrete showed that the steel fibres increased the ductility of the
concrete; therefore, the failure mode of the PEC column was influenced by the failure
mode of the concrete within the column. For all concrete types, a decreased spacing of
the transverse links resulted in a somewhat more ductile failure mode compared to the
larger spacing.

For all seven tests, longitudinal strains were found to be uniformly distributed
across the steel cross-section at the link level and the mid-level, except for at the flange
of the link-level. The flange at the link level was found to yield prematurely, which was
attributed to the proximity of the gauge location to the link welds. This did not result in a
decrease in the column capacity because the presence of the link prevented the flange
from buckling.

Link stresses at the peak column load were found to be highest (80% of the yield
stress) in the columns made with steel-fibre reinforced high-strength concrete because

these columns sustained their peak load over a larger strain range. Since the highest
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stress measured was below the yield stress, the current design requirements for link cross-
sectional area and welding in CSA S16-01 (CSA 2001) are considered satisfactory.

Similar to observations from previous tests on PEC columns made with normal-
strength concrete, transverse strains in the steel did not reduce the axial capacity of the
steel section. Moreover, the stress distribution indicated that the degree of confinement
of the concrete within the steel section was low.

The average test-to-predicted capacity ratio of the PEC columns that were made
with high-strength concrete (with and without steel-fibre reinforcement) was 1.21. For
the non-fibrous high-strength concrete, the average ratio was 1.16. Therefore, the design
equations in CSA S16-01 (CSA 2001) that were used to calculate the predicted strength
are conservative for use with PEC columns with high-strength concrete. These design
calculations reduce the capacity of the steel flanges to account for their susceptibly to
local buckling between the links. However, flange buckling was not observed before the
peak load. Therefore, the full steel section could be used in the strength prediction,
which results in a mean test-to-predicted capacity ratio for the specimens with high
strength concrete of 1.16 (1.11 for the non-fibrous specimens). Moreover, increasing the
concrete strength modifier from 0.8 (in S16-01) to 0.9, (and using the unreduced steel
section) was found to give an improved prediction of the peak strength, with a mean test-
to-predicted strength ratio of 1.07 (1.03 for the non-fibrous specimens). Furthermore,
this latter set of assumptions was used along with the load-versus-strain curves of the
constituent materials to give a good prediction of the column behavioural history up to

the peak strength.

8.2.2 Eccentric Load Tests

For the four eccentric tests, the failure mode was similar: concrete crushing
combined with steel flange buckling during the formation of a plastic hinge. However,
the actual failure was different depending on about what axis bending took place. In
strong-axis bending the extreme compression and tension fibres were steel, whereas in
weak-axis bending they were concrete. As such, columns bent about the strong axis had

a more gradual hinge formation because the steel flange provided continuous
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confinement to the concrete undergoing the highest compressive strain, thus inhibiting
spalling. Columns bent about the weak axis had a more sudden hinge formation because
the concrete undergoing the highest compressive strain had no continual support. Local
buckling was observed on one compression flange of Column H8 (e = 23 mm) at 90% of
the peak load, but all other columns reached the peak load and the onset of local buckling
simultaneously.

The longitudinal-strain gradient across the cross-section was linear, as confirmed
by the use of external linear potentiometers and internal strain gauges. Similar to the
concentrically loaded specimens, the flange at the link level yielded prematurely. Slight
variations (within 10%) in tensile strain between the linear potentiometer and strain
gauge measurements indicate the tension stiffening of the PEC column. The initial
stiffnesses of the four columns obtained from the moment-versus-curvature diagrams
were within 2 to 6% of the theoretical value when the tensile stiffness of the concrete was
neglected.

Transverse strains measured in the flanges indicate that the flanges were slightly
bending outward between the link and the web for all four specimens. However, the
resulting stresses and the transverse stresses in the web did not decrease the capacity of
the steel section. The maximum tensile stress in the links was found to be 44% of the
yield stress. Therefore, the current design requirements for cross-sectional area and
welding of the links in CSA S16-01 (CSA 2001) are also satisfactory for eccentric
loading.

Load-versus-moment interaction diagrams were used to estimate the capacity of
the eccentrically-loaded PEC columns. A linear strain distribution was assumed for the
construction of the diagrams, which was confirmed by the longitudinal measurements (as
noted above). Considering that local buckling was observed prior to reaching the peak
capacity during one of the four eccentric tests and it seemed to be influential in triggering
failure in all cases, the steel flanges in compression were reduced to an effective area
using the equations of CSA S16-01 (CSA 2001). Interaction curves formulated with this
consideration resulted in average test-to-predicted ratios for column load and moment of

1.12 and 1.15, respectively, with minimum values of 1.04 and 1.04, respectively. The
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procedure was significantly more conservative when predicting strength for strong-axis

bending. Nevertheless, it provided a conservative strength prediction in all cases.

8.3 Recommendations

The results obtained throughout this study have led to recommendations for the
design of PEC columns made with high performance concrete and recommendations for

future research.

8.3.1 Design

In general, PEC columns with high-strength concrete behaved in a similar manner
to those with normal-strength concrete, although the failure mode in some cases was
more brittle. The current design procedures in S16-01 for concentrically loaded columns
were found to give conservative predictions of strength and, as such, are considered to be
adequate when extended to include high-strength concrete. Concrete up to 66 MPa was
utilized in this study, so it seems reasonable to extend the current upper limit in S16-01
from 40 MPa to 70 MPa.

Although local buckling was generally not observed during the concentric tests
before the peak load (except for in one specimen that had an atypical number of outward
initial imperfections in the flange), it is recommended that the reduced steel flange area
used in the calculation of the design strength be retained because the maximum width-to-
thickness ratio, b/t, allowed by CSA S16-01 (CSA 2001), which is 32, was not studied in
conjunction with this research. The width-to-thickness ratio of the flange used in this
study was 25.

Columns that were fabricated with a smaller link spacing exhibited an improved
failure mode at the peak load for each type of concrete used in this study. Furthermore, a
link spacing equal to the column depth resulted in a brittle failure regardless of the type
of concrete used. Therefore, the design requirement of CSA S16-01 (CSA 2001) that
limits the centre-to-centre spacing of links to a maximum of two-thirds of the column

depth should not be increased.
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The addition of steel fibres to the high-strength concrete improved the ductility of
the column somewhat. However, the use of a very small link spacing (one-third of the
column depth) had a similar effect. Although both options tend to improve the behaviour
around the peak load, the closer link spacing is likely a more economical choice if the
strain demand is isolated to a small region of the column length because the link spacing
would only need to be decreased in that region. To use SFR high-strength concrete in
that region would require the entire column to be cast with SFR concrete or to be cast in
specific lifts that would require additional construction considerations. Either of the two
SFR concrete options would likely be more expensive than welding in extra bars during
the steel section fabrication. If steel-fibre reinforced concrete is used to cast PEC
columns, then the length of the steel fibre should be less than or equal to the cover over
the links to prevent bridging that could result in large air voids forming between the link
and the formwork.

The transverse strains measured during the concentric and eccentric tests were
negligible and did not reduce the capacity of the PEC columns. Therefore, they need not
be considered in design. Moreover, the strain distributions in the steel sections implied
that the degree of confinement of the concrete was small and should therefore not be
accounted for in design.

For both concentric and eccentric tests, the cross-sectional area and welding of the
links were determined from the design requirements of CSA S16-01 (CSA 2001). Since
the link stress never exceeded 83% of the yield stress, the design requirements are
considered adequate.

Load—-moment interaction diagrams, as described in this report, can conveniently
be used to design PEC columns that are not concentrically loaded because they
conservatively predict the capacity and they are relatively easy to produce. Moreover,
since they are routinely used for the design of reinforced concrete columns, the concepts

are familiar to designers.
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8.3.2 Future Research

In total, nine tests were performed on PEC columns made with high-strength
concrete. To fully extend the range of applications of PEC columns made with high-
strength concrete, further testing is required to validate the design procedures of
CSA S16-01 (CSA 2001) for concentrically loaded columns and the design procedures
recommended herein for columns loaded under combined axial load and bending.

For all nine tests, the flange b/t was 25 and local buckling generally did not occur
before the peak load. Furthermore, strength predictions using the full steel area gave
good approximations of column strength. However, the current maximum b/# ratio
allowed by CSA S16-01 (CSA 2001) is 32. Therefore, a PEC column made with high-
performance concrete having a b/f ratio of about 32 should be tested concentrically to
determine if local buckling occurs before the peak load.

The hinges that formed during the peak load were brittle in weak-axis bending.
Previous research (including this study) has found that a smaller link spacing increases
the ductility of the failure under concentric loading. Therefore, a smaller link spacing
should be investigated to determine its effect on hinge ductility in weak-axis (and strong-
axis) bending.

All of the specimens tested in this study (concentric and eccentric) had early
yielding of the flange at the link level. It was theorized that the early yielding was caused
by localised residual stress in the steel caused by welding of the links and shrinkage of
the concrete. To determine the influence of the welds, a residual stress evaluation should
be performed on a steel section that has had links welded to it. To determine the
influence of the concrete shrinkage, the steel strains should be measured periodically
between the column’s casting and testing dates.

The existing numerical model developed by Begum et al. (2005) should be
compared to the results obtained in this study to determine the adequacy of the model for
use in predicting the behaviour of PEC columns with high-strength concrete. The model
could then be used in conjunction with selected further physical tests to confirm the

conclusions drawn from this experimental program.
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Appendix A

Shop Drawings of the Steel Section and the Rocker End Fixtures
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Local Imperfections in the Steel Flange
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Appendix B — Local Imperfections in the Steel Flange

This appendix includes the results of the initial local imperfection measurements
made on the flanges of the bare steel sections. The initial local imperfections presented
in this report were determined in the same manner as those presented by Chicoine et al.
(2002a). The imperfections are illustrated in Figure B-1. The imperfection amplitude, a,
is the difference between the average depth, x, measured at two adjacent links and the
measured depth half-way between those same links (labelled M in the following tables).
The initial imperfections were measured along the lines at the centre and at both flange
edges for each flange. The lines were numbered 1 through 6 as illustrated in Figure B-1b,
which shows line 1 being measured. Lines 1, 3, 4, and 6, were used to calculate flange
local imperfection amplitude, while lines 2 and 5 were used to improve the detail of the
measured transverse flange profile. The local imperfection results for Columns H1
through H11 are included in Tables B-1 through B-11. In the tables, inward
imperfections are shown as positive. Additional spot checks were made after the

columns had been cast and no significant differences were found.

() Rigid Aluminum Bar \ At (b) i

Y ol 475 6

Local Imperfection Amplitude (@)

Figure B-1 Initial Imperfection Measurements in (a) Longitudinal Side View and

(b) Section A-A View
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Table B-1 Local Flange Imperfections for Column H1

Depth, x Adjacent Link Average Flange Local Imperfection Amplitude, a
Line Location Line Location Line Location

Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6

(mm) (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) (mm) (mm) (mm) (mm)
1 50 76.00 | 79.23 | 80.01 | 83.61 | 81.91 | 79.31
6 400 77.29 | 79.29 | 80.53 | 82.77 | 82.23 | 80.21

M 500 77.45 | 79.53 | 80.55 | 83.05 | 82.21 | 80.60 | 77.37 | 80.14 | 82.81 | 80.34 0.08 0.41 0.24 0.26
7 600 77.44 | 79.15 | 79.75 | 82.84 | 82.32 | 80.47

M 700 77.29 | 78.79 | 79.84 | 82.95 | 82.48 | 80.79 | 77.56 | 79.54 | 82.84 | 80.57 | -0.27 0.31 0.11 0.22
8 800 77.67 | 78.66 | 79.32 | 82.83 | 82.19 | 80.67

M 900 77.36 | 78.61 | 79.45 | 82.85 | 82.53 | 81.01 | 77.32 | 79.06 | 82.79 | 80.89 0.05 0.39 0.06 0.13
9 1000 76.96 | 77.70 | 78.80 | 82.74 | 82.67 | 81.10

M 1100 77.52 | 77.76 | 79.66 | 83.38 | 82.88 | 81.30 | 77.17 | 78.82 | 83.01 | 81.30 0.36 0.84 0.38 0.00
10 1200 77.37 | 77.40 | 78.84 | 83.27 | 82.84 | 81.50

M 1300 77.27 | 77.73 | 79.27 | 83.53 | 82.90 | 81.76 | 77.34 | 78.82 | 83.37 | 81.86 | -0.07 0.45 0.16 -0.09
11 1400 77.30 | 78.12 | 78.79 | 83.47 | 83.37 | 82.21

M 1500 77.63 | 77.83 | 79.20 | 83.90 | 83.65 | 83.07 | 77.29 | 78.77 | 83.84 | 82.74 0.34 0.44 0.06 0.33
12 1600 77.27 | 78.20 | 78.74 | 84.20 | 83.90 | 83.27
17 1950 77.53 | 78.10 | 78.75 | 85.85 | 84.67 | 84.75

Average Imperfection Amplitude 0.22

Number of Outward Imperfections 3
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Table B-2 Local Flange Imperfections for Column H2

Depth, x

Adjacent Link Average

Flange Local Imperfection Amplitude, a

Line Location

Line Location

Line Location

Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6
(mm) (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) (mm) (mm) (mm) (mm)
1 50 82.19 | 82.31 | 81.95 | 81.81 | 82.54 | 81.86
6 400 82.41 | 82.34 | 80.55 | 81.45 | 82.58 | 83.04
M 600 83.55 | 81.87 | 80.58 | 82.37 | 82.79 | 85.19 | 82.72 | 80.09 | 81.49 | 83.68 0.83 0.49 0.88 1.51
7 800 83.02 | 81.85 | 79.63 | 81.53 | 82.92 | 84.31
M 1000 84.38 | 81.93 | 80.77 | 82.01 | 83.19 | 84.88 | 83.08 | 79.59 | 81.04 | 84.17 1.30 1.18 0.98 0.72
8 1200 83.14 | 82.23 | 79.54 | 80.54 | 82.20 | 84.02
M 1400 83.72 | 82.29 | 80.82 | 81.35 | 82.26 | 85.18 | 83.21 | 79.97 | 80.76 | 84.11 0.51 0.85 0.59 1.07
9 1600 83.28 | 82.36 | 80.39 | 80.98 | 82.20 | 84.20
14 1950 8491 | 83.24 | 82.48 | 81.56 | 82.56 | 82.69
Average Imperfection Amplitude 0.91
Number of Outward Imperfections 0
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Table B-3 Local Flange Imperfections for Column H3

Depth, x Adjacent Link Average Flange Local Imperfection Amplitude, a
Line Location Line Location Line Location
Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6
(mm) (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) (mm) (mm) (mm) (mm)
1 50 82.06 | 81.45 | 81.69 | 80.81 | 80.42 | 80.80
6 400 81.50 | 80.30 | 81.54 | 80.45 | 80.56 | 80.28
M 460 81.78 | 80.36 | 81.44 | 80.82 | 80.86 | 80.33 | 81.44 | 81.30 | 80.51 | 80.07 0.34 0.14 0.31 0.27
7 520 81.37 | 80.19 | 81.05 | 80.56 | 80.50 | 79.85
M 580 81.65 | 80.11 | 81.22 | 80.87 | 80.35 | 80.00 | 81.18 | 81.21 | 80.66 | 79.97 0.47 0.02 0.22 0.03
8 640 80.99 | 79.85 | 81.36 | 80.75 | 80.44 | 80.09
M 700 81.63 | 79.86 | 81.25 | 81.42 | 80.32 | 79.99 | 81.29 | 81.14 | 81.14 | 79.93 0.34 0.12 0.28 0.06
9 760 81.59 | 79.76 | 80.91 | 81.53 | 80.96 | 79.76
M 820 81.45 | 79.92 | 81.06 | 81.61 | 80.75 | 79.80 | 81.50 | 81.07 | 81.42 | 79.94 | -0.05 -0.01 0.19 -0.14
10 880 81.41 | 79.58 | 81.23 | 81.31 | 79.91 | 80.12
M 940 81.31 | 79.56 | 80.96 | 81.60 | 79.84 | 79.40 | 81.59 | 81.08 | 81.53 | 80.00 | -0.28 -0.12 0.07 -0.60
11 1000 81.77 | 79.51 | 80.92 | 81.75 | 79.88 | 79.88
M 1060 81.18 | 79.94 | 80.95 | 81.69 | 79.78 | 79.31 | 81.52 | 80.93 | 81.47 | 79.93 -0.34 0.02 0.22 -0.61
12 1120 81.27 | 79.44 | 80.94 | 81.19 | 79.67 | 79.97
M 1180 81.28 | 79.35 | 80.97 | 81.70 | 80.32 | 79.85 | 81.48 | 80.80 | 81.50 | 79.74 | -0.20 0.17 0.20 0.11
13 1240 81.69 | 79.65 | 80.65 | 81.81 | 80.49 | 79.50
M 1300 81.13 | 79.47 | 80.85 | 81.79 | 79.64 | 80.22 | 81.49 | 80.78 | 81.59 | 79.94 | -0.36 0.07 0.20 0.28
14 1360 81.28 | 79.43 | 80.91 | 81.37 | 79.70 | 80.37
M 1420 81.55 | 79.54 | 80.64 | 81.71 | 80.01 | 80.47 | 81.72 | 80.48 | 81.53 | 80.27 | -0.17 0.17 0.18 0.20
15 1480 82.16 | 79.94 | 80.04 | 81.68 | 80.35 | 80.17
M 1540 81.55 | 79.54 | 80.64 | 81.28 | 80.42 | 80.30 | 82.18 | 80.04 | 81.22 | 80.34 | -0.63 0.60 0.06 -0.04
16 1600 82.20 | 80.09 | 80.04 | 80.75 | 80.26 | 80.51
21 1950 80.89 | 80.35 | 81.32 | 79.68 | 80.60 | 82.64
Average Imperfection Amplitude 0.05
Number of Outward Imperfections 13
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Table B-4 Local Flange Imperfections for Column H4

Depth, x Adjacent Link Average Flange Local Imperfection Amplitude, a
Line Location Line Location Line Location
Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6
(mm) (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) (mm) (mm) (mm) (mm)
1 50 81.58 | 80.69 | 79.72 | 85.25 | 82.94 | 82.43
6 400 80.56 | 80.89 | 80.43 | 81.50 | 82.84 | 82.92
M 500 81.07 | 81.11 | 81.18 | 81.64 | 82.29 | 83.30 | 80.76 | 80.75 | 81.36 | 83.07 0.31 0.44 0.29 0.23
7 600 80.95 | 81.04 | 81.06 | 81.21 | 82.16 | 83.21
M 700 81.30 | 81.50 | 81.29 | 81.31 | 82.04 | 83.17 | 81.24 | 80.87 | 80.87 | 82.95 0.06 0.42 0.45 0.22
8 800 81.52 | 81.62 | 80.68 | 80.52 | 82.09 | 82.69
M 900 81.65 | 81.73 | 80.91 | 80.75 | 82.27 | 82.95 | 81.61 | 80.59 | 80.34 | 83.05 0.05 0.32 0.41 -0.09
9 1000 81.69 | 81.84 | 80.50 | 80.15 | 81.97 | 83.40
M 1100 82.55 | 81.77 | 80.72 | 80.52 | 81.74 | 83.48 | 81.91 | 80.48 | 80.33 | 83.34 0.64 0.25 0.19 0.14
10 1200 82.13 | 82.13 | 80.45 | 80.50 | 81.77 | 83.28
M 1300 82.78 | 82.81 | 80.98 | 80.80 | 82.43 | 84.09 | 82.66 | 80.64 | 80.43 | 83.42 0.13 0.35 0.38 0.68
11 1400 83.18 | 82.28 | 80.82 | 80.35 | 82.28 | 83.55
M 1500 83.73 | 82.43 | 80.97 | 80.19 | 82.38 | 84.55 | 83.24 | 80.52 | 79.95 | 83.59 0.49 0.45 0.25 0.96
12 1600 83.30 | 82.90 | 80.22 | 79.54 | 82.70 | 83.62
17 1950 85.14 | 82.98 | 81.00 | 81.82 | 83.21 | 85.23
Average Imperfection Amplitude 0.33

Number of Outward Imperfections

1
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Table B-5 Local Flange Imperfections for Column HS

Depth, x Adjacent Link Average Flange Local Imperfection Amplitude, a
Line Location Line Location Line Location

Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6

(mm) | (mm) | (mm) | (mm) | (mm) | (mm) [ (mm) | mm) | (mm) [ mm) [ mm) | mm) | mm) | mm) [ mm)
1 50 82.55 | 82.20 | 81.90 | 81.58 | 81.81 | 80.34
6 400 83.14 | 81.61 | 81.77 | 81.83 | 81.87 | 79.91

M 600 83.81 | 81.46 | 83.34 | 83.43 | 82.29 | 81.38 | 82.76 | 81.96 | 82.05 | 80.43 1.05 1.38 1.39 0.95
7 800 82.38 | 81.46 | 82.15 | 82.26 | 82.87 | 80.94

M 1000 83.50 | 81.41 | 82.73 | 83.27 | 83.02 | 82.61 | 82.40 | 81.84 | 81.96 | 81.53 1.10 0.89 1.31 1.08
8 1200 82.42 | 81.24 | 81.52 | 81.66 | 83.45 | 82.12

M 1400 84.34 | 81.54 | 81.95 | 82.20 | 83.47 | 84.15 | 82.95 | 81.13 | 81.08 | 82.75 1.40 0.82 1.12 1.41
9 1600 83.47 | 81.50 | 80.74 | 80.50 | 83.70 | 83.37
14 1950 82.87 | 82.01 | 81.29 | 82.68 | 82.94 | 82.32

Average Imperfection Amplitude 1.16

Number of Outward Imperfections 0
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Table B-6 Local Flange Imperfections for Column H6

Depth, x Adjacent Link Average Flange Local Imperfection Amplitude, a
Line Location Line Location Line Location
Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6
(mm) (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) (mm) (mm) (mm) (mm)
1 50 7820 | 78.70 | 79.93 | 84.76 | 83.17 | 81.37
6 400 77.28 | 79.29 | 80.59 | 84.85 | 82.46 | 80.54
M 500 77.70 | 79.40 | 80.83 | 85.37 | 82.16 | 80.99 | 77.25 | 80.59 | 84.69 | 80.54 0.45 0.24 0.69 0.45
7 600 7722 | 79.48 | 80.59 | 84.52 | 81.68 | 80.53
M 700 77.63 | 79.43 | 80.94 | 85.14 | 81.51 | 80.79 | 77.26 | 80.44 | 84.54 | 80.42 0.38 0.50 0.60 0.38
8 800 7729 | 79.68 | 80.29 | 84.56 | 81.32 | 80.30
M 900 7795 | 79.66 | 80.81 | 85.25 | 81.18 | 80.60 | 77.33 | 80.22 | 84.36 | 80.68 0.62 0.59 0.89 -0.08
9 1000 77.37 | 79.71 | 80.15 | 84.15 | 81.09 | 81.06
M 1100 78.08 | 79.64 | 80.78 | 84.38 | 81.25 | 81.38 | 77.74 | 80.31 | 84.13 | 80.98 0.34 0.47 0.25 0.40
10 1200 78.11 | 79.77 | 80.47 | 84.11 | 81.41 | 80.90
M 1300 78.82 | 80.13 | 81.13 | 84.29 | 81.50 | 81.39 | 78.32 | 80.82 | 84.26 | 81.13 0.50 0.31 0.04 0.27
11 1400 78.53 | 80.47 | 81.17 | 84.40 | 81.68 | 81.35
M 1500 78.57 | 80.31 | 81.44 | 84.43 | 81.77 | 81.97 | 78.41 | 81.20 | 84.36 | 81.59 0.16 0.24 0.07 0.39
12 1600 78.29 | 80.37 | 81.23 | 84.32 | 82.02 | 81.82
17 1950 81.98 | 80.50 | 79.79 | 86.56 | 82.97 | 81.10
Average Imperfection Amplitude 0.38

Number of Outward Imperfections

1
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Table B-7 Local Flange Imperfections for Column H7

Depth, x

Adjacent Link Average

Flange Local Imperfection Amplitude, a

Line Location

Line Location

Line Location

Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6
(mm) (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) (mm) (mm) (mm) (mm)
1 50 78.57 | 7897 | 79.78 | 82.83 | 82.54 | 83.58
6 400 80.59 | 80.35 | 81.11 | 83.27 | 83.22 | 83.53
M 600 82.37 | 81.10 | 82.27 | 83.97 | 83.28 | 84.22 | 81.38 | 81.19 | 83.33 | 83.38 1.00 1.08 0.64 0.84
7 800 82.16 | 81.82 | 81.26 | 83.39 | 83.15 | 83.22
M 1000 83.68 | 82.23 | 82.24 | 84.40 | 83.06 | 84.23 | 82.59 | 81.83 | 83.29 | 83.16 1.10 0.41 1.12 1.08
8 1200 83.01 | 82.61 | 82.39 | 83.18 | 83.00 | 83.09
M 1400 84.07 | 82.70 | 83.85 | 83.78 | 83.05 | 83.77 | 82.80 | 82.52 | 82.76 | 82.71 1.27 1.33 1.03 1.07
9 1600 82.58 | 82.57 | 82.65 | 82.33 | 82.62 | 82.32
14 1950 82.56 | 81.96 | 81.74 | 82.44 | 82.27 | 82.26
Average Imperfection Amplitude 1.00
Number of Outward Imperfections 0
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Table B-8 Local Flange Imperfections for Column H8

Depth, x Adjacent Link Average Flange Local Imperfection Amplitude, a
Line Location Line Location Line Location

Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6

(mm) (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) (mm) (mm) (mm) (mm)
1 50 79.77 | 78.24 | 79.28 | 82.28 | 83.06 | 84.35
6 400 79.29 | 78.38 | 79.06 | 82.27 | 82.40 | 85.75

M 520 80.66 | 78.39 | 79.29 | 82.58 | 82.75 | 86.04 | 80.06 | 78.87 | 82.01 | 85.68 0.60 0.42 0.57 0.37
7 640 80.83 | 78.65 | 78.67 | 81.75 | 82.28 | 85.60

M 760 81.59 | 78.60 | 78.55 | 82.53 | 81.90 | 85.76 | 81.06 | 78.27 | 81.75 | 85.46 0.53 0.28 0.78 0.30
8 880 81.29 | 78.70 | 77.87 | 81.75 | 81.75 | 85.32

M 1000 81.86 | 78.47 | 78.76 | 81.59 | 81.18 | 85.64 | 81.46 | 77.80 | 81.13 | 85.27 0.40 0.97 0.46 0.38
9 1120 81.63 | 79.12 | 77.72 | 80.51 | 81.37 | 85.21

M 1240 82.77 | 79.23 | 78.41 | 81.37 | 81.29 | 86.72 | 82.05 | 77.97 | 81.17 | 85.71 0.72 0.44 0.21 1.01
10 1360 82.47 | 79.53 | 78.22 | 81.82 | 81.88 | 86.21

M 1480 83.15 | 79.88 | 79.30 | 81.74 | 81.69 | 86.48 | 82.69 | 78.83 | 81.68 | 86.20 0.46 0.47 0.06 0.29
11 1600 82.91 | 80.10 | 79.43 | 81.54 | 81.78 | 86.18
16 1950 81.94 | 80.64 | 81.92 | 78.88 | 81.95 | 83.95

Average Imperfection Amplitude 0.49

Number of Outward Imperfections 0
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Table B-9 Local Flange Imperfections for Column H9

Depth, x Adjacent Link Average Flange Local Imperfection Amplitude, a
Line Location Line Location Line Location

Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6

(mm) (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) (mm) (mm) (mm) (mm)
1 50 82.11 | 82.16 | 82.07 | 79.71 | 81.15 | 78.51
6 400 81.50 | 81.69 | 82.48 | 81.20 | 80.93 | 79.84

M 520 81.67 | 81.77 | 84.17 | 81.91 | 81.04 | 82.06 | 81.27 | 83.57 | 81.40 | 81.63 0.40 0.60 0.51 0.44
7 640 81.04 | 81.71 | 84.66 | 81.59 | 81.06 | 83.41

M 760 81.51 | 81.70 | 85.48 | 81.73 | 81.04 | 84.97 | 80.89 | 84.75 | 81.30 | 84.47 0.63 0.73 0.44 0.50
8 880 80.73 | 81.81 | 84.84 | 81.00 | 81.34 | 85.53

M 1000 81.39 | 81.81 | 84.66 | 81.47 | 81.53 | 85.99 | 81.09 | 84.27 | 80.77 | 85.45 0.30 0.39 0.70 0.54
9 1120 81.44 | 81.98 | 83.69 | 80.54 | 81.48 | 85.37

M 1240 82.37 | 82.38 | 83.59 | 80.79 | 81.52 | 85.68 | 82.17 | 83.28 | 80.44 | 85.45 0.21 0.31 0.35 0.23
10 1360 82.89 | 82.21 | 82.87 | 80.34 | 81.59 | 85.53

M 1480 83.69 | 82.42 | 83.50 | 80.42 | 81.77 | 86.62 | 83.27 | 83.05 | 79.99 | 86.21 0.42 0.45 0.43 0.41
11 1600 83.64 | 82.63 | 83.23 | 79.64 | 82.06 | 86.89
16 1950 83.80 | 83.43 | 83.44 | 80.22 | 82.50 | 84.25

Average Imperfection Amplitude 0.45

Number of Outward Imperfections 0
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Table B-10 Local Flange Imperfections for Column H10

Depth, x Adjacent Link Average Flange Local Imperfection Amplitude, a
Line Location Line Location Line Location

Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6

(mm) (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) (mm) (mm) (mm) (mm)
1 50 82.21 | 82.25 | 81.74 | 82.32 | 82.77 | 84.48
6 400 83.43 | 81.25 | 79.86 | 81.38 | 81.68 | 84.56

M 520 83.39 | 81.14 | 80.91 | 81.27 | 81.43 | 84.68 | 82.97 | 80.17 | 81.08 | 84.35 0.42 0.74 0.20 0.34
7 640 82.51 | 81.28 | 80.48 | 80.77 | 81.14 | 84.13

M 760 82.63 | 81.02 | 80.83 | 81.72 | 81.10 | 83.68 | 82.21 | 80.69 | 81.08 | 83.71 0.42 0.14 0.64 -0.03
8 880 81.90 | 81.16 | 80.89 | 81.39 | 80.92 | 83.29

M 1000 82.00 | 81.32 | 81.49 | 81.91 | 80.97 | 83.53 | 81.73 | 81.13 | 81.71 | 83.23 0.27 0.36 0.20 0.30
9 1120 81.56 | 81.24 | 81.36 | 82.03 | 80.62 | 83.17

M 1240 82.01 | 81.22 | 81.14 | 82.13 | 81.24 | 83.53 | 81.51 | 81.09 | 81.95 | 83.06 0.50 0.05 0.18 0.47
10 1360 81.46 | 81.26 | 80.82 | 81.87 | 80.75 | 82.95

M 1480 81.86 | 81.31 | 80.90 | 82.20 | 80.94 | 83.37 | 81.33 | 80.66 | 81.84 | 82.64 0.54 0.24 0.36 0.73
11 1600 81.19 | 81.29 | 80.50 | 81.80 | 80.43 | 82.33
16 1950 80.08 | 82.18 | 82.16 | 81.02 | 80.40 | 79.68

Average Imperfection Amplitude 0.35

Number of Outward Imperfections

1




Table B-11 Local Flange Imperfections for Column H11

Depth, x Adjacent Link Average Flange Local Imperfection Amplitude, a
Line Location Line Location Line Location
Link | Elevation 1 2 3 4 5 6 1 3 4 6 1 3 4 6
(mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | (mm) | mm) [ @mm) [ (mm) | mm) | mm) | @mm) [ (mm)

GLI

50 80.85 | 83.01 | 81.34 | 84.49 | 83.49 | 81.77
400 81.42 | 82.00 | 81.18 | 81.77 | 82.97 | 81.67
520 82.27 | 81.74 | 81.74 | 81.20 | 82.69 | 82.00 | 81.65 | 81.29 | 81.37 | 81.68 0.62 0.45 -0.16 0.32
640 81.88 | 81.51 | 81.39 | 80.96 | 82.33 | 81.69
760 83.03 | 81.37 | 81.17 | 81.29 | 82.21 | 82.06 | 82.78 | 80.85 | 80.98 | 81.52 0.25 0.33 0.32 0.55
880 83.68 | 81.45 | 80.30 | 80.99 | 81.91 | 81.34
1000 84.53 | 81.39 | 81.42 | 81.22 | 81.85 | 81.68 | 83.76 | 80.66 | 80.66 | 81.32 0.77 0.76 0.56 0.37
1120 83.84 | 81.82 | 81.02 | 80.33 | 81.98 | 81.29
1240 84.54 | 82.09 | 81.94 | 80.18 | 81.77 | 81.81 | 83.80 | 81.33 | 79.99 | 81.18 0.75 0.62 0.20 0.63
1360 83.75 | 82.10 | 81.63 | 79.64 | 81.37 | 81.07
1480 84.28 | 82.62 | 81.86 | 80.07 | 81.28 | 81.53 | 84.11 | 81.59 | 79.85 | 81.07 0.18 0.27 0.22 0.46
1600 84.46 | 82.59 | 81.55 | 80.05 | 81.27 | 81.07
1950 84.83 | 82.60 | 80.31 | 80.71 | 81.86 | 82.08

RG-S4

Average Imperfection Amplitude 0.42
Number of Outward Imperfections 1
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Appendix C — Compression Tests on Grout

This appendix includes a description of the test setup and results from
compression tests on the two grouts used during this study: Sikadur AG Grout Rapid as
the top-gap grout (see Section 3.2.3) and Con-Spec Rapid Repair Mortar as the contact
grout between the test specimen and the testing machine (see Section 5.3.1).

For very thin layers of material in compression (relative to their other
dimensions), the material near the centre benefits from confinement provided by the
surrounding material. Therefore, the grout used in this study may have a higher capacity
than the material specification sheet suggests. To mimic the grout application used
during the column study, a thin layer of grout (similar to the application thickness) was
cast between two steel plates forming a sandwich, as depicted in Figure C-1. The
dimensions of the top-gap grout and the contact grout were 200 mm x 140 mm x 25 mm
and 150 mm x 110 mm x 8 mm, respectively. The top-gap grout set for 24 hours and the
contact grout set for 16 hours, both being less than the curing time that was expected to
elapse prior to testing the column specimen.

The grout sandwich was tested in compression in the MTS 2700 compression
testing machine, with a capacity of 2670 kN, at the [.F. Morrison Structures Laboratory at
the University of Alberta. The strain was calculated from the average displacement
readings of two linear variable displacement transducers (LVDTs). The stress was
calculated from the test machine load cell readings and the cross-sectional area of the
grout sandwich.

The stress-versus-strain curves for both grouts are shown in Figure C-2. In each
test, the maximum capacity of the MTS 2700 was reached and then the specimen was
unloaded. Therefore, the compressive capacities of the grouts were not reached.
However, for their intended use, it was required that the top-gap grout and the contact
grout have minimum compressive strengths of 81 and 52 MPa, respectively. These
requirements were exceeded as the maximum measured compressive stresses were 96
and 158 MPa, respectively. The elastic moduli of the top-gap and contact grouts were 3.7
and 1.3 GPa, respectively.
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Appendix D — Results of Ancillary Concrete Cylinder Tests

This appendix includes a summary of the concrete mechanical properties for all
21 concrete mixes and stress-versus-strain curves for the test region concrete in all 11 test

specimens. Testing procedures are described in Section 4.2.

Table D-1 Concrete Mechanical Properties Summary

Concrete Strength Elastic Strain at | Poisson’s
Mix | Strength* Column 28 day | Testday | Modulus | Peak Load | Ratio
(MPa) (MPa) (GPa) (ne)
1 | Very-High H1, H2 62.9 79.8 - - -
2 Normal H2 28.8 29.7 233 2230 0.13
3 Normal H1 26.4 28.7 233 2220 -
4 | Very-High H1, H2 70.4 78.4 - - -
5 | Very-High Heo, H7 80.1 77.5 31.2 3189 -
6 SFR High H7 58.2 52.9 24.8 2849 0.15
7 SFR High Ho6 53.6 493 24.8 2491 -
8 | Very-High Ho6, H7 79.0 77.4 31.3 2754 -
9 | Very-High H4, H5 64.5 69.2 31.3 3164 -
10 High H5 57.0 61.7 28.5 3163 0.16
11 High H4 59.2 58.9 28.8 2994 -
12 | Very-High H4, H5 69.3 69.0 31.3 2741 -
13 | Very-High H8, H9 67.3 81.7 31.3 3261 -
14 High HS8 64.6 62.4 29.8 2897 0.17
15 High H9 63.5 64.5 28.6 3038 0.15
16 | Very-High H8, H9 72.2 77.0 313 3209 0.17
17 | Very-High | H3, H10, H11 66.4 77.3 31.2 - 0.16
18 High H3 59.3 60.0 28.0 2882 0.16
19 High H10 62.5 65.7 29.0 2745 0.15
20 High H11 58.3 65.1 28.7 3226 0.16
21 | Very-High | H3, H10, H11 68.1 68.7 31.2 3181 -

* Very-High implies end zone concrete
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Appendix E — Additional Results from the Concentrically-Loaded Column Tests

This appendix includes column behaviour results for the seven concentrically

loaded columns (Columns H1 through H7). The figures contained within are

supplemental to Chapter 6 and are for the following comparisons:

overall column strain to individual section strain (Figures E-1 to E-7)

longitudinal strain measured at discrete locations to overall column strain (Figures
E-8 to E-14)

longitudinal strain measured at discrete locations to column load (Figures E-15 to
E-21)

mid-link level strain on the inside and outside of the same flange (Figures E-22 to
E-35)

link strain to column load (Figures E-36 to E-42)
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Figure E-11 Gauge Strains versus Average Overall Strain for Column H4
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Figure E-24 Column Load versus Longitudinal Strain for the NW Flange of
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Figure E-25 Column Load versus Longitudinal Strain for the SE Flange of
Column H2
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Figure E-26 Column Load versus Longitudinal Strain for the NW Flange of
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Figure E-27 Column Load versus Longitudinal Strain for the SE Flange of
Column H3
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Figure E-29 Column Load versus Longitudinal Strain for the SE Flange of
Column H4
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Figure E-31 Column Load versus Longitudinal Strain for the SE Flange of
Column HS
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Figure E-32 Column Load versus Longitudinal Strain for the NW Flange of
Column H6
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Figure E-34 Column Load versus Longitudinal Strain for the NW Flange of

Column H7
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Figure E-35 Column Load versus Longitudinal Strain for the SE Flange of
Column H7
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Figure E-39 Link Strain versus Column Load for Column H4
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Figure E-41 Link Strain versus Column Load for Column H6
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Appendix F — Additional Results from the Eccentrically-Loaded Column Tests
This appendix includes column behaviour results for the four eccentrically loaded
columns (Columns H8 through H11). The figures contained within are supplemental to
Chapter 7 and are for the following comparisons:
¢ longitudinal strain measured at discrete locations to overall column strain
distribution calculated from linear potentiometer (lino pot) displacements
(Figures F-1 to F-4)
e mid-link level strain on the inside and outside of the same compression flange
(Figures F-5 to F-12)

e link strain to column load (Figures F-13 to F-16)
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Figure F-12 Column Load versus Compressive Longitudinal Strain for the

NW Flange of Column H11
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