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ABSTRACT

Liquefaction of cohesionless soils is a phenomenon that has caused a number of
catastrophic events in the past. The term “liquefaction™ has been used by different
researchers to define both flow liquefaction in strain-softening soils and cyclic
liquefaction caused during cyclic loading with shear reversal. During the last decades.
different approaches have been proposed to analyze these catastrophic phenomena.
Empirical criteria based on field observations. total stress analysis and effective stress
analysis are the three main approaches in this area. It is believed that effective stress
analysis. using constitutive models. is the most powerful tool to determine permanent
deformations during and after liquefaction. None of the elements in the effective stress

approach is as important as the constitutive model.

The state of the soil has a significant effect on its behavior. In most existing constitutive
models for cohesionless soils. this important factor has been overlooked. As a result.
these models can be used only for a small range of stresses and void ratios for which the
model has been calibrated. In this study. after showing the limitation of models with no
reference, a framework, termed “Reference State Soil Mechanics.” is proposed. In this
framework the multi-yield surface theory is extended to embrace “Reference State Soil
Mechanics”. The modified model is capable of predicting drained and undrained
responses of loose and dense sands under both monotonic and cyclic loading with a
unique set of parameters. At large strains. this model shows the same ultimate state

condition for both loose and dense sands. The model can also represent the eftects of



initial cross-anisotropy and induced anisotropy. Two different hardening rules have been
used and compared with each other for specimens at different states. Validation of the
model has been achieved using comprehensive comparisons of the model predictions
with experimental observations on different sands with various physical properties under
both monotonic and cyclic loading. It is shown that this model is capable of handling

both flow liquefaction and cyclic liquefaction in a unique framework.
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Chapter 1

INTRODUCTION

1.1. Introduction

Liquefaction of soils and associated ground failure have been the main cause of
extensive damage to publi: facilities. life lines and residential buildings during some of
the past major earthquakes. Especially after the two major earthquakes of March 27. 1964
in Anchorage. Alaska and of June 16. 1964 in Nigata. Japan. geotechnical engineers have
started to study the mechanism of liquefaction and its consequences in relation to the

stability of structures constructed with or on cohesionless soils.

Soil liquefaction is a phenomenon by which a soil mass transforms from a solid
state to a nearly liquid state. Liquefaction has been observed in granular soils whose shear
strength is primarily based on the frictional resistance of grains. It is believed that if an
element of saturated cohesionless soil with relatively low permeability is subjected to a
rapid distortion, the behavior will be undrained controlled mainly by the tendency of the
soil skeleton to contract or dilate. If the initial state of confining pressure and relative

density cause the soil skeleton to undergo a contractive response. it is expected that this
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contractive tendency will be counteracted by a pore pressure increase in a situation with

no volume change.

Despite a lot of research over the past three decades. there are still conflicting
opinions concerning the critical aspects of the phenomenon of soil liquefaction. including

the definition of “liquefaction™.

It seems the term “liquefaction™ was used for the first time in a paper by
Hazen (1920) in which the failure of the hydraulic fill sands in the Calaveras Dam was

described. On March 24. 1918, the upstream toe of the Calaveras Dam which was under

construction suddenly flowed and approximately 730.000 m° of material moved around
90 m. Apparently at the time of the failure. no special disturbance was noticed. Hazen
stated that if the pressure of the water in the pores of a sandy soil is great enough. it will
have the effect of holding the particles apart. producing a condition that is practically

equivalent to that of quick clay.

At present the term “liquefaction™ is used in a broad sense for several phenomena
in which either loss in strength or reduction in stiffness takes place in a cohesionless soil

resulting in large deformations.

On the one hand. the phenomenon of liquefaction is associated with a condition of
zero effective stress caused by progressive increases in pore water pressure which result
from the tendency towards densification of the sand structure subjected to cyclic
undrained loading (Seed and Lee, 1966: Lee and Seed, 1967). The condition of zero
effective stress may be temporary during each loading cycle, but the associated shear

strains may be so large that the consequences can be catastrophic.

On the other hand, the term “liquefaction™ has been used to describe the strain
softening behavior of loose sands sheared under undrained conditions (Castro. 1969:

Casagrande, 1975). Loading a loose sand under undrained condition beyond the peak



point of the stress-strain curve results in a marked reduction in strength with increasing
strain until the stress stabilizes at an ultimate or residual strength (Castro. 1969: Bishop.

1971: Hanzawa. 1980).

In 1975. Casagrande stated that the term “liquefaction™ was used in the literature
until 1966 to describe the response of saturated loose sands to strains or shocks which
resulted in flow slides. He implied that with the development of the cyclic triaxial test in
connection with earthquake research, liquefaction was used to describe a specific
response of sand in cyclic triaxial tests. Casagrande insisted that this was a separate
phenomenon which describes the response of a dilatant sand to cyclic loading in a triaxial
test when the peak pore pressure rises momentarily in each cycle to the confining

pressure.

This difference between definitions used by the Berkeley group (Seed and Lee.
1966) and Casagrande (1975) was not only a discussion over terminology. but also over
practical significance. Based on the Berkeley group’s concept. the higher the initial or
static shear stress. the more resistant the sand will be to the development of liquefaction.
Castro (1969), however. showed that with the increase of the shear stress. the possibility
of liquefaction increased. Subsequently. Rollins and Seed (1988) modified the Berkeley
approach by recognizing that for loose sands the increase of static stress increases

liquefaction susceptibility.

In the terminology which has been suggested by Robertson (1994). liquefaction
can be classified into three categories: 1) flow liquefaction 2) cyclic liquefaction and

3) cyclic mobility .

Flow liquefaction has been observed in loose saturated cohesionless soils. Its
main features are the large amount of soil involved in the failure. the short time of its
occurrence and the very flat slope that is finally reached. This kind of liquefaction can be

triggered either by monotonic effects. such as rapid construction or over steepening of a



slope. or by cyclic effects. such as earthquake. blasting or pile driving. This kind of
liquefaction requires a strain softening response in undrained shear loading. resulting in a
constant shear resistance at large strains. It also requires that in-situ shear stresses be
greater than the ultimate or residual undrained shear strength. For failure of a soil
structure to occur, such as a slope. a sufficient volume of material must strain soften. The
resulting failure can be a slide or a flow depending on the material characteristics and
slope geometry. The resulting movements are the result of internal causes and can arise
after the trigger mechanism occurs. It can occur in any metastable saturated soil. such as
very loose granular deposits. very sensitive clays and loess (silt) deposits. The schematic

triggering condition for flow failure is illustrated in Figure 1.1.

In cyclic liquefaction (see Figure 1.2). pore pressures increase under undrained
cyclic loading with shear stress reversal and the effective confining stress can reach zero.
At the point of zero effective confining stress. no shear stress can exist. When shear stress
is applied, pore pressures drop and a very soft initial stress-strain response can develop

resulting in large deformations. Soil will strain harden with increasing shear strain.

This kind of liquefaction requires undrained cyclic loading where shear stress
reversal or zero shear stress can develop: in other words. where in-situ static gravitational
shear stress is low compared to the cyclic shear stresses. In addition. the number of cycles

or strain must be sufficient to allow the effective confining stress to reach zero.

Deformations during cyclic loading when the effective stress is approximately
zero can be large, but deformations generally stabilize when cyclic loading stops. The
resulting movements are primarily the result of external causes and occur only during the
cyclic loading. Subsequent movements can occur due to pore pressure redistribution.

However, this will depend on ground conditions and soil stratigraphy.

Cyclic liquefaction can occur in almost all sands, provided the size and duration

of cyclic loading is sufficiently large. For dense sands the size and duration of cyclic



loading must be large: hence. the condition of zero effective confining stress may not
always be achieved. Clays can also experience cyclic liquefaction. but deformations at

zero effective stress may be small due to the possible cohesive strength.

Cyclic mobility also requires undrained cyclic loading (see Figure 1.3). but no
shear stress reversal develops. As a result. zero effective stress does not develop.
Deformation during cyclic loading will stabilize. The resulting movements are the result

of external causes and only occur during the cyclic loading. Clays can also experience

cyclic mobility.

Since flow liquefaction involves a loss in strength. in general. it can be more
catastrophic than the other two kinds of liquefaction. There are several case histories
where flow failure have been observed. The failures of the Calaveras Dam (Hazen. 1920).
Fort Peck Dam (Middlebrooks. 1942: Casagrande. 1965). Lower San Fernando Dam
(Seed et al.. 1975: Castro et al.. 1985). the Norwegian fjords (Bjerrum. 1971). the Nerlerk
berm (Sladen et al.. 1985-b: Been et al.. 1987-b) and the Fraser River delta of British

Columbia (Chillarige et al.. 1994 Chillarige. 1995) are some of these cases.

Several major catastrophic phenomena. especially over the last 30 vears. have
heightened our awareness of the technical shortcomings for evaluating soil response
during and after liquefaction. The 1964 earthquakes at Nigata and Anchorage and the
resulting slide in the Lower San Fernando Dam (1971) may be the three most important
events since 1964 in advancing our knowledge and understanding of the seismic behavior
of soils. Awareness of the need for more sophistication in earthquake engineering was
high during the mid-1960s. and technical advances were made at a rapid rate. Throughout
the 1970s and 1980s researchers learned a great deal about the liquefaction susceptibility
of various soil types. Procedures to predict liquefaction based on a combination of
analytical techniques, laboratory tests and empirical data were developed. modified and
simplified during this period. Other important advances were made in effective stress

analysis and the estimation of large permanent deformations.



The intent of the next section is to trace developments from the late 1960s. when
we were using very crude methods to evaluate whether or not liquefaction could occur.
through the 1970s and 1980s. when we learned a great deal about the liquefaction
susceptibility of various kinds of soils. to today, when we are predicting deformations

that might occur following liquefaction.

1.2. Analysis of liquefaction

In this section the different methods for evaluating the various phenomena which
have been called liquefaction will be briefly reviewed. For the sake of clarity. cvclic

liquefaction and flow liquefaction will be discussed separately.

1.2.1. Cyclic liquefaction

The methods which have been proposed to evaluate the cyclic liquefaction

potential of ground may be classified as follows:

e Empirical criteria based on field observations
e Total stress approach

e Effective stress approach

1.2.1.1. Empirical criteria based on field observations

Following the Nigata earthquake, a number of Japanese engineers (Kishida. 1966:
Koizumi, 1966: Ohsaki, 1966) studied the areas in Nigata where liquefaction had and had
not occurred and developed criteria, based primarily on the Standard Penetration Test
(SPT) resistance of the sand deposits, for differentiating between liquefiable and

nonliquefiable conditions in that city (Figure 1.4). It should be recognized. however. that



the results are not likely to be applicable to other areas where shaking intensities may be

stronger or water tables may be at different depths than that in the Nigata area.

Subsequently, Seed and Peacock(1971) presented a more comprehensive
collection of site conditions at various locations where some evidence of liquefaction or
no liquefaction was known to have taken place. This study was used as a basis to
determine the relationship between field values of cyclic stress ratio and the relative
density of the sand, as determined from the SPT. Liquefaction was assumed to have
occurred based on the presence of observable surface features such as sand boils and
ground cracks. This collection of field cases has subsequently been used by others. often
supplemented by a few additional site studies (e.g.. Castro. 1975: Christian and Swiger.
1975). to determine other correlations between liquefaction producing parameters and

penetration resistance.

The earthquake induced cyclic shear stress ratios acting on the soil at depth can be
estimated from the ground surface acceleration using the following simplified equation

(Seed and Idriss. 1971):

Tu\' —am.u O-O
—— = 065——r, (1-1)
Gy g 0O,

where a_. . o,. 0, and r, are maximum acceleration at the ground surface. total
overburden pressure on sand layer under consideration. effective overburden pressure on
sand layer and a stress reduction factor. respectively. Therefore. the possibility of cvclic
liquefaction. for any given site and a given value of maximum ground surface
acceleration, can be obtained on an empirical basis using a chart by measuring the values

of N, for the sand layer involved.

In his later publication of 1985, Seed, based on the recommendation of Kovacs et
al. (1983) and Kavazanjian et al. (1983), considered an energy ratio of 60% as the average
energy delivered by hammers for standardizing the N, -value. Hence. at present (N Do

value is used instead of N, value in measuring liquefaction resistance. Seed recognized



that dense sands ((N,),,>15) generally experienced less deformation for a given cyvclic

loading than loose sands.

To include the influence of fines content, Seed et al. (1985) developed the
correction further as shown in Figure 1.5. This correlation shows that for the same cyclic
resistance ratio. the penetration resistance in silty sands is smaller. This is probably due to
the greater compressibility and decreased permeability of silty sands which reduces
penetration resistance and moves the penetration process toward an undrained
penetration. At the recent NCEER workshop (1996) a correction curve based on fines
content was also developed and recommended for use in practice as shown in

Figure 1.6.

Figure 1.5 is based on an earthquake magnitude of M=7.5. an effective
overburden pressure of 100 kPa (1 tsf) and level ground conditions. The latter condition
signifies that there are no static shear stresses on horizontal planes. The popularity of the
Seed method for assessing liquefaction has resulted in it being applied outside the
conditions on which the curve in Figure 1.5 was based. In recent vears it has been applied
to embankment dams and their foundations. In these situations. overburden pressures are
much higher and large static shear stresses exist on potential failure planes. These
applications have challenged engineers and researchers to adapt the basic liquefaction
resistance curve to these changed conditions and to other earthquake magnitudes. This
has resulted in corrections being applied to the cyclic resistance ratio by means of

correction factors K. K. and K _: K, for earthquake magnitude. K, for overburden
pressure effects and K, for static shear stress effects. Different researchers have

proposed varying correction factors.

Scaling factors , K,,, are used to modify the original curve for other earthquake
magnitudes. Seed and Idriss (1982) proposed factors which were based on data from

large-scale laboratory simple shear tests. It has been recognized in recent years that these



scaling factors may be somewhat conservative for M<7.5 . Ambraseys (1988) proposed
much larger scaling factors based on analysis of field data. More recently. Arango (1996)
has studied this issue again. His factors are also much larger than the Seed and Idriss
(1982) factors. and are generally somewhat less than those of Ambraseys. The NCEER
committee (1996) selected tentative scaling factors which are very similar to the lowest

factors proposed by Arango (1996) (see Figure 1.7).

A further correction must be made to the cyclic resistance ratio for overburden
pressure. K . Although the curve proposed by Seed and Harder (1990) is used widely in
practice. research during recent years has demonstrated that using this curve can be very
conservative. The NCEER committee has reviewed the research by Vaid and Chern
(1985): Vaid and Thomas (1995): Koester (1992) and Arango (1996) and has

recommended a new K | curve for practice that leads to substantially smaller corrections

to the cyclic resistance (Figure 1.8).

A review of the available data suggests that K _ depends to some extent on the
soil type and grading. Therefore. for high hazard structures. it is recommended that site
specific K, be determined by testing high quality undisturbed samples such as coring
samples from frozen ground. Although this is an expensive process. reliable estimates of

K, may lead to major savings in remediation costs.

The most controversial correction to the basic curve is the correction for static
shear using K,. The K, factors which are currently used in practice are those
recommended by Seed and Harder (1990). Boulanger et al.(1991) have suggested a
revised version of the Seed and Harder (1990) curve which has a much narrower range of
K, values. It is limited to pressures less than 300 kPa. The NCEER committee (1996)
has tentatively recommended that the Boulanger et al. (1991) correlation for effective
overburden pressures less than 300 kPa be adopted in practice. However. the 300 kPa is a

relatively low limit for analysis of dams. Besides. the effect of static shear is also



dependent on the level of confining pressure and. therefore. it is not adequate to relate the

values of K, only to the static shear stress ratio.

In addition to implied corrections. based on discussions at the NCEER workshop
(1996). the Seed et al. (1985) SPT curve was modified to avoid the extrapolation to zero

cyclic resistance ratio at zero penetration resistance.

Other SPT based methods have also been developed (for example Tokimatsu and
Yoshimi. 1983: Fear and McRoberts. 1995). but the correlation by Seed et al. (1983)

appears to remain the most popular. especially in North America.

Although the method initially proposed by Seed is simple. it has many prcblems.
Fear and McRoberts (1995) reviewed the Berkeley trigger criterion. They showed that the
basis for the selection of N in the Berkeley database was not clear and the methodology
used in the Berkeley database was not explicitly stated nor consistently followed. Fear
and McRoberts’ study found that the (N,),, in the Berkeley catalog was a minimum
value only in some cases: for many other cases. it could be considered an average value
over some portion of the borehole and. in a few cases. it was a high value. According to
Fear and McRoberts™ study. the Berkeley interpretations are generally more conservative.
particularly at higher values of cyclic stress ratio. Besides. the results of their study
indicate a zone in which liquefaction may or may not occur. whereas the more

conservative Berkeley plot indicates no such zone (see Figure 1.9).

Empirical charts of this type do not take into account all the significant factors
affecting cyclic  liquefaction. Because of the unreliable nature of the SPT. all
methodologies based on this test cannot be considered as a complete criterion for
evaluating the susceptibility of a site for liquefaction. The main factors affecting the SPT
tests have been reviewed in various papers such as Seed et al., 1985; Skempton. 1986 and

Robertson et al., 1983, among others. Some correction factors for the modification of the



SPT results for overburden pressure. delivered rod energy. borehole diameter. rod length
and sampling method have been proposed (Skempton. 1986). Also a summary of the
recommended procedure for performing the SPT has been recommended by Seed and

Harder (1990).

[t seems the SPT is used primarily because of the voluminous database available.
Despite numerous corrections and recommendations provoked by the inherent problems
and poor reliability associated with the SPT, the Cone Penetration Test is becoming the in
situ test of choice. The CPT provides continuous profiles of penetration resistance which
are useful for identifying soil stratigraphy and providing continuous profiles of estimated

cvclic resistance ratio.

Considering the previous discussions. although professional and regulatory
practice often adopts this method as a design method. the designer should not rely solely
on such a simplistic approach. The predictions offered by SPT and CPT can be either
useful at a screening level or complementary to other design findings. The point is that
even if one can neglect all the deficiencies of these methods. finally they cannot give
complete information about the deformation which is the most important criterion for

reliability of a soil structure affected by liquefaction.

1.2.1.2. Total stress approach

Seed and Idriss (1967) proposed an analytical procedure for evaluating the cyclic

liquefaction potential of a sand deposit. This procedure involves two determinations:

I- An evaluation of the cyclic stresses induced at different levels in the deposit

by the earthquake shaking.



2-

A laboratory investigation to determine the cyclic stress which. at given
confining pressures representative of specific depth in the deposit. will cause
the soil to develop a peak cyclic pore pressure ratio of 100% or undergo

various degrees of cyclic strain.

This procedure may be outlined as follows:

1-

Choose a representative base motion which is likely to be developed in the

base rock at the site under investigation.

Determine the response of the overlying soils to the selected base motion.

assuming a vertical propagation of shear waves.

Idealize the shear stress history at the various depths to determine the
significant number of stress cycles and the equivalent uniform cvclic shear

stress developed at each level.

Determine. by means of cyclic load tests on representative samples of sand
from the site. the cyclic shear stress required to cause liquefaction for the sand

in the significant number of cycles.

Compare the results of sections 3 and 4 at each depth to determine whether or

not liquefaction will occur.

One of the important steps in the application of this procedure was the necessity

to compute the shear stress time history. In the early application of this procedure. linear

elastic finite element analysis was the best available analytical tool for a stress

computation problem. But it was known that a considerable amount of energy would be

absorbed in the system as a result of inelastic deformation. Considering this fact. Seed

and his coworkers started to apply the incremental method in the evaluation of shear

stress time history in the soil deposits. They used the linear elastic finite element
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procedure but simply adjusted the soil moduli and damping ratio to be compatible with
the level of shear strain which a specific element of the soil has experienced during the
step by step solution. In this method during the analysis. the nonlinear stress-strain
behavior of the soil is accounted for by iteratively adjusting the modulus and damping
values until a reasonable consistency is obtained between the selected parameters and the
computed strain level. This method was later named the “equivalent linear method™ or

“quasi-nonlinear method™.

After applying their method over a period of time. Seed and Idriss (1971)
proposed a simplified technique for evaluating induced stresses in the soil deposit by
using the maximum ground surface acceleration. It was claimed that the simplitied
method is sufficiently accurate for many practical purposes. The main formula in this

method has been presented in the previous section (equation 1-1).

Due to the elastic nature of the method used by Seed et al. (1975). no permanent
deformation could be computed during the analysis. Since 1975. this method has been
extensively applied in the evaluation of liquefaction stability of many geotechnical
structures. A significant number of these applications has been reported in the literature

(Seed et al.. 1985).

It is believed that the total stress approach which has been initially proposed by
Seed and his co-workers was affected significantly by considering elastic behavior for
soil. Although the mechanical response of soils is well known to be distinctly plastic. this
approach always relied primarily on elastic analysis with iterative adjustment of the
modulus and damping values to achieve compatibility with strain levels. The effective

stress approach. which will be discussed in the next section, could address this deficiency.



1.2.1.3. Effective stress approach

Another way of attacking the problem of predicting the behavior of soil structures
during and after liquefaction is to try to approach the problem by way of the fundamental
soil properties. That is, to view soils as assemblages of particles and to construct
constitutive models on that basis. In this approach. which employs Biot's theory
(Biot, 1941) and finite element method. effective stresses at different elements of a soil
structure are determined and. using constitutive models. predictors can relate stresses to

strains.

The appearance of this approach for solving deformation problems in soil
mechanics arose from attempts to solve Biot's equation of consolidation using finite
element method. Zienkiewicz et al. (1982) was one of the first groups that tried to
simulate the Lower San Fernando Dam behavior during the 1971 earthquake using
effective stress method. A Mohr-Coulomb plasticity model was used to represent cyelic
behavior of the soils. Some discrepancies between the results of analysis and the tield
observations were found. Noticeable permanent deformation was predicted at the
upstream shell after 10 seconds from the start of shaking. but field observations had
shown that most of the motion of the slide occurred sometime after the cessation of

earthquake due to a redistribution of pore pressure.

Analysis of the Lower San Fernando Dam by Zienkiewicz et al. (1982) was one of
the first attempts to evaluate the performance of an effective stress analysis in simulation
of a practical earthquake problem. This study revealed that a proper constitutive model
plays a major role in the success of such analysis. This important issue has been the
subject of extensive research in the recent years. Nowadays, it is believed that none of the
factors affecting the prediction of soil behavior during liquefaction has the significance of

the constitutive model used in the analysis.
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Due to the complexity of the effective stress approach. geotechnical engineers at
large have not yet accepted it as an alternative to the total stress approach. However.
available evidence shows that effective stress analysis with proper constitutive models
which can capture loading and unloading and dilative and contractive behavior are

necessary to accurately evaluate the consequences of soil liquefaction.

1.2.2. Flow liquefaction

The approaches discussed thus far have been developed primarily to determine the
response of the soil structures in cyclic liquefaction. Although the phenomenon of flow
liquefaction had been observed and entered the literature earlier than cyclic liquefaction.
the methods for its analysis have not been developed to the some extent as those for
cyclic liquefaction. The triggering condition for this kind of liquefaction has been
recognized recently (Sladen et al.. 1985-a: Ishihara, 1993: Sasitharan et al.. 1994: Skopek
et al.. 1994) that will be discussed in detail in the second chapter. However. the existing
analysis methods in particular for determining deformation caused by flow failure are not

mature. Generally two approaches are in use:

e (Considering the problem as a stability failure

¢ Determining the deformation caused by flow liquefaction

In the first approach. it is assumed that liquefaction analysis is a stability analysis
for which shear strength in the numerator of the factor of safety equation is the undrained
steady state strength, S, . and the denominator is the driving shear stress. The term
“driving” refers to those shear stresses that are required for static equilibrium. Steady
state strength is difficult to determine accurately because it is so sensitive to void ratio.
Therefore, a major portion of the steps in the analysis, which will be discussed in the next

chapter. relate to the measurement of this strength (Poulos et al.. 1985).
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Using conventional stability analysis. the driving shear stress. r,. is computed. If
its average value is less than the undrained steady state shear strength in all zones
along the trial surface. then instability cannot occur and the soil remains in stable
equilibrium. In such a case. an earthquake or other disturbance cannot cause a flow slide.
regardless of its intensity. The strains that occur during an earthquake depend on
earthquake intensity. Such strains stop. however. when the earthquake stops. unless stress
redistribution after shock causes a significant part of the soil mass to undergo

liquefaction. The factor of safety against liquefaction is:

F = us ( 1_2)

Since S,, is the minimum strength that a contractive soil mass can have at the void ratio
in situ. Poulos et al. suggested that a value of 1.1 for F, can be considered safe for sands
and silts if the highest in situ void ratios are known with sufficient confidence. When F L
is less than 1.0. the entire mass is in unstable equilibrium. Erosion at the toe of the slope.
raising the ground water table. foundation movement. earthquake. blast or any other
disturbance may cause liquefaction. It has been recon.mended that if a trial failure surface
used in stability analysis passes through dilative and contractive soils. in zones where the
soils are dilative. it is conservative to use the drained strength when estimating the factor
of safety. As with all stability analysis methods. this approach does not give any

information regarding deformation caused by liquefaction.

In the second approach. using finite element and constitutive models. deformation
caused by liquefaction is evaluated. For example, Gu et al. (1993-a;: 1993-b) used an
undrained elastoplastic model to simulate the collapse of liquefied materials in the Lower
San Fernando Dam and Wildlife site. They developed treir model based on the critical-
state boundary-surface theory. the concept of steady state strength and the undrained
behavior of liquefiable soils. Their analysis considered the stress redistribution and
reconsolidation caused by the development of liquefaction. Biot's theory was used to

consider the effects of dissipation of excess pore water pressures. Gu et al. showed that



stress redistribution initiated by the strain softening of liquefied materials can occur in a
short period and that it is the main reason for undrained flow failures of dams. slopes. and
foundations. Considering this effect. they concluded that a postearthquake deformation

analysis may be an essential component of liquefaction stability evaluations.

1.3. Objective and scope of this study

Despite the popularity of total stress methods. these analyses cannot take account
directly the effects of pore pressure generation on the response of the soil mass. Total
stress analysis provides only a crude means of assessing the overall permanent
deformations of the soil structure. In order to model permanent deformations. inelastic
behavior of soil obviously must be considered. Therefore. the total stress approach. which
relied primarily on elastic analysis. is not able to determine this important consequence of

liquefaction.

With more understanding of the liquefaction phenomenon in the last decade. it is
believed that in particular whenever the problem necessitates a complete and accurate
investigation. the effective stress analysis should be used. In this approach more research
and development are needed to establish complete and efficient constitutive models.
Nowadays. it is clear that the possibility of postearthquake failure must be taken seriously
and included in the overall safety assessment. A number of dams failed after the passage
a few hours after the earthquake. The failure of dike No. 2 of Mochikoshi gold mine in
Japan that occurred 24 hours after the main earthquake (Ishihara. 1984) and the failure of
Lower San Fernando Dam 30 seconds after the main shaking are two examples. The keyv
to this delay appears to be in the generation of zones of high pore water pressure during
the earthquake which in themselves may not be the cause of failure and a subsequent
redistribution of such pressures by the consolidation process to a situation in which
sliding will occur. The computation of such a pressure redistribution has to be made by
the solution of consolidation equations which is possible only by means of effective stress

approach.



This study has been motivated by the following factors:

e Most of the research to date has focused on developing methods for evaluating
the possibility of liquefaction. It is now clear that design criteria based upon
the probable occurrence of liquefaction can be excessively conservative and
costly. There are requests for design approaches based upon deformation.
However. deformation caused by liquefaction is still not a solved problem and

should be the focus of research efforts.

¢ Considering the above mentioned discussions on the existing approaches
which are most commonly used in analysis of soil liquefaction and its
consequences. it seems that despite the complexity of the effective stress
based procedures. they are more complete and exact if a deformation analysis

is desired.

¢ Previous experience has shown that if one desires to achieve meaningful pore
pressure and deformation in a boundary value problem involving liquefaction.
it is extremely important to have a reasonable constitutive model. Much effort
has been put into the development of constitutive models capable of assessing

characteristics of soil behavior. but there still is no complete model.

¢ In spite of controversial ideas about liquefaction mechanism and its definition.
both flow liquefaction and cyclic liquefaction are two real phenomena that
may be seen in a soil structure. Often nobody can recognize that the damage
caused by earthquake induced liquefaction is the effect of flow liquefaction or
cyclic liquefaction. Therefore, it is important that a constitutive model be able

to show the response of the soil in both flow and cyclic liquefaction.

® Apart from the liquefaction problem. one of the most important limitations of

most exis:ing constitutive models for sands is that their parameters depend on



soil state. As a result. the stress-strain-strength properties of a given sand at
different initial states are characterized as two separate materials with different
sets of parameters. This means that for a unique soil featuring two different
states. two calibrations must be performed. As a result these models cannot
adequately manage the response of the soil under loading in which the state of
the soil changes. In the author’s view., solving this problem. which generally
exists in most existing constitutive models. is perhaps not less important than

solving the liquefaction problem.

Although there is significant evidence that sands exhibit not only inherent
anisotropy but also induced anisotropy due to loading. most existing
constitutive models for these soils are isotropic. This fact represents a
significant shortcoming. especially in the case of predicting sand behavior

under cyclic loading.

In developing constitutive models for predicting soil response under cyclic
loading. usually soil behavior under monotonic loading has been neglected

and vice versa.

As opposed to most existing models for cohesive soils. existing sand models.

in general. do not describe ultimate state conditions.

Motivated by the above factors. the objective of this study is to present a

framework for modelling the behavior of soils at different states. The multi-yield surface

theory (Prevost, 1985) will be modified to consider the state of a soil. The model is able

to show the response of the soil under monotonic and cyclic loading in drained and

undrained conditions. This model, the calibration of which does not depend on a specific

state. is able to show the response of the soil in flow and cyclic liquefaction in a unique

framework.
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Since the development of any constitutive model is not possible without
considering the response of the soil under different conditions. Chapter 2 will discuss the
behavior of cohesionless soils under monotonic and cyclic loading. In Chapter 3. after
presenting a brief background on constitutive modelling for soils and clarifving that all
models which do not consider the state of soil can work in a limited range of stresses and
void ratios. the extension of Prevost’s model to embrace “Reference State Soil
Mechanics™ will be presented. The procedure of its calibration will be shown. The
validation of this model for monotonic and cyclic loading in different conditions for
different soils will be demonstrated in Chapters 4 and 5. Finally. Chapter 6 represents the

conclusion and recommendations for future studies.
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Figure 1.2. Schematic of undrained cyclic behavior of sand illustrating cvclic
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Chapter 2

BEHAVIOR OF COHESIONLESS SOILS

2.1. Introduction

During the last years. many researchers have worked to determine the behavior of
cohesionless soils. Both monotonic and cyclic loading under different drainage conditions
have been considered in these investigations. The interest cf researchers has increased.
especially for understanding the behavior of these kinds of soils during and after
liquefaction. For modelling the behavior of a material. an understanding of its response in
different conditions is essential. Therefore in this chapter a review of experimental

observations on cohesionless soil behavior will be presented.

2.2. Behavior of cohesionless soils under monotonic loading

Soil can develop large volume changes under loading. depending on the initial
state of stress and void ratio. This tendency of volume change has a significant effect on
the strength of the soil mass. Reynolds (1885) was the first person who pointed out the
volume change in soil masses during loading. He showed that dense sands tend to expand
when they are subjected to shear stress. Reynolds called this phenomenon “dilatancy™ . In

the 1930s, Casagrande, based on his observations on the volume change in dense and



loose sands. realized the importance of volumetric strain in the deformation behavior of

soil. He developed his famous concept of “critical density™ or “critical void ratio™.

The critical void ratio was first postulated by Casagrande in 1935 in a lecture to
the Boston Society of Civil Engineering and published one year later in the journal of the
same society (Casagrande. 1936). Using direct shear tests. Casagrande observed that

during shearing. dense sand expands but loose sand reduces its volume.

Figure 2.1 shows the original diagram presented by Casagrande. In a dense sand.
the grains are well interlocked and any deformation causes a loosening of the initial
compact structure. On the other hand. very loose sand tends to contract in order to

achieve a more stable structure.

Based on this observation. Casagrande concluded: when dense and loose sands are
sheared in a drained condition. they change their void ratio until a common constant
value is achieved (Casagrande. 1936: 1950; Casagrande and Fadum. 1942). This ultimate
common void ratio was termed the “critical void ratio” by Casagrande. [n this state. the
soil continues to deform under constant strength and constant volume. thus the soil

behaves as a frictional fluid.

[nitially. Casagrande thought the critical void ratio was a unique constant value
for a given soil. but later he realized it is a function of normal stresses. The greater the
normal stress the smaller the critical void ratio. Then he showed that in the semi-log
coordinate of void ratio (e) and confining pressure (o, ), the critical void ratio can be
represented by a single curve named “critical void ratio line” (Casagrande. 1975).
Casagrande concluded that during undrained condition of shearing. any combination of
void ratio and effective normal stress that is located to the left and below this line should
develop a dilative response and. conversely, any initial state above this line should be

contractive.



In 1958, using the simple shear test, Roscoe and his colleagues in Cambridge
presented a conclusive study proving the concept of critical void ratio and extended it to
clayey soils (Roscoe et al.. 1958). Experimental data supporting the existence of the
critical void ratio line have also been provided by Geuze (1948); Lindenberg et al. (1981)

and Dieritchs and Forster (1985). among others.

Casagrande gradually evolved the concept that during flow failure. the grains of
the soil are constantly rotating so as to offer a minimum frictional resistance. He called
this special rearrangement of the grains “flow structure”. Casagrande postulated that such
structure exists only when the soil is flowing and the flow structure spreads out through

the soil mass.

Three typical undrained triaxial compression behaviors of saturated sand are
shown in Figure 2.2. The variations in stress - strain curves from type | to type 3 are
associated with decreasing void ratio or decreasing normal effective stress. These types of
response have been reported by different researchers such as Castro (1969): Castro et al.
(1982): Lee and Seed (1970). among others. In type 1. the specimen exhibits a strain
softening behavior. After the peak point of the stress - strain curve. which occurs at a
small strain. there is a marked reduction in strength with increasing strain until the stress
stabilizes at an ultimate or residual strength. The characteristic features of this type of
response are continuous deformation at constant volume. constant confining pressure and

constant shear stress. which has been called the “steady state™ condition ( Poulos. 1971 ).

In type 2. the specimen develops a partial drop in strength. but the sample
ultimately starts to dilate and shear stress increases again. This kind of response was
called “limited liquefaction™ by Castro (1969) and the point in which the strength is

minimum was called “quasi steady state™ by Ishihara (1993).
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The type 3 response represents strain hardening with no loss of shear strength. In
this type. after a relatively small strain. the specimen begins to develop negative pore

pressure. As a result, a high strength is mobilized in the specimen.

The difference of response presented by types 2 and 3 with type 1 is in the degree
of strain softening. In cases 2 and 3. either the soil has a limited softening or it has no
softening at all. In these types. after initial increase of pore pressure, the soil develops
increasing shear resistance and decreasing pore pressure with further straining. This
condition is reflected by a sharp turn around of the effective stress in mean effective
normal stress-deviatoric stress (q - p) plane. The change in the response of the soil occurs

on a line which was called “phase transformation™ by Ishihara (1975).

The phase transformation line which was introduced by Ishihara et al. (1975) was
initially defined from undrained monotonic test as the straight line in the (q - p) plane that
Joins the elbows of the effective stress paths where the response. due to shear stress.
changes from positive to negative increments of pore water pressure. The same condition
concerning the point of zero dilation was introduced later by Luong (1980) using drained
triaxial tests. He called it “characteristic threshold”. In this case. Luong defined it as the
locus of states where the volumetric strains change from positive to negative. However.
before Luong, Kirkpatrick (1961) showed that the lowest point on the volume
change - axial strain curves corresponded to a constant stress ratio for the sand.
irrespective of void ratio. Regarding the phase transformation line. it is important to point
out that it is not a constant line in the (q - p) plane, but changes depending on the void
ratio and initial effective mean stress. For specimens of medium dense sand (showing
type 2 response). its slope is more than that in dense sand (showing type 3 response).
However, for practical purposes in modelling sand behavior. it is usually assumed to be
constant. This line also has an important effect on cyclic behavior of sands which will be

discussed later.



The initial ideas of Casagrande on flow failure through the evaluation of the

critical void ratio line were extended to a new concept. = steady state of deformation ™.

“The steady state of deformation " was introduced into soil mechanics by Poulos

(1971) who described this concept in the following way:

“The stead) state of deformation for any mass of particles is that state in which
the mass is continuously deforming ar constant volume. constant normal effective
stress. constant shear stress and constant velocity. The steady state of
deformation is achieved only afier all particle orientation has reached u
statistically steady state condition and after all particle breakage. if anv. is
complete, so that the shear stress needed to continue deformation and the velociny

of deformation remains constant " .

Been et al. (1991) pointed out that the definition of the steady state does not
require constant velocity. Available data suggests that the velocity of deformation has no
effect on steady state conditions. The concept of steady state for sand is essentially the
same as the critical state (Roscoe et al.. 1938). although the development of the two

concepts was apparently separated.

Referring to the above definition. it is clear that the presentation of the steady
state line should be presented in a three dimensional space with three independent
quantities. One of these quantities must show the degree of compaction of the soil. such
as void ratio; another must indicate an effective normal stress. like the first invariant of
the stress tensor; and the other must be a parameter which shows the level of shear stress

attained by the soil mass. such as the deviator stress.

The steady state approach to liquefaction analysis has been described in a series of
publications by Castro and associates (Castro. 1969; 1975; Castro and Poulos. 1977:

Castro et al., 1982; Poulos. 1981). Ishihara. in his Rankine lecture (1993). also showed



that the steady state framework can be used over a wide range for the evaluation ot soil
response under drained. undrained. monotonic and cyclic loading condition. One of the
advantages of this framework is that by considering the updated void ratio. one can

follow the response of the soil from small initial strains to ultimate large strains.

Castro and his co-workers, see, for example. Castro (1987): Poulos et al. (1983:
1988) together with other researchers such as Been et al. (1985; 1991). have shown that
the steady state condition is only a function of void ratio. They have indicated that steady
state is independent of the initial effective confining pressure, fabric. rate of deformation

and stress history.

However. other researchers have pointed out that the steady state is not only
dependent on the void ratio of the soil mass. but is also affected by the effective
consolidation stress. see. for example. Alarcon - Guzman et al. (1988): Konrad (1990a:
1990b: 1991): Chu (1992). Konrad's interpretation was that there is an upper and lower
limit for the steady state condition and the steady state line would be taken as the average

of these two limits.

Dobry and co-workers have tested specimens of silty sand prepared by
sedimentation under water. This procedure results in a layered sample that is not uniform
and likely represents to some extent hydraulic fill process in the field. Their results have
indicated that steady state line is strongly affected by the sample preparation procedure

(Dobry. 1991).

De Gregorio (1990) has shown experimental evidence suggesting that the location
of the steady state line is affected by the sample preparation procedure and consequently
by the initial fabric of the soil. The results of De Gregorio's tests indicated that dryv
pluviation technique provides a lower location for the steady state line in the (e - o)
plane than the moist tamping method does. Marcuson et al. (1990) also found that the

steady state line evaluated by samples performed by the wet pluviated technique was
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slightly below the steady state line obtained through specimens prepared by moist

tamping.

Regarding the stress path dependence of steady state condition. experimental
results reported by Vaid et al. (1990) indicate that a sand is more contractive in extension
than in compression triaxial test. Consequently. the position of the steady state line in
extension is lower than that in compression. Similar results have been reported by
Hanzawa (1980) and Riemer and Seed (1997). The last group has also claimed that the
steady state to a lesser degree depends on the initial consolidation level prior to undrained
shearing. They pointed out that the standard method of determining the steady state line
for a given material seems unconservative. since triaxial compression testing of highly
contractive samples yields the largest steady state strength and up to 50% stronger than
those consolidated under much lower stresses. However. experimental results reported by
Been et al. (1991) on Erksak sand have shown that the steady state lines evaluated from
triaxial compression tests are identical to the steady state lines evaluated from triaxial
extension tests. On the other hand. Pyke (1988). observing the fact that soil is an
anisotropic material. has claimed that the steady state condition should be expected to be
different in triaxial compression and extension. plane strain. simple shear and torsional

shear tests.

In regard to the effect of the rate of deformation on the steady state. experimental
results reported by Hird and Hassona (1990) on Leighton Buzzard sand have shown a
different steady state of deformation in stress-controlled and strain-controlled conditions.
Similar results have been presented by Casagrande (1975) for Banding sand. On the other
hand, Poulos et al. (1988) have reported experimental evidence indicating that the effect

of the rate of deformation on the steady state of deformation is negligible.

Considering the previous paragraphs related to the effect of different factors on
the steady state line, it is concluded that there are many controversial experimental results

about the uniqueness of the steady state condition. The influence of different factors on
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steady state is not clear. and different researchers have obtained different results. The
study of this fact is beyond the scope of the present study. However. it must be
considered that without the definition of steady state. prediction of this ultimate state is
not possible. Any model working in a steady state or critical state framework will finally
show the ultimate state which is defined for it. As long as the variation of the steady state
line with different parameters is not recognized and quantified. this is a weakness in all
the existing constitutive models. In chapter 3. it will be shown that without considering
the steady state line as a reference. the prediction of soil response in all conditions is not
possible. It is clear that if this reference changes. the variations of that must be
recognized. This subject demands future study. But the more important point is that
having a reference with some error is always preferable to neglect the state of the soil.

which will be shown has a very important effect on the soil response.

2. 3. Index properties in soil mechanics

Material indices include all properties that represent intrinsic features of the
material itself and any change in them necessarily implies a change of the material. Size
and shape of grains. maximum and minimum void ratio are some examples of these

indices.

On the other hand. state indices describe the current state of the material which
may be modified by external actions. Examples of these indices are void ratio. water
content and degree of saturation. It has been recognized that the soil response is
significantly affected by its initial state. A soil specimen under a different state of void
ratio or level of confining stress can have completely different undrained or drained
behavior. Therefore. in order to predict soil response. it is important that the state of the

soil is defined using an appropriate state index.

The first attempt to introduce a state index for sand was the definition of “relative

density.” which is simply a linear interpolation for the current void ratio normalized



between maximum and minimum possible void ratio for a soil mass. It has been observed
clearly that this parameter cannot show the complete state of the soil. Dense sands behave
similarly to loose sands when the effective pressure is large (Bishop. 1966: Vesic and
Clough. 1968). This similarity exists because the mechanical properties of sands are
influenced by the possible volume change during shearing, not only by absolute

magnitude of either void ratio or confining stress.

Overcoming this limitation of relative density. Been and Jefferies (1985) have
introduced the “state parameter”. . which is the difference between current void ratio
and void ratio on the steady state condition at the same mean effective normal stress.
Been and Jefferies have assumed that soils with the same state parameter have the same
characteristics. Their observations were similar to the conclusion reached by Roscoe and
Poorooshasb (1963). They reported that: any two samples of a given soil. when subjected
to a geometrically similar stress path. have the same strains provided that the difference
between the initial void ratio and the void ratio at the critical state at the same normal
stress is the same for each sample. Been and Jefferies (1985) reported the relationship
between state parameter and different soil properties. As an example. Figure (2.3) shows
the variation of the drained angle of shearing resistance with state parameter for Kogyuk
sand. In the next chapter. it will be shown how the proposed model can represent the

same behavior.

Although state parameter is preferred over relative density. it nonetheless has two
limitations. First, it does not include the fabric of the sand which might have a
considerable influence on the behavior of sands at small strains. especially under
undrained conditions. Second, state parameter does not account for the effect of shear
stress. Based on the author’s knowledge, these two limitations still exist in all the state

indices which already have been introduced by researchers.

Another parameter that has been used as a state index is “Brittleness Index™. first

presented by Bishop (1967). This index is represented as follows:
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where 7, and 7, represent the peak and residual shear strength.

Originally. Bishop presented the Brittleness Index as a parameter for clays in
order to consider the percentage reduction in strength during the passage from the peak to
residual state. This index was later used for sandy soils in which under undrained
conditions of loading a drop in terms of strength is observed. In this case. the peak
strength is equivalent to that observed in clay and the residual strength corresponds to the

steady state strength. The results reported by Sladen et al. (1985-a) indicate that there is a

good correlation between the Brittleness Index and the ratio (p//p! ). where p/and

p. are the initial and steady state effective mean normal stress at the same void ratio.

respectively.

Recently Robertson and Fear (1995) defined Brittleness Index as :

I _ Sp - Smm
B
S, =S,
for triaxial compression. and as:
I _ Sp - Smm
S, +S,

for triaxial extension. where S p- Son and S are peak shear strength. minimum shear

min
strength and initial static shear stress. respectively. They pointed out that by using this
definition of Brittleness Index. it is possible to quantify the loss in strength more clearly

for anisotropically consolidated samples (i.e.. S, > 0).

One of the most important features of the Brittleness Index in the characterization
of the undrained response of cohesionless materials is concerned with the identification of
the occurrence and non - occurrence of a drop in terms of strength. In addition. when the
value of I, is known, it is possible to obtain a picture of the magnitude in the strength

drop.
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Ishihara (1993) claimed that the main assumption in the definition of state
parameter. that is. that the behavior of soils with the same  is the same. is not alway's
tenable. He noted that at high void ratios, the behavior of sand became more sensitive to a
small variation in void ratio. Therefore. while \ is useful for quantifying the behavior of
medium to dense sand under relatively high confining stress. its usefulness decreases as
the confining stress becomes smaller and the void ratio larger. In an effort to find an
alternative index parameter, based on the upper and lower reference lines, he introduced
“State Index™. I , . which has been defined as:

e, —e

[. =
N
e, —e,

where e is the current void ratio. e, is a threshold void ratio above which soil exhibits
zero residual shear strength when sheared undrained in triaxial compression. The value of
e, can be determined by an extrapolation of the steady state line or quasi steady state line
towards the zero point of confining stress. e, is the void ratio in the lower reference line
for the same effective mean normal stress. To capture the sand behavior in the medium
strain range. Ishihara sugg :sted taking the quasi steady state line as the second frame of

reference.

Robertson and Fear (1995) proposed “Reference State Ratio™. RSR. which is the
ratio of the existing mean effective stress to the mean effective stress at ultimate state at
the same void ratio. as a parameter to define the state of the soil. They mentioned that.
because of small slope of ultimate state line in the ( p —e) plane for very loose sands.

State parameter (/) is not able to show the response of the soil in this zone.

Finally. it is important to emphasize that the behavior of cohesionless material is
affected significantly by their states. In this section. we referred to previous efforts of
different researchers to introduce a parameter for representing the state of the soil as
complete as possible. However, in the author’s opinion. none of the introduced

parameters are yet complete. All of them have some limitations. It is more important.
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however. that it is believed strongly (Poorooshasb. 1989) that to consider the state of a
soil mass during loading is an essential and fundamental condition for predicting its real

response. Chapter 3 includes a further discussion on this important factor.

2.4. Determination of in situ steady state strength

The key point in the application of the steady state approach is the determination
of the steady state line and the in situ void ratio. Unfortunately. there are some difticulties
in determining them. At a given site, a wide range of grain size distributions and of the
shape of soil particles may exist. Therefore. there is not a uniform and unique soil in the
site and finally a unique steady state line. On the other hand. because the steady state

condition is affected by void ratio. the in situ void ratio must be determined accuratelyv.

Poulos et al. (1985) have proposed a step-by-step method for determining the in
situ state strength of a soil mass. They suggested using undisturbed samples from either
fixed-piston sampling, freezing of the ground and coring or sampling in test pits. In situ
void ratio can be determined by these samples. Poulos and his co-workers reported that
should a sample be obtained even by the freezing method. the density increases during
reconsolidation in the laboratory to in situ stresses. Such changes may cause a soil that is
contractive in situ to become dilative in the laboratory. Therefore. a procedure is required
for returning laboratory-measured steady state strengths to the in situ void ratio. Poulos et
al. assumed that the slope of the steady state lines for the compacted specimens and

undisturbed specimens in a semi-log plot is the same.

An alternative procedure to evaluzte the in situ steady state strength has been
proposed by Seed (1987). He suggested that the establishment of a relationship between
residual strength and a given in situ soil characteristic such as penetration resistance may
provide the most practical method. Using some case histories, Seed related the residual

strengths of the liquefied sand to (N, ), values for the soils involved. He pointed out the



scattering in the results. possibly reflecting different degrees of water content
redistribution resulting from different degrees of soil stratification and. to some extent.
whether the values were determined from conditions at the beginning of sliding or from

conditions at the end of sliding.

Poulos (1988) has indicated that if the permeability of the soils is sufficiently
high. it is reasonable to expect drainage to occur between SPT blows. In this case. the
measured N - value would be associated with a drained steady state rather than undrained
steady state. Poulos showed that for Lower San Fernando Dam, the blow count initially
estimated can be reduced to one-third if it is assumed that the measured blow counts were
closer to a drained condition. Besides. Davis et al. (1988) have shown that use of the
post-failure cross section to back-figure the strength mobilized during liquefaction is not
appropriate because the dynamic forces that are involved during the failure itself are not
considered. Thus. the chart proposed by Seed should be used onlv as a first

approximation.

Stark and Mesri (1992) provide an alternative approach to estimate S, (strength at
the ultimate state) and present a relationship between undrained strength ratio and
equivalent (N, ), in clean sand. The undrained strength ratio is defined as the mobilized
S,, divided by initial effective vertical stress. This relationship is based on case histories
used by Seed and Harder (1990) together with three additional case histories. The
proposed relationship also consists of lower and upper bound lines and has the same

problems as the plot by Seed.

Dobry and his co-workers have proposed a different approach for evaluating the
undrained steady state in situ based on the simulation of the consolidation process that

likely takes place in situ in the laboratory (Dobry. 1991; Baziar and Dobry. 1995).



Specimens are formed by pluviating equal weights of the sand-silt mixture
sampled from the site into the triaxial preparation mold previously filled with water and
then waiting long enough for full sedimentation to occur before pouring the next layver.
typically in four layers. Due to the different rate of sedimentation. the specimens are not
uniform and that factor., according to Dobry and co-workers, can represent to some degree
the layered structure developed in the field. Baziar and Dobry (1995) have shown that the
range of void ratio obtained by this sample preparation technique. in specimens
consolidated under similar conditions in the field. is in agreement with the range of void
ratio estimated by Poulos’ procedure in the upstream slope of Lower San Fernando Dam.
Dobry and his co-workers pointed out that by using the measured steady state strength of
samples prepared by this method and effective consolidation pressure. the steady state

strength of the soil in the field can be determined.

Been et al. (1986: 1987-a: 1987-b). using a correlation between the state
parameter. \y . and the CPT tip resistance. presented a method to estimate the state
parameter in situ. They interpreted the existing data obtained from calibration chamber
tests to provide the relationship of cone tip resistance to state parameter. A relationship
between tip resistance. total mean stress. effective mean stress. slope of steady state line
and state parameter was developed by Been et al. (1987-a). This relationship allows the
interpretation of the in situ state of a soil mass. and as a result. using steady state line. the

steady state strength of the soil.

Robertson (1990) presented a review of the relationship between S, and
normalized penetration resistance using relative density correlations with SPT (N),,.
correlations between normalized CPT qc¢l and SPT (N,),, . published data on steady
state relationships, field studies and large calibration chamber test results. Robertson
found that the correlation by Seed (1987) represented a conservative lower bound

correlation, especially at large values of (N,),,. He also investigated the correlation
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suggested by Been and Jefferies. The results clearly suggested the lack of a unique

relationship for all sands.

Fear and Robertson (1995) have combined critical state soil mechanics and shear
wave velocity measurements in order to develop a framework which can be used to
estimate the in situ ultimate undrained steady state shear strength of a sand. Shear wave
velocity is an attractive parameter to use because it can easily be measured in both the
field and the laboratory. The application of the proposed method relies on laboratory
work to determine the parameters of the steady state line @!.[.A(¢'. [and A are
steady state friction angle. intercept of the steady state line in e-log p space at p=1 and
slope of the ultimate state line in e-log p space. respectively) and the parameters relating
shear wave velocity to void ratio for a particular sand. Although the method appears quite
promising. it is not without drawbacks. The level of accuracy in estimating S, using
shear wave velocity may present some problems and should be considered when applving
the method. If the steady state line of a sand is relatively flat. it will not be possible to

accurately determine S, using shear wave .clocity measurements or in situ penetration

testing (Fear and Robertson1995).

The knowledge of in situ void ratio also is important for predicting soil response.
Rather than using undisturbed sampling. this index parameter can be determined by in
situ tests like SPT (Skempton. 1985). Using the results of these tests. relative density and
void ratio can be determined. Cunning et al. (1994) also described a method to estimate in
situ state of cohesionless soils from the in situ measurements of shear wave velocity.
Based on both the relationship between void ratio, effective confining stress and shear
wave velocity and the equation for the ultimate steady state line. they could es'imate the
in situ state of the sand. Using their method. the contractive / dilative behavior of a sand
can be evaluated from in situ shear wave velocity and vertical effective stress with an

estimate of K. The proposed method has the advantage that the shear wave velocity
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measurement is independent of soil compressibility. unlike penetration test results. Its

disadvantage. however. is that estimation of K is not always easy.

In this section. different proposed methods for evaluating in-situ steady state
(ultimate state) strength of the soil and void ratio have been briefly reviewed. The topic of
which method in practice can be applied more efficiently and accurately is not the object
of this research. What is important is that for having a complete prediction of the soil
response in the field, the in situ state of the soil and its ultimate state conditions must be
recognized. In the next chapters. the effect of this important factor in numerical analysis

will be discussed in more detail.

2. 5. Behavior of cohesionless soils under cyclic loading

The Anchorage and Nigata earthquakes that occurred in 1964 in Alaska and Japan
caused significant damage to structures on saturated sandy soil deposits. This damage
was the result of excessive deformation that these materials underwent during and after
the shock. Geotechnical researchers started to study the mechanism during which
cohesionless soils lose their stiffness during and after earthquakes. It is believed that
studies by Seed and his co-workers in the university of Berkeley (Seed and Lee. 1966:
Lee and Seed. 1967; Peacock and Seed. 1968) provided significant insight into the

behavior of saturated sands under cyclic loading.

They used cyclic triaxial tests on isotropically consolidated reconstituted
specimens. In spite of their limitations (Castro, 1969; Seed. 1979). cyclic triaxial test
results have provided a great deal of valuable information for the proper understanding of

cyclic response of soils.

Figures 2.4 and 2.5 show typical results from undrained cyclic triaxial tests on

isotropically consolidated samples at two loose and dense states. Relative density is an
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important parameter which shows the volume change tendencies due to shearing. The
greater the tendency towards volume contraction. the faster the pore pressure build up and
hence. the higher potential of cyclic liquefaction. For example. in Figures 2.4 and 2.5. it
is observed that almost ten cycles caused liquefaction in both cases. However. for the

dense sand the deviator stress was 70 kPa. whereas for the loose sand it was only 39 kPa.

As can be seen. during the first cycles of loading. the specimens show no
noticeable deformation. although the pore water pressure builds up gradually. However.
after some cycles. the pore pressure suddenly increases to a value equal to the confining
pressure. At this stage. the loose specimen develops large deformations which increase in

amplitude under subsequent loading cycles.

For the dense sample. the axial strains accumulate at a slower rate with an
increase in the number of cycles compared with those in the loose sand. In other words.
the response of dense sands does not show the sudden development of large strain

observed in the case of loose samples.

In cyclic triaxial tests. the pore pressure may become equal to the confining
pressure. irrespective of the relative density of the sand. This zero effective stress
condition always occurs at the moment that the deviator stress is zero. that is. when the
specimen is subjected to an isotropic state of stress. However. the deformation induced in
the specimen for each time a zero effective stress condition develops is dependent on the
relative density of the specimen (Selig and Chang; 1981). Almost unlimited deformations
may develop in loose specimens. whereas the corresponding deformations of dense

specimens may be of limited magnitude.

From a set of experimental results carried out on cyclic triaxial tests similar to
those explained above. Seed and Lee introduced new criteria to define “initial
liquefaction™, “partial liquefaction™, “complete liquefaction™ and “failure™ (Seed and Lee.

?

1966: Lee and Seed. 1967). This terminology later caused some confusion that still exists
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among geotechnical engineers regarding the distinction between liquefaction with loss of
strength and liquefaction as a phenomenon that occurs in zero confining effective stress
condition. The liquefaction analyzed by Seed and Lee is related mainly to a gradual
increment of strains associated with the build up in pore pressure caused by cyvclic
loading. From these results. Seed and Lee concluded that the higher the confining
pressure. the greater the cyclic stress amplitude required to induce failure. They also
claimed that the higher the initial shear stress. the higher the resistance of soil against
liquefaction. As can be observed. these results are exactly the opposite to those obtained
from steady state concept. These contradictions between the conclusions obtained by
steady state concept and Seed’s cyclic triaxial tests led to Casagrande and Castro’s

decision to conduct some cyclic triaxial tests.

Castro (1969) and Casagrande (1975) carried out cyclic triaxial tests on medium
to dense sands similar to those performed by Seed and Lee. These tests showed that
during the implementation of cyclic loading. the samples deformed mainly at the top by
alternate necking and bulging. For these tests Castro reported a significant redistribution
of the density throughout the specimens. Castro’s and Casagrande's findings questioned

the results of cyclic triaxial tests. at least in the case of medium to dense sands.

Furthermore. Castro (1969) conducted cyclic triaxial tests with no stress reversal
on very loose specimens. A typical result is shown in Figure 2.6. It is seen that after a
number of cycles, the specimen suddenly flowed in the same way that occurred in

monotonically loaded tests. Thus. in this case cyclic loading triggered flow liquefaction.

After the pioneering works of Seed and Lee from one side. and Castro and
Casagrande from the other. many researchers attempted to clarify the cyclic undrained
response of sandy soils. Different types of equipment. such as triaxial. simple shear.
torsional shear and shaking table. have been used by different researchers. among them

[shihara et al. (1975); Ishihara and Yasuda (1975); Tatsuoka and Ishihara (1974-a:1974-
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b): Vaid and Chern (1983: 1985): Ishihara (1985): Alarcon - Guzman et al. (1988):
Hyodo et al. ( 1994 ).

Behavior similar to that observed in the cyclic triaxial tests is also observed in
cyclic torsional tests (see Figures 2.7 and 2.8). As can be seen. when the cyclic effective
stress path touches the phase transformation line. a significant change in the cyclic
response takes place. During loading, the effective stress path is turned to higher effective
confining stresses. indicating a dilative response. which during unloading is turned to the
origin. which indicates a highly contractive behavior associated with a large increase in
pore pressure. Once the phase transformation is crossed. this phenomenon is repeated.
and at each cycle of loading and unloading the effective stress path moves upward and
downward closely along the failure line and. if the soil is loose enough. starts to pass
through the origin. indicating a condition of zero effective stress. The strain range within
which the specimen remains in a liquefied state depends on the relative density of the
sand. Dense sands can gain their strength in a small strain level. but loose sands. for

showing a resistance. need to go to a high level of strain to gain resistance.

Ishihara (1985) reported that there is a threshold value of relative density above
which the cyclic stress ratio that causes some amount of strain in a given number of

cycles increases drastically.

As mentioned. Seed and his co-workers initially used isotropically consolidated
samples in their studies. However. initial static shear stress has a significant influence on
the occurrence of liquefaction and the mode of failure. Castro et al. ( 1982) and Vaid and
Chern (1983; 1985) have initiated study on the effect of static shear stress or

consolidation stress ratio on undrained cyclic loading behavior of sands.

In a number of tests conducted on Banding sand and a tailing sand. Castro et al.
(1982) showed that during cyclic loading, specimens can show the same behavior as

when monotonic loading condition and flow liquefaction occur in the tests. For occurring
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cyclic liquefaction. existence of shear reversal during loading is an essential condition.
Therefore. for a constant amplitude of cyclic loading. with increasing static shear stress.
the strength of the soil against this kind of liquefaction will increase. This consists exactly
with the results reported by Seed and his co-workers in Berkeley. As a result. it was often
believed (Lee and Seed. 1967: 1970) that the soil element in a slope is more resistant to
cyclic strain development than that under the level ground. Therefore. it was claimed that
the critical initial state would correspond to isotropic consolidation. which represents an
initially zero static shear. On the contrary. according to Castro and Poulos (1977) and
Casagrande (1975). the resistance to strain development for soil element in the slope is
always less than that under the level ground. Therefore. they suggested the use of

anisotropically consolidated samples for simulating appropriate initial static shear.

Having conducted some tests on anisotropically consolidated samples of Ottawa
sand and tailings sand. Vaid and Chern (1983: 1985) pointed out that the tvpe of
liquefaction determines the positive or negative effect of initial shear stresses. They
observed that the resistance to cyclic strain development could decrease or increase
depending on whether liquefaction or cyclic mobility is involved. They observed that the
conclusion reported by Seed and associates is true only for soil elements which develop
cyclic liquefaction. On the contrary. Castro and associate's conclusion is true only in the
flow liquefaction case. They also showed that the influence of static shear stress on the

undrained monotonic and cyclic loading behavior is the same.

Figure 2.9 shows the influence of the degree of anisotropy on the resistance of
two soils under cyclic loading (Vaid and Chern. 1985). It should be noted that the
increase of strength at low K (K, = 1/K, ) ratio for sand in the figure is the result of the
occurrence of flow liquefaction in the extension mode and not the development of cvclic
liquefaction. Increasing the static shear in compression increases the cyclic load

amplitude required to exceed the steady state shear strength in extension.
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The undrained stability of a contractive sand under earthquake loading cannot be
studied without considering the in situ effective stress path. This path actually determines
the failure modes and the resulting deformations. Starting from an initial anisotropic state
of stress. which is typical of most in situ conditions. a large strain can be developed in the
soil. following different stress paths which depend not only on the initial state of the soil
mass and the magnitude of the applied loads. but also on the boundary conditions. For
example in deposits under level ground. cyclic liquefaction may develop after a sufficient
number of cycles. irrespective of the initial state of stress. but flow liquefaction is
unlikely. On the other hand. near the surface of sloping ground. the lateral strains are not
constrained and the susceptibility to flow increases for loose sands with the inclination of
the slope. In this case. cyclic liquefaction potential is low because the state of stress must
remain anisotropic due to the shear stresses needed to maintain equilibrium imposed by

geometry.

Furthermore. a combination of two mechanisms. flow liquefaction and cyclic
liquefaction. may contribute to the failure of a complex structure, such as an earth dam. In
difterent zones of a dam. two different phenomena can occur simultaneously. Even in one
zone. during the process of liquefying. two mechanisms can exist at different times. But
flow liquefaction. if there is any. will be observed before cyclic liquefaction (if it does not
occur due to pore water pressure redistribution). This is because of the position of

triggering the collapse surface compared to the phase transformation line.

The occurrence of liquefaction depends also on the amplitude and number of
cycles in the series of stress applications. Consequently. cyclic undrained strength is
usually defined as the combination of the constant amplitude cyclic shear stress and the
corresponding number of cycles causing zero effective confining stress or a given level of

shear strain.

It was seen that under cyclic loading, pore pressure in the soil increases and

effective stress approaches zero. The rate of this increase depends on the relative density
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of the soil. Loose soils liquefy at a small number of cycles compared to dense soils. Flow
liquefaction can occur in the soil depending on density of the soil. static shear stress and
amplitude of loading. The positive or negative effects of static shear stress in occurrence
of liquefaction depend on the type of liquefaction. In practice. because different elements
of a soil structure exist under various conditions. it is important that a model can show

both of these phenomena in a unique framework.

2. 6. Collapse surface

The strain softening in undrained response of very loose sand. which causes a
significant decrease in the strength of the soil and consequently flow liquefaction. begins
on a surface named the “collapse surface™ (Sladen et al.. 1985-a; Sasitharan et al. 1994).
Recognizing this important surface for any analysis of liquefaction is essential. In this

section this important phenomenon will be discussed briefly.

Observations on the response of very loose sands under the undrained loading
conditions have shown that these soils have a metastable structure. Sladen et al. (1985-a)
reported the existence of a so-called “collapse surface™. They saw that for a constant void
ratio. the maximum points of stress paths in undrained triaxial tests stay on a straight line
passing through the steady state point (see Figure 2.10). Sladen et al. pointed out that
mechanistically the collapse surface can be imagined as the locus of soil states at which
the destruction of a metastable sensitive soil structure is initiated by static loading until

the steady state, which is analogous to a remolded condition, is reached.

The laboratory tests and back analyses (Sladen et al., 1985-b) for slides occurring
during the hydraulic placement of an artificial island berm in the Beaufort sea have led to
advancements in the understanding of the liquefaction potential of sand. Analyses of their
undrained triaxial tests. undertaken in order to measure steady state parameters. suggest

that there is a “collapse surface™ in three dimensional void ratio - shear stress -



normal stress space (Figure 2.11.a). A necessary condition for liquefaction is that the

soil state lie on this surface.

The collapse surface concept is fundamentally an extension of the steady state
concept proposed by Poulos (1971) and in many respects follows the principles of critical

state soil mechar:ics.

The results reported by Sladen et al. (1985-a) were only for monotonic loading.
Alarcon - Guzman et al. (1988) conducted some monotonic and cyclic loading tests on
Ottawa sand. Their experimental results suggest that the monotonic stress paths act as
boundaries for cyclic stress paths. When cyclic stress paths touch the monotonic one.
flow failure is triggered. Figure 2.12 shows typical results indicating the points where the
flow failure was triggered. As can be seen. the effective stress path in monotonic
undrained shear constitutes a state boundary that controls the initiation of flow

liquefaction under undrained cyclic loading.

This state boundary depends on the sand fabric and the applied stress path.
Depending on the initial state. the state boundary can either fully exhibit strain softening
or have an elbow and then show strain hardening. Alarcon - Guzman et al. used the term
“critical stress ratio (CSR) line™. which had been introduced by Vaid and Chern (1983:
1985). for the curve showing the peak points on the state boundaries for a given initial
void ratio. This line determines the initiation of strain softening behavior in monotonic
undrained shear. They noted that. only for a constant state parameter. . the CSR line
may extrapolate back through the origin (as was claimed by Vaid and Chern). The results
of Alarcon - Guzman et al.’s experiments showed that initiation of strain softening under
cyclic loading, in general, does not occur at the CSR line determined from monotonic
loading condition. Under cyclic loading. however, strain softening is determined by the
state boundary corresponding to the same initial state. Ishihara et al. (1991) also

confirmed that monotonic stress paths act as the boundary for the cyclic loading.
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Using the results of triaxial tests. Sasitharan et al. (1994) showed that saturated
very loose sand can show undrained collapse when loaded slowly under drained
conditions following a certain stress path (Figure 2.13). They showed that the post peak
portion of an undrained stress path defines the state boundary above which is not possible
to have a stress state for a given void ratio and consolidation stress. Further. they showed
that flow liquefaction under drained and undrained loading can occur when the stress path
tries to cross the state boundary surface of the sand (see Figure 2.13). They pointed out
that conventional slope stability analyses that use the ultimate friction angle in a limit
state approach cannot account for the potential instability and strain softening behavior of

soil elements close to the state boundary.

Gu et al. (1993-a). using an elasto plastic model for monotonic undrained
condition after collapse and the finite element method. showed that the collapse of the
Lower San Fernando Dam after the 1971 earthquake could be explained using a collapse
surface concept similar to the state boundary surface presented by Sasitharan et al.

(1994).

Skopek et al. (1994) undertook an interesting study on the collapse behavior of
very loose dry Ottawa sand. It was demonstrated that very loose dry sand exhibited
discontinuous behavior at stress states when flow liquefaction was triggered in an
identical saturated sand (Figure 2.14). They showed that this discontinuous behavior was
associated with increased compressibility presented as structural contraction and.
occasionally, with vigorous stress independent contractive events named “structural
collapse™ They concluded that flow liquefaction is a result of a specific contractive
response of a very loose sand structure and that this response is independent of drainage
conditions and can be triggered by a loading path with no excess pore pressure. i.e..

drained.

The discontinuity reported by Skopek et al. has also been noticed in the tests

performed by Anderson and Riemer (1995). They conducted some constant shear tests on



anisotropically consolidated samples of the Monterey # 0 sand. The initial conditions and
state paths of five tests performed on this sand are shown in Figure 2.15. Two
conclusions can be obtained by considering this figure. First. samples with different
initial state show a different contractive or dilative response. Second. the ultimate state of
specimens falls almost on a unique steady state line. As reported by Anderson and
Riemer, the shown steady state line was determined by triaxial compression tests on
isotropically consolidated specimens, and therefore the steady state condition is the same
for both isotropically and anisotropically consolidated samples. They pointed out that
only for very loose specimens was collapse observed before the failure envelope or steady
state was reached. They emphasized that specimens subjected to this stress path behave
differently than specimens of similar initial density and confining pressure subjected 10
typical compression stress paths. This observation also indicates the importance of the
knowledge of stress path to accurately predict the collapse potential and thereby the

potential for flow liquefaction.

The collapse surface concept. which was introduced initially by Sladen et al.
(1985-a). and was studied by subsequent researchers. is a helpful approach for
interpreting a lot of phenomena which could not be described by conventional methods.
At the present time. it is clear that predicting the behavior of loose sands without
considering the important collapse surface state boundary is not possible. Therefore. the
consideration of this surface for developing any constitutive model is an essential
condition. In this section. the collapse surface was discussed by using experimental
results. In the next section, collapse will be reviewed as an instability phenomenon in the

soil from a mechanical point of view.

2.7. Collapse, instability or flow

Loose sandy soils show a significant drop in shear stress when the stress path
reaches the collapse surface under undrained loading (Figure 2.13). Considering the

response of the soil between the peak shear stress and steady state point. we can write:
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d- W, =do, dg} <0
where W' .do, and de are the plastic work. an increment in stress and the corresponding

plastic strain increment. respectively. Therefore. the second increment of the plastic work
is negative. This means that Drucker’s postulate (1959), referred to as stability in small
(i.e.. the work done by the external agency during the application of the added set of

forces on the changes in displacements it produces is positive or zero). is not satisfied.

The stability postulate formulated by Drucker appears to capture the behavior of
solid metals with good approximation. Solid metals do not change volume during plastic
deformation. and this leads to the normality condition with plastic increment vectors to

the yield surface. i.e. associated flow is observed for solid metals.

On the other hand. experimental evidence obtained from tests on several types of
sand have clearly indicated that the use of conventional associated flow rules results in
unrealistic prediction of volumetric strain. Therefore. to characterize the volume change

correctly. it is necessary to employ a nonassociativa flow rule.

The application of nonassociative plastic flow rules for soil have resulted in
questions regarding uniqueness and stability of such materials. Drucker's stability
postulate is satisfied provided that associative plastic flow is emploved in the

construction of constitutive models involving convex. plastic vield surface.

Lade (1992: 1994) conducted a series of triaxial tests on fully saturated and partly
saturated specimens under drained and undrained conditions to study the regions of stable
and unstable behavior. The results of these experiments show that a positive value of the
second increment of plastic work is neither a necessary nor a sufficient condition for
stability of granular materials. This means that Drucker’s postulate does not capture the

conditions for stable and unstable behavior of these materials.



Experimental results have shown that the soil structure at the collapse condition
exhibits such a degree of instability that a small disturbance is able to trigger a large
amount of deformation. But this response is not the same as bifurcation in soil mechanics.
In other words. the response of the soil between peak shear stress and steady state is
unique. and if we repeat the tests with the same initial condition. the same response will
always be obtained. Therefore, a mathematical solution describing the behavior of soil

after the triggering of collapse can be established.

[t is evident that flow liquefaction follows upon and necessitates instability. and
instability requires employment of a nonassociated flow rule in the constitutive model.
Nova (1991) has also shown theoretically that modeling of flow liquefaction within the
framework of work-hardening plasticity with a single yield function requires the flow rule
to be nonassociative. Therefore, in order to capture this phenomenon. the use ot the non-

associative flow rule in the constitutive model is essential.

Flow deformation is different from softening. because after the triggering of
collapse until the steady state. the stress ratio is increasing. Besides. although a peak
appears in the stress-strain curve. the hardening modulus is positive contrary to the

softening condition.

Initiation of instability occurs at very low amounts of strain. whether under static
or cyclic conditions. Once the instability has been triggered, it leads to flow liquefaction
at large strains and steady state conditions. Steady state conditions. achieved at large
strains. are not relevant to considerations dealing with the initiation of instability.
However. in order to describe the sand behavior at large strain: after initiation and during

flow of the liquefied sand. analyses must be done based on steady state condition.

Based on the above discussions. one can conclude that, for modelling the sand
behavior before and after collapse during flow liquefaction from small strains to large

strains. a constitutive model in a steady state framework with a nonassociative flow rule
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must be developed. Such a task is undertaken in this study. The details of the formulation

will be presented in the next chapters.

2.8. Summary

In this chapter the behavior of cohesionless soils under monotonic and cvclic
loading has been briefly reviewed. Because of the need to design safe soil structures
against liquefaction phenomenon, the behavior of cohesionless soils has been investigated
comprehensively. Depending on its initial state. the soil may show different responses.
such as fully contractive. contractive-dilative or fully dilative behavior. The consideration
of the soil state in predicting soil response is an essential condition that will be discussed

in the next chapter.

Different characteristic surfaces such as collapse. phase transformation and steady
state have a significant effect on soil response. Different state indices have been proposed
by different researchers to characterize soil state. However. none of them ic. complete and
in the general case a more complete frame must be considered. In practice. for capturing
the real behavior of soil. the in situ state of the soil must be recognized. Since different
researchers had worked on a limited range of possible conditions for the soil (for
example. conducting triaxial cyclic tests only on either isotropically or anisotropically
consolidated samples). they have reported some results which appear to contradict one
another. The important point is that most of these reported responses are correct. but only
in specific conditions. To capture these various soil responses in different conditions. a

powerful framework must be applied. This was the focus of effort in this study.
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sand (modified after Castro. 1969).
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Chapter 3

A MULTI-YIELD SURFACE MODEL IN REFERENCE STATE SOIL
MECHANICS FOR SAND

3.1. Introduction

The state of a soil has a significant effect on its behavior. In most existing
constitutive models for cohesionless soils. this important factor has been neglected. As a
result. these models can be used only for a small range of stresses and void ratios tor
which the model has been calibrated. In this chapter. after a brief review of plasticity in
soil mechanics. and a demonstration of the limitation of models with no reference. a new
framework. termed “Reference State Soil Mechanics.” has been proposed. The
multi-yield surface theory (Prevost. 1985) has been modified to embrace “Reference State
Soil Mechanics.™ This model is capable of predicting drained and undrained response of
loose and dense sands under both monotonic and cyclic loading with a unique set of
parameters. At large strains. this model shows the same ultimate state condition for both
loose and dense sands. The model can also capture the effects of initial Cross-anisotropy
and induced anisotropy. Two different hardening rules have been used and compared with

each other for soil specimens at different states.
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In chapter 2. the same terminology used by previous researchers was used. Poulos
(1971). considering the similarity of soil behavior at large strains with steady state tlow
of fluids. chose this term to define the terminal state of the soil. From the other side. the
Cambridge group. influenced by the critical void ratio concept of Casagrande. has chosen
the term critical state to define this state. Although in terms of definition. there is
apparently a difference between steady state and critical state regarding the velocity of
deformation. these two terms refer to the same phenomenon and in the literature.
researchers use them alternatively. It seems the term “ultimate state™ represents better
this terminal state (Poorooshasb. 1989). Therefore. from this point on in this thesis

(except whenever discussion is about “critical state framework ™ ). this term will be used.

3.2. Background

For a long time. soil mechanics has been based on linear elasticity for stress and
deformation analysis when no failure of the soil was involved. On the other hand. the
theory of perfect plasticity has been used to deal with the conditions of ultimate tailure of’
a soil mass. Historically. the method of perfect plasticity was the most popular framework
among traditional soil engineers. Problems of earth pressure. retaining walls. bearing

capacity of foundations and stability of slopes are all considered in this category.

During the last few decades. advances in computer technology and numerical
methods such as finite element or finite difference techniques have provided solutions for
complex boundary value problems in geotechnical engineering. Further progress in
analytical capabilities in geomechanics now depends upon consistent mathematical
formulation of realistic material constitutive relations. Since the 1960s. considerable
effort has been focused on developing simple or advanced constitutive models to capture
stress-strain soil response under different loading conditions. The theory of plasticity has

been the most successful and popular framework in this area.



The development of the modern theory of soil plasticity was strongly influenced
by the theory of metal plasticity. The first major advance in the extension of metal
plasticity to soil plasticity was made by Drucker and Prager (1952). who extended the
Coulomb criterion to three dimensional soil mechanics problems. Motivated by the
concept of work-hardening plasticity in metals (Drucker. 1950) and the experimental
observations of the behavior of clays and sands. Drucker. Gibson and Henkel ( 1957)
suggested that soil be treated as a work-hardening material which may finallv reach the
perfect plasticity state. They showed that by adopting a yield surface composed of a
spherical cap on the open end of the Coulomb cone in the genera!l stress space. it is
possible to achieve qualitative agreements with the observed behavior of clavs. Drucker
etal. (1957) suggested that during a drained hvdrostatic compression. due to a decrease in
water content which leads to an increase in the soil strength. the spherical cap would be
pushed farther. creating a new vield surface. This new concept of the use of current water
content. or equivalently void ratio. as the hardening parameter and the introduction of the
idea of a work-hardening cap are believed to be a landmark in the subsequent

development of soil plasticity.

Considering the observations of Casagrande on critical void ratio. the Cambridge
group under the leadership of Roscoe extended the basic concept of Drucker et al. (1937)
and developed several plasticity-based soil models based on experimental data from
triaxial tests. The ideas of the Cambridge group and the formulation of their famous
model (Cam clay) led to the “Critical State Soil Mechanics™ framework. Since the 1960°s
different formulations with varying degrees of sophistication have been developed to

capture soil deformation behavior under different loading conditions.

Critical state (Roscoe et al.. 1958: Schofield and Wroth. 1968). bounding surface
(Dafalias and Popov. 1975; Krieg. 1975) and multi-yield surface (Mroz. 1967: Prevost.
1978: 1985) are among the main formulations which have been proposed to construct

constitutive models using plasticity theory. In spite of significant progress in constitutive



74

modelling. there is still no complete model representing soil behavior in all possible

conditions.

The critical state framework is perhaps an exception. The critical state framework
which divides soil behavior into wet and dry (normally consolidated and
overconsolidated) or loose and dense. has attempted to capture the soil behavior on both
wet and dry sides. In spite of the achievements using the critical state framework to
model cohesive soils response. it has rarely been used for modelling the behavior of

cohesionless soils.

Elasto-plastic theory requires consideration of three basic components: 1)Yield

tunction 2)Flow rule and 3)Hardening rule.

o Vield function defines a surface in stress space that relates the highest stresses
that a material can reach before any permanent deformations occur upon
unloading. In the general case. the vield criterion depends on the current state
of stress and should reflect the effects of past loading events on the
microstructure of the material. This surface in practice is determined using

experimental observations on a specific material. such as steel. clay or sand.

® Flow rule gives the direction of the plastic part of the strain increment. It is
assumed in plasticity that the total strain increment (& ) can be expressed as
the sum of elastic (€") and plastic (€”) strain increment. Especially in the
past normality assumption (i.e.. the uniqueness of vield function and plastic
potential function which shows the direction of plastic strain increment) has

been a popular assumption.

® Hardening rule defines the variation of vield surface during loading. In

general three cases can be considered:
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* [sotropic hardening: In which the vield surface is assumed to expand
uniformly but without any change in position in the stress space.

e Kinematic hardening: In which the vield surface moves but without
any change in the size.

o Isotropic-kinematic hardening: In which both expansion and

movement of the yield surface can occur.

Different researchers have worked to determine vield function and potential
function for sand. Poorooshasb et al. (1966: 1967) were among the first groups who
worked on yielding and flow of sands. Using the results of triaxial compression tests.
they showed that sand is an elasto-plastic strain-hardening material. but does not conform
to normality. They presented experimental verification for existence of a potential
function which depended on stress and void ratio. On the other hand. the vield loci are
found to be independent of void ratio and are only functions of the ratio of the second
invariant of stress deviatoric tensor to the first invariant of the stress tensor. It is noted.
therefore. that the normality condition is violated and in this respect the sand’s behavior
deviates from that of a classical plasticity body. Later. Poorooshasb (1971) moditied his
previous proposed functions for vield and hardening functions. The modified vield
function was defined as:

f=n+mlnp
where n . p and m are stress ratio (¢/ p). mean effective stress and a material
parameter. respectively. Poorooshasb et al. (1966: 1967) carried out their tests mostly on
dense sands. Following the work of Poorooshasb et al.. Tatsuoka and Ishihara (1974)
investigated different kinds of stress paths with drained triaxial compression tests on Fuji
River sand with different densities. The results of their tests showed that the vield loci
change to some extent depending upon the density of the sample. so that under a constant

mean stress. looser samples need higher deviatoric stress for vielding.

Apart from conventional triaxial tests. Lade and Duncan (1973) investigated the

characteristics of cohesionless soils by performing cubical triaxial tests on both dense and
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loose Monterey No. 0 sand. Examining the directions of plastic strain increment vectors.
they concluded that the normality condition is not satisfied in the triaxial plane. but it is
almost satisfied on the deviatoric plane. With this assumption that the mean effective
stress has no influence on the shape of the failure surface in the deviatoric plane. they
proposed an open cone which was dependent on the first and third stress tensor invariants
for this surface. The yield surface enclosed by the failure surface has the same general

shape as the failure surface and expands isotropically until reaching the failure condition.

Although isotropic hardening models have been widely used in soil mechanics
because of their simplicity. these models are not adequate for the prediction of soil
behavior under cyclic loading. The isotropic model predicts elastic behavior solely until
the stress is fully reversed to the original state. However. it is observed in soil
experiments that upon unloading. both elastic and plastic deformations occur well betore
the stress is fully reversed. Hence. an alternative approach to the isotropic hardening tyvpe
ot model is provided by kinematic hardening rules or a combination of isotropic and
kinematic hardening rules. This approach has been emploved by several researchers to
provide a more realistic representation of soil behavior under reversed and particularly

cyclic loading.

Iwan (1967) proposed a one dimensional plasticity model and showed that a
collection of elasto-plastic units can effectively model the Bauschinger effect (which
refers to directional anisotropy induced by the plastic deformations). This model had a
significant improvement compared with previous kinematic hardening models which had
been proposed for modelling the Bauschinger effect. In order to extend the model to three
dimensional condition. Iwan (1967) and. independently. Mroz (1967) proposed a new
framework within the theory of plasticity. Instead of using a single vield surface. they
suggested the use of a family of yield surfaces with each surface translating
independently in a pure kinematic manner. The translation of vield surfaces has been

proposed so that they cannot intersect each other. Mroz/Iwan’s models provided a general



framework called the “multi-vield surface plasticity™ for modelling monotonic and

especially cyclic behavior of metals.

The successful application of a multi-vield surface framework in modelling the
cyclic response of metals encouraged some investigators to use this concept for
monotonic and cyclic behavior of soils. Joyner and Chen (1976) were among the first
who used the Mroz’'s multi-vield surface model in calculating the response of earth dams
subjected to earthquake loading. Prevost (1977: 1978: 1985) developed three anisotropic

hardening models within the multi-vield surface framework for clay and sand.

Multi-yield surface models are capable of representing anisotropic and cvyclic
behavior of soils. They offer great versatility and flexibility for describing any observed
material behavior. They do not require the selection a priori to define the variation of
plastic modulus in the stress space. Motivated by the versatility of multi-vield surface

theory. this theory has been used in the present study.

3.3. Reference state soil mechanics

In this chapter a new framework. termed “Reference State Soil Mechanics™. will
be presented that can be used for modelling the behavior of both loose and dense soils. In
“Reference State Soil Mechanics™. soil behavior depends on the position of the soil state
with respect to a reference state. Something close to this concept has been used by
Poorooshasb (1989): Jefferies (1993) and Manzari and Dafalias (1997) for the description

of the flow of sand and modelling of sand behavior .

Poorooshasb (1989) discussed the ultimate state concept for a unified approach to
the formulation of the constitutive law for cohesionless granular media utilizing the state
parameters. Poorooshasb (1989) mentioned that the state of a sample is defined by the
complete set of the pertinent state parameters. He described a state parameter as a

quantity that is associated with the sample and can be measured directly at the moment of



8

eXxamination. A pertinent state parameter is a state parameter that is judged 1o intluence.
in some way. the behavior of the sample during the particular process to which it is
subjected and its response examined. Poorooshasb (1989) assumed homogeneity and
isotropy of the sample. Then it was judged that the void ratio (e ) and the effective stress

tensor (G, ) are state parameters. With these assumptions. ir ihe context of his

discussions. the state of the sample is defined by the set of quantities (G, . e). Therefore.

based on Poorooshasb (1989). the state of a sample is defined by 7 parameters.
Poorooshasb (1989) mentioned that the state of a sample can be represented by a point in
an n dimensional space. This space was called the state space and the representative
point the state point. Poorooshasb (1989) demonstrated the necessity of having to work in

the state space (versus stress space).

Been and Jefferies (1985) presented a physical parameter. termed the state
parameter (\ ). that combines the influence of void ratio and mean eftective stress with
reference to an ultimate state to describe sand behavior. Using the results of several tests
under ditferent conditions. they concluded that sands behave similarly if test conditions
assure an equal initial proximity to the ultimate state. Later Jefferies used this parameter
in developing "Nor-sand™. a critical state model for sand. Jefferies (1993) postulated
infinite number of isotropic normal consolidation loci. which force a separation of
intrinsic state measured from overconsolidation. The state parameter (\/ ) in Nor-Sand is
used as a current variable which determines the current normal consolidation line. The
condition of zero plastic volumetric strain occurs at only one point on each admissiblc
vield surface and can be regarded as an image of the ultimate state. Although Nor-Sand
can capture the influence of state on the constitutive behavior of sand. it suffers from a
number of deficiencies. Normality has been used in Nor-Sand. Therefore. based on the
discussion of Nova (1991), this model theoretically is not able to show the instability or
collapse of the soil during the hardening process. Furthermore. Nor-Sand is an 1sotropic

model and cannot work for cyclic loading.
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Manzari and Dafalias (1997) coupled the two-surface formulation of plasticity
with the state parameter (\y) to construct a constitutive model for sands. The state

parameter was used to define the peak and dilatancy stress ratios of sand.

In the present study. the state of a soil is defined by a complete sét of independent
state parameters. To define the state of a soil. one needs to know the current stress.
position of the soil with respect to the ultimate state line (in p —e plane) as a reference

and history of loading. For the model in the thesis. the number of state parameters is 13.

These parameters are six components of stress tensor ( G, ). state parameter (\y ) and six
components for determination of the position of the vield surface (., ) that shows the

history of loading.

Regarding the difference between the “Reference State Soil Mechanics™
framework and the “Critical State™ framework. although both of them are the same in the
definition of the ultimate state (or critical state) at large strains. there is an important
distinction. In the “Critical State™ ‘ramework. the focus is on the critical state that can be
observed during the deformation at large strains. However. in the “Reference State Soil
Mechanics™ framework. each soil has a state that must be considered in the modelling of
the behavior of that soil. The ultimate state is only a specific state in the “Reference State
Soil Mechanics™ framework. If a model is in the “Critical State™ framework. it does not
mean that it is necessarily in a “Reference State Soil Mechanics™ framework. For
example. if we believe that the dilatancy of a soil depends on both effective stress ratio
and void ratio (or state parameter. \ ). both of these factors must be considered in the
definition of the state of the soil and. as a result. in the modelling of its behavior. If a
model does not consider completely the state of a soil during loading. it will miss some
aspects of the behavior of the soil. In this case. the formulation of that model has not been
defined completely in a “Reference State Soil Mechanics™ framework. although it may
show the correct ultimate state. With this definition. one may find some models in the

“Critical State™ framework that show the ultimate state correctly. but thev are not in a
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“Reference State Soil Mechanics™ framework. since those models do not consider

correctly the state of a soil before reaching the ultimate state.

[t is believed that not only is the “Reference State Soil Mechanics™ framework
more general and can be used for both cohesive and cohesionless soils but that also
without considering a reference state. complete modelling of soil behavior over a wide

range of stresses and densities is not possible.

For choosing a parameter to define the current position of the soil element with
respect to the ultimate state line. there are several options. The state parameter (/) was
discussed. [shihara (1993) pointed out that the main assumption in the definition of a state
parameter. which is that the behavior of soils with the same \y is the same. is not alway's
correct. As an aiternative he proposed “State Index™. / . which has been defined using
two upper and lower reference lines. He suggested to take the quasi-steady state line as
the lower reference. Recently Robertson and Fear (1995) proposed “Reference State
Ratio™. RSR. which is the ratio of the existing mean effective stress to the mean effective
stress at ultimate state at the same void ratio. as a parameter to define the state of the soil.
They mentioned that for very loose sands. because of the small slope of the ultimate state
line in the ( p—e) plane. RSR works better than state parameter. The topic of which
parameter can better represent the state of the soil is not the subject of this study. What is
being argued is that considering soil state measured from a reference state is an essential

condition for the complete constitutive modelling of soil behavior.

The point to note is that all the parameters. such as state parameter. . State
Index./ . or Reference State Ratio. RSR . which have been proposed by different

researchers to define the state of the soil. are not complete for representing soil response

in the general condition. To define the state of a soil sample at least seven quantities

(G, . e) plus history of loading must be used. This is an essential condition to capture the

soil response in general stress-void ratio space. In the formulation of the presented model
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in this thesis. these necessary parameters have been considered cither directly or

inherently.

Although the behavior of soils depends highly on their states. in most existing
constitutive models. especially for cohesionless soils. this effect has not always been
considered. As a result. the stress-strain properties of a given so0il at different initial states
are characterized as two separate materials with different sets of parameters. This means
that for a unique soil with two different states. two calibrations must be performed and as
a result. these models cannot handle well the response of the soils under drained or

undrained conditions over a wide range of stresses and void ratios.

3.4. Models with no reference

As mentioned by different researchers. the state of soil has a signiticant effect on
soil response. Therefore. models with no reference to follow the state of the soil during
loading are not able to show this important effect. For observing the inability ot models
with no reference state. the results of ten conventional drained triaxial compression tests
performed on loose and dense Tovoura sand (Verdugo and Ishihara. 1996) have been
used. Toyoura sand is a standard sand which is composed of 75% quartz. 22% teldspar

and 3% magnetite. It consists of subangular particles with a mean diameter D, =0.17

mm and a uniformity coefficient of U = 1.7. The maximum and minimum void ratio of
this sand. determined by JSSMFE method. are 0.977 and 0.597 respectively with a
specific gravity of 2.65 (Ishihara. 1993). The variation of void ratio with mean effective

stress for these tests has been shown in Figure 3.1.

Each pair of these samples has been initially consolidated under the same mean
effective stress and shear stress: the only difference was in the initial void ratio that
causes different states for the samples. As can be seen. during drained shearing. loose

samples contracted continuously until reaching the ultimate state at large strains.
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However. soils denser than the ultimate state. after a small contraction. started to dilate
and have reached the ultimate state condition at large strains. These tests illustrate how
the state of soils can affect significantly their response under loading. All these samples

have finally reached a unique ultimate state condition.

As an example of models with no reference. Prevost's model (1985) has been
considered. This model is a multi-yield surface model that has been formulated in
deviatoric stress space. For this study. the model was calibrated by using one of the
contractive tests and then all the tests have been predicted using the same parameters.
The results of the predictions are also illustrated in Figure 3.1. As can be seen. in spite of
changes in the state of the samples. the model has also shown contraction for the dense
specimens. Due to the lack of reference in this model. it could not separate the behavior
of loose samples from that of dense ones. This inability can also be shown in undrained
conditions. If two samples with different void ratios are taken with the same initial
stresses. the model by Prevost will show exactly the same stress paths and stress-strain
curves. However. experimental observations have shown that these two samples show
completely different responses. The other problem that is observed in Figure 3.1 is the
lack of a specific ultimate state condition for model predictions. These problems exist in
all constitutive models with no reference state. Unfortunately at the present time. most of

the existing constitutive models. for cohesionless soils. are in this category.

In the following. the formulation of a multi-vield surface model using a
“Reference State Soil Mechanics™ framework will be presented. This has been developed
based on the Prevost’s model (1985). The model is capable of predicting the behavior of
both loose and dense sands in undrained and drained conditions under monotonic and
cyclic loading with a unique calibration and set of parameters. The proposed model is
calibrated easily by conventional laboratory tests and can capture the effect of both initial
cross-anisotropy and induced anisotropy during loading. Using different parameters for
compression and extension. the model can also show the effect of fabric in the soil

response. Finally at large strains. the model shows a unique ultimate state. that depends
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on void ratio. for both loose and dense samples. The formulation of the model will be
presented in general stress space and then for the specific triaxial condition will be

simplified.
3.5. Basic equations

All the stresses in the following equations are effective. Tensor quantities are

shown by bold-faced characters. The stress tensor can be decomposed to deviatoric. s, .
and spherical. pd, . parts. The assumption is that the increment of strain tensor.€, . can

be decomposed into elastic. € . and plastic.€] .parts. i.e..

e, =&+l (5-1)

The constitutive equation is written as:
- e . ap A
G, = E:,AISAI =E (g, —€y) (5-2)
where o, and E are effective stress tensor and isotropic elastic coefficient tensor.

respectively. E is expressed as:
2G
Ey=(B-—)8,8,+G(8,86,+3,8,) (3-3)
3

in which B . G and O, are respectively bulk modulus. shear modulus and Kronecker
delta. The increment of plastic strain is defined as:

g/ =<A>R, (3-4)
where A is the so called “plastic loading function™ . The symbol < > denotes the
Macauley bracket. i.e.. <A>= A if A>0 : otherwise <A > = 0. R is a second order

tensor which defines the direction of plastic strain increment in the stress space. The

plastic loading function is defined as:

1
ﬁ~l[cll (

W)
]

N

A

A=
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in which H is the plastic modulus and @ is a unit second order tensor which defines the
outer normal to the yield surface or loading direction. Combining equations (3-2). (3-4)
and (3-3). we can write:

1

A=——
H+H,

(Qu El/kl )ékl (3'6)

with
H() = QI/ El/kIRkI (3‘7)
Incorporating equation (3-4) into equation (3-2) we have:

61( =El/kl(ékl—<)“>R,;-/) (3'8)

3.6. Yield surface

In accordance with the concept of muiti-vield surface plasticity. the model
consists of a set of vield surfaces. During past decades. considerable research has been
conducted regarding the actual shape of the yield surface for cohesionless soils. e.g..
Poorooshasb et al. (1966: 1967): Tatsuoka and Ishihara (1974): Yasufuku et al.(1991).
among others. In particular. cones with their apex at the origin have been a popular
chosen vield surface for modelling the soil response under loading. In this model the
same shape has been selected for the vield surfaces. All the vield surfaces display
kinematic hardening. The outermost vield surface acts as a failure surface and ultimate
state surface simultaneously. This latter assumption with a pure kinematic hardening rule
excludes any strain softening behavior for dense soils in drained conditions. In defining
the hardening rule. a combination of isotropic-kinematic hardening will be used as an
alternative by which this problem can be solved. Due to anisotropy. generally the center
of the yield surface cones does not coincide with the hydrostatic axis in the stress space.

The yield function that has been taken from Prevost (1985) is defined as:

3 2 LI 2
f =§(Su —pall )(SI/ _pall)_g (6)'77‘ p =O (3-9)



in which pa, is a deviatoric tensor that shows the position of center of cone on a
deviatoric plane (see Figure 3.2) and m_is a material parameter. a, 1s a variable that

expresses the inherent and induced anisotropy of the soil.

The function g(0) determines the shape of the cross section of the vield surface
on the deviatoric plane. Considerable research has been performed regarding the actual
shape of the failure surface in this plane. Using the results of cubical triaxial tests on
Monterey No. 0 sand. Lade and Duncan (1973) have shown that the failure surface on the
deviatoric plane is bigger than Mohr-Coulomb criterion and with a different friction angle

(@ )for 5=0 and b =1 conditions corresponding to triaxial compression and extension
(b=(c,~0.)/(c,~0G,)). Matsuoka and Nakai (1974: 1977). using the tests on
Toyoura sand. pointed out that while ¢ is the same for 5=0and b=1.for 0 < b < 1.itis

more than what Mohr-Coulomb criterion shows.

[n this model the function g(6) has been chosen so that the shape of the ultimate
state surface in the deviatoric plane is a rounded comered hexagon of Mohr-Coulomb
type. The advantage of the chosen shape to Lade and Duncan (1973) and Matsuoka and
Nakai (1974, 1977) criteria is that the shape of the ultimate state surface has not been
restricted to equal or unequal @ for 5=0 and b =1 conditions. The process of calibration
of the model is such that the model will illustrate the same or different ¢ for triaxial
compression and extension based on what has been observed in the experiments. It
experiments show that ¢ is the same in triaxial compression and extension. the ultimate
state surface in the model will be close to Matsuoka-Nakai criterion (see Figure 3.3).
However. if experiment results show unequal values for the friction angle in compression
and extension (Lade and Duncan. 1973). the model will match with these results. A
comparison of the ultimate state surface of the model with Mohr-Coulomb. Matsuoka-
Nakai and Lade-Duncan criteria is shown in Figures (3.3) and (3.4). The function

£(0) which has been taken from Wang et al. (1990) is defined as:
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2m,
g(0) = - (3-10)
(I+m, )= (1-m, )cos36
in which
r.lml-.
mk == (3'1 l )
n"\(
W3, J
cos30 = ;/;(?) (3-12)
T _ l - = - -~
J: ;SI/S[I (.J‘l.))
S X
J. = 55,,3,;;% (3-14)
_u :su—pau (3‘15)
and 1, and n, are the slope of ultimate state lines in (g — p) plane in triaxial

extension and compression. respectively. m, also shows the ratio of the size of vield
surtace in triaxial extension and compression for all yield surfaces. The consideration of
the constant m, for all yield surfaces is an essential condition for keeping the uniqueness

of the model at the contact point in the kinematic hardening which will be described later.

Considering the shape of the vield surfaces . one can see that for a constant stress
ratio (1) loading. the stress path never crosses a vield surface. As a result. the
performance of the model under such a loading is elastic. This problem can be solved by
adding a cap to the yield surfaces following Vermeer (1978) or Lacy and Prevost (1987).
The position and the size of this cap should be a function of volumetric strain. Since the
behavior of dense and medium dense sands under this kind of loading. up to very high
stresses where the breakage of grains occurs. is elastic (Ko and Scott. 1967). for
simplicity in the application. it has not been added to the present model. For the range of
stresses in which geotechnical engineers are interested. this is an acceptable assumption.

For very loose sands. however. this assumption is not correct. Since application ot this
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kind of loading in practice is not frequent: considering only open cones does not make

any important disadvantage for the present model.

The outer normal to the vield surface. Q. is determined as follows:

LA
co,
Q// = 05 (3-16)
(ff_ if”j

¢o,, ¢o,,

We can decompose @ to deviatoric. Q' . and spherical . Q" . parts as:

QI/ :Q:: +Q”61/ (3‘17)

3.7. Flow rule

Equation (3-4) defines the general form of the flow rule. For a specitic definition
we must define R . For convenience. we can decompose R to its deviatoric. R’ . and
spherical. R"”0, . components as:

R, =R +R"S, (3-18)

where

R"=—-R (3-19)

Lade and Duncan (1973) have shown that normality is satisfied in the deviatoric
plane. Therefore we can assume:
' [ bl
RI[ - QI[ (") "0)
R" is determined mostly by the dilatancy of the soil. In most of the existing

constitutive models. dilatancy depends only on stress ratio (1) and not on the individual

values of deviator stress or mean effective stress.

To reflect the dependency of the shear dilatancy on the effective stress ratio

(Rowe. 1962: Luong. 1980) and in the comparison of the existing stress ratio with
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something similar to the slope of the phase transformation line (Ishihara et al.. 1973).

Prevost (1985) has suggested the following expression for R” :

|-l
R" = L E—— (3-21)
(2 +1
n
where
N = mobilized stress ratio = (%susu ) p (3-22)

and M or dilation parameter is a material parameter. [n this model the same expression is
used but with an important modification. Based on this flow rule. when N <mn. the model
shows contraction and when n>7. the model represents dilation. The case of n=n

corresponds to no plastic volumetric strain.

The dilation parameter in Prevost’s model is determined directly by the
experimental results. Although it was suggested to use the average n for all vield
surfaces. the average T is not effective . This problem can be seen if one uses the
average values of 1 for prediction of the test which has been used for calibration of the
model. On the other hand. the obtained 7 is related to a specific state of the soil that is
usually contractive (which is used in calibration of the model). As a result. when the
model is calibrated by a loose sample. it is not able to show the dilation behavior of a

densec sample in drained conditions.

To solve this problem. the ultimate state surface has been used as a reference for
the model. The rate and direction of volumetric strain depends on the position of the soil
with respect to this surface compared with the condition which existed in a reference
condition. Been and Jefferies (1985) showed that specimens with the same state
parameter. . have similar contractive or dilative characteristics. Also. they pointed out

that approximately a unique relation between dilation and state parameter exists. Using
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the results of a large number of tests which had been performed and reported for different

kinds of sands. the following relationship is suggested for using in the model:

k, (a0, ~ajo)
g O’

n =T, exp +5(y-wy,, )!T]“f (3-23)

where 7, is the dilation parameter of the vield surface at a reference state parameter
(W, ) and position (a ). k, is a material parameter that affects the rate of volumetric

strain with respect to the position of yield surface.

The second term in the bracket in equation (3-23) demonstrates that with changing
the state of the soil. dilation parameter changes. In other words. loose soils have more
tendency to contract than dense soils. This assumption corresponds with Been and

Jefferies’s (1985) observations. The shape of this function has been chosen so that. if soil
has a bigger state parameter compared with the reference state (> w ., ). the dilation
parameter ( ) will be bigger than the reference dilation parameter ( 7 ). As a result. soil
will show more contraction. On the other side. if W<y, . the equation shows that
N <7, and. therefore. soil will show less tendency to contract. The performance of the
model in prediction of the behavior of dense. medium dense and loose samples of sands
with a unique T, and y _ (which will be shown in the next chapter) confirms that the

proposed formulation works.

The first term in the bracket in equation (3-23) has been detined to represent the
effect of the position of yield surfaces on their dilation parameters. As will be seen in
section (3.11) and the appendix. in calibration of the model. 7, is determined using the
swress ratio (1) of each yield surface. For the first vield surfaces. because n is small. N,
will be small too. If this T, is used for the prediction of the soil performance under
unloading started at high stress ratio. since the existing 1 is higher than that which

existed in the calibration. the model shows high dilation. For solving this problem. the

first term has been considered in the bracket in equation (3-23). Because this problem
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does not exist this much in the last vield surfaces. the term in the denominator has been
added to decrease the effect of this part of the bracket for those vield surtaces.
Considering this factor is particularly essential for modelling soil behavior under cyvelic
loading. Equation (3-23) is a key relationship that has a significant effect on the rate of

plastic volumetric strain in the model.

The value of 7 in the general condition is determined by using the equation

which has been suggested by Prevost (1985) as follow:

T
+cos39nf’

(3-24)

— N +7n,
L

where 1, and 7, are dilation parameters in compression and extension. respectively.

3.8. Hardening rule

In general. three kinds of hardening rules can be used in modelling soil behavior.
isotropic. kinematic and combination of isotropic-kinematic hardening. It has been shown
that to capture the cyclic response of the soils. kinematic hardening is an essential
condition. In the present model. two different hardening rules are used. pure kinematic

and isotropic-kinematic hardening.

Mroz (1967) has proposed a kinematic hardening rule. This rule is used to

describe mathematically the motion of yield surfaces in the model. Assume that the
surfaces /"' to f*" are in contact at point N . and the surface " is translating towards
the conjugate point T (see Figure 3.5). The translation of f'' will occur along NT
(orp, ). where the lines connecting the center of the yield surface f*"' to N and the center
of the yield surface /""" to T are parallel. Since m, is the same for all vield surfaces.

they have a similar shape. For two yield surfaces f'" and """ we have:
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t/=1)
(/- -t ”7k ( ) th 195
1" - " - o S, T pPQ, ) (2-23)
m

L

Therefore. the direction of translation. p, . is determined as:

=1
m o

“1[ = m(l) (SI[

[

h

—POL,,”))'(S,, _pa"(/-n) (3-26)

The movement of center of yield surface (/) now can be determined by:
pa, =ap, (3-27)
where a is a scalar component that represents the amount of translation and can be

determined by using of consistency condition as follow:

. of . cf . cf .
f= Af G, + «f a, + Nf m =0 (3-28)
co, ca, cm.

After the differentiating of equation (3-9). equation (3-28) can be written as:

(o o\ e . .
o, ﬁ—f-:i G, +~ia,, -2g°O©)ym pm =0 (3-29)
\éo,, éo, ca

H

and then

{

( o o
- ! 50 ki 50— kil
" 6 f

-

ca

"

s
j G, -2g (0)m p i

Combining equations (3-30). (3-27) and (3-3) we will have:

kH(i i) -2g°(®)m p'm

_ 50‘,(, ackl 3.3

a=p o (3-31)
-aa” !J.l[
and then
0.5
kH( S F J ~-2g°(0)m p'm,

§ = do,, 0o, (3-32)

/] af l‘lu -




Equations (3-26) and (3-32) describe completely the movement of vield surtaces
in the stress space. For the pure kinematic hardening rule. the second term in the
numerator of equation (3-32) is zero. In this case. because the last vield surtace is also the
ultimate state surface in the stress space. with the above kinematic hardening rule. the
model is not capable of showing softening in drained conditions for dense sands. A lot of
existing models have the same problem. Practically speaking. because dense sands are
less problematic soils. usually designers are not interested in the behavior of sands in this
region and some approximation is acceptable. However. in order to have a complete
formulation for the model that can also model the behavior of dense sands more
precisely. an isotropic hardening rule will be presented. A combination of the above
kinematic hardening rule and an isotropic hardening rule can capture completely the

behavior of very dense sands.

Been and Jefferies (1985) have shown that the peak angle of shearing resistance is
a function of state parameter. . Therefore. in constitutive modelling. the failure stress
ratio cannot be regarded as a constant input soil parameter. Using this observation. Wood
et al. (1994) linked the peak stress ratio with the current value of the state parameter
through a simple linear expression:

May = Ny = KW (3-33)

where £ is a material constant and 1), is the ultimate state stress ratio. With this link.
Wood et al. (1994) could capture the strain softening behavior of dense sands in drained
conditions. Following Wood et al.(1994). Manzari and Dafalias (1997) added a Macauly
bracket to the above equation and used it to define the variation of bounding stress-ratio

in their model.

In the present work. the same relationship is adopted but for changing the size of
vield surfaces as a function of state parameter. i.e..

m,=m +k<-y> (3-34)
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in which m, represents the size of the vield surface on the side that is denser than the
ultimate state and must be used in place of m in the formulation of the model for the
dense side. The parameter £ is a material parameter. Using Macauly bracket < > shows
that for soils looser than the ultimate state. v is positive and the second part of the right
side of equation (3-34) is zero: hence the size of vield surfaces are constant. For soils
denser than the ultimate state. based on the value of . the size of vield surfaces

changes. and by approaching the ultimate state. the second part converges to zero. Finallv

for both loose and dense soils. the model shows the same ultimate state.

In the present model. the assumption is that all vield surfaces are under kinematic
hardening except the last vield surface. For this vield surface all the elements of the
tensor ofa are zero. Therefore. considering equation (3-32). the plastic modulus for the

last vield surface is determined by

22°(0)ym p i )

H==8 ‘p\l,; (3-35)
(& &
o
éo, o,

Equation (3-35) illustrates that. if the model is under only kinematic hardening (i.e.. iz =

0). the plastic modulus for the last vield surface theoretically will be zero. In general

conditions. considering equation (3-34). one can write:

. U
m,=—ky< —,—Uf > (3-36)

od l\'j'
Considering Macauly bracket in equation (3-36). one can see that only for the state that is
denser than the ultimate state. #7, is not equal to zero. Therefore. m_, shows the
variation of the size of vield surface in the dense side. Also one has:
y=é-é, (3-37)
where € and ¢, show the increments of the void ratio of the soil and ultimate state line.
respectively. Considering compressive stresses and strains as positive. one can write:

é=—¢ (l+e, ) (3-38)
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in which e, and €, are the initial void ratio and increment of volumetric strain.
respectively. Combining equations (3-36) to (3-38) with some manipulations. one will

have:

iy, =k (2-31R")(1+e, )16, |<-Ls (3-39)
B vl

where p is the increment of mean effective stress.

Using equations (3-39) and (3-35). one can determine the plastic modulus for the last

vield surface. remembering that #z, is riz, for the dense side.

Although by using isotropic-kinematic hardening. one can also capture the strain
softening response of dense sands in drained conditions. in most practical problems.

using pure kinematic hardening is acceptable (see chapter 4).

A comparison of model predictions with pure kinematic and isotropic-kinematic
hardening rules under drained conditions has been shown in F igures (3-6).(3-7) and(3-8).
In these figures. model predictions for a set of conventional drained triaxial tests have
been presented. It was assumed that the samples have been consolidated isotropically and
initial mean effective stress is 1 MPa for all of them. For covering a complete set of

initial states. the initial void ratio of the samples has been taken from 0.6 t0 0.95.

As can be seen. for the samples initially loose of the ultimate state. the predictions
of the model with both kinematic and isotropic-kinematic hardening are the same. This is
not surprising. because in this condition. state parameter is positive and based on
equation (3-34), the size of yield surfaces does not change. But with decreasing void
ratio. the difference between the two hardening rules appears. Using the isotropic-
kinematic hardening, during shearing. the mean effective stress and deviatoric stress
increase. After reaching a maximum value which is higher than the ultimate state value.

however. they start to decrease and come back to the ultimate state condition. The values



of maximum mean effective stress and deviatoric stress depend on the state parameter of’
the soil. However. for kinematic hardening. stresses increase continuously up to the
ultimate state value. In this condition. the stress paths never pass the ultimate state line.
As can be observed. for the loose and medium dense sands. the difference between the
application of the two hardening rules is not significant and even using the kinematic
hardening rule is acceptable. For the stress-strain and volumetric strain-axial strain
curves. the same trends can be observed. For isotropic-kinematic hardening. different

degrees of softening based on soil state occur. The maximum stress ratio during shearing

depends on the initial state parameter. In Figure (3.9). the variation of N,... With initial

mas

state parameter.\,. for both hardening rules has been shown. For the kinematic

hardening rule. as expected. the 1, is constant and equal to n,.. For isotropic-

man
kinematic hardening. however. 7, change with \,. This variation for samples denser

than ultimate state corresponds with what has been reported by Been and Jetteries (1985)

for the variation of the angle of shearing resistance with state parameter (see Figure 2.3).

The same comparisons but in undrained conditions have been prasented in Figures
(3.10). (3.11) and (3.12). The void ratio for all the samples has been 0.78. With
decreasing mean effective stress. the state of the samples changes from looser than
ultimate state to denser. Similar to drained conditions. for loose and medium dense
samples. the difference between predictions of the model with two different hardening

rules is negligible. However. for dense samples this difference is more apparent.

Considering Figures (3.6) to (3.8) and (3.10) to (3.12). one can see that the
difference caused by two hardening rules depends on the state parameter. For problems
in which the soil is loose or medium dense. the use of the pure Kinematic hardening is
acceptable. However. if the soil is very dense. using isotropic-kinematic hardening rule is
an essential condition to predict soil response. especially at small strains. In any case. the

proposed model contains both options.
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3.9. Elastic moduli

In the elastic region, the material is assumed to be isotropic. Therefore. two elastic
parameters such as shear modulus and bulk modulus or shear modulus and Poisson's ratio
are -required for introducing the model response in this region. Shear and bulk modulus
generally increase with mean effective stress and decrease with the increase of void ratio
(Richart et al., 1970). In this model the variation of shear modulus is defined as:

o5 (2.17—e)2(l+e0)
(217 -¢,)’(1+e)

G =G, ()

(1]

(3-40)

where

G = Shear modulus
G, = Reference shear modulus at p, and e,
P, = Reference mean effective stress
e = Current void ratio
e, = Reference void ratio
Bulk modulus is also defined similarly as:

os (217 —€e)’(1+¢,)
(217 —¢,) (I +¢)

B=B,(£)

0

(3-41)

in which B, is the reference bulk modulus at p, and €, - p,and e, are two reference
values and can be fixed to any arbitrary constant values like P.., and e;=1: however,
after choosing any values for them, G,and B,must be defined for those values.

Comparing equations (3-40) and (3-41), one can see that the definition of equation (3-41)

is equal to usage of a constant Poisson’s ratio.

3.10. Plastic modulus

Plastic modulus has an important effect on the response of all elasto-plastic

constitutive models. In this model the plastic modulus for each yield surtace is
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determined by the result of experiments. Therefore it is not necessary to have am
pre-definition for variations of plastic modulus in different vield surtaces. As a result. the
model will be able to show the behavior of any soil for which the model has been
calibrated. It is clear that such a plastic modulus cannot be constant. but rather depends
on mean effective stress and void ratio. To achieve a better performance of the model in
simulation of the monotonic and cyclic behavior of sands. after testing for different soils
in different void ratios and mean effective stresses. the tollowing relationship is
suggested:

"

(L @m0 e
P, (2-e, )2 +e)

H=H

0

(3-42)

in which
H, = Reference plastic modulus at p, and e,
n,, = Material parameter

The value of H in general condition is determined by the following equation that has

been suggested by Prevost (1985):

H +H -H
H= %+cos36£{‘7—’

-— -

(3-43)

in which A and H, are plastic modulus in triaxial compression and extension.

3.11. Calibration of the model

The model is fully calibrated by 11 parameters with kinematic hardening or by 12
parameters with isotropic-kinematic hardening. All parameters are determined from
conventional laboratory tests. Considering the process of calibration. one can see that the
most of the parameters are determined directly during calibration and only a few
parameters must be determined by curve fitting. This allows convenience for users. In
this section the calibration of the model will be described. An example of calibration of

the model is presented in details in the appendix.
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Shear modulus. G . can be determined by the shear wave velocity:
G =pv’ (3-44)
where p and v, are the density of soil and shear wave velocity. respectively. As was
mentioned in the past. this modulus is determined for a specific mean effective stress. p

and a specific void ratio. e . Using equation (3-40). G, in p, and e, can be determined.

In the absence of the result of shear wave velocity test. the shear modulus can be
determined by the steepest slope measured at the origin of the deviator stress-shear strain
curve. The empirical relationships which have been proposed by different researchers

may also be used with approximation (for example. Richart et al.. 1970).

Bulk modulus. B . is determined by measuring the slope of the mean effective

stress-volumetric strain curve of unloading in a hydrostatic test or with some
approximation by the initial slope of mean effective stress-volumetric strain obtained in a

drained triaxial test. As with the shear modulus. B is related to a specific p and e. and

can be normalized ( B, ) at p, and e, . using equation (3-41).

The ultimate state line in the ( p — ) plane also must be defined to retain it as a
reference in the model during the analysis. There are some discussions regarding the
shape of the ultimate state line and its uniqueness for different shearing modes and
drainage conditions. For keeping the versatility of the model. no specific shape for the
steady state line is considered. This line must be defined for the model but can have any
shape without adding any limitation to the model. In the future. if the variation of this line
is defined. it can be considered in the model without any necessary change in the

proposed formulation.

m, is determined using the slope of ultimate state lines in the (g — p) plane for

triaxial extension and compression (i.e.. 1,,, and 1, ) and equation (3-11).

LAY
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Each conical yield surface is defined in terms of m . representing the size of the
vield surface for triaxial compression. o . representing the position of the vield surface
in the stress space. A, and H,, . the reference plastic moduli in compression and

extension. and T, and T, . the reference dilation parameters in compression and

extension. These parameters can be determined from the results of one pair ot drained

compression and extension triaxial tests on loose sand.

In the triaxial test. the specimen is under axi-symmetric conditions. i.e..

G.=0. : €, =€, (3-43)

. l 5
a, =0 forizj a::=a11=—;al, (3-46)

If we simplify equation (3-9) for triaxial conditions. with the assumption of « = Pl O

we will have:

I
o

f=(q_PO():—g:(9)m‘ :p: (3-47)

where

I

1
g=06,-0, : p=<(c,+20c,) (3-48)
J

The sizes of the yield surface in compression and extension are m_and mm .
respectively. Therefore:

q— pa = pm for compression (3-49)

q-pa=-pmm for extension (3-50)
Thus each yield surface in (¢ — p) plane consists of two lines which pass through the
origin. Volumetric and shear strains in this condition are defined as:

g, =¢, +2¢, : €, =€, —E, (3-51)

Using these definitions and equations (3-5). (3-8) and (3-16). after some manipulations

we will have:
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| | l—ne
8—’=7 + — 7(1 (3-32)
q ..G Hl+:n1

9

. -2y T_q
e, 1 12 n p 4 on
_=Eiﬁ\/g . 5. (3-2))
P I+(=) (I+=n)"

n 9

In the latter equation. the positive sign is related to compression and the negative sign is

for extension. Stress ratio. n = i_ and plastic modulus. A . in the above equations can

be shown as n_and A, for compressionand as 1, and H, forextension.

To determine the parameters of the model. (¢ —€,). (p—€,). (¢—p) and
( p—e) curves which have been obtained by the conventional drained triaxial tests are
divided into linear segments so that the slopes of (g —¢,) curves for each pair of
segments in compression and extension are the same. The degree of accuracy depends on
the number of these segments. Using equations (3-49) and (3-30). m and « can be
determined for each vield surface. Then using equation (3-32). H and H, can be

determined. N_and 7, also are determined by equation (3-33). It is clear that 7 and

n, are related to specific \,_ and \, and also related to specific position c, . which are

determined during the calibration process for each vield surface. As described in the
appendix. plastic moduli and dilation parameters can finally be defined for a unique mean

effective stress. void ratio and state parameter.

The parameter n,,. which shows the rate of variation of plastic modulus with void
ratio. must be determined by trial and error for obtaining the best fit to the results of

undrained triaxial tests.
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The parameter &, can be determined by using the results of the undrained cyelic
triaxial test or monotonic triaxial test on an anisotropically consolidated sample. The
parameter k& must be chosen so that the stress path. in the changing of load direction.

matches the observed behavior.

To use isotropic-kinematic hardening. the parameter 4 must be also determined.
This parameter. which controls the maximum stress ratio in dense side of ultimate state.
is determined by trial and error for best fitting to the drained or undrained test performed

on dense samples.

The model parameters and the necessary tests for determination of them have
been shown in Table (3.1). Furthermore. an example of calibration of the model can be

found in the appendix.

3.12. Calibration of the model in the lack of complete data

In this section. a method for calibration of the model. in the absence of complete
data. will be presented. The result of the drained triaxial compression test is often
available. However. in the literature. sometimes the result of the drained triaxial

extension test cannot be found. In the following. it is assumed that the slope of the
ultimate state line in (¢ — p ) plane for triaxial extension ( N,.. ) has been defined. but the

result of the drained extension test is not available.

Equation (3-49) and (3-50) can be written as:
N, —a=m (3-34)
Ny —Q=-mm (3-33)

Therefore one has :
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m = L. T (3-36)
L+m,
and a=n -m (3-37)

As can be seen in equations (3-56) and (3-37). if 7, is known. m and « can be

determined.

Considering equation (3-52). if one has 7, for each yield surface. H , can be
determined. because. on one hand. the ratio of (£,/¢ ) in compression and extension is
the same for each yield surface and. on the other hand. the ratio of ( 5. ) tor drained

triaxial extension is known (for example for 6, = cte test . p/g=-2;3).

One can assume that G is equal in compression and extension tor cach vield
surface in the calibration. Although this assumption has some approximation. considering

the lack of sufficient data. this estimation would be acceptable.

Based on existing data. the ratio of (11, /1), ) for the first vield surtaces is smaller
than that in the outer yield surfaces. Therefore the value of (N . /N, ) increases with n .
Meanwhile. the ratio of (1, /1, ) for the last yield surface is equal to m, . Considering
these two facts. the following equation is suggested for determination of n, for each
vield surface:

N, =-N.|d, +(m, —d, )~y (3-38)

Considering two constants (d, and C,) provides enough flexibility in the equation. d.

affects mostly the first yield surfaces. As can be seen. if n.=n,. forany d, and C,.

LIAYY

nl:’ = _mk nuu = T]mlf *



103

If the result of undrained triaxial extension test is available. d, and C, are
determined by trial and error to produce the best fitting to experimental observations. [f

data is not available for extension. it is suggested that d, and C, be taken equal to 0 and

1.0. respectively. With this assumption. the variation of (n, / n, ) versus 1 will be a
straight line that passes through the origin. For Tovoura sand based on the curve fitting

(see Figure A.5 in the appendix). d,= 0.45 and C,=6.

To determine T, . there are two options as:
M, = 0.(-2L) (3-59)
n.
or n, =n.m (3-60)
The negative sign in equation (3-59) is to produce a positive value for n, - although we
have the square of T, in equation (3-21). This change does not make any difterence in
the calculations. If the experimental result for curve fitting is available. any of the above

equations that match better with the experiment should be used.
3.13. Methodology in developing formulation of the model

Figure 3.13 shows briefly the methodology which has been used in developing the
formulation of the present constitutive model. In the first step. circular cones with an apex
at the origin were chosen for yield surfaces. However. using the circular cone created a
significant difference. in some zones. between the ultimate friction angle that the model
showed and the observed friction angle of the soil (for example. compared with Mohr-
Coulomb or Matsuoka-Nakai criteria). Therefore g(8) was added to modify the circular
section of the cones (see equation 3-9). Different functions for g(0) were chosen. By
comparison of the ultimate state surface of the model with Mohr-Coulomb. Matsuoka-
Nakai (1974) and Lade-Duncan (1973) criteria on the deviatoric plane. the best g(0) was

selected (see equation 3-10).
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In the flow rule. considering the observations of Lade and Duncan (1973).
normality has been accepted in the deviatoric plane. Then Prevost's proposal (1985)
for R" (see equation 3-21) has been chosen. However. this function could not show the
response of the soils at different states. Thus. a function for variation of N with state
parameter (\y ) was defined. Considering observations of Been and Jefferies (1983). this
function must show more contraction for the soils with higher state parameters. By trial
and error. when used in the model. the final function gave better results than the other
functions. In this effort. the observed behavior of different soils in the experiments under

different loading and drainage conditions has been considered.

In the prediction. it was observed that at the starting of unloading or reloading. the
model showed less contraction compared with the real behavior of the soil. For solving
this problem. another part has been added to the proposed equation for considering the

variation of N with respect to the position of vield surfaces (see equation 3-23).

The Mroz kinematic hardening rule was chosen for translation of vield surfaces.

Using only kinematic hardening. the model was not able to show softening behavior of

dense soils under drained conditions or decreasing of stress ratio under undrained

conditions. For solving this problem. the size of vield surfaces was related 1o state
N

parameter (see equation 3-34). This relationship is such that for soils looser than the

ultimate state. the size of the vield surfaces is constant.

In both kinematic and isotropic-kinematic hardening. the consistency condition

-

was satisfied. For inner yield surfaces. G, (see equation 3-32) and for the last vield

surface. plastic modulus ( /) were determined (see equation 3-35) using the consistency

condition.
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Elastic moduli change with mean effective stress and void ratio. Equations (3-40)
and (3-41) have been used to consider these variations. The section related o the

variation of elastic moduli with void ratio has been adapted from Richart et al. ( 1970).

Plastic modulus also changes with mean effective stress and void ratio. Both an
increase in mean effective stress and a decrease in void ratio can cause some increase in
plastic modulus. Equation (3-42) was developed for considering these variations. This
function was developed by using trial and error. For any trial function. calibration of the
model was performed for different soils. and predictions of the model were compared
with the observed behavior of those soils under different loading and drainage conditions.

Finally. based on these comparisons. equation (3-42) has been selected.

3.14. Explicit algorithm for stress increment calculation

Ortiz and Popov (1985) mentioned that an acceptable algorithm should satisty

three basic requirements:

(a) Consistency with the constitutive relations to be integrated or first-order
accuracy
(b) Numerical stability

(c) Incremental plastic consistency

A non-required but desirable feature to add to the above list is: (d) second-order accuracy.

Considering (a) and (b) are needed for attaining convergence of the numerical
solution as the time step becomes vanishingly small. Condition (c) is the algorithmic
counterpart of the plastic consistency condition and requires that states of stress computed

from the algorithm be contained within the elastic domain.
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Using an analysis of accuracy of algorithms for the integration of elastoplastic
constitutive relations. Ortiz and Popov (1985) have shown that the choice ot (0.3) for the
algorithmic parameter results in second-order accuracy for two families of algorithms.
Ortiz and Popov (1985) proposed also a methodology which allows a svstematic
assessment of the numerical stability properties of integration rules for elastoplastic
constitutive relations. Based on this method. the minimum value of algorithmic parameter

to achieve unconditional stability is (0.3).

Considering the above discussion. with explicit algorithms in which the
algorithmic parameter is zero. achieving a second-order accuracy or unconditional
stability is not possible. However. in multi-vield surface theory. using explicit-implicit or
tully implicit algorithms results in expensive algorithms. Therefore. to have an efficient
algorithm for the multi-yield surface models. one can be satisfied with first-order

accuracy and conditional stability.

[n this thesis. a forward different scheme has been used. This algorithm is simple
but not perfect for use as an interface with a finite element code for the solution of
boundary value problems. The presented algorithm is consistent. first-order accurate and
only conditionally stable. For using finite element codes. the algorithm which has been
suggested by Lacy (1986) can be used. This is an explicit one-step algorithm. simple and

relatively inexpensive.

The problem can be defined at a step of an analysis (7). the stress tensor ( G, )

and the position tensor of yield surfaces ( af,'" ) are known. If the strain increment at step

sinel) (n=1y

(n+1)is €"". we want to determine G and a'""

.y ,  forall the yield surfaces.

In the algorithm that has been used in this study. at first with the assumption that

the deformation is completely elastic. the first trial stress (6" ) is determined. i.c..
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- d -1 3
0':,”" ) — G:I"i + E,,[.-/s'l.v;' ! (3‘61)

[t the trial stress exceeds the vield surface. the new trial stress is determinced by

using following equations:

e’ = AR (3-62)

] i

r(n«l) - {n) s (n+1) - pla-l) - -
G, =0, + E//kl[gkl Eu ] (3-65)

Then yielding is checked by using this new trial stress. If trial stress still exceeds than the
vield surface. equations (3-62) and (3-63) will be used again but with the parameters
related to the next vield surface. This process will be repeated until the trial stress does

not exceed the vield surface. As can be seen. in this method. the effect of passing several

stnel)

vield surfaces in one increment of strain (€, ) has not been considered. However. it

works for small increments of strains.

The next step is updating the stress and the position of vield surfaces. The contact
point on the vield surface (s,) is determined by radial mapping. using tollowing
equations:

K - S(uol) _p(n-l)a (3-64)

" " "

CK,K,)"
b= e (3-63)

(n-ly)

p

0
5 = prig, 4 8O b)m‘ K, (3-66)

After determining the contact point. the new positions of vield surfaces are

determined and the calculations for step (17 + 2 ) will start.

For choosing an efficient strain increment size. two typical tests for triaxial and
simple shear (conducted by hollow cylinder) conditions have been considered (Figures
3.14 and 3.15). Both of these tests have been predicted by three different strain

increments (0.1. 0.01 and 0.001 percent for axial strain increments in triaxial and shear
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strain increments in hollow cylinder tests). The results have been shown in F teures (3.14)
and (3.15). As can be seen. using 0.1 percent in the triaxial test causes an oscillation in
stress path at small strains in model prediction. This oscillation for stress-strain curve and
simple shear test is not seen. For 0.01 and 0.001 percent strain increments. all the stress
paths and stress-strain curves match together. Therefore. considering the shorter time for
analysis using the 0.01 percent strain increment. this size has been used for loading steps
in the predictions. Considering Figures (3.14) and (3.15). one can conclude that the

presented predictions do not depend on the size of loading step.

3.15. Implementation

In this section. /and NYS show the vield surface number and the number of total

vield surfaces. respectively.

l- Initialize vield surface number:

tJ

- Compute elastic trial stress:

ren<ly ____(m) ~ =)
S =0, +LE g,

3- Check for yielding:

Ifl=NYS Gots

If floy" " ay ™. g(®)]<0  Gotos

[=1+1



4- Compute plastic trial stress:

— NH o
HO - 0 E:[kIRI\/

<y

(/) s (n~1)
} _ QI/ El/kl 8I(I
- o
H" +H,
irp )
g, =AR,

rin=1y (n) -1} s irp
G =G, *+ Elll\‘l[sk/ €y ]

"

Goto 3
3- Updating the stress and position of the vield surfaces:
n-1) rin-1)
¢, =0,
If/=0 Goto7

tn-1) (tn=1)y (I
KI[ - S;/ - p all

(O R VS

(“ K” K” )(‘r:‘

in-i)

* pinolba(/) + g(e)'nj“

S, = " b Ku
(/=1

- ¢ * o atneh h _ AN VS PN Y A §

l"‘"u - m([) [Su p al[ ] [sll p a'l ]
- - 03
}LH“’( Of Cf J _»)gl(e)m(l)p(uol)lngltlb
o’ =" + ¢G,, €Oy
iy y 6f

- - “'l/
ca

i

H,
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6- Adjust inner surtaces:

Fork=1two(l-1)

(k)
m
(n+1) . tn=1) tu=1y__th
i m(l) [S'I p al/ ]
tky _ ¢
n (n+1)

3.16. Summary

This study has demonstrated that considering a reference to define the state of the
soil is an essential condition for constitutive modelling of soil behavior over a wide range
of stresses and void ratios. “Reference State Soil Mechanics™ is a framework in which the
behavior of soil depends on the state of the soil with respect to a reference state. To
define the state of the soil. different parameters can be used. For a complete definition of
state in general stress-void ratio space. however. at least seven parameters plus history of
loading must be used. Using a reference. the behavior of loose and dense soils can be
modelled in a unique framework. Since sands with any density finally at large strains
reach the ultimate state condition. it was suggested to use ultimate state surface as the

reference.

For modelling the behavior of sands in drained and undrained conditions under
both monotonic and cyclic loading. the formulation of a constitutive model in general
stress space has been presented. This formulation has been obtained by modifving the
multi-vield surface theory (Prevost. 1985) to consider the effect of state on the soil
behavior. The model is capable of predicting the behavior of loose and dense sands. the
effect of initial cross-anisotropy and induced anisotropy during the loading using a
unique calibration and set of parameters. Calibration of the model is done completely by

conventional laboratory tests. Most of the model parameters are determined directly
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during the calibration procedure and the user does not have to spend a lot of time for
curve fitting. Using different parameters for compression and extension. the model is
capable of representing the effect of fabric in soil response. A method also has been

suggested. in the absence of complete data in extension. to use for calibration.

The ultimate state line in the ( p—e) plane can have any shape and mathematical
function. This generality gives such a flexibility to the model that whenever the exact rule
of variation of the ultimate state line is proposed. it can be added to the model without

any necessary change in the formulation of the model.

Two pure kinematic hardening and isotropic-kinematic hardening rules have been
used. It has been shown that for modelling the response of loose and medium dense
sands. using a pure kinematic hardening rule is acceptable. However. for the post peak
behavior of very dense sands under drained conditions. the user must apply isotropic-

kinematic hardening.

The explicit algorithm for stress increment calculation that has been used in the
predictions was described. In general. this algorithm is not perfect for use in interface

with finite element codes: however. for the purpose in this research it worked etficiently.

Validation of the model under monotonic and cyclic loading will be presented in

Chapters 4 and 3.



Table 3.1. Test type for determination of model parameters*

Parameter Test type for determination

G, Shear wave velocity or triaxial

B, Cyeclic hydrostatic or triaxial
m,.m.a
H,.H, Drained triaxial compression and extension
Moo - Nor

n, Undrained triaxial

K, Undrained cyclic triaxial or undrained

monotonic triaxial
k Drained or undrained triaxial on dense sand

* The equation of ultimate state line in ( p — e ) plane must also be

defined.
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Figure 3.2. Yield surface in the stress space.
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Figure 3.6. Model simulations using kinematic and isotropic-kinematic hardening
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Figure 3.7. Model simulations using kinematic and isotropic-kinematic hardening rules
rules in (g — €, ) plane for drained triaxial tests on samples at ditferent
states.
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states.



a) Defining circular cones for vield surfaces.
b) Choosing g(0) to have a good fit to recognized criteria.

l

a) Considering observations of Lade and Duncan (1973).

b) Choosing Prevost’s proposal for R" .

¢) Defining a function for variation of N with .

d) Adding a part to the function. which was developed in
previous section. for variation of 1 with o, .

|

a) Using Mroz kinematic hardening rule.
b) Defining the variation of size of yield surfaces with .
c) Satisfying the consistency condition.

|

a) Defining variation of elastic moduli with p and e.
b) Defining variation of plastic modulus with p and e.

Figure 3.13. Methodology in developing formulation of the model
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Figure 3.14. The effect of size of strain increment on the algorithm in triaxial tests.
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Chapter 4

VALIDATION OF THE MODEL FOR MONOTONIC LOADING

4.1. Introduction

In this chapter the performance of the proposed model will be validated for
monotonic loading in different conditions. Laboratory tests conducted by ditterent
researchers on different soils are used. Calibration of the model will be explained in detail
tor Toyoura sand. then an extensive comparison with measured data under undrained and
drained conditions for isotropically and anisotropically consolidated samples of different
soils will be presented. The results show that the model vields very good predictions of
transition from contractive to dilative shear response with either decreasing mean
effective normal stress or increasing relative density. The inherent existing state boundary
in the model makes it capable of representing collapse in both undrained and drained
conditions. The model is able to show the ultimate state conditions at large strains. Its
performance in the prediction of the response of the samples at different states shows that
it can accurately represent the behavior of soil in different conditions with unique

calibration.
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4.2. Characteristics of soils

In order to evaluate the model. tests conducted on five different soils. i.e..
Toyoura sand (Ishihara. 1993: Verdugo and Ishihara. 1996: Verdugo. 1992: Yoshimine.
1996): Ottawa sand (Sasitharan et al.. 1994: Skopek et al.. 1994): Fraser River sand
(Chillarige. 1995: Ayoubian and Robertson. 1996): Banding sand (Castro. 1969) and Fuji
River sand (Tatsuoka and Ishihara. 1974) have been used. This variety of soils was
chosen partly because of the lack of existing data in the literature for different stress paths
and drainage conditions for a unique soil and partly to have a complete evaluation of the
model for different sands with different physical properties. The general physical

properties of these sands will be described in the following paragraphs.

[shihara (1993). Verdugo and Ishihara (1996). Verdugo (1992) and Yoshimine
(1996) have reported the results of a number of triaxial and simple shear tests which have
been performed on Tovoura sand over a wide range of mean effective
stress. 0.05 MPa< p< 3.0 MPa . and formation void ratios. 0.660 <e < 0.933.
Toyoura sand is a standard sand that is often used in Japan for geotechnical studies. It

consists of sub-angular particles with a mean diameter D.,=0.17 mm and a

uniformity coefficient of U/, = 1.7 as can be seen in its grain size distribution curve (see
Figure 4.1). This sand is composed of 75% quartz. 22% feldspar and 3% magnetite. The
maximum and minimum void ratio of this sand. determined by the JSSMFE method. are
0.977 and 0.597. respectively. with a specific gravity of 2.65. Using the moist tamping

method. its maximum void ratio can be increased to 1.04.

Ottawa (C109) sand is a uniform. medium sand comprised primarily of round to
subrounded quartz grains with a specific gravity of 2.67. The mean grain size ( D,,) of
this sand is 0.34 mm. The maximum and minimum void ratio of the sand determined
using ASTM method D2049 are 0.82 and 0.5. respectively. However. using the moist

tamping technique. samples with higher void ratio can be obtained.
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Fraser River sand is a natural sand which has been obtained from the Fraser River
Delta in British Columbia. The mean grain size of this sand is 0.25 mm with a unitormity
coefficient of 1.7. The mineral composition of it is 40% quartz. 11% feldspar. 43%
unaltered rock fragments and 4% other minerals. Maximum and minimum void ratios in
accordance with ASTM D2049 are 1.0 and 0.6. respectively. The specitic gravity of this

sand is 2.75 and its silty material is non-plastic.

Banding sand. which has been used by Castro (1969) in most of his tests. is a
uniform. clean. fine quartz sand with subrounded to subangular grains. The specitic
gravity of the grains is 2.65. Its D, size is 0.097 mm and its coefficient of uniformity is

1.8. The maximum and minimum void ratios are 0.84 and 0.50. respectively.

Fuji River sand is a natural sand from the Fuji River bed near Tokyo. The specitic
gravity. D, and U, of this soil are 2.68. 0.22 mm and 2.21. respectively. [ts maximum

and minimum void ratios are 1.08 and 0.53. respectively.

The characteristics of soils have been shown in Table 4.1.

4.3. Determination of model parameters

Calibration of the model is conducted entirely by using conventional triaxial tests.
Most of the model parameters are determined using one pair of conventional drained
compression and extension triaxial test. This is one of the advantages of the model that
reduces the number of tests necessary for its complete calibration. In the following
paragraphs. determination of model parameters for Tovoura sand and the effect of
variation of parameters on the model performance will be discussed. The same process

has been followed for the other sands.
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It is clear that for all constitutive models in the “Reference State Soil Mechanics™
framework. the ultimate state line must be defined. Different modelers. based on the
experimental observations or for simplicity. have assumed different shapes for this
important line. However. there is still discussion among researchers regarding the real
shape of the ultimate state line or its uniqueness in different modes of shearing or
drainage conditions. In order to maintain the versatility of the model for using the
different shapes of the ultimate state line. no particular shape has been assumed for this
line in the present model. This line can have any shape with any mathematical equation.
Any assumption regarding the ultimate state line will not alter the formulation of the
model. The advantage of this versatility is that if. in the future. one finds the general rule
of variation of the ultimate state line with shearing mode. one can add it to the model.

using appropriate mathematical function. without affecting the formulation of the model.

In this study. based on existing data for each soil. the line best fitted to the
experimental results has been chosen for the ultimate state line. For Tovoura sand. based
on [shihara (1993). a polynomial with order 4 has been used for the ultimate state line as
follows:

e,,=0.92649 - 0.12508 p+0.043665 p>-0.012639 p*+ 0.00154040 p*  (4-1)
The comparison of this assumption with actual observations has been shown in

Figure 4.2.

Reference shear modulus. G, . and reference bulk modulus. B,. are determined
respectively by using the initial parts of deviatoric stress-shear strain and volumetric
strain-mean effective normal stress curves obtained in a triaxial compression test.
Although the other methods, such as the use of shear wave velocity or the loading.
unloading hydrostatic test. give more accurate parameters. in practice no problem has
been observed in the usage of simple method. Reference shear modulus and reference

bulk modulus for Toyoura sand are 21 MPa and 14 MPa. respectively.



Because elastic moduli depend on mean effective stress and void ratio. the value

of these moduli must be defined for a specific value such as P, =p,, and e = 1. which

am

have been used in this thesis..

The results of one pair of conventional drained compression and extension triaxial
tests on loose sand are used for the determination of other model parameters. The
deviatoric stress-shear strain curves obtained by these tests are divided into some
segments so that the slope of each segment is the same in compression and extension.
The level of accuracy depends on the number of segments. The author's experience
shows that 10 to 15 segments vield high accuracy. With these segments. and using
equations (3-56). (3-37). (3-52) and (3-53). one can determine the size and position. m

and «. reference plastic moduli in compression and extension. H, and A, . and

reference dilation parameters in compression and extension. N, and M, . of each vield

surface. It can be seen that most of the model parameters can be determined with only one
compression and extension triaxial test. The values of these parameters for Tovoura sand
are shown in Table 4.2. Calibration of this soil with all details has been shown as an

example in appendix.

Each of the parameters just discussed is determined directly by using the
experimental observations. However. some parameters also exist which must be
determined by curve fitting. The following paragraphs discuss the determination of these

parameters.

The parameter n,, describes the rate of variation of plastic modulus with void

ratio. Higher values of #,, show higher rate of variation. The effect of variation of # y on
model prediction is shown in Figure 4.3. Three values of 5. 8 and 12 have been assumed

for 1, in this comparison. As can be seen. all stress paths. stress-strain curves and pore

pressure generation are affected by this parameter. For n,, = 5. the model shows
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contractive-dilative behavior. With the increasing of »,, . the stress path moves up. and

tor n,, = 12. the prediction is completely contractive. n,, does not change the model
prediction at large strains related to the ultimate state condition. This parameter must be
determined by curve fitting to have the best compatibility with the experimental result
observed during conventional undrained triaxial test. Because this parameter has a
significant effect on the shape and position of the undrained stress(or in other words.
starting of flow). it is suggested that the results of tests on loose samples be used for its
determination. For Toyoura sand. using the test with p,=3 MPa in Figure 4.16. n,, was

chosen equal t0 9.

The parameter £ shows the level of strain softening of dense sands under drained
conditions. This parameter can be determined using a drained or undrained triaxial test on
dense sand. In practice. if prediction is conducted for loose or medium dense sand. this
parameter can be taken as zero. i.e.. using a pure kinematic hardening rule. In chapter 3. it
was seen that this assumption works well except for very dense sands. Figure 4.4 shows
the effect of variation of ¥ on model performance under undrained triaxial conditions.
Three values of 0. 2 and 6 have been chosen for this comparison. The value of zero
represents kinematic hardening in that the size of the vield surfaces is constant and the
stress path never crosses the ultimate state line in the (g — p) plane. With the increase of
the value of 4 . the stress path can pass this line. but when approaching the ultimate state.
the stress path comes down and attaches to the ultimate state line. The higher the value of
k . the higher the position of stress path with respect to ultimate state line. With the
increase of the value of k . the model shows stiffer response for dense soils. For k=6 .
stress-strain curve is higher than those results for k= 0 or k= 2 (see Figure 4.4).
However. all the curves finally go to an ultimate state. In the case of Toyoura sand. in the
predictions presented here. the value of this parameter is zero. i.e.. Kinematic hardening

has been applied. For typical predictions in chapter 3, & was chosen equal to 2.
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The parameter K is a parameter that changes the rate of volumetric strain with
anisotropy. In the case of monotonic loading. if initial anisotropy is not too great. this

parameter can be taken as zero. Figure 4.5 shows the effect of variation of K, on model

performance. To assume that K, = 0 means that 7, for vield surfaces does not change
with respect to their positions. With this assumption. the stress path at starting of
unloading or reloading is more vertical (see Figure 4.5). In other words. the model shows
less contraction. With the increasing of K. the model shows more contraction and the
stress path moves faster into the lower mean effective stresses and outer vield surfaces.
As a result. in this condition. larger strains develop in the soil that can be seen in Figure
(4.5). For determination of K. one can use an undrained cyclic triaxial test or a
monotonic triaxial test which has been performed on an anisotropically consolidated

sample. For Tovoura sand. using the test in Figure 5.15. the value of this parameter is

0.1.

Model parameters for Tovoura sand. Ottawa sand. Fraser River sand. Banding
sand and Fuji River sand have been shown in Tables 4.2 to 4.6. respectivelyv. To
determine #,, for Ottawa sand and Fraser River sand. respectively. the tests in Figures
(4.11) and (4.13) were used. For the soils for which the results of the drained triaxial
extension test were not available. the parameters related to the extension side have been

generated. using the method described in section 3.12.

4.4. Undrained behavior of sands

In chapter 3. the comparison of model predictions. using kinematic and isotropic-
kinematic hardening rules, was discussed. To show that in most cases the use of
kinematic hardening is enough, the pure kinematic hardening rule has been used in all
predictions in this chapter. As will be seen. kinematic hardening is enough for capturing

most observed behavior.
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This section evaluates the predictions of the model for undrained tests. In the first
part. the general predictions of the model for different confining pressures and void ratios
will be presented. Then. model predictions will be compared with several tests
performed over a wide range of confining pressures and densities on different sands. Both

initially isotropic and anisotropic samples have been considered.

Figure 4.6 shows the effect of initial mean effective stress on model performance
for p, =0.5. 2. 3. 4. 5. 6 MPa in triaxial compression and extension. The void ratio for
all samples has been considered 0.82. The results show that at a given void ratio. all the
specimens exhibit the same undrained strength at the ultimate state. This is consistent
with observations that ultimate state conditions are only a function of void ratio. The
model predicts a transition from dilative behavior at low stresses with negative pore
pressure generation (see Figure 4.6) to fully contractive behavior for high stresses. For
samples consolidated at small stresses. the stress-strain curve shows continuous strain
hardening with peak and ultimate state conditions occurring simultaneously at large
strains (€, > 20% ). However. for samples consolidated at high stresses. the stress-strain
curve shows a maximum at small strains and then a decrease of deviatoric stress leading

to the ultimate state.

Figure 4.7 shows the predicted effect of void ratio on the model performance in
triaxial compression and extension for samples with the same initial mean effective stress
(p, = 2 MPa). The values of 0.93. 0.90. 0.85. 0.80 and 0.75 have been considered for
void ratio. As can be seen. void ratio has a significant effect on stress path. stress-strain
curve and pore pressure generation. The results show that at high void ratios. the samples
show a peak shear resistance which is mobilized at small strains. after which the
specimens collapse to residual strength. This residual strength depends on void ratio

which is consistent with observations reported by different researchers.
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As the void ratio decreases (e= 0.85). the specimen shows a peak shear stress
tollowed by strain softening with positive pore water pressure generation achieving a
minimal strength (quasi-steady state condition). and then strain hardening reaching the
ultimate state condition at large strains. For lower void ratios. the model shows
continuous strain hardening. Peak strength and ultimate state conditions are achieved

simultaneously at large strains.

Figures 4.8. 4.9 and 4.10 compare model predictions with CIUC tests (undrained
triaxial compression test on isotropically consolidated sample) on a series of very loose to
loose specimens of Toyoura sand (e = 0.933 - 0.899 ) at different mean effective stresses.
The model accurately predicts the undrained stress paths. For the case of p, =2 MPaand
e=0.908 . the model shows a small over-prediction in stress-strain curve with respect to

observed behavior. However. with increasing strain. this difference reduces and for

€, > 15 % . predicted and observed curves match perfectly.

To obtain a complete evaluation of the model predictions for different soils. the
results of a series ot CIUC tests on loose Ottawa sand (Sasitharan et al.. 1994) and Fraser

River sand (Chillarige. 1995 ) have also been used.

Figures 4.11 and 4.12 show the comparison of model predictions with the test
results on Ottawa sand for different initial mean effective stresses. As can be obsenved.
model predictions match for both the stress path and stress-strain curves. Maximum shear

stress and ultimate state are identical for both model predictions and test results.

Figures 4.13. 4.14 and 4.15 compare the predicted and measured undrained
effective stress paths and stress-strain behavior of very loose and loose specimens
( e=1.12, 1.0, 1.02 ) of Fraser River sand. The test in Figure 4.13 has been used in
calibration. A good agreement exists between model simulations and test results. The
model predicts the undrained stress paths and. as a result. pore pressure development.

Stress-strain curves predicted by the model also accord with the measurements of the
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tests. For two tests. however. there is a difference between model predictions and the test
results at large strains or the ultimate state condition. This difference is due to the fact
that there is no unique ultimate state line based on test results for Fraser River sand.
There is a significant discrepancy in the test results for the ultimate state conditions for
this sand. To solve this problem. the best line passing through these points has been
chosen and used in the model predictions. It is clear that all models in the “Reference
State Soil Mechanics™ framework finally show the ultimate state which has been defined
for that. Therefore. the present model converged to the best line which has passed through
experimental results. The existing difference is actually the difference between this best
line and the experimental results. This problem will apply to all constitutive models as

long as no adequate definition of the ultimate state line exists.

Figure 4.16 compares the predicted and measured behavior for a series of CIUC
tests for medium dense Tovoura sand ( e = 0.833). The model accurately predicted the
transition from contractive behavior for the specimen consolidated at 3 MPa to strongly
dilative behavior developed for the specimen consolidated at low stress ( p, =0.1 MPa ).

[n the case of a test at high confinement. the behavior is contractive with maximum shear
mobilized at small strains and a post peak reduction of shear stress. decreasing to ultimate
state at large strains. However. for tests at low confinement . the model predicts a
substantial increase in the mean effective stress. or in other words. negative shear induced
pore pressures with continuous strain hardening and maximum undrained strength at
shear strains around 25 %. Figure 4.17 also shows a series of tests on medium dense
samples of Toyoura sand with different void ratios and mean effective stresses. As can be
seen. both stress paths and stress-strain curves obtained by model predictions and test
results match nicely. The results in Figures 4.16 and 4.17 show that the model is able to
accurately predict the effective stress paths and stress-strain behavior of medium dense

sands over the full range of mean effective stresses.

Figure 4.18 compares the predicted and measured undrained effective stress paths

and stress-strain behavior of dense specimens (e = 0.735) of Toyoura sand at 4 different
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initial mean effective stresses (p,=0.1. 1. 2. 3 MPa). Good agreement exists in
undrained stress paths. The model describes the transition from strongly dilative behavior
developed for specimen consolidated at low stress ( p,= 0.1 MPa) to moderate dilative
behavior at high stresses (p,=2. 3 MPa). Shear stress-strain curves predicted by the

model qualitatively accord well with the measurements of tests. However. in the range of

5% to 15% shear strain. the model shows 10% over prediction for deviatoric stress for the

test with p =0.1 MPa.

4.4.1 Effect of consolidation stress history

Figure 4.19 shows the typical model predictions of undrained triaxial compression
and extension behavior of specimens consolidated with K,=0.5. 1.0 and 1.5 at mean
effective stress of 5 MPa. The void ratio of all specimens has been assumed as 0.82. The

figure shows that maximum deviatoric stress increases with decreasing of K, . However.
maximum pore pressure generation in compression increases with increasing of K . But.
in extension. maximum pore pressure generation relates to lower K,. As can be seen.
when K, is decreased. the brittleness of samples increases highly in compression. For

sample with K =0.5. after a small increase of deviatoric stress in compression. collapse

occurs and the sample reaches the ultimate state condition. The uniqueness of the ultimate

state condition for specimens with the same void ratio is observed. In these predictions.
K, has been taken as 0.1. By increasing the value of this parameter. the model will
initially show less stiffness. and the stress path will not be vertical to the same degree.
The same typical model predictions for dense samples (e=0.78. p, =0.5 MPa) have been
shown in Figure 4.20. In this case. pore pressure is positive at small strains: when

deformation is increased .however. it becomes negative.

Figures 4.21 and 4.22 show the comparison of model predictions with

experimental results obtained from triaxial tests on anisotropically consolidated samples
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of loose Toyoura sand. As can be observed. the model is able to show the etfect of initial

anisotropy.

Figure 4.23 also compares the model predictions with results of two tests
conducted on anisotropically consolidated samples of Fraser River sand. Both
compression and extension shearing modes have been used for this comparison
(Ayoubian and Robertson. 1996). For both compression and extension. in small strains.
the model shows slightly smaller deviatoric stress: however. this difference quickly
decreases. A small difference between model predictions and the experimental results for
the ultimate state condition can be attributed to the lack of unique ultimate state line for
Fraser River sand (as discussed in the previous section). This ability to show the behavior
of anisotropic samples is very important both for modelling the response of elements
which are close to the edge of earth dams and for the modelling of all elements under
cyclic loading. In the next chapter. it will be shown that the model is not only capable of
representing the effect of initial anisotropy in the soil. but can also show the effect of

induced anisotropy during loading.

4.5. Drained behavior of sands

This section illustrates model predictions of drained tests on sands for a wide

range of mean effective stresses and densities.

Figure 4.24 shows the effect of the initial void ratio on model predictions tor
drained triaxial compression tests. The initial mean effective stress ( p,) has been
assumed 1.5 MPa for all predictions (typically performed on Tovoura sand). However.
the initial void ratios are different (e, =0.95. 0.90. 0.85. 0.80. 0.75. 0.70). As can be seen.

when initial void ratio is decreased. the behavior of samples changes from contractive to
dilative. At large strains. the model shows the same ultimate state condition for all

samples consistent with reported experimental results. The variation ot volumetric strain
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with axial strain has also been shown in Figure 4.24. For all samples at small strains. the
model shows contraction. For very loose samples. the volume decreases continuously
until ultimate state. However. for dense samples. behavior quickly changes trom
contractive to dilative in small strains. Because all samples reach a unique ultimate state
condition. ultimate deviatoric stresses are the same for all of them. This uniqueness can

be observed in Figure 4.24. For loose samples. the rate of increasing of deviatoric stress is

lower than that in dense samples. As can be seen. the sample with e, =0.95 has reached
ultimate state after 23% axial strain. But. for the specimen with e, =0.70. the model

attains the ultimate state condition at only 8% axial strain. The lack of strain softening
for the dense soils response in the predictions was due to the use of the pure kinematic

hardening rule in the model. This topic was discussed in detail in chapter 3.

Figure 4.25 shows the typical model predictions for imaginary samples with the
same initial void ratio (e, =0.82) but different initial mean effective stresses p, =0.1. 0.5,
1.0. 1.5. 2.0 MPa). As can be observed. for the specimen with p,=0.1 MPa. predicted
behavior is highly dilative. However. when the initial effective stress is increased. the
behavior changes to contractive. At large strains. all samples have reached the ultimate
state condition. At small strains. volumetric strain of all samples is positive. But based on
the initial level of stress. this contractive behavior may change to dilative. For example.
tor the sample with p,=0.1 MPa. after a small volume increase. the volume of the sample
has decreased and finally the specimen has reached ultimate state condition. The rate of
change of the behavior from contractive to dilative depends highly on initial mean
effective stress, or in other words. the initial state of the soil. The variation of deviatoric
stress versus axial strain can also be seen in Figure 4.25. This figure shows that samples
with higher initial mean effective stress reach ultimate state later than the samples with
smaller p, and the same e, . Based on Figures 4.24 and 4.25. one can conclude that the
model is able to show typically the effect of initial void ratio and initial mean effective

stress on the soil performance.
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To compare the model predictions with experimental observations in drained
conditions. the results of ten conventional drained triaxial tests conducted on Tovoura
sand have been used (Verdugo and Ishihara. 1996: Verdugo. 1992). These tests were
performed on both initially loose and dense samples. The initial mean effective stresses of
each pair of these tests are the same but the initial void ratios are different. Samples in the
lab have reached a unique ultimate state zone. However. this zone has a width and is not
a line (see Figure 4.26). The comparison of variation of void ratios with mean effective
stresses is shown in Figure 4.26. As can be observed. the model could predict the
behavior of all samples. For the model. the ultimate state condition has been defined as a
curve: both loose and dense samples have finally reached a unique ultimate state. Figure
4.26 compares the stress-strain curves for loose and dense samples separately. As can be
seen. predicted deviatoric stress-axial strain curves match with experimental results,
especially in the case for loose samples. For dense samples in some cases. the model
shows 10% less deviatoric stress than the observed behavior. Such a difference is
acceptable and does not cause problems in practice. Using the isotropic-kinematic

hardening rule. this difference will be reduced.

Figure 4.27 shows the evaluation of the model for a p -constant triaxial test. This
test has been conducted by Sasitharan et al. (1994) on Ottawa sand. As can be seen in all
figures. i.e.. axial strain-deviatoric stress. void ratio-deviatoric stress and axial strain-

volumetric strain curves. the model predictions are consistent with experimental results.

4.6. Shearing mode

In general conditions. when a soil structure undergoes loading. different soil
elements may be under different shearing modes. Therefore. constitutive models must be
capable of predicting the response of the soil under different shearing modes with a
unique set of parameters. Figure 4.28 and 4.29 show typical comparison of model
predictions for two samples of loose and dense soils under different shearing modes. In

this comparison. plane strain. triaxial compression and triaxial extension have been
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considered. Overall. the model predictions show similar features in all modes of shearing.
neglecting the more clear quasi-steady state for the loose sample under triaxial extension.
Contractive behavior (flow deformation) for loose samples and dilative behavior for
dense samples have been observed. Plane strain exhibits higher undrained strength and
mobilized friction angle. In these predictions. based on Ishihara (1993) and Yoshimine
(1996). the friction angles in triaxial compression and extension are almost the same.
Therefore. based on the discussion in chapter 3. the ultimate friction angle is very close to
the Matsuoka-Nakai criterion. The difference between the ultimate friction angle in plane

strain and triaxial compression is around 4 degrees based on model predictions.

To validate the proposed model in general conditions. a set of extension triaxial
tests and simple shear tests on Tovoura sand have been used (Yoshimine. 1996). The
ultimate state line in triaxial extension and simple shear based on Yoshimine (1996) is
not the same as what has been reported by Ishihara (1993) in triaxial compression for
Toyoura sand. Therefore. in the prediction of these tests. a new ultimate state line based
on limited available data has been considered. For triaxial extension and simple shear. it
has been assumed that the ultimate state lines are parallel with that in triaxial
compression but with 0.08 and 0.025 shifting down. respectively. A comparison of model
predictions with observed behavior on four triaxial extension tests performed on
isotropically consolidated samples. with different void ratios and mean effective

stresses. has been shown in Figure (4.30).

In Figures (4.31) and (4.32) eight comparisons of model predictions with
observed behavior of Toyoura sand in simple shear that have been conducted by hollow
cylinder tests. have been presented. Eight samples with different initial mean effective
stresses and void ratios have been considered in these comparisons. As can be seen.
although the model has been calibrated using triaxial tests. it can also show the behavior
of soil under other shearing modes. The lack of a unique ultimate state line in the
experiments has caused differences between model predictions and experimental

observations at large strains in some cases.
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Figures (4.33) and (4.34) show four comparisons of model predictions with
experiment on a deviatoric plane for simple shear conducted by hollow cvlinder tests. As
can be seen. model predictions are consistent with experimental observations. During the
tests. the parameter of b decreases at small strains. However. with increasing strain. 5

increases and reaches a constant value.

4.7. Collapse

Modelling the behavior of cohesionless soils is not complete without considering
collapse. The collapse surface can affect the response of loose cohesionless soils
significantly. In undrained conditions when the stress path contacts with this state
boundary. the soil element quickly reaches the ultimate state and as a result a significant
decrease in the strength of the soil occurs. In drained conditions. because the volume of
the specimen can change. the effect of collapse is manifested in a discontinuity of volume
change or void ratio. By comparing the model predictions with experimental results
obtained from tests conducted on loose Toyoura sand. Ottawa sand and Fraser River
sand. the model shows that it was capable of predicting the role of the collapse surface in

undrained conditions.

To evaluate the capability of the model to predict the effect of collapse in drained
conditions. the results of two tests which have been performed by Skopek et al. (1994) on
very loose dry Ottawa sand have been used. The initial void ratios of these two samples
were 0.831 and 0.841. These tests have been conducted on isotropically consolidated
samples. In the first step of loading. the deviatoric stress has been increased. but after
some increase. the deviatoric stress has been kept almost constant. In this kind of loading.
which has been called the deviatoric stress constant test. when the stress path contacts the

collapse surface. a significant decrease in void ratio appears.

Figures (4.35) and (4.36) show the comparison of model predictions with Skopek

et al.’s tests. In both figures, the stress path. which has been applied during the test. has
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been shown and then the variation of void ratio with mean effective stress has been
plotted. As can be seen. model predictions match with observed behavior. Considering
the model performance in prediction of undrained and drained behavior of loose
cohesionless soils. one can conclude that the model is able to show flow liquetaction

during monotonic loading.

4.8. Discussion on model parameters for different sands

The parameters of the model for five different sands have been shown in Tables
(4.2) to (4.6). In general. the determination of elastic moduli is independent of
formulation of elasto-plastic models. Using some tests like shear wave velocity and
hydrostatic cyclic tests. these parameters are determined. In this work. because the results
of these tests were not available. usually the first part ot deviatoric stress-shear strain and
mean effective stress-volumetric strain curves in drained triaxial tests were used to
determine these moduli. Considering the plastic deformation of sands from initial steps of
loading. the elastic moduli which are determined by using this method often ar< less than

real values. G, and B, are normalized values for shear modulus and bulk modulus at

pO =pdlm and eﬂ = l

For Ottawa sand and Fuji River sand. elastic moduli that were determined by
using stress-strain curves. were small. As a result. the model could not show real
contractions which have been observed during the tests. For solving this problem. the
values of elastic moduli were increased (by trial and error) to have acceptable prediction
for these soils. Using these increased values. the plastic parameters for the first segment
were determined. Then. the size of the elastic zone has been taken as zero: i.c.. no pure

elastic zone for these soils. Because of that. m_ for the first vield surface in Tables (4.3)

and (4.6) are zero.
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m, for Tovoura sand. Fraser River sand and Fuji River sand are determined by
using existing data in the literature. However. since for Ottawa sand and Banding sand
data for the extension side were not available. m, for those soils has been assumed equal

tol.

The parameters m .a.H, .H,, .7, and 7,, are determined directly by using

experiments. Therefore. the response of the soil under drained conditions appears in these
parameters. If there is a difference between these parameters for different soils in Tables

(4.2) to (4.6). it has come from the different behavior of the soils in the tests. Using

normalization. A, .H,..7, and 7,, for all the soils have been determined at the same

references (p, = p,,,.¢, =Ly, =0 and a =0).

Observing Tables (4.2) to (4.5). one can see that. in some cases. a significant
difference exists between the values of reference plastic moduli (A, or H, ) for
different soils. This difference has been developed by normalization. In normalization.
the same values of e, =1 and p, = p,, have been used for all the soils. In some cases
(for example Ottawa sand). e, = | is much higher than the maximum void ratio of the

soil. Therefore. after normalization. a small value has been obtained for H, (or H,, ).

The parameter n,,. which shows the variation of plastic moduli with void ratio.

has been determined by curve fitting. For Ottawa sand. the available data (Sasitharan et

al.. 1994: Skopek et al.. 1994) were in a small range of void ratios. For the best tit to the

test results. 7, has been taken as 30. It seems this high value can not be realistic.
However. because the oest fit was obtained with this value. it was taken for 7 y - For the

other soils. n,, changes between 4 and 13.
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The parameter K, for Toyoura sand was obtained by curve fitting. using stress
path in the test in Figure (5.15). Based on this curve fitting. K, is equal 1o 0.1. For the

other soils. using the same value. predictions were acceptable. The effect of K, on model

response has been shown in Figure (4.5). In general. for considering the variation of

dilation parameters with respect to the position of vield surfaces. it is suggested to assume

at least 0.1 for K_.

In all predictions for Toyoura sand. Ottawa sand. Fraser River sand and Banding
sand only kinematic hardening has been used. Therefore. £ has been taken as zero for all
of these soils. As can be seen in the predictions. this assumption was acceptable.
However. for Fuji River sand. using pure kinematic hardening. a large volumetric strain
was developed. For solving this problem. the isotropic-kinematic hardening with £ =10
was applied. This difference is due to the higher relative density of samples of Fuji River

sand in the tests compared with that in the other soils.

4.9. Summary

This chapter validated the performance of the proposed model under monotonic
loading. Both drained and undrained conditions and isotropically and anisotropically
consolidated samples have been used in the validation. Different stress paths and shearing
modes have been applied. It was shown that the model is capable of showing the effect of
void ratio and mean effective stress. or in other words. the state of the soil. on soil
response under both undrained and drained conditions. The consideration of the etfect of
state is neglected in most existing constitutive models for cohesionless soils. This has
been solved in the present model. The ultimate state. which is important in large strains.
can be captured by the model. Considering the state of the soil element with respect to the
ultimate state. the model was able to predict the performance of both loose and dense
sands with a unique calibration. It was shown that the model is able to show the effect of

consolidation history in both compression and extension modes of shearing. The model is



also capable of showing the collapse. or in other words. flow liquefaction. in both drained

and undrained conditions.
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Table 4.2. Model parameters for Tovoura sand

149

G,=21 MPa B,=14 MPa m,=0.714

n, =9.0 K, =0.1 k=0

YS mg‘ a HO < HO 3 ﬁO ¢ ﬁ( -

(MPa) (MPa)

1 0.129 0.024 17.848 20.713 0.395 0.283
2 0.228 0.041 3.253 4.147 0.660 0.480
3 0.363 0.066 2.614 3.480 1.085 0.794
4 0.410 0.074 1.614 2.350 1.036 0.773
5 0.503 0.090 1.187 1.758 0.940 0.710
6 0.556 0.099 0.836 1.381 1.040 0.803
7 0.639 0.11 0.529 0.915 1.037 0.814
8 0.713 0.118 0.425 0.771 1.018 0.806
9 0.757 0.120 0.288 0.553 1.071 0.851
10 0.802 0.120 0.208 0.418 1.021 0.816
11 0.875 0.117 0.153 0.316 1.052 0.839
12 0.909 0.113 0.134 0.280 1.124 0.890
13 0.950 0.106 0.097 0.219 1.071 0.842
14 0.987 0.099 0.087 0.188 1.123 0.873
15 1.028 0.089 0.062 0.148 1.121 0.866
16 1.060 0.080 0.058 0.132 1.160 0.885
17 1.101 0.066 0.038 0.091 1.160 0.877
18 1.131 0.055 0.027 0.073 1.171 0.877
19 1.163 0.043 0.028 0.070 1.202 0.892
20 1.205 0.025 0.017 0.042 1.188 0.881
21 1.233 0.013 0.017 0.035 1.204 0.891
22 1.249 0.005 0.005 0.015 1.200 0.886
23 1.256 0 1E-6 1E-6 1.193 0.881




Table 4.3. Model parameters for Ottawa sand

G,=14.9 MPa B,=14.9 MPa m,=1.0

n, =30 K, =0.1 k=0

YS mg a HOc HO r ﬁOL ﬁul'

(MPa) (MPa)

1 0 0.086 0.0249 0.0275 0.615 0.615
2 0.125 0.086 0.0195 0.0227 0914 0.914
3 0.189 0.111 0.0089 0.0120 0.938 0.938
4 0.345 0.140 0.0038 0.0056 0.947 0.947
5 0.472 0.143 0.0015 0.0024 0.889 0.889
6 0.566 0.136 0.0013 0.0022 0.954 0.954
7 0.639 0.127 0.0012 0.0021 0.997 0.997
8 0.681 0.121 0.001 0.0018 1.060 1.060
9 0.770 0.104 0.0002 0.0003 1.084 1.084
10 0.906 0.072 0.0001 0.0001 1.151 1.151
11 1.035 0.036 0.00002 | 0.00004 1.164 1.164
12 1.099 0.016 0.00001 | 0.00001 1.157 1.157
13 1.147 0 1E-5 1E-3 1.142 1.142




Table 4.4. Model parameters for Fraser River sand

G,=10.4 MPa B,=10.4 MPa m, =1.0

n, =4.0 K, =0.1 k=0

YS mg a HO,_‘ HO r ﬁ“g ﬁ(l Iz

(MPa) | (MPa)

1 0.110 0.083 | 16903 | 20.165 | 0.844 0.844
2 0.203 0.125 7634 | 10555 1.253 1253
3 0.369 0.164 5.123 8.123 1.189 1.189
4 0.537 0.172 2.067 8.745 1.191 1.191
5 0.691 0.163 1.008 2.019 1.019 1.019
6 0.823 0.145 0.755 1.647 1.070 1.070
7 0.924 0.126 0.458 1.042 0.945 0.945
8 1.008 0.107 0.422 1.001 1.024 1.024
9 112 0.081 0.290 0.733 1.031 1.031
10 1.195 0.058 0.163 0.429 111 [111
11 1.269 0.036 0.115 0313 1.190 1.190
12 1327 0.017 0.083 0.234 1.229 1.029
13 1.366 0.005 0.038 0.105 1.289 189
14 1379 0 1E-4 1E-4 1.193 1,193




Table 4.5. Model parameters tor Banding sand

G,= 8.8 MPa B,=13.1 MPa m, = 1.0

n, =13 K, =0.1 k=0

Ys ml.' a HO I HO r ﬁO I —r-]() I3

(MPa) | (MPa)

1 0.142 0.096 1.9518 2.3212 0.373 0.573
2 0.218 0.124 0.8075 1.0388 0.439 0.439
3 0.297 0.142 0.2443 0.3355 0.859 0.859
4 0.379 0.152 0.0995 0.1430 0917 0917
5 0.432 0.155 0.0841 0.1308 1.022 1.022
6 0.527 0.154 0.0496 0.0819 1.006 1.006
7 0.601 0.148 0.0273 0.0496 0.996 0.996
8 0.734 0.131 0.0103 0.0196 1.093 1.093
9 0.799 0.119 0.0071 0.0141 1.092 1.092
10 0.874 0.104 0.0052 0.0108 [.174 1.174
11 0.943 0.087 0.0030 0.0064 1.167 1.167
12 0.981 0.078 0.0026 0.0056 1.097 1.097
13 1.028 0.065 0.0020 0.0045 1.062 1.062
14 1.061 0.056 0.0015 0.0032 1.095 1.095
15 1.084 0.049 0.0011 0.0028 1.139 1.139
16 1.110 0.041 0.0009 0.0021 [.133 1.133
17 1.130 0.035 0.0009 0.0020 1.167 1.167
18 1.148 0.030 0.0008 0.0020 1.168 1.168
19 1.171 0.022 0.0006 0.0013 1.197 1.197
20 1.190 0.016 0.0005 0.0012 1.174 1.174
21 1.220 0.006 0.0002 0.0004 1.234 1.234
22 1.228 0.004 0.0002 0.0005 1.201 1.201
23 1.237 0.0009 0.0001 0.0002 1.210 1.210
24 1.240 0 1E-4 1E-4 1.197 1.197




Table 4.6. Model parameters for Fuji River sand

G,=10.3 MPa B,=12.3 MPa m, = 0.688

n, =6 K_=0.1 k=10

YS m, a H, Hy, Mo, Mo

(MPa) (MPa)

1 0 0.007 2.702 1.635 2.900 0.505
2 0.300 0.007 1.189 0.603 0.806 0.842
3 0.581 -0.042 0.748 0.317 0.958 0.952
4 0.746 -0.087 0.551 0.183 1.218 1.029
5 0.895 -0.129 0.285 0.081 1.248 1.035
6 1.093 -0.141 0.181 0.045 1.181 1.160
7 1.192 -0.141 0.100 0.030 1.295 1.180
8 1.284 -0.084 0.049 0.018 1.370 1.107
9 1.352 -0.051 0.020 0.008 1.427 1.164
10 1.407 -0.022 0.013 0.006 1.454 1.104
11 1.437 -0.007 0.006 0.002 1.473 1.061
12 1.454 0 1E-6 1E-6 1.445 0.997
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Figure 4.4. (cont.) Effect of parameter & on model performance (Stress-strain and
pore pressure-strain curves).
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Figure 4.8. Evaluation of model predictions for undrained triaxial compression
tests on very loose specimens of Toyoura sand.
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Figure 4.9. Evaluation of model prediction for undrained triaxial compression
test on loose specimen of Tovoura sand (a).
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Figure 4.10. Evaluation of model prediction for undrained triaxial compression
test on loose specimen of Toyoura sand (b).
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Figure 4.12. Evaluation of model prediction for undrained triaxial compression

test on loose specimen of Ottawa sand (b).
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Figure 4.13. Evaluation of model prediction for undrained triaxial compression

test on very loose specimen of Fraser River sand .
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Figure 4.14. Evaluation of model prediction for undrained triaxial compression
test on loose specimen of Fraser River sand (a).
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Figure 4.15. Evaluation of model prediction for undrained triaxial compression
test on loose specimen of Fraser River sand (b).
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Figure 4.16. Evaluation of model predictions for undrained triaxial compression
tests on medium dense specimens of Tovoura sand (a).
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Figure 4.17. Evaluation of model predictions for undrained triaxial compression
tests on medium dense specimens of Toyoura sand (b).
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Figure 4.18. Evaluation of model predictions for undrained triaxial compression
tests on dense specimens of Toyoura sand.
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Figure 4.19. Effect of consolidation stress history on the undrained triaxial compression

and extension behavior of loose sand (Effective stress paths and stress-strain
curves).
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Figure 4.19. (cont.) Effect of consolidation history on the undrained triaxial
compression and extension behavior of loose sand (Pore pressure-strain
curves).
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Figure 4.20. Effect of consolidation stress history on the undrained triaxial compression
and extension behavior of dense sand (Effective stress paths).
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Figure 4.20. (cont.) Effect of consolidation stress history on the undrained triaxial
compression and extension behavior of dense sand (Stress-strain and
pore pressure-strain curves).
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Figure 4.22. Evaluation of model prediction for anisotropically

consolidated loose Toyoura sand (b).
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Figure 4.23. Evaluation of model prediction for anisotropically consolidated
loose Fraser River sand in compression and extension.
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Figure 4.24. Eftect of void ratio on model prediction for drained behavior of sands
in triaxial compression (Mean effective stress-void ratio curves).
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Figure 4.25. Effect of mean effzctive stress on model prediction for drained behavior
of sands in triaxial compression (Meun Effective stress-void ratio curves).
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Figure 4.27. Evaluation of model prediction for p -constant test on Ottawa sand
(Stress-strain and stress-void ratio curve).
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Figure 4.27. (cont.) Evaluation of model prediction for p -constant test on Ottawa sand
(Volumetric strain-axial strain curve).
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Figure 4.28. Effect of shearing mode on model predictions for loose sands.
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Figure 4.29. Effect of shearing mode on model predictions for dense sands.
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Figure 4.30. Evaluation of model predictions for undrained triaxial
extension tests on Toyoura sand.
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Figure 4.31. Evaluation of model predictions for simple shear tests on Toyoura sand (a).
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Figure 4.32. Evaluation of model predictions for simple shear tests
on Toyoura sand (b).
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Figure 4.34. Comparison of prediction of the model with experiment on a deviatoric

plane for simple shear conducted by hollow cvlinder tests (b).
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Chapter 5

VALIDATION OF THE MODEL FOR CYCLIC LOADING

5.1. Introdection

Increasing concern in recent years regarding the likelihood of liquetaction of the
ground during earthquakes has aroused the need to investigate the mechanism in which

sands develop pore pressure or volume change during cyclic loading.

The behavior of cohesionless soils under cyclic loading is greatly influenced by
their initial state. Using the results of triaxial tests. Ishihara et al. (1991) have shown that
the stress-strain and pore pressure response of sand is governed not only by its density but
also by the confining stress. A sand under small confining pressures may show dilative
behavior under cyclic loading. However. with the same density. this sand at a large
confining pressure may develop contractive behavior. leading to the ultimate state after

applying cyclic loading.

Depending on state of the soil: initial static shear stress: amplitude of loading and
number of cycles. different phenomena can be observed in cohesionless soil. In the past.
because researchers worked over a limited range of possible conditions. most of them saw

and reported a specific behavior for soils under cyclic loading. These different



205

interpretations. which were generally based on a researcher’s particular observations.
have caused some confusion and much discussion during the past decades. The
usefulness of initial shear stress for increasing soil strength against liquetaction which has
been a discussion between Casagrande and his students on one side and Seed and his
coworkers on the other side. is a famous dispute in this regard. The reality. however. is
that most of the results and observations which have been reported by different
researchers are correct but only for the conditions in which those experiments have been

performed.

From a constitutive modelling point of view. since the early vears of the 1970°s
with the observation of the catastrophic consequences of liquefaction. modelers have telt
a strong need to develop constitutive models able to capture cohesionless soil response
under transient loading. From that time a lot of models with varving degrees of
sophistication have been developed. The performance of these models has been evaluated
in several workshops. However. there is still no agreement among modelers on a unique
model. The difference observed between model predictions and experimental results are
also a result of the fact that even in the experiments. with a little change in the test

conditions. the response of the soils will be different.

For soils under monotonic loading. the simple constitutive models can be used to
predict the deformation with sufficient accuracy. However. for more complex loading.
such as earthquake or wave loading. a more advanced model must be used.
Unfortunately. the efforts to model the cyclic response of a soil mostly result in the
sacrifice of soil response under monotonic condition and vice versa. In practice. however.

a complete model must answer both kinds of loading simultaneously.

In practice, depending on the state of the soil. amplitude of loading. initial shear
stress and drainage conditions. a variety of responses such as cyclic mobility. cvelic
liquefaction, flow deformation. flow and cyclic liquefaction. cyclic mobility and flow

deformation, flow and cyclic mobility and etc. can be observed in the soil. All these
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combinations of responses have been seen in experiments. It is believed that the
prediction of all these phenomena can be undertaken only in the “Reference State Soil
Mechanics™ framework. The proposed model is capable of showing all these phenomena
with a unique set of parameters. Flow deformation (liquefaction). cyclic mobility and

cyclic liquefaction can be handled in a unique framework using this model.

5.2. Model performance

In the case of cyclic loading. the response of the soil is sensitive to different
factors. Therefore. the main emphasis in model evaluation is usually placed on the

qualitative demonstration of the model capabilities.

In this section the performance of the model under cyclic loading will be
discussed. In the first part. typical predictions of the model for stress control and strain
control analysis on specimens at different states will be presented. Next. some
comparisons with real tests will be shown. In these comparisons the focus will be placed
on the cases in which prediction of soil response is difficult and most existing
constitutive models developed for cyclic loading show significant weaknesses. The
transition from cyclic mobility to flow deformation in different range of stresses.
behavior of anisotropic consolidated samples under small amplitude of loading. and
prediction of volumetric strain under different ranges of stress ratios are some of these

cases which will be discussed in this section.

Figures (5.1) to (5.4) show the typical performance of the model for triaxial
conditions under stress control analysis. Initial mean effective and deviatoric stresses for
all predictions have been chosen as equal (p,= 3 MPa : ¢, = 0). but the void ratio is
different for them. As can be seen. when the number of cycles increases. the pore pressure
goes up and the stress path approaches the origin. For looser samples. the number of
cycles before reaching the origin is less than that for dense ones. This is consistent with

experimental observations (Seed and Lee. 1966: Ishihara. 1985). For the sample with
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e = 0.90. after three cycles. the soil has reached a condition where tflow deformation has
occurred in the soil until it reaches the ultimate state condition. This kind of behavior
accords with Castro’s (1969) observations. For the first cycles in all predictions. strain
induced by shear is small: with repetition of loading. however. the rate of strain increment
increases significantly. In unloading. when the stress path passes the phase transformation
line. pore pressure increases greatly with relatively low strain increment. But when the
stress path passes the phase transformation line and follows the ultimate state line. a large
strain develops in the sample. This performance also corresponds with experimental
observations. The banana shape of the stress-strain curve shows softening during each
cvcle perfectly. Considering Figures (5.1) to (5.4). one can conclude that the model is
capable of representing the effect of variation of void ratio (or in better words. state) of
the soil on its response under stress control cvclic tests. The transition of cyclic mobility

to flow liquefaction with loosening the soil is captured by the model.

To evaluate the effect of static shear stress on the model performance. two tvpical

predictions have been shown in Figures (5.5) and (5.6). In Figure (5.5). a dense sample
with p,= 3 MPa. ¢,= 0.6 MPa and e= 0.70 has undergone a cyvclic ioading. The

amplitude of loading. number of cycles. initial mean effective stress and void ratio in this
prediction are the same as those that are in Figure (5.1). The only difference lies in the
initial shear stress. As can be seen. the rate at which the stress path approaches the origin
in this case is lower than that in Figure (5.1). This decreasing of the rate for the
anisotropically consolidated sample is consistent with the experimental observation of
Hyodo et al. (1989). Furthermore. the model in the case of an initially sheared sample
shows less strain compared to that with an unsheared sample. In this case. the existence
of shear stress has helped the sample maintain more strength. As with the case of Figure
(5.1). the number of cycles has not been increased. But by increasing the number of
cycles. it can be seen that the stress path hardly approaches the origin. This is because of
the lack of shear reversal in this prediction. Considering Figure (3.5). one can see that the

existence of static shear increases the strength of the dense soil against cvclic
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liquefaction. This kind of behavior is similar to what has been reported by Seed and Lee

(1967).

Figure (5.6) shows the effect of static shear stress on the performance of the
model for loose soil. The initial mean effective stress. amplitude of loading and void ratio
are the same as those in Figure (5.3): however. the static shear is different. In this case.
after 2 cycles. the soil has reached a condition in which flow has started. As can be seen.
however. in the case of no initial shear stress (see Figure 5.3). the model shows more
strength against liquefaction. This sort of response matches with Castro’s observation
(1969) that an increase in static shear stress reduces the soil strength against flow

liquefaction.

Figures (5.7) to (3.9) show model predictions for samples with different void
ratios (e = 0.75. 0.8. 0.9) under strain control cyclic triaxial test. The maximum and
minimum axial strain have been chosen as 2% and (-2%). respectively. Repetition of
loading causes positive pore pressures which push the stress path to the origin. For the
samples with higher void ratio. the rate of approaching the origin will be higher. For thz2
sample with e = 0.9. the stress path has reached to the origin and cyclic liquetaction has
occurred. In this case. with a very small increase of stress. a significant strain occurs in

the soil.

Figures (5.10) and (5.11) show the performance of the model for stress and strain
control cyclic plane strain tests. The general shape of the stress paths and stress-strain
curves are similar to those in the triaxial test. However. the model shows slightly more
stiffness compared with the triaxial condition that corresponds with experimental
observations. Any constitutive model which is used to predict soil deformation must be

capable of showing soil response under different shearing modes.

Based on initial shear stress. amplitude of loading. soil state and number of

cycles. several phenomena can be seen in the soil. In Figure (5.12). an isotropically
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consolidated sample has been loaded. In the first cvcles of loading. strain has increased
slowly in the soil: however. in one of the cycles. because of flow deformation. strain has
grown significantly. Then. hardening has occurred in the soil. but again because of
changing the loading direction. cyclic softening has been observed in the soil. By
repetition of loading. a continuous softening occurs in the soil and maximum strain

increases.

Figures (5.13) and (5.14) show the comparison of the model predictions for an
undrained cyclic triaxial test on an anisotropically consolidated loose specimen of
Tovoura sand. As can be seen. the specimen has undergone small amplitude cvclic
loading without shear reversal. In the first steps of loading. the rate of strain increment
was very low. but after a large number of cvcles. flow suddenly occurred in the soil. Then
the specimen has reached the ultimate state condition at large strains. The point is that. as
can be observed. the monotonic stress path has been a boundary for the stress path in
cyclic loading. Almost the same results have been reported by Alarcon and Leonards
(1988). In the model prediction. flow has started slightly before the monotonic stress
path. Although this difference is not substantial. and is on the safe side in the practice.
this small difference. as will be discussed in the next section. has also been observed in
Alarcon and Leonards (1988)s works. Comparing model performance with experimental
results. monotonic stress path in model prediction is lower than that in the test. As a
result. the model has shown flow under cyclic loading earlier than the test did. A good

simulation is observed of the stress-strain curve.

Figures (5.15) and (5.16) show a comparison of model predictions with observed
behavior of a dense sample of Toyoura sand under cyclic and monotonic loading. In this
test. after a number of cycles. the specimen has undergone monotonic loading and has
finally reached the ultimate state at large strains. The model was able to show this
behavior. In the model predictions. the variation of the stress path during loading
repetition was not substantial. This is because the stress path is very close to the ultimate

state line and there is not sufficient room for movement of the stress path. An almost
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identical phenomenon has been observed in the experiment. In unloading. the model
shows less contraction compared with the experiment. By increasing the K value. this
difference will be reduced. but at the same time. the stress path in reloading will represent

more contraction.

Figures (5.17) and (5.18) compare the model performance with observed behavior
of an anisotropically consolidated loose specimen of Toyoura sand in a small range of
stresses. This test is one of the very few existing reported tests on anisotropically
consolidated samples in which the specimen. after loading. has shown flow deformation
before reaching quasi-steady state condition when hardening began and the soil has
shown higher strength under cyclic loading. As can be seen in this test. the monotonic
stress path has not been a boundary (at least not a perfect boundary) for cyclic loading.
Maybe in practice. such a difference actually exists between monotonic and cyclic stress
path. but in high stress levels. because of the scale factor this difference can not be
detected. It seems that more experimental works must be performed in order to clarity
this question. This test has been performed on a sample prepared by dry deposition
method. But the model was calibrated by the tests on moist tamped samples.
Furthermore. the stress range is much less than what was used in Ishihara (1993) (used
for calibration of the model): and the slope of ultimate state line in (¢ — p ) planc is more
than that in Ishihara (1993). Therefore. for simulation of this test. the ultimate state line
has been shifted 0.059 down in ( p — e) plane. Considering Figure (5.18). after starting of
cyclic loading. model shows softer behavior compared with the experiment. It seems this
difference is because of the higher slope of ultimate state line in (g — p) planc in the

experiment compared with what has been defined for the model based on Ishihara (1993).

A comparison of the model predictions with experimental results on Banding sand
(Castro. 1969) can be seen in Figures (5.19) to (5.22). Two isotropically consolidated
samples of this sand with e = 0.692 and 0.729 have undergone cyclic triaxial test without
shear reversal. The sample with lower void ratio after the 3rd cycle has shown tlow

deformation or flow liquefaction. Significant strain has been developed in the sample.
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and. at large strain. the specimen has reached the ultimate state. The number of cvcles
predicted by the medel is the same as that in experiment. However. unloading in the first
cycles started at a higher effective normal stress than that in the experiment. The point is
that the model predictions have been compared with several experimental results under
monotonic loading for this sand. In all those comparisons. the model predictions
corresponded with the experiments. Considering the fact that the first loading in the
cyclic test is actually a monotonic loading. it shows that experimental observations for
cyclic loading do not match with those for monotonic loading. In Figures (5.21) and
(5.22). the number of cycles in model prediction before starting the flow is two cvcles

more than that in the experiment.

Figures (5.23) to (5.26) compare the model predictions with observed behavior of
Fuji River sand under drained triaxial tests. In these tests. two samples with e = 0.763
and 0.750 have undergone stress ratio control tests. Initial stresses have been the same. [n
both tests. in the first cycles. the rate of volumetric strain increment was high. But after a
few cycles. the variation of volumetric strain has decreased significantly. As was
expected. for the sample under higher stress ratio. the volumetric strain is more than that
for the sample under lower stress ratio. The performance of the model in these tests is
acceptable. The variation of the stress ratio with shear strain of the samples for the first
and the last cycles has been plotted in Figures (5.24) and (5.26). Compared with
experiments. the model shows larger strains at the last cvcles. It seems this difference is
because of the softer response of the model in the extension side compared with that in
the test. This is perhaps due to soft behavior of soil in the extension test which has been

used in calibration.
5.3. Collapse or flow deformation
In chapter two, we saw that loose cohesionless soils have a metastable structure.

and. under a specific condition. the structure of the soil may change and a discontinuity in

the behavior can be seen. Alarcon and Leonards (1988) have observed this discontinuity
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under torsional cyclic shear tests (see Figure 5.27). As can be seen. a specimen was
sheared repeatedly. and in the 85th cycle. collapse suddenly occurred. In this case. which
is the same as that for Toyoura sand. the monotonic stress path is a boundary for cvclic
stress path. A small difference exists between the collapse point for cyclic loading and the

monotonic stress path.

In chapter 4. the capability of the model for predicting collapse under both
undrained and drained monotonic triaxial tests has been validated. In Figures (3.13).
(5.14) and (5.19) to (5.22). the performance of the model in showing collapse (flow
deformation) is compared with actual laboratory observations on Tovoura sand and
Banding sand. Figure (5.28) also shows a typical prediction of the model for collapse
under cyclic loading. In this figure. an isotropically consolidated sample underwent both
monotonic and cyclic loading. It can be seen that during cyclic loading soil started to
flow. This is the same as what occurs in monotonic loading. The monotonic stress path is
a boundary for the cyclic stress path. A small difference exists between the collapse point
in the model prediction and monotonic stress path. This corresponds to the reported

results of Alarcon and Leonards (1988).

Therefore. the proposed model is capable of showing the collapse (or instability or
flow deformation) under both monotonic and cyclic loading. Considering the capability
of the model for showing cyclic mobility and cyclic liquefaction. one can conclude that
all cyclic liquefaction. cyclic mobility and flow liquefaction (collapse) can be handled in

a unique framework using this model.

5.4. Summary

[n this chapter the performance of the model for cyclic loading has been validated.
[t was shown that the model is capable of showing the effect of soil state on its behavior.
With loosening the soil. the model showed the transition of cyclic mobility to flow

liquefaction. The positive or negative effect of static shear stress on occurring
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liquefaction depends on which kind of liquefaction occurs. The model is capable of
showing that for dense sand. the existence of static shear increases the strength of the soil:
however. for loose sands this initial shear stress increases the probability of flow
liquefaction. Typical predictions of the model for different shearing modes have been
presented. Model predictions were compared with real observations on different sands. In
this comparison. the focus was on the prediction of particularly cases that most existing

models have shown weaknesses for such predictions.

[t was seen that the model could show the response of the soil under cvclic
mobility. cyclic liquefaction and flow liquefaction. Considering the uniqueness of
calibration and the power of the model to handle both monotonic and cyclic loading. it
can be used for solving boundary value problem in a variety of possible loading

conditions. degree of anisotropy. drainage conditions and shearing modes.
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Predicted stress path and stress-strain curve during
strain control undrained triaxial test at e=0.75.
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Chapter 6

CONCLUSIONS AND RECOMMENDATIONS

Liquefaction of cohesionless soils can have catastrophic consequences. Past
experiences regarding this phenomenon have stimulated many researchers to try to
understand the soil behavior during and after liquefaction. These attempts have been
conducted in different ways. Conducting in situ tests in the areas in which liquefaction
has occurred: performing laboratory tests to find the response of the soil in different
conditions: and developing different methods to analyze ground response and determine

permanent deformations during and after liquefaction are some of these activities.

Chapter one described how the term “liquefaction™ has been used by different
groups to determine soil performance under different conditions. On one side.
Casagrande and his students used this term to describe the behavior of strain-softening
soils. They pointed out that a trigger mechanism (static or cvclic) may cause the soil to
strain-soften. This kind of liquefaction, which has been called “flow liquefaction™.
generally occurs in sloping ground in which the driving stresses are larger than the
resulting ultimate undrained shear strength of the soil. Deformation can be catastrophic if
the soil structure contains sufficient strain-softening material and if the geometry is such
that a kinematically admissible mechanism can develop. On the other hand. the Berkelev

group, under the leadership of the late professor Seed. has used the term “liquefaction™ to
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describe the cyclic softening of the soil during cvelic loading. This kind of liquefaction.
which has been called “cyclic liquefaction™. generally occurs in level to gently sloping
ground in which shear stress reversal can occur. Deformation associated with cyvelic
liquefaction occurs only during the cyclic loading and accumulates with additional cycles
of loading as a consequence of a loss in soil stiffness. Although flow liquefaction and

cyclic liquefaction show two different phenomena. both of these are real.

Different methods have been developed to handle the liquefaction phenomenon.
Chapter 1 illustrated that for analysis of cyclic liquefaction. three methods have been
developed: empirical criteria based on field observations. the total stress approach and the
effective stress approach. The first method. which has been proposed as a result of using
observations and in situ measurements at locations in which liquefaction has occurred in
the past. offers a rough but simple method for evaluating the probability of liquefaction
based on in situ tests. The total stress approach has been developed based on a
comparison of the cyclic stresses induced at different levels in the ground during shaking.
with the cyclic shear stress required to cause liquefaction in the laboratory in a specified
number of cycles. Due to the assumption of elastic behavior for the soil. this approach
cannot represent realistic permanent deformation which is affected significantly by plastic
soil behavior. The effective stress approach. which considers the effective stresses
between soil grains and uses constitutive models. can solve this problem. It is believed
that none of the elements in the effective stress approach is as important as the

constitutive model in the determination of deformations during and after liquefaction.

Flow liquefaction or flow deformation has been observed and entered the
literature earlier than cyclic liquefaction; however. the methods for its analysis are not as
mature as those for cyclic liquefaction. Considering flow liquefaction as a stability
problem and determining the deformation caused by it using constitutive models are two
general approaches to analyze this kind of liquefaction. Although the mentioned tvpes of

liquefaction are two different phenomena. during earthquakes both of them may occur at
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different times or in different zones of a soil structure. Therefore. a constitutive model

must be able to show both of them in a unique framework.

In chapter 2. the behavior of cohesionless soils under different loading was
discussed. Depending on the initial state. a soil can develop large volume changes under
loading. Dense sands dilate: however. loose sands contract. At large strains. however.
both of them reach an ultimate state. At this state. soil is continuously deforming at
constant volume and constant stresses. Based on the initial state of the soil with respect to
this ultimate state. soil may show fully contractive. contractive-dilative or fully dilative

behavior.

The concept of critical void ratio. originally discussed by Casagrande. leads to the
steady state framework. It was mentioned that there are a number of discussions
regarding the uniqueness of the ultimate state. On one side. the experimental results of
some researchers show that this state is only a function of the void ratio. On the other
side. other researchers believe that ultimate state depends on factors such as consolidation
stress. fabric or sample preparation procedure. shearing mode or even rate of deformation.
It seems that comprehensive experimental work on different sands and different
conditions must be conducted so as to clarify this important subject. As long as any doubt
exists regarding the uniqueness of the ultimate state. all approaches in which the ultimate

state is used to analyze soil structures at large strains will be incomplete.

It is believed that the state of the soil has a significant effect on its behavior. A lot
of researchers have tried to define a parameter to show the state of the soil. State
parameter. . (Been and Jefferies. 1985). state index. [/ (Ishihara. 1993) and
RSR (Robertson and Fear, 1995) are some of these parameters. But in the general case. a
scalar quantity like these parameters cannot show the state of the soil completely.
Experimental observations have shown that samples with the same state parameter or

RSR or any other proposed parameter, but with different degrees of anisotropy. show
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different responses. In general. one needs a larger number of quantities to define the state

of a soil completely.

[n order to apply the ultimate state in the design of soil structures. one must define
the ultimate state as accurately as possible. Chapter 2 referred to some previous efforts in

this regard.

The behavior of cohesionless soils under cyclic loading was discussed in chapter
2. This behavior is greatly influenced by initial state. It was pointed out that different
researchers. appealing to their own observations. reported some response for the soil. In
some aspects. controversial results have been reported by different groups (for example.
the effect of static shear on occurring liquefaction). Recently. it has been shown that these
observations are correct but only in the conditions in which experiments have been
conducted. Depending on soil state. static shear stress. amplitude of loading and drainage
conditions. a variety of responses can be seen. It is not resaonable that researchers extend

the results of tests conducted under limited conditions to all other conditions.

Collapse or instability of the soil is an important phenomenon that must be
considered when working with loose soils in practice. Recent research has shown how a
loose soil may reach a state boundary in the stress-void ratio space in which the soil
structure changes. As a result. a significant change in the soil behavior can be seen.
Consideration of the collapse surface and other characteristic surfaces such as phase
transformation and the ultimate state is essential for the modelling soil response under

loading.

A number of studies have shown that the state of a soil has a significant effect on
its behavior. In most existing constitutive models for cohesionless soils. this important
factor has been overlooked. As a result, these models can be used only for a small range
of stresses and void ratios for which the model has been calibrated. Chapter 3 discussed

how the models with no reference state may incorrectly show the response of the soil.
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In chapter 3. a framework. termed “Reference State Soil Mechanics.” was
proposed. [n “Reference State Soil Mechanics™. soil behavior depends on the soil state
with respect to a reference state. Because both loose and dense sands at large strains reach
an ultimate state. it was suggested that this state be used as a reference to model soil
behavior. To define the state of the soil with respect to the ultimate state in ( p — e ) plane.
the state parameter (\y ). which has been suggested by Been and Jefferies (1985). was

used.

The multi-yield surface theory (Prevost. 1985) was modified to embrace the
“Reference State Soil Mechanics™ framework. The complete formulation of this model
was presented in chapter 3. According to experimental observations. an open cone with
apex at the origin was used for the vield surfaces in the model. The equation of the vield
surface is such that the shape of the yield surface in the deviatoric plane is a rounded
cornered hexagon. This function has the versatility to show the same or different friction
angles in triaxial compression and extension based on experimental observations. In this
regard. it has an advantage over the Matsuoka-Nakai (1974) and Lade-Duncan (1973)

criteria.

In the flow rule. normality was manipulated in the deviatoric plane which
corresponds with Lade and Duncan (1973) observations. The rate of plastic volumetric
strain was linked to the state of the soil with respect to the ultimate state using the state
parameter. The latter assumption corresponds with Been and Jefferies (1983)
experiments. Two pure kinematic and isotropic-kinematic hardening rules were proposed.
The comparison of the model predictions using these two hardening rules for different
conditions was presented in chapter 3. Calibration of the model is achieved by using a
few conventional laboratory tests. The procedure of calibration. which was described
completely, is such that most of the model parameters are determined directly: only a few
of them are determined by curve fitting. This makes things simpler for users in practice.

A method was proposed for calibration of the model in the case of existing limited data.
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Its ability to consider different parameters for extension and compression makes the
model more capable of showing the effect of the fabric of the soil in triaxial compression
and extension.

In chapter 3. the explicit algorithm that has been used to calculate stress
increments was described. This algorithm is first-order accurate and conditionally stable.
Furthermore. the size of load step was chosen so that the calculations are fast and

accurate.

Chapter 4 validated the model performance under monotonic loading. Due to the
limited amount of existing data for different stress paths. soil states. drainage conditions
and degrees of anisotropy for a unique soil. as well as for having a complete validation of
the model for different sands with different physical properties. five different sands were
used in this validation. Extensive comparisons with measured data under undrained and
drained conditions for isotropically and anisotropically consolidated samples of different
soils were presented. It was shown that the model is able to show the effect of the state of
the soil on the soil response under both undrained and drained conditions. The ultimate
state in large strains could be captured by the model. The model could also show the
effect of the consolidation history in both compression and extension modes. An
important factor for a model with a general formulation is that it must be capable of
showing soil response under different shearing modes with a set of parameters. The
model demonstrated this capability. The effect of collapse in the model performance was
evaluated for both saturated and dry soils. It was seen that the model could show this

important phenomenon.

Validation of the model for cyclic loading was presented in chapter 3. It was
shown that. depending on the state of the soil. static shear stress. amplitude of loading.
number of cycles and drainage conditions. the model is capable of representing different
combination of flow liquefaction. cyclic liquefaction and cvclic mobility. The model

could predict transition of cyclic mobility to flow liquefaction with increasing void ratio
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of the soil. The model was able to show that. for dense sands. an increase in static shear
stress increases the strength of the soil against cyclic liquefaction. This performance is
consistent with the experimental observations of Seed and Lee (1966). However. for
loose soils. with an increase of static shear stress. the probability of flow liquefaction
increases. The model was able to show this performance. This response is consistent with
Castro’s (1969) observations. In validation. both stress control and strain control cvclic
tests were used. For comparison of the model predictions with real observations. both
isotropically and anisotropically consolidated samples of different soils at different states

were used. Both undrained and drained tests were considered in this comparison.

The advantages of the proposed model are as following:

e The model is capable of capturing the response of loose and dense sands. or in
other words. sands in different states. with a single set of parameters and
calibration.

¢ Calibration of the model is performed completely by using a tew conventional
triaxial tests. Most of the model parameters are determined directly and only a few
of them must be determined by curve fitting. Therefore. the calibration of the
model can be done easily. This is important from an application point of view:.

* The model is able to show the effect of initial cross-anisotropy and induced
anisotropy during loading. This capability is important for elements near to the
edge of soil structures. such as dams, and in all elements under cyclic loading.

¢ The model can predict the response of the soil under both monotonic and
cyclic loading. This is important for application of the model in practice because
during shaking and after its cessation. different elements of soil structure may
undergo monotonic and cyclic loading.

¢ Formulation of the model has been presented in the general case and can be
used to predict soil responses under different shearing modes or stress paths.

e From the application point of view. the formulation of the model is straight

forward and easy for implementation in numerical analysis.
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® The model can show the ultimate state at large strains. This is important for
analysis of soil structures with large deformations. Furthermore. as could be seen
in model predictions in chapters 4 and 5. the model can show the quasi-steady
state of the soil.

e The shape of the ultimate state surface in the deviatoric plane is flexible.
Based on experimental observations. the model can show the same ultimate
friction angle for 5=0 and b =1 conditions. As a result. it can match different
criteria such as Matsuoka-Nakai and Lade-Duncan. depending on experiments.

¢ Considering different parameters for triaxial compression and extension. the
model can show the effect of fabric in soil response under compression and
extension.

¢ The model can show flow liquefaction or collapse under both monotonic and
cyclic loading.

e The model can show flow liquefaction. cyclic mobility and cyclic liquefaction
in a unique framework. Therefore. it can be used to analvze different kinds of
liquefaction simultaneously. This capability is significant from an application
point of view to capture permanent deformations in an effective stress method of

analysis in the general case.

It is believed that this variety of capabilities could be found only in a “Reference

State Soil Mechanics™ framework.

Future work related to this study should focus on the following aspects:

e Developing a constitutive model for predicting cohesive soil behavior in
“Reference State Soil Mechanics™. Furthermore. a unique constitutive model for
cohesionless and cohesive soils may be developed in this framework.

¢ Integration of the model in a finite element analyses for applications in the

solution of boundary value problems.
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e As was mentioned. the response of the model under stress ratio constant
loading is elastic. Based on experimental observations. up to a very high level of
stresses (in which geotechnical engineers are rarely interested). the behavior of
medium dense and dense sands under this kind of loading is elastic. But if one is
interested in modifying the model for even these high stresses. he can add a cap to
the model similar to what has been done by Vermeer (1979) or Lacy and Prevost
(1987). The position and the size of this cap should be a function of volumetric
strain.

¢ To define the state of the soil in ( p — ) plane with respect to the uitimate state
in this study. state parameter () has been used. However. different researchers
have reported different parameters such as RSRor / . If. in the future. it was
found that another parameter rather than \y can better show the state of the soil. it
can be replaced by \in the formulation of the model. This can be done by
changing equation (3-23).

e As was discussed. there are still controversial experimental results regarding
the uniqueness of ultimate state line. It seems that complete and comprehensive
experiments should be conducted to solve this problem. After finding how this
line changes with different parameters. it can be added to the model. This will not
make any change in the formulation of the model.

e State parameters which have been defined by different researchers are not able
to show soil response completely. Some research must be performed to detine
more sophisticated parameters to consider other factors such as shear stress at the

same time.
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Appendix

AN EXAMPLE FOR CALIBRATION OF THE MODEL

In this appendix. the calibration of the model for Toyvoura sand will be described
in step by step method. The calibration will be achieved following the procedure which
has been described in section 3.11. using the tests which have been mentioned in

Table 3.1.

I- Because the results of shear wave velocity and hydrostatic cvclic tests were not
available. the shear modulus and bulk modulus (G and B ) have been determined using

the initial slope measured at the origin of the deviatoric stress-shear strain and mean
effective stress-volumetric strain curves obtained in drained triaxial test. For calculation.
the test which has been shown in Figures (A.1) to (A.4) (Verdugo and Ishihara. 1996:

Verdugo. 1992) and the following equations have been used:

G =— (A-1)

B=£ (A-2)
€
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where ¢.p.€,and € are increments of deviatoric stress. mean effective stress. shear

strain and volumetric strain. respectively. If these increments are taken as equal to what

exists in the first segment. this segment will be the elastic zone for the model. Using the

values in Table (A.1). we will have G =45 MPaand B = 30 MPa.

Because elastic moduli depend on void ratio and mean effective stress. the void

ratio and mean effective stress at which G and B have been determined must be kept

as e and p . For Toyoura sand these values are 0.963 and 0.4 MPa. respectively.

It is suggested that G and B be normalized for a specific p, and e,. Using
normalization. all the parameters which depend on a reference will be defined at a

specific value as reference. As a result. application of the model will be easier. In this

thesis. p, =p,, and e, =1 have been used for normalization. Using the following

equations. G, and B, for Toyoura sand will be 21 MPa and 14 MPa respectively.

(217 -e,V(1+e)
G, =G 2oy > (A-3)
P (217-e ) (1+e,)

(217 -¢) (1+e)
B, = B (By" )

5 (A-4)
p (217-e ) (l1+e,)

Equations (A-3) and (A-4) are the same as equations (3-40) and (3-41) but with a new

arrangement.

2- The ultimate state line in ( p — e) plane must be defined for the model. This line can
have any shape with any mathematical formulation. For Tovoura sand. based on
experimental results (Ishihara. 1993). in the range of interest. a polynomial with order 4

has been considered for this line. The equation is:

e, =0.92649-0.12508 p +0.043665 p*-0.012639 p* +0.00154040 p' (A-5)
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where e, is void ratio at the ultimate state. Comparison of calculated ultimate state line

with experimental observations has been shown in Figure (4.2).

For triaxial extension. Yoshimine (1996) was not interested in the behavior of
Toyoura sand at large strains (ultimate state). and he has looked at quasi-steady state
conditions. Therefore. only a few results over a small range of stresses and void ratios
were available. Based on these few data. ultimate state for triaxial extension is not the
same as that reported by Ishihara (1993) for triaxial compression. Therefore. for triaxial
extension (based on these data). it was assumed that the ultimate state line is parallel with
that in compression with 0.08 shifting to down.

3-m, is determined by using n,, and n, . i.e.. the slope of ultimate state lines in

et

(¢ - p) plane in triaxial extension and compression respectively. and the following

equation:

m, = D (A-6)

r]ll\t
For Toyoura sand. based on Ishihara (1993) and Yoshimine (1996). n,, and 1, are

Tive

respectively (-0.90) and 1.26. Therefore. 1, is 0.714.

4- To determine m,. ao. H_. H,. M, and 7, . the results of one pair of drained triaxial
compression and extension tests are used. (¢ —€,).(p—€,). (¢ — p)and ( p - e ) curves

are divided to some linear segments so that the slopes of (¢ — €,) curves for each pair

segments in compression and extension are the same. The linear segments for
compression have been shown in Figures (A.1) to (A.4). The numerical values also can

be found in Table (A.1).

m_and o are determined by the following equations:
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m o= (A-7)
l+m,
a=n -m (A-8)

where 1, and N, in the above equations are stress ratio at the initial point of each plastic
segment in compression and extension. For Toyoura sand. because the result of drained
triaxial extension test was not available. m . a and parameters related to extension for
each yield surface have been determined by using the method which has been
described in section 3.12. d, and C, were chosen by trial and error such that the best fit
was obtained to the test which has been shown in Figure (A.5). Based on this curve
fitting. d, and C,, are equal to 0.45 and 6.0. respectively. The values of m_and « for

each yield surface are shown in Table (A.2).

To determine A, and H, . after changing the arrangement of equation (3-32).

one has:
l—ng
H (or H, )= 5 é(] l (A-9)
l+: 2 Zd
( gn)(q G

For determining plastic moduli in compression and extension. the values related to each

segment in compression and extension must be put in equation ( A-9).

The variation of G with void ratio and mean effective stress should be considered
by equation (3-40). In each segment. the values of p. e and 1 are not constant:
however. considering the small size of each segment. this much sophistication is not
needed and a constant value for these parameters can be considzred for each segment in

the calibration.

H_and H, depend on mean effective stress and void ratio (refer to equation

3-42). Therefore. the calculated //_ and H, are related to the pand e of each segment.
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In step 8. these parameters will be calculated using a unique reference mean effective
stress and void ratio (p, and e,). The process of determination of plastic moduli in
compression and extension for Toyoura sand has been shown in Table (A.3). As
described in sections (3.11) and (3.12). the ratio of (£,/4) is the same in compression
and extension for each segment and also (p/q) for extension is equal to (=2/3).

Because of the lack of data in extension. it was assumed that G for each segment is the

same in compression and extension.

M. and T, . which are dilation parameters in compression and extension at a

specific state (y_ and y, in compression and extension. respectively) and specific

position (af; ). are determined for each yield surface. using the following equations:

n = 1 - (A-10)

' 2 s g 1
2L —m)=VOH (1+ 0%y (2 - )
p 9 p B

o 2 2,05 éz 1 q
VOH (1+-n") (—~-=)+2(--n)
9 p B p
M, = .l : (A-11)

. 7 . y él 1 03
2n-L)-V9H,(1+ ZnTy (B -
p 9 p B

2 ' 1 :
VOH, (1+20) (- ) +2n- )
9 p B p

Equations (A-10) and (A-11) are a new arrangement of equation (3-33). For using B in
the above equations. the variation of B with mean effective stress and void ratio is

considered by equation (3-41).

-

Because dilation parameters depend on state parameter (refer to equation 3-23).

state parameters of each segment in compression and extension must be kept as \_ and

\V [
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v, and \, are determined by the following equation:
WY lory,)=e—-e, (A-12)
where e,, is void ratio at ultimate state at the same p of each segment in compression or
extension. Calculation of 7N, and y_ for each yield surface for Toyoura sand has been

shown in Table (A.4).

To determine M, . because of lack of data. it was assumed that for each vield
surface:
n, =mm, (A-13)

The results have been shown in Table (A.4)

5- n,, must be determined by curve fitting. This can be done by using one undrained

triaxial test. As described in section 4.3. n,, (which shows the rate of variation of plastic
modulus with void ratio) has a significant effect on model performance and is determined
mostly by stress path. By changing the value of n,, and performing prediction. one must

try to obtain the best fit to the experimental results. Based on the author's experience.

usually within the first three trials. this parameter is determined. For Toyoura sand. the
test with p, =3 MPa ( p, is initial mean effective stress). which has been shown in F 1gure
(4.16). was used for determination of »n - The value of this parameters for Toyoura sand

1s 9.

6- K, . which shows the rate of variation of dilation parameter with respect to the

position of yield surface, is also determined by curve fitting (i.e.. changing XK.

performing prediction and comparing with experimental stress path until obtaining the

best fit). The results of one undrained monotonic triaxial test on an anisotropically

consolidated sample (it is suggested to use either extension test for K, <1 or compression



test for K, >1) or one undrained cyclic triaxial test can be used for determination of that.

For Toyoura sand. using the test which has been shown in Figure 5.15. K is equal to

0.1.

7- Finally if one is interested to use isotropic-kinematic hardening in the model. he must
determine another parameter ( & ). This parameter is determined by curve fitting. using
one undrained triaxial test or drained triaxial test on dense sand. For typical predictions ot

the model which have been presented in chapter 3. it was assumed that £k =2 .

8- Considering the formulation of the model and calibration procedure. one can see that

H, . H

- H, .M, and M, depend on a specific reference. i.c.. they must be detined at a

specific p,. e, . v, and a::. Using the following equations. all these parameters can
be defined at a unique value of p,. e, .y, and CI: (for example p, =p .. € =1.

W,, =0 and a, = 0. which have been used in this thesis). Then these parameters can

be used as reference values in prediction.

H
H = (A-14)

o m

p Jos (2-e)2+e,)
(po (2_60)(2'*'3)

K, (o)) -0, 0, )
g ®)m’

Equations (A-14) and (A-15) are the same for compression and extension. For

nl'l

]

Texp +5(y ., —w)n’| (A-15)

determination of plastic modulus and dilation parameter for compression and extension.

the parameters related to them must be put in the equations.

In using equation (A-15). one must consider that for triaxial conditions:

2,
—-a” (A-10)
3
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~]
[}®]

g(8)=1 for triaxial compression (A-17)

and g(6)=m, for triaxial extension (A-18)

This normalization has been dcne for Tovoura sand and the results are shown in Table
(A.5). In triaxial extension. because of lack of data. the assumption was that state

parameters in compression and extension are the same for each segment.



Table A.1. The results of a drained triaxial compression test on Tovoura sand
(after Verdugo and Ishihara. 1996: Verdugo. 1992)

q (MPa) £,(%) p (MPa) €, (%) e

0 0 0.392 0 0.963
0.063 0.070 0.413 0.071 0.9616
0.116 0.206 0.431 0.153 0.960
0.196 0.843 0.457 0.433 0.9545
0.226 1.111 0.467 0.601 0.9512
0.29 1.854 0.489 0.988 0.9436
0.328 2.397 0.501 1.207 0.9393
0.392 3.438 0.523 1.63 0.9310
0.45 4.689 0.542 2.058 0.9226
0.486 5.55 0.554 2313 09176
0.521 6.624 0.566 2.634 0.9113
0.581 8.785 0.586 3.077 0.9026
0.608 9.99 0.595 3.316 0.8979
0.639 11.432 0.605 3.627 0.8918
0.668 13.072 0.615 3.856 0.8873
0.697 14.836 0.624 4.106 0.8824
0.72 16.56 0.632 4.294 0.8787
0.748 18.744 0.641 4.513 0.8744
0.769 21.047 0.648 4.671 0.8713
0.791 23.993 0.656 4814 0.8685
0.818 27.522 0.665 4.957 0.8657
0.836 31.378 0.671 5.008 0.8647
0.844 33.304 0.673 5.038 0.8641
0.849 36.396 0.675 5.059 0.8637
0.849 42.47 0.675 5.059 0.8637
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Table A.2. Determination of m_. and a for Toyoura sand

YS n. N, m, (0
1 0.153 -0.069 0.129 0.024
2 0.269 -0.121 0.228 0.041
3 0.429 -0.193 0.363 0.066
4 0.484 -0.218 0410 0.074
5 0.593 -0.269 0.503 0.090
6 0.655 -0.298 0.556 0.099
7 0.750 -0.346 0.639 0.110
8 0.830 -0.391 0.713 0.118
9 0.877 -0.421 0.757 0.120
0 0.920 -0.451 0.802 0.120
1 0.991 -0.508 0.875 0.117
12 1.022 -0.537 0.909 0.113
13 1.056 -0.572 0.950 0.106
14 1.086 -0.606 0.987 0.099
15 1.117 -0.646 1.028 0.089
16 1.139 -0.677 1.060 0.080
17 1.167 -0.720 1.101 0.066
18 1.187 -0.753 1.131 0.055
19 1.206 -0.788 1.163 0.043
20 1.230 -0.835 1.205 0.025
21 1.246 -0.868 1.233 0.013
22 1.254 -0.886 1.249 0.003

23 1.258 -0.895 1.256 0
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Table A.4. Determination of dilation parameters for Toyoura sand

YS B (MPa) n, n. v, n,
1 31.35 0.269 0.399 0.0803 0.285
2 32.66 0.429 0.682 0.0772 0.487
3 33.25 0.484 1.134 0.0748 0.810
4 34.59 0.593 1.116 0.0692 0.797
5 35.33 0.655 1.033 0.0660 0.738
6 36.75 0.750 1.182 0.0597 0.844
7 38.08 0.830 1.209 0.0530 0.864
8 38.91 0.877 1.203 0.049 0.859
9 39.86 0.920 1.272 0.0437 0.909
41.51 0.991 1.223 0.0368 0.874
42.03 1.022 1.255 0.0329 0.897
42.93 1.056 1.324 0.0276 0.946
43.69 1.086 1.299 0.0239 0.892
44.47 1.117 1.290 0.0198 0.921
45.1 1.139 1.269 0.0168 0.907
45.83 1.167 1.289 0.0132 0.920
46.37 1.187 1.269 0.0107 0.906
46.93 1.206 1.262 0.0086 0.902
47.53 1.230 1.277 0.0065 0.912
47.84 1.246 1.259 0.0060 0.899
21 47.97 1.254 1.272 0.0056 0.909
22 48.08 1.258 1.265 0.0053 0.904
23 48.08 1.258 1.258 0.0053 0.898




Table A.5. Model parameters for Tovoura sand
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G,=21 MPa B,= 14 MPa m,=0.714

n, =9.0 K, =0.1

Y S mc a HOC HO E ﬁO s ﬁO I

(MPa) (MPa)

1 0.129 0.024 17.848 20.713 0.395 0.283
2 0.228 0.041 3.253 4.147 0.660 0.480
3 0.363 0.066 2.614 3.480 1.085 0.794
4 0.410 0.074 1.614 2.350 1.036 0.773
5 0.503 0.090 1.187 1.758 0.940 0.710
6 0.556 0.099 0.836 1.381 1.040 0.803
7 0.639 0.11 0.529 0.915 1.037 0.814
8 0.713 0.118 0.425 0.771 1.018 0.806
9 0.757 0.120 0.288 0.553 1.071 0.851
10 0.802 0.120 0.208 0.418 1.021 0.816
11 0.875 0.117 0.153 0.316 1.052 0.839
12 0.909 0.113 0.134 0.280 1.124 0.890
13 0.950 0.106 0.097 0.219 1.071 0.842
14 0.987 0.099 0.087 0.188 1.123 0.875
15 1.028 0.089 0.062 0.148 1.121 0.866
16 1.060 0.080 0.058 0.132 1.160 0.885
17 1.101 0.066 0.038 0.091 1.160 0.877
18 1.131 0.055 0.027 0.073 1.171 0.877
19 1.163 0.043 0.028 0.070 1.202 0.892
20 1.205 0.025 0.017 0.042 1.188 0.881
21 1.233 0.013 0.017 0.035 1.204 0.891
22 1.249 0.005 0.005 0.015 1.200 0.886
23 1.256 0 1E-6 1E-6 1.193 0.881
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Figure. A.1. Variation of deviatoric stress versus shear strain in
drained triaxial compression test on Tovoura sand.
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Figure A.2. Variation of mean effective stress versus volumetric
strain in drained triaxial compression test on Toyvoura sand.
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Figure A.3. Stress path in drained triaxial compression test on
Tovoura sand.
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Figure A.4. Variation of void ratio versus mean effective stress
in drained triaxial compression test on Toyoura sand.
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Figure A.S. Curve fittining for determination of parameters of the model in triaxial
extension for Tovoura sand.
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