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Abstract 

Partially encased composite columns consist of thin-walled built-up H-shaped steel 

sections with links welded near the flange tips and concrete cast between the flanges. The 

use of PEC columns under concentric axial load only was incorporated into the Canadian 

steel design standard, CAN/CSA S16-01, in 2001 and the use of PEC columns as 

beam-columns is permitted in the current edition, CSA S16-09 (CSA 2009). A half-size 

two-storey one-bay steel plate shear wall specimen, with PEC columns as the boundary 

elements, was tested under vertical and cyclic lateral loads to study its behaviour, and 

good ductility and performance was observed. A finite element model of the specimen was 

also developed and loaded in a push-over analysis with a dynamic explicit solution 

strategy to help study the behaviour of PEC columns and the whole system. 

The failure mode of the test specimen was the initiation of tears at the outside column 

flange tips at the bottom of the columns during the formation of plastic hinges. The 

specimen behaved in a ductile manner with no rapid drop of the specimen strength after 

the ultimate capacity was reached. Compared with steel plate shear walls with a steel 

frame, more nonlinear behaviours were observed in the specimen due to the existence of 

the concrete, which led to severely pinched hysteresis curves without a clear yield portion. 

Although the energy dissipation capacity did not keep increasing until the end of the test, it 

did increase beyond the value observed when the ultimate capacity was reached. Based 

on the test data, strain hardening occurred in the first floor infill panel and the 

corresponding finite element material curve was modified accordingly. In general, the 

model gave good predictions of the overall specimen behaviour and internal frame forces. 
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1. INTRODUCTION 

1.1 Background 

In the mid-1990s, a new type of partially encased composite column (PEC column) was 

developed and patented by the Canam Group to be used in the mid- and high-rise building 

market. At first, the behaviour of PEC columns under axial compressive loading was 

studied experimentally and numerically. The design equation and corresponding design 

rules for PEC columns were developed and then incorporated into the Canadian 

Standards Association (CSA) standard S16-01 (CSA 2001). The behaviour of PEC 

columns under bending moments in addition to axial compressive forces was further 

studied and their use as beam-columns was permitted in CSA S16-09 (CSA 2009). 

PEC columns consist of a thin-walled, H-shaped, built-up steel column with concrete cast 

between the flanges (see Figure 1-1), with transverse links welded near the flange tips at 

intervals along the column height. Unlike partially encased composite columns fabricated 

with standard rolled steel sections (Hunaiti and Fattah, 1994; Elnashai and Broderick, 

1994; Plumier et al. 1995), the size of the PEC column is flexible, without limitations 

associated with the use of standard sections. The plates in the bare steel section are 

slender, making them prone to local buckling, but the larger fraction of the compressive 

load is sustained by concrete. Concrete is filled between the flanges to resist part of the 

axial loading and to prevent the local buckling of the web. The concrete also prevents the 

inward local buckling of the flanges, while the links help increase the local buckling of the 

flanges by preventing out-of-plane movement at the link positions. The lateral expansion 

of the concrete under load is partially confined by the flanges and web at three sides and 

by the links at the free side. An additional benefit of the concrete is that it increases the fire 

resistance of the column. 
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Regarding construction, PEC columns take advantage of the erection speed of the bare 

steel section and then the concrete is cast and cured later in the construction sequence. 

The steel section supports the dead and live loads during construction and the in-service 

loads are resisted by composite action of the column. At each floor level, side plates 

(shown in Figure 1-1) are welded to the flange tips to provide a means for connecting the 

beams framing into the weak axis of the column. Simple formwork is needed at the flange 

tips only for the construction of the concrete and the existence of the side plates typically 

makes the forms reusable at every floor. Less crane capacity is needed because of the 

relatively light weight of the thin plates used in the steel section, and it is frequently the 

column size at the base that governs the crane capacity requirements for high-rise steel 

buildings. Moreover, the steel section uses the same thickness plate for both the web and 

flanges to facilitate fabrication procedures. All these characteristics lead to cost efficiency. 

PEC columns are allowed to be used as beam-columns as well as columns sustaining 

concentric compressive loads by CSA S16-09 (CSA 2009). The objective of this research 

project is to investigate the behaviour of PEC columns in steel plate shear walls, which are 

used as primary elements to resist lateral loads in buildings. Numerous experimental and 

numerical studies have been conducted on steel plates shear walls with rolled wide-flange 

columns, and their performance under severe seismic-type loading has been shown to be 

excellent if properly designed. A key feature of the behaviour of steel plate shear walls is 

that the thin infill plate connected to the beams and columns tends to buckle under lateral 

loading, and the lateral forces on the system are resisted largely via a tension field that 

develops in the plate, as shown in Figure 1-2. Because of the need to anchor this tension 

field at the surrounding frame, the relatively high flexural stiffness of PEC columns is 

beneficial for use as boundary elements in steel plate shear walls. However, research is 

needed to investigate the behaviour and the failure mechanism of PEC columns in steel 

plate shear walls, and the potential local buckling in PEC column flanges must be 

assessed. The task of this research project is to study, both analytically and 
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experimentally, the behaviour of PEC columns subject to axial, shear and bending forces 

as applied by frame action in steel plate shear walls. 

1.2 Objectives and Scope 

The research is aimed at extending the applicability of PEC columns and developing a 

new efficient type of lateral-load resisting system for structures, particularly suitable for 

seismic regions. The primary interests are: 

 to determine the moment and axial forces in the columns when the system is under 

cyclic lateral loading; 

 to determine the capability of the columns to provide appropriate anchorage after the 

infill plates buckle and the tension field is developed; 

 to evaluate the failure mode of the columns under frame action and anchorage forces 

from the infill panels; 

 to investigate the tension field development and distribution after the steel plate shear 

wall infill plates buckle; 

 to evaluate the ultimate capacity and the post-ultimate strength of the system under 

cyclic lateral loading; 

 to evaluate the ductility of the columns and the whole system; 

 to evaluate the anchoring stress near the top beam of the steel plate shear wall; and 

 to make recommendations for the design of steel plate shear walls with PEC columns. 

A two-storey steel plate shear wall with PEC columns was constructed and tested, and a 

detailed finite element model of the specimen was developed, to achieve the above 

objectives. 

1.3 Report Organization 

This report includes eight chapters and an overview of the report structure is as follows: 
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Chapter 1 is the introduction of the PEC column and system of steel plate shear walls with 

PEC columns. The objectives and scope of the research is included, as well as the 

organization of the report. 

Chapter 2 reviews previous experimental and numerical research work related to PEC 

columns and steel plate shear walls. The scopes and conclusions of the research work are 

presented. 

Chapter 3 describes the test program, including additional details about the objectives of 

this part of the research, the specimen design details and considerations, fabrication 

procedures, as-built measurements and imperfections of the fabricated specimen. 

Chapter 4 describes the test set-up, instrumentation and data acquisition, as well as the 

ancillary tests to determine mechanical properties of all the materials used in the 

specimen. Considerations in the determination of the load and deflection history used for 

the test are included, while the specimen behaviour during the test is described in detail. 

Chapter 5 presents the test results, including hysteretic behaviour, energy dissipation and 

failure mode of the test specimen, as well as the results from the strain gauges, strain 

rosettes and camera system. Discussions about the strain hardening in the first floor infill 

panel, the concrete shrinkage in the PEC columns prior to the test and the ductility-related 

force modification factor, R , are included. 

Chapter 6 presents the development of the finite element model, including the element 

selection, mesh description incorporating the as-built dimensions, steel–concrete 

interaction modelling, boundary condition simulation, measured material properties and 

the modified material curve for the first floor infill panel. Loading application and solution 

strategy used in the model are included. 
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Chapter 7 presents the behaviour of the model of the test specimen. Internal force 

distributions in the PEC columns, the P-M diagram of the PEC columns and the 

determination of the yield deflection based on the yielding in the columns are presented as 

well. 

Chapter 8 presents a summary of the research work, including the test and the model. 

Conclusions are drawn and recommendations for the design, fabrication and future work 

are presented. 
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2. LITERATURE REVIEW 

2.1 Introduction 

After years of research, the theory of the steel plate shear wall system is quite mature and 

the system is used to resist lateral loads, especially seismic loads. Although the PEC 

column is still a relatively new concept, research was conducted on the behaviour of PEC 

columns sustaining concentric and eccentric loading. Considering its large stiffness, the 

PEC column could be used as a boundary element in steel plate shear walls due to its 

potential anchorage capacity. This chapter provides a summary of previous research on 

the steel plate shear wall system and the PEC column. 

2.2 PEC Columns Fabricated with Thin-Walled Built-up Sections 

In 1996, a new type of partially encased composite column (PEC column) was developed 

by the Canam Group that consists of a thin-walled H-shaped steel section built-up from 

hot-rolled plates, with transverse links welded between the flanges to inhibit local buckling 

and with concrete cast between the flanges. Sections fabricated from thin plates are used 

rather than the standard sections used in Europe (Hunaiti and Fattah, 1994; Elnashai and 

Broderick, 1994; Plumier et al. 1995), which leads to lighter weight of the steel section 

without any size limitation, and structural efficiency because concrete sustains a greater 

portion of the compressive load in the column. Since then, the behaviour of PEC columns 

has been studied both experimentally and numerically. 

2.2.1 Tremblay et al. (1998) 

In 1998, an experimental study on the behaviour of PEC columns under compressive axial 

load was undertaken by Tremblay et al. (1998). Six stub PEC columns with a 

length-to-depth (L/d) ratio of 5, fabricated with CSA-G40.21-350W grade steel and normal 

strength concrete, were tested under axial compression, and the study focused on the 

failure mode, the ultimate capacity and the post-peak behaviour. For all the specimens, 
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the concrete crushed while local buckling of the steel flange occurred near the crushed 

concrete at the failure.  

To calculate the capacity of the steel section with slender flanges, the plate slenderness, 

λ , was defined to account for the effect of the slenderness of the steel flanges, 

considering the support from the existing transverse links and encased concrete, which 

also appears relevant to the post-peak behaviour in the test. 

λ
b
t

12 1 ν F

π Ek
                                               (2.1) 

k
4

s b⁄
15
π

s b⁄
20
3π

2 3ν     		                        (2.2) 

In Equation (2.1), b is the half-flange width, t is the thickness of the steel plate, ν and E 

are Possion’s ratio and Young’s modulus for the steel, F  is the yield strength of the steel 

and k is the plate buckling coefficient calculated in Equation (2.2), in which s is the 

centre-to-centre link spacing along the length of the column. 

After the plate slenderness, λ ,  is obtained, the capacity of the steel section for 

compression, Cs , is calculated using an effective area for the steel section corresponding 

to an effective width of the column flanges. The effective width concept by Yu (1985) was 

adopted to account for the reduced width of the column flanges under local buckling due 

to large slenderness. Two analytical methods for the effective width calculation were used 

to compare the predicted value with the test value, and von Karman’s formula was 

recommended for a better match with the test results. 

C A F                                                        (2.3) 

A t d 2t 4b   								               			                   (2.4) 
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b α ∙
1
λ
∙ b 1.0                                                (2.5) 

In Equation (2.3), C  is the axial compressive capacity of the steel section and A  is the 

effective area of the steel section, which is the sum of the web area and the reduced 

flange area calculated using Equation (2.4), while b  is the effective width for the steel 

flanges. In Equation (2.5), α is an empirical factor to account for initial imperfections and 

residual stresses, taken as 0.6 by Tremblay et al. (1998). 

For the ultimate capacity of the PEC column, contributions from both the steel section and 

the concrete were superimposed. 

C C C                           	                           (2.6) 

C 0.85A f             		 	                                     (2.7) 

In Equation (2.6), C  is the overall axial compressive capacity of the PEC column, while 

C  is the axial compressive capacity of the concrete portion. In Equation (2.7), A  is the 

cross-sectional area of the concrete, and f  is the concrete cylinder strength. 

Although the mathematical model proposed by Tremblay et al. (1998) provides results 

within 3% of the experimental ultimate capacity for the columns, more tests on larger 

specimens were recommended to validate the mathematic model under the size effect. 

2.2.2 Chicoine et al. (2002a) 

Following previous research on PEC columns, five more large-scale stub PEC columns, 

with the size of 600 mm x 600 mm x 3000 mm, were tested under axial compressive load 

by Chicoine et al. (2002a). Residual stresses were measured, as well as 

out-of-straightness of the flange edges at the mid-distance between transverse links, in 

which inward imperfection governs due to the fabrication procedure. 
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The load vs. axial strain curves clearly show that a smaller s d⁄  ratio (d is the depth of the 

column) leads to more ductile response, since in the test, larger deformations at the peak 

and larger residual capacities were detected in the specimens with a link spacing of d 2⁄  

than those with a link spacing of d. As well, larger deformation differences before and 

after the peak at a load level of 95% of the peak load were observed. This result is 

because more confinement of the encased concrete near the flange tip is provided by 

more closely-spaced transverse links. 

The tests also showed that the ductility and post-peak capacity of PEC columns are 

influenced mainly by the b t⁄  ratio, the link spacing and the presence of steel 

reinforcement (rebar) due to their effects on the confinement of the concrete at the column 

face and the delay of local buckling of the steel flanges. To avoid brittle failure and to 

obtain enough post-peak ductility, Chicoine et al. (2002a) recommended that the 

maximum link spacing should be d 2⁄  and the maximum b t⁄  ratio should be 30. 

Small transverse stresses were measured in the loaded steel section, although they had a 

negligible effect on the axial capacity of the PEC columns. However, large axial stresses 

in the transverse links were also measured, caused by concrete expansion and the 

tendency of the steel flange to buckle. Due to the importance of the links, 

recommendations were given that the cross-sectional area of a transverse link should be 

the greater of 0.025dt and 100 mm2, and the welds at the ends of the transverse links 

must be designed to develop the full yield capacity of the links. 

The size effect was studied by comparing these tests on five 600 m x 600 mm stub PEC 

columns with previous tests on six stub PEC columns with sizes of 450 mm x 450 mm and 

300 mm x 300 mm (Tremblay et al. 1998). With the same b t⁄  ratio and s d⁄  ratio, there is 

no significant size effect either on the failure mode or on post-peak behaviour. The latter 

appears to be improved by a smaller link spacing, larger link diameter and additional steel 

reinforcement. 
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The equations proposed by Tremblay et al. (1998) for axial compressive capacity of PEC 

columns were examined by Tremblay et al. (2000a) to check the size effect on column 

strength. A new expression for the effective flange width based on a column equation by 

Loov (1996) was recommended, since a large size column could make the prediction 

based on the previous equation non-conservative. 

b b 1 λ ⁄ b             	                              (2.8) 

In Equation (2.8), n was taken as 1.0. 

Chicoine et al. (2002a) conducted a further detailed analysis on the size effect on column 

strength and determined that concrete strength drops in larger size columns. In 

Equation (2.7), 0.85 is a reduction factor to consider the difference between the strength 

of a standard 152 mm diameter cylinder and the strength of concrete in a PEC column. To 

better explain the size effect on concrete strength, 0.85 in Equation (2.7) was then 

replaced by a new factor, ψ, while n = 0.8 instead of 1.0 was used in Equation (2.8) for a 

more conservative prediction. 

0.97 ψ 0.85 0.96
22
b

0.85																																																 2.9  

With the use of ψ and including the contribution from the additional reinforcement, 

Equation (2.6) became: 

C ψA f A F A F                                          (2.10) 

In Equation (2.10), A  and F  are the cross-sectional area and the yield strength of the 

longitudinal reinforcement. 
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2.2.3 Chicoine et al. (2003) 

The long-term behaviour of PEC columns was studied by Chicoine et al. (2003) through 

five PEC columns with dimensions of 300 mm x 300 mm x 1500 mm and two PEC 

columns with a cross section of 450 mm x 450 mm and lengths of 2350 mm or 900 mm. 

The entire loading procedure was designed to simulate the loading sequence in PEC 

columns based on the construction procedure, including loading in the bare steel section, 

loading in the whole column 14 days after concrete casting, and loading to failure 150 

days after concrete casting. The amount of loading in the first two stages was determined 

according to the stresses expected in PEC columns for a 36-storey office building 

(Chicoine et al. 2000). Five out of seven columns were loaded to failure with different 

loading sequences chosen for the columns to extract individual results from the overall 

behaviour. Strains were measured throughout the 150 days after concrete casting in all 

the columns and the axial load loss due to long-term shortening was compensated by 

adjusting long-term load continually. 

Based on the test data, the average value of the restrained shrinkage strains was 35 µε, 

with a corresponding compressive stress of 7 MPa in the steel section. Since a low 

water-to-cement ratio was used in the cast concrete, with a slump of only 5 mm, the low 

shrinkage strain was considered reasonable. The strains due to creep in the columns were 

obtained by subtracting the shrinkage strain and the values were close to the result of the 

ACI (1992) prediction model. The test data showed neither the loading sequence nor the 

concrete shrinkage and creep had a significant influence on the ultimate capacity of the 

columns. The research suggested that Equation (2.10) (Chicoine et al. 2002a) for 

determining short-term axial compressive capacity of PEC columns could also be used for 

long-term axial capacity. 
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2.2.4 Chicoine et al. (2002b) 

A finite element model was developed by Chicoine et al. (2002b) to study the behaviour of 

PEC columns under axial compression, including the long-term behaviour. The long-term 

stresses were applied on the columns by removing the concrete elements from the model 

first, applying load to the bare steel section only, and putting back the concrete elements 

so the stresses in the steel section and concrete after redistribution would match the 

long-term stresses measured in the tests. The columns were then loaded so the stress 

distribution in the steel section and concrete in the model would be identical to the test 

result at the end of the long term loading. Hence, the model was able to predict the 

long-term behaviour of PEC columns without built-in creep models in the program. The 

long-term effects on PEC columns were further studied by the model to consider greater 

creep and shrinkage under more serve conditions in real structures, such as lower 

humidity and longer loading time. The result showed negligible influence of either the 

loading sequence or the long term effects on the capacity of PEC columns. 

The model was not able to simulate the rapid lateral expansion of the concrete near 

failure, which forced the steel flanges to buckle outwards in the test (Chicoine et al. 

2002a). As a result, a different buckling mode was observed in the model than in the test. 

Therefore, initial outward imperfections were introduced into the model to trigger the 

outward local buckling in the flanges. The inability of modelling the rapid lateral expansion 

of the concrete also resulted in the inability of the model to trace the post-peak behaviour 

of PEC columns. 

Besides the factor ψ in Equation (2.10), which is used to consider the size effect on the 

concrete strength, a factor of 0.92 was also used to further reduce the concrete strength, 

mainly to account for the lower quality of the concrete in PEC columns compared with the 

concrete in cylinders. About the capacity of PEC columns, the research also suggested 

that n 1.5 should be used in the calculation of the effective flange width, b , as shown 
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in Equation (2.8), to give a sufficient margin in case of more severe imperfections in PEC 

columns than in the test. Moreover, based on the analysis results of the elastic buckling of 

the steel column flanges in the model, the plate stiffness coefficient, , given in 

Equation (2.2), was modified as shown in Equation (2.11), assuming a Poisson’s ratio of 

0.3. 

.

⁄
0.05 ⁄ 0.75,								 1 ⁄ 2              (2.11) 

Design equations for PEC columns under concentric axial loads, with corresponding 

design rules and recommendations, were proposed and incorporated into CSA S16-01 

(CSA 2001), with a conservative value of 0.8 used instead of 0.92ψ for determining the 

concrete capacity. Global buckling was accounted for in the same way as for steel 

columns. The design equations for PEC columns, excluding resistance factors, adopted 

by CSA S16-01 (CSA 2001) are summarized below: 

1 . .⁄                         (2.12) 

0.8                      (2.13) 

													                                              (2.14) 

													                    	                       (2.15) 

0.6
1 ⁄

               	                            (2.16) 

where  is the slenderness parameter,  is the cross-sectional capacity,  is the 

Euler buckling load for the column,  is the effective stiffness of the column,  is the 

column effective length,  and  are the moments of inertia of the steel and concrete 
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areas, respectively,  and  are the moduli of elasticity of steel and concrete, 

respectively,  is the sustained axial load on the column, and  is the total axial load 

on the column. Equations (2.1), (2.4), (2.8), with n = 1.5, and (2.11) were also adopted 

into S16-01 for determining A . The design equations in S16-01 all remain in the current 

standard, S16-09, except that in Equation (2.13), the coefficient 0.8 was changed to 

0.95  mainly to unify the format with that of the CSA concrete design standard, A23.3, as 

follows: 

0.95                      (2.17) 

where 

0.85 0.0015 0.67                       (2.18) 

and  is the nominal strength of the concrete. While this change makes the value of the 

coefficient dependent upon the strength of the concrete, for typical concrete strengths 

there is little change in the predicted column capacity. 

2.2.5 Bouchereau and Toupin (2003) 

To study the behaviour of PEC columns in bending and under cyclic loading, Bouchereau 

and Toupin (2003) tested 22 PEC columns with dimensions of 

450 mm x 450 mm x 2250 mm and two PEC beams with dimensions of 

450 mm x 450 mm x 5000 mm. Four 20M reinforcing bars tied with 10M stirrups were 

added in eleven columns and one beam to study the effect of the additional strength and 

concrete confinement. The columns were designed to sustain either axial compressive 

loading alone or the combination of axial compressive loading and bending moment, while 

pure bending moments were applied on the beams. Moreover, the applied bending 

moments were either bending about the strong axis or weak axis of the columns. Static 
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loading was applied on eleven columns and two beams, while cyclic loading was applied 

on eleven columns, including columns with or without additional reinforcement. 

The test results showed that the capacities of the columns under static and cyclic loading 

were similar and even the difference in the post-peak strengths was not significant. When 

subjected to cyclic loading, the columns always failed in a ductile manner, but the 

additional reinforcement further improved the ductility of the columns. Moreover, the 

additional reinforcement also increased the capacity of the columns a small amount, 

except the columns subjected to relatively large weak axis bending moments, in which 

there was a relatively large increase in capacity. 

A linear strain distribution assumption was adopted to construct the P-M diagram of the 

PEC columns. The strain at one extreme fibre was the concrete crushing strain 

3500 , while the strain at the other extreme fibre varied for different points on the P-M 

diagram. The test results were shown in the corresponding P-M diagrams and matched 

the PEC column interaction diagram quite well except for two columns without additional 

reinforcement and subjected to relatively large weak axis bending moments. 

Bouchereau and Toupin (2003) also performed seismic dynamic analyses on 16- and 

24-storey braced frame buildings with PEC columns. The analyses showed the gravity 

columns were subjected to limited bending moments and acceptable amounts of axial 

compression, while significantly higher demands for axial compression and bending 

moments were found in the columns of the bracing bents. 

2.2.6 Begum et al. (2005) 

To simulate numerically the complete behavioural history of PEC columns, a finite element 

model using ABAQUS/Explicit (Hibbitt et al. 2003) was developed by Begum et al. (2005). 

A concrete damage plasticity model and dynamic explicit solution strategy were used to 

predict the rapid volumetric expansion of the concrete under low confinement pressures 
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and improve the results around and after the peak load. A contact-pair algorithm was used 

to simulate the interaction between the steel flanges and concrete. By comparing the 

previous test results and the model results, the model was proved to give good predictions 

for the behaviour of PEC columns subjected to axial compression as well as both axial 

compression and flexure. The model predicted the average load vs. strain curves of PEC 

columns subjected to axial compression well, including the peak load and axial strain 

before, at, and after the peak load. The model also predicted the load vs. moment curves 

for eccentrically loaded PEC columns well. Moreover, the failure mode and post-peak 

behaviour of the PEC columns observed in the tests were accurately simulated by the 

model. 

2.2.7 Prickett and Driver (2006) 

Prickett and Driver (2006) conducted an experimental and analytical research program on 

PEC columns made with high performance concrete. The behaviour of PEC columns 

under concentric axial loading was studied by the testing of seven PEC columns, in which 

normal-strength, high-strength, and steel-fibre reinforced high-strength concrete were 

used. The normal-strength concrete was used as a control to compare with previous 

research and the steel fibres were used to study their effect on the behaviour of PEC 

columns with high-strength concrete. The behaviour of PEC columns with high strength 

concrete under eccentric axial loading was studied by the test of four identical PEC 

columns. The amount of initial eccentricity of the load was varied and the eccentricities 

were orientated so the PEC columns bent either about their strong or weak axis. 

Concrete crushing combined with the steel flange buckling at the failure was observed in 

all the concentric tests, except for one with atypical outward local imperfections in the steel 

flanges between the links, in which local buckling occurred prior to the peak load. The 

steel fibres increased the ductility of the high-strength concrete and the PEC columns, 

indicating that the properties of the infill concrete affected the failure mode of the PEC 
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columns. Uniform longitudinal strains were found in the steel section when subjected to 

concentric compression, except in the flanges at the links due to the link welds. It was also 

found that transverse strains had no effect on the column capacity and low confinement of 

the concrete was provided by the steel section. The current design requirements for links 

were proved satisfactory based on the stresses measured in the links. However, it was 

recommended that 0.9 instead of 0.8 could be used for the concrete strength modifier, 

while the unreduced steel section could be used in the design equations in CSA S16-01 

(CSA 2001) based on the test data and the observation in the test that flange buckling did 

not occur before the peak load. 

Concrete crushing combined with steel flange buckling during the formation of a plastic 

hinge was observed as the failure mode in the eccentric loading tests. Local buckling 

occurred simultaneously with concrete crushing in three columns, while local buckling 

occurred prior to the peak load in one column that was bent about the weak axis. Columns 

bending about the strong axis failed in a more ductile manner than the columns bending 

about the weak axis. A linear gradient for the longitudinal strains was confirmed in the 

cross-sections of the PEC columns under eccentric loading. On that basis, axial load vs. 

moment interaction diagrams were developed to predict the capacities of the columns. 

The effective area was used for the flanges in compression, according to the equation in 

CSA S16-01 (CSA 2001). The theoretical strength was compared with the test results and 

proved to be conservative. The use of PEC columns as beam-columns is permitted in 

CSA S16-09 (CSA 2009), but the full area instead of the effective area is used for the 

flange in compression when determining the moment capacity of the cross-section. 

2.3 Steel Plate Shear Walls 

Research on steel plate shear walls started at the early 1970s experimentally and 

analytically. The steel plate shear wall system was proved to be both effective and 

economical in resisting lateral load, especially severe seismic loading, if properly 
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designed. An early design concept was to prevent buckling in the panel and the 

post-buckling strength of the panel was not considered. Takahashi et al. (1973) conducted 

the first extensive research program on the behaviour of steel plate shear walls. The test 

results demonstrated that stiffened steel panels performed better than unstiffened panels 

under cyclic loading and the use of stiffened steel panels to prevent buckling was 

recommended. Due to the high cost of adding multiple stiffeners to the infill plates, the 

behaviour of unstiffened steel plate shear walls was studied through a series of 

experimental and analytical projects, and the primary research developments are 

described in the following sections. 

2.3.1 Mimura and Akiyama (1977) 

Mimura and Akiyama (1997) developed a method for predicting the monotonic and 

hysteretic behaviour of steel plate shear walls. The monotonic loading curve consists of 

contributions from both the panel and the surrounding frame. The panels buckle elastically 

first and then the panel shear is resisted by a diagonal tension field. The yield and ultimate 

shear strength of the panel can be determined by the pure diagonal tension in the panel. 

The hysteresis model proposed by Mimura and Akiyama (1977) and depicted in 

Figure 2-1 describes the hysteretic behaviour of a panel based on the monotonic 

behaviour. Under monotonic loading, the steel plate shear wall panel behaves linearly until 

yielding occurs at point A, and the panel behaves inelastically afterwards through point B 

to point H. Under cyclic loading, the steel plate shear wall panel follows the same path as 

under monotonic loading to point B, at which point the panel is unloaded to point C’ and 

then reloaded in a reversed direction to point C. At point C’, there is only inelastic 

deformation left in the panel with zero loading and elastic buckling in the panel occurs at 

point C, which prevents the load in the panel from increasing. The panel regains stiffness 

at point D when the tension field in the panel is redeveloped in the opposite direction. If 

unloaded at point D, the panel will reach point D’ and D’ is the middle point of OC’ since 
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Poisson’s ratio equals to 0.5 in the model. Once the tension field is redeveloped at point D, 

the load in the panel keeps increasing to the yield point A’, which is the yield point if the 

panel is monotonically loaded in this direction. The panel is unloaded at an arbitrary point 

E through point F’ to point F when elastic buckling occurs in the panel, and then to the 

point G when the tension field is redeveloped. The model assumes the panel reaches the 

unloading point B in the previous cycle from the point G linearly and then follows BH. A 

series of small-scale, simply-supported plate girders were tested under a small number of 

load cycles by Mimura and Akiyama (1977). Reasonable agreement was shown between 

the predictive model and the tests, but no conclusions were drawn for the resistance of the 

panel under cyclic loading. 

2.3.2 Thorburn et al. (1983) 

The so-called “strip model” was developed by Thorburn et al. (1983) for the analysis of 

steel plate shear walls, in which negligible strength was assumed in the panel prior to 

buckling and the storey shear is resisted by the diagonal tension field. As shown in 

Figure 2-2, discrete pin-ended diagonal tension strips with a inclined angle identical to the 

tension field are used to represent the tension field in the panel. Thorburn et al. (1983) 

suggested ten strips are adequate for each panel. The beams are modelled infinitely stiff 

flexurally, instead of using the actual stiffness, except the beams at the top and bottom of 

the shear walls, to reflect the offset of the opposite tension fields in the panels above and 

below each beam. The ends of the beam can be modelled as simple connections, as 

shown in Figure 2-2, or moment connections. Actual stiffness is used for the columns in 

any storey. The inclined angle of the strips from the vertical, , was derived by Thorburn 

et al. (1983) as given in the equation: 

																			tan
1 2

1
																																																														 2.19  
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where t is the thickness of the panel,  and  are the cross-sectional areas of the 

beam and column, respectively, and  and  are shown in Figure 2-2. The use of the 

strip model is specified in the Canadian steel design standard (Clause 20.3, CSA S16-09). 

To simplify the analysis of multi-storey steel plate shear walls, Thorburn et al. (1983) 

developed an equivalent brace model, in which a single diagonal tension-only brace 

intersecting the working points of the frame was used instead of strips, as shown in 

Figure 2-3. As the angle of the single diagonal brace is ∅, the area of the brace, , is 

calculated as: 

sin 2
2 sin ∅ sin 2∅

																																																																 2.20  

A parametric study to assess the effect of the thickness, height and width of the panel and 

the column stiffness on the stiffness and strength of the panel showed that the parameters 

were closely interdependent with complex interaction. 

2.3.3 Timler and Kulak (1983) 

To verify the analytical method developed by Thorburn et al. (1983), Timler and Kulak 

(1983) tested a pair of single storey steel plate shear walls. The test specimen is shown in 

Figure 2-4, in which the columns are oriented horizontally and the beams oriented 

vertically due to the testing procedure.  

The equation for determining , originally developed by Thorburn et al. (1983), was 

modified as follows: 

												tan
1 2

1
1

360

																																																 2.21  
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where  is the moment of inertia of the column about an axis perpendicular to the panel. 

Another equation was also given to calculate  for the panel at the top of the steel plate 

shear walls considering the effect of the stiffness of the top beam, which has an infill panel 

at one side only and is free to bend. 

	tan
1

1
2 120

1
1
2 320

																																													 2.22  

where  is the moment of inertia of the beam about an axis perpendicular to the panel. 

Timler and Kulak (1983) used the strip model to model the test specimen and good 

correlation was found between the predicted and test values. The research recommended 

that Equation (2.21) should be used for more accuracy and the Canadian steel design 

standard (Clause 20.4.1, CSA S16-09) permits the use of Equation (2.21) for the 

calculation of the angle of the tension field. 

2.3.4 Tromposch and Kulak (1987) 

Tromposch and Kulak (1987) tested a two-panel shear wall to examine the hysteretic 

behaviour of the specimen and to verify the strip model developed by Thorburn et al. 

(1983). The response of the test specimen to the cyclic loading indicates ductile behaviour 

with severely pinched hysteresis curves due to the thin infill panel and flexible boundary 

frame. As shown in Figure 2-5, a hysteresis model was developed by Tromposch and 

Kulak (1987) based on the previous hysteresis model (Figure 2-1) by Mimura and 

Akiyama (1977). Based on the test result, two modifications on the previous hysteresis 

model were suggested. First, the line C’C in Figure 2-1 has zero length since the strength 

prior to buckling of a very thin panel is neglected. Second, the line CD in Figure 2-1 has 

the stiffness of the boundary frame since the load is sustained by the boundary frame 

during the redevelopment of the tension field. The strip model was determined to be 
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conservative for both initial stiffness and ultimate capacity of steel plate shear walls. The 

research also found a negligible effect of the eccentricity of the fish plate on the behaviour 

of the steel plate shear wall specimen.  

2.3.5 Driver et al. (1997; 1998a,b) 

Driver et al. (1997; 1998a) conducted a cyclic test on a large-scale four-storey steel plate 

shear wall, as shown in Figure 2-6, to evaluate the overall in-plane performance of steel 

plate shear walls under extreme cyclic loading. Moment-resisting beam-to-column 

connections were used in the specimen and the panels were connected to the boundary 

elements through fish plates. Gravity loads were applied to the tops of the columns while 

the lateral loads were designed according to ATC-24 (Applied Technology Council 1992) 

and applied at each floor level. Great ductility was observed in the test and even the 

post-ultimate degradation was slow and controlled. The moment-resisting 

beam-to-column connections used in the specimen led to significantly larger energy 

dissipation capacity than similar specimens with simple shear beam-to-column 

connections. The research shows the steel plate shear wall system to be an excellent 

system to resist lateral loads if properly designed.  

To predict the behaviour of the specimen, Driver et al. (1997; 1998b) developed a finite 

element model, in which the boundary elements were modelled by beam elements and 

the panels were modelled by shell elements. In the model, the ultimate capacity was 

predicted well, but with a slight overestimation of the initial stiffness when the model was 

subjected to monotonic loading. When cyclic loading was applied to the model, as was 

done in the test, the load vs. displacement response showed good agreement with the test 

data without capturing the pinching of the hysteresis curves due to buckling and 

redevelopment of the tension field. To analyse the test specimen using structural analysis 

software, Driver et al. (1997) extended the strip model developed by Thorburn et al. (1987) 

to include inelastic behaviour. The strip model gave a good prediction of the ultimate 
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strength with a slight underestimation of the elastic stiffness of the specimen. Varying the 

angle of the tension field from 42° to 50° was studied and determined to have little effect 

on the prediction of the storey shear vs. storey drift curve. The research also showed the 

use of ten strips for the panel provided enough accuracy and the use of more than ten 

strips did not improve the prediction of the overall response. 

2.3.6 Behbahanifard et al. (2003) 

Behbahanifard et al. (2003) conducted a test on a steel plate shear wall specimen, which 

was taken directly from the one tested by Driver et al. (1998a) with the bottom panel 

removed. Again, excellent ductility, high energy dissipation capacity, stable hysteresis 

loops and a high degree of redundancy were observed in the test specimen. To further 

study the behaviour of steel plate shear walls, a finite element model was developed for 

both monotonic and cyclic response. The model result was compared with the test results 

from both Behbahanifard et al. (2003) and Driver et al. (1998a) and good agreement was 

found, with a slight underestimation of the predicted capacity. A parametric study was 

conducted after the validation of the finite element model. Negligible effect was found of 

varying the aspect ratio of the panel from 1.0 to 2.0 on the behaviour of the panel. The 

inward displacement of the column was found to be induced by the tension field and then 

resulted in a non-uniform tension field. It was also found that the imperfections in the panel 

could have a significant influence on the stiffness of the panel with little effect on the 

capacity of the panel. 

2.3.7 Choi, I and Park, H. (2008) 

Choi, I and Park, H. (2008) conducted tests on three steel plate shear walls, one 

moment-resisting frame (MRF) and one centrically braced frame (CBF) to investigate the 

ductility and energy dissipation capacities of steel plate shear walls with thin infill plates. 

Ductile details were used in the specimen to maximize the potential ductility, including full 

penetration welded connections at beam-to-column joints, ductile fish plate details, and 
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seismic compact column sections. Columns with only 60% of the shear strength for 

resisting tension field action of the infill panel were used in one of three steel plate shear 

walls to study the effect of the shear capacity of the columns on the ductility of the steel 

plate walls, while the MRF and CBF were tested to be compared with the steel plate shear 

walls. Excellent ductility and great energy dissipation capacity were exhibited in the steel 

plate shear walls when ductile details were used. The test showed that columns with 

adequate shear capacity must be designed to resist the tension field action of the infill 

panel. The research recommended that an idealized tension strip model can be used to 

estimate the energy dissipation capacity of the steel plate walls. 
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3. DESCRIPTION OF TEST SPECIMEN 

3.1 Objectives 

A half-scale two-storey steel plate shear wall with PEC columns was designed and tested 

to study the behaviour of the system under cyclic loading. The prime interest of the 

experiment is the column behaviour, including tension field anchorage capability, ductility 

and failure mode, while other interests pertain to the system behaviour, such as the 

ultimate capacity, the post-ultimate strength, and ductility of the system as a whole. The 

research also aims at characterising the distribution of the tension field in the infill panel, 

the anchoring stress near the top beam, and the force developed in the beam. Moreover, 

the test results are used as the reference for the design of specimens for further research, 

and also to validate the finite element model developed in this research. Design 

recommendations are provided based on the test results. 

Material curves were determined by ancillary tests for interpreting the test results and 

developing the finite element model. Tension coupons were taken to represent the steel 

section in the PEC columns, the top and bottom infill panels, the links inside of the PEC 

columns and the lower beam, while cylinders were taken to represent the concrete in both 

the south and north columns in the first and second storeys. 

3.2 Specimen Design Details and Considerations 

The specimen was designed so that not only the research goals would be fulfilled, but also 

the specimen would be able to be tested successfully considering the restrictions of the 

test facilities in the I.F. Morrison Structural Engineering Laboratory at the University of 

Alberta. Copies of the shop drawings are provided in Appendix A for reference. 
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3.2.1 Overall Design 

A two-storey steel shear wall with PEC columns was designed and tested, which is about 

half the size of a typical building. As shown in Figure 3-1, the specimen had an overall 

height of 4.196 m and an overall width of 3.24 m, including the base plate. Each storey 

was 1.9 m high and the column centreline spacing was 2.44 m. Plates of 3 mm thickness 

were used for the infill panels and the beams framed into the PEC columns, oriented so 

that they would bend about the strong axis, through moment connections. 

The specimen was selected as two-storey, so the first storey could be observed as a 

typical critical storey with the most damage occurring, while the second storey could be 

used to study the tension anchorage stress from the infill panel to the top beam. 

3.2.2 PEC Columns 

The overall size of the PEC columns is 250 mm x 250 mm, with the same dimensions for 

the flange width and the column depth, which was chosen to provide enough column 

stiffness for anchoring the tension field in the infill panels. The details of the PEC columns 

are shown in Figure 3-2. 

As mentioned before, compared with PEC columns under axial compression only, more 

stiffness and ductility are required for the PEC columns with steel plate shear walls due to 

the tension force arising in the infill panels. Furthermore, welding in the moment 

connections also requires steel plates in the PEC columns that are not too thin, to ensure 

weld quality. Therefore, the thickness of the PEC columns was chosen as 6.35 mm (1/4”) 

and the corresponding flange width-to-thickness ratio was 19.7, which is relatively small 

compared with the upper limit of 32 in CSA S16-09 for PEC column steel sections. 

For attachment of perpendicular beams framing into the PEC columns, which would be 

necessary in a real building, side plates were welded between the flange tips at each floor 

level. Besides these side plates, extra side plates were added at the bases of the columns 
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to help transfer the forces from the columns to the base plate, to improve the sudden 

stiffness change at the base of the columns and to prevent weld fracture at the column 

base. The thickness of the side plates was 12.7 mm (1/2”) and the height of the side plates 

was designed to simulate real construction so the forms used in the first storey could be 

re-used in the second storey. The design of the side plates was also affected by the full 

plastic moment beam-to-column joint, which is discussed in the next section. 

Round bars with a diameter of 10 mm were used as links welded near the PEC column 

flange tips to delay local buckling of the column flanges and to provide some confinement 

for the encased concrete. Since less confinement and flange bracing is required for the 

PEC columns under small bending moments, a relatively large link spacing of 160 mm 

was used in the middle portion of the columns, which had a link-spacing-to-flange-width 

ratio of 0.64, approaching the limit of two-thirds specified by CSA S16-09 (CSA 2009) for 

PEC columns. However, a spacing of 160 mm was used between side plates in the 

second storey, which were under a severe combination of frame action demand and 

tension anchorage force from the infill panel. A link spacing of 80 mm was used inside the 

column panel zones, while a spacing of 50 mm was used inside the bottom side plates to 

provide extra stiffness at the locations where specimen stiffness changed rapidly. 

To meet the requirement in CSA S16-09 (CSA 2009) for PEC columns and for 

consistency with the previous experiments, CSA-G40.21-350W grade steel was used in 

the PEC columns, including the steel section, the links, and the side plates. Moreover, it 

was required that all column plate material be cut from one piece and an extra plate was 

cut from the same piece for material tests. 

3.2.3 Fully Plastic Moment Beam-to-Column Connections 

Fully plastic moment beam-to-column connections were used to facilitate comparisons of 

the behaviour of the specimen with previous research (Driver et al, 1997) on shear walls 
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with conventional steel columns, in which moment beam-to-column connections were also 

used. 

A typical moment connection for a steel-only frame is shown in Figure 3-3, in which 

stiffeners are welded between the column flanges adjacent to the beam flanges to help 

transfer force and to prevent local failure due to the large axial force transferred from the 

beam flange. However, conventional stiffeners cannot be used inside a PEC column 

because of the need to pour concrete between the flanges. Moreover, the relatively thin 

plate used for the steel section of a PEC column is susceptible to local buckling, which is 

the biggest challenge in transferring the plastic beam moment without causing local failure 

in the column. A beam-to-column connection capable of transferring the plastic moment 

capacity of the beam was designed specifically for the test specimen (shown in 

Figure 3-4). 

Beam flanges were connected to the adjacent column flange with complete penetration 

groove welds, so part of the force would be transferred directly from the beam flanges to 

the column flange. However, to avoid local failure, additional routes to transfer force 

needed to be provided. As shown in Figure 3-4, flange extension plates were added 

between the beam flange tips and the side plates (see Figures 3-4a and 3-4c) so that part 

of the beam flange force could be transferred through the side plates via 

longitudinally-oriented fillet welds. Stiffener plates with a thickness of 12.7 mm were 

welded to the column on the opposite side of the floor beams (see Figure 3-4b and 3-4d), 

at the level of each beam flange. These extra stiffener plates were used to help transfer 

the force from the side plates to the columns and would not be needed if a beam framed 

into the column from each side. To transfer shear simultaneously with moment, “shear tab” 

web plates (see Figures 3-4b and 3-4c) with a thickness of 10 mm were welded to the 

column flanges using complete penetration groove welds and to the web of the beam with 

fillet welds. 
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3.2.4 Infill Panels and Beams 

Steel plates with a thickness of 3.0 mm and a relatively low yield strength of about 

250 MPa were chosen as the infill panels to limit the demand on the columns and the 

overall ultimate strength of the specimen. To obtain ductile material with a low yield 

strength, ASTM A1011 CS Type B steel was used and the appropriate mechanical 

properties were confirmed through tension tests before the wall was fabricated. The size 

of the first floor panel was 2190 mm x 1648 mm, with the height-to-width ratio of 0.75, and 

the size of the second floor panel was 2190 mm x 1446 mm, with the height-to-width ratio 

of 0.66. The infill panels were welded to the columns and beams continuously, except at 

the corners to relieve the demand in the highest stress areas. 

Since the tension anchorage force from the panels below and above the first floor beam 

tend to offset each other, the effect of the infill panels on the first floor beam is negligible. 

On the contrary, a large stiffness was required for the second floor beam due to the 

tension anchorage force from the infill panel below. Furthermore, a class 1 cross-section 

was required to delay local buckling of the beams during the test. W250x58 and W460x67 

sections, with a nominal yield strength of 350 MPa, were chosen as the first and second 

floor beams, respectively. 

3.2.5 Column Cap Plates and Base Plate 

To avoid local failure due to the small thickness of the steel section elements in the PEC 

columns, vertical loads were applied uniformly on the whole section of the PEC columns, 

including the steel section and concrete portion. Hence, cap plates with a thickness of 

32 mm were welded to the steel section of the columns at the top and non-shrink grout 

was cast before the experiment into the gap left intentionally during the concrete pour to 

ensure proper engagement of the concrete at this location. Holes of 89 mm (3.5 in.) 

diameter were drilled in the top plates, with one at each side of the column web, to 

facilitate the casting of the concrete and grout at the tops of the columns. 



37 
 

At the bottom of the specimen, a base plate with a thickness of 76 mm was designed to 

prevent potential lifting of the columns under frame action. The base plate was connected 

to the strong floor by 12 pretensioned anchor bolts, each with a diameter of 38 mm 

(1.5 in.). 

3.3 Fabrication Procedures 

The steel portion of the test specimen (shown in Figure 3-5) was fabricated and sponsored 

by the Canam Group Inc., while concrete was mixed and cast in the I.F. Morrison 

Structural Engineering Laboratory at the University of Alberta (shown in Figure 3-6). 

Due to the capacity limitation of the concrete mixer in the lab, one batch of concrete was 

cast for each column at each floor on two consecutive days. The forms, which were used 

in the first storey on the first day, were removed and reused in the second storey on the 

second day, and then removed on the third day. After the forms were removed, the 

columns were wrapped in plastic sheet with some water injected inside within the following 

several days for moisture curing. 

As mentioned before, vertical loads must be applied to the whole section of the columns, 

including the concrete portion, which means that the gap between the encased concrete 

and the top plate due to the concrete shrinkage should be eliminated. Hence, two inch 

gaps were left on purpose at the top of the columns without concrete (shown in Figure 3-7) 

and the gaps were grouted through the holes in the top plates before testing. 

MASTERFLOW 928 was chosen as the grout for its non-shrink properties and high 

workability.  

Because of the existence of the infill panels, the forms used for the PEC columns had to 

be clamped from the outside of the column only. Since suitable standard C-clamps were 

not available due to the large column dimension, clamps (shown in Figure 3-8) were 

designed for this purpose. A mock column, with a cross section of 250x250 mm and link 
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spaces as in the first floor column in the test specimen, was made in the lab before the 

concrete was cast in the specimen to test the workability of the concrete, as well as the 

forms, clamps, and casting protocols (shown in Figure 3-9). 

3.4 As-built Measurements 

After the whole steel portion of the specimen was fabricated and delivered into the I.F. 

Morrison Structural Engineering Laboratory, the dimensions and the imperfections were 

measured. 

The specimen and all the extra pieces for the tension coupons were painted because of a 

misunderstanding with the fabricator, since weather-proofing was required for shipping but 

“NO PAINT” was overlooked in the general drawing notes. The thickness of the paint was 

measured and deduced from the dimensions measured directly from the specimen to get 

the real structural dimensions excluding the paint. One of the extra pieces for the tension 

coupons was measured at several locations before and after the paint was removed by a 

hand grinder with great care. 

The cross-sectional dimensions of each beam and each column were measured at eight 

locations either from the specimen directly, if it was convenient, or otherwise from the 

extra pieces for tension coupons (cut from the same piece as those used in the test 

specimen), while the thickness of each infill panel was measured at eight locations from 

the extra pieces. The column cross-sectional dimensions and the thicknesses of the infill 

panels varied in the most extreme cases by 2.0% and 2.8%, respectively. The thicknesses 

of the first and second floor infill panels, excluding the paint thickness, were 3.04 mm and 

2.97 mm, respectively. 

Beam cross-sectional dimensions were measured at the east side and west side of each 

beam at the ends and at the centreline, while each column height was measured at the 

east side, west side, and outside at the centerline. The overall widths of the specimen 



39 
 

were measured at five locations along the height in the first floor and at one location in the 

second floor, since the major interest was focused on the first floor.  

The first and second storey heights were 1899 mm and 1896 mm, while the column 

centre-to-centre spacing was 2437 mm. The thickness of the steel section in the columns 

was 6.28 mm, while the column depth and flange width were 249.4 mm and 251.8 mm, 

respectively. The first floor beam depth and flange width were 256.6 mm and 203.0 mm, 

while the thickness of the flange and the web were 13.67 mm and 8.01 mm. The second 

floor beam depth and flange width were 455.6 mm and 191.5 mm, while the thickness of 

the flange and the web were 12.69 mm and 8.60 mm. As such, the measured specimen 

dimensions in general were very close to the nominal ones. 

3.5 Imperfections 

In previous research on PEC columns under axial compression only, initial imperfections 

were found normally to occur as a tendency of the column flanges to bend inward between 

links due to the fabrication procedure and weld shrinkage. Since the flange deformation is 

toward the concrete infill between links, these imperfections are treated as negligibly 

beneficial to column capacity. Similar imperfections were observed in the test specimen 

and were also neglected, since the initial imperfections in the column flanges had less 

effect on the column under bending and axial force than a column under axial 

compression only. However, there was a large inward bending of the south flange 

between the ninth and tenth links from the south column base (shown in Figure 3-10), 

apparently from shop damage. This was considered to be a deficiency and was corrected 

to some degree by use of a hand hammer with great care. Figure 3-10 also shows the 

defective column portion after the manual correction. The effect of the deficiency was 

considered minor, since it was located at the middle portion of the column, which was not 

the most critical location. Other than that, local imperfections, such as superficial 
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abrasions, were detected at various locations at the flange tips in both columns and were 

polished before the concrete was cast to avoid fracture due to sharp-shaped abrasions. 

For consistency with the scaled size of the column, 10 mm diameter round bar stock was 

used for the links, which was susceptible to damage during fabrication and delivery. 

Obvious imperfections were found mainly at the east side of the south column, where the 

third, sixth and seventh links from the column base bent inward and the tenth link bent 

downward, as shown in Figure 3-11. Although bending downward enlarged the link 

spacing above, the tenth link was not located at a critical position and had no discernible 

effect on the overall column behaviour. 

The south column base was offset 3.5 mm to the east on the base plate, while the location 

of the north column base was identical to the original design. The camber and sweep of 

the columns were measured and considered negligible. The out-of-plumb measurements 

of the columns were taken in the two principal axis directions using a plumb-line after the 

concrete was cast and cured. The final out-of-plumb of the north column was 25.9 mm 

(L/157) to the west, which is relatively large compared with the limit allowed by Canadian 

standard CAN/CSA-S16-09. 

The out-of-plane imperfection of the infill panels was measured at 63 and 54 locations in 

the first and second storey infill panels, respectively, and the maximum out-of-plane 

imperfections were about 11 mm and 10 mm correspondingly.  

3.6 Summary 

A two-storey test specimen was designed to study the behaviour of steel plate shear walls 

fabricated with PEC columns, and especially the behaviour of the PEC columns when the 

whole system is subjected to cyclic lateral loading.  
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The overall size of the specimen, as well as the thicknesses and the material strengths of 

the infill panels, were chosen mainly to achieve good overall performance of the wall and 

simulate realistic proportions in a building, but also to suit the testing capabilities in the I.F. 

Morrison Structural Engineering Laboratory at University of Alberta. The PEC columns 

and the frame beams were designed for adequate strength and to provide the stiffness 

required to resist the tension field stresses of yielding infill panels. To study the behaviour 

of the PEC columns subjected to both frame action forces and forces due to tension field 

in the panel, fully plastic moment connections were used at all the beam-to-column joints. 

The design and fabrication of the specimen were aimed to be consistent with conventional 

practice in real construction, except the moment connection, where there was no real 

construction practice to be compared. 

The steel portion of the specimen was fabricated in the sponsor’s shop according to the 

design drawings shown in Appendix A. The finished steel portion of the specimen was 

then delivered to the I.F. Morrison Structural Engineering Laboratory at the University of 

Alberta, where the concrete was cast and cured. Before the test, the dimensions of the 

specimen were measured in detail, as well as the initial imperfections. One local 

deficiency was partially corrected prior to the test. 
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Figure 3-1: Overall Test Specimen (East Elevation) 
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4. TEST PROCEDURES AND SPECIMEN 

BEHAVIOUR 

4.1 Introduction 

A half-scale two-storey steel plate shear wall with partially encased composite columns 

was tested in the I.F. Morrison Structural Engineering Laboratory at the University of 

Alberta to determine its performance under simulated earthquake loading. The test set-up 

and experimental procedures used, as well as the general behaviour of the specimen 

during testing, are described in this chapter. 

4.2 Test Set-up 

As depicted in Figure 4-1, Figure 4-2 and Figure 4-3, all the facilities for the test were put 

in the right position to apply vertical and lateral loads and also to prevent the out-of-plane 

displacement of the specimen and the sliding of the base plate. The specimen sat on a 3 

mm thick grout layer on the strong floor, and the 76 mm thick base plate was connected to 

the strong floor through twelve high strength anchor rods with a diameter of 38 mm (1.5 

in.) after the concrete was cast. 

4.2.1 Vertical Loading 

Gravity load simulators were used to help apply vertical loads on the tops of the columns, 

in which a pin-jointed mechanism keeps the loads vertical, or close to the vertical, under 

large lateral displacements (Yarimci et al. 1966).  

In the vertical loading system (shown in Figure 4-2), vertical loads were applied by four 

hydraulic jacks, each with a capacity of 420 kN, two at each side of the specimen. At one 

end, hydraulic jacks were attached to the gravity load simulators, which were connected to 

the strong floor by long rods with a diameter of 38 mm (1.5 in.). At the other end, the 

hydraulic jacks were attached to the tension rods, which were connected to the 



54 
 

cross-shaped distribution beam above the specimen. Through the distribution beam, 

vertical loads were distributed to the top of the columns equally. 

Considering the test would last days with no operation and no monitoring during the night, 

the vertical loads were applied before the cyclic loads every day and then unloaded after 

the loading cycles were finished. 

4.2.2 Lateral Loading 

In previous steel plate shear wall research, cyclic lateral loads were applied to the steel 

column flange directly at each floor to represent the action of an idealized earthquake for 

simplicity. Different from hot-rolled steel columns, PEC columns have steel sections with 

thin plates, which are susceptible to local damage. If lateral loads were applied to the 

column flange directly, it is likely that local failure would occur due to the small thickness of 

the steel section in the column. Therefore, the lateral loads were applied to the top flanges 

of the beams at each floor level instead of directly to the PEC column. Besides, in reality, 

inertial forces at each floor height are induced by large floor masses and transferred to the 

lateral force resisting system through the beams during seismic loading. 

At each floor, lateral loads were applied by two hydraulic jacks, each with a capacity of 

889 kN and with strokes of 250 mm (10 in.) and 400 mm (16 in.) at the first and second 

floors, respectively. As shown in Figure 4-1, hydraulic jacks were connected to the 

reaction walls through clevises at one end, and to the load cells through yokes at the other 

end. The load cells were then connected to the lateral load transition systems, which were 

designed to transfer the lateral loads to the top flange of the frame beam at each floor 

(Figure 4-4).  

As shown in Figure 4-5 and Figure 4-6, the lateral load transition systems included a 

connection tab, channels, T-sections and a W-shape brace. To avoid stability problems 

within the lateral loading facilities due to the pin connections, the distance between the 
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reaction wall and the specimen was kept as small as possible, which led to the shallow 

shape of the connection tabs (shown in Figure 4-7). The connection tabs were connected 

to the load cells and through the bearing plates to the channels, so the lateral loads 

applied by hydraulic jacks were able to be transferred to the channels at both sides of the 

specimen. To further transfer the lateral loads in the channels to the frame beams, the T 

sections were connected to the channels at the flanges and to the top flanges of the 

beams at the stem. Slip-critical connections were used between the channels and the 

T-sections and also between the T-sections and the top flanges of the frame beams to 

avoid slippage during lateral loading. W-shapes (W200x15) were used at the far end 

between the channels to improve the integrity of the lateral load transition systems.  

4.2.3 Sliding and Out-of-Plane Bracing 

It was possible that the specimen would slide under the large lateral loads to be applied, 

even though the specimen was connected to the strong floor by 12 pre-stressed anchor 

rods. To prevent this, additional steel base plates were added at the south and north ends 

of the shear wall base plate to help prevent sliding (shown in Figure 4-8). Steel wedge 

plates were installed between the additional base plates and the base plate of the 

specimen to avoid any gap, which could lead to potential sliding of the specimen. The 

north base plate was connected to the strong floor by six pre-stressed anchor rods to help 

prevent sliding when the specimen was pushed towards the north. The south base plate 

was located at the south of the specimen and fitted the gap between the base plate of the 

specimen and the base plate of the reaction walls to prevent sliding when the specimen 

was pulled towards the south. 

Watt braces (Yarimci et al. 1966), based on the principle of the Watt mechanism, were 

used so large in-plane displacements of the shear wall would be accommodated with no 

restraint, while out-of-plane displacements would be prevented. As shown in Figure 4-9, 

the specimen was braced out-of-plane at the outside flanges of the columns at each floor 
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using Watt braces. The brace points on the test specimen were located on the columns 

410 mm below the beam top flange at each floor level so the Watt-braces would not 

interfere with the lateral load transition systems. At both ends, the Watt-braces were 

supported on beams connected to the reaction walls and the columns at the north side of 

the test set-up (shown in Figure 4-9). 

4.3 Instrumentation and Data Acquisition 

The overall data acquisition scheme is depicted in Figure 4-10, including all the load cells, 

LVDTs, strain gauges, strain rosettes, clinometers and dial gauges, used either for 

measurement or monitoring.  

Vertical loads were measured through flat load cells at the tops of the columns. 

Home-made load cells calibrated from strain gauges mounted on the tension rods in the 

vertical loading system were used as a redundant measurement. Lateral loads were 

measured by load cells fitted between the yokes and the lateral loading systems at both 

the first and second floors and capable of measuring both tension and compressive loads. 

Hydraulic jacks used to apply lateral loads shared the same manifold to make sure the 

lateral loads in the first and second floor were equal, while jacks used to apply vertical 

loads at the east and west side of the specimen did not share the same manifold. To avoid 

possible unequal vertical displacements of the jacks at the two sides of the specimen, and 

out-of-plane bending of the specimen as a consequence, an electronic clinometer was 

placed on the web of the cross-shaped distribution beam and positioned in the direction 

perpendicular to the specimen. The clinometer was used to monitor any rotation of the 

distribution beam so that corrective action could be taken if needed. An additional 

clinometer was affixed to the web of the distribution beam and positioned in the 

longitudinal direction of the specimen to monitor in-plane rotation of the specimen at the 

top.  
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Two cable transducers with stroke ranges of ±254 and ±406 mm (±10 and ±16 inches), 

respectively, were used to measure the first and second floor in-plane deflections and 

were located 127 mm (5 inches) below the tops of the floor beams to clear the lateral 

loading systems shown in Figure 4-10. 

The out-of-plane displacements of the two columns at mid-height of the beams were 

monitored by four LVDTs located at the east side of the specimen, as shown in 

Figure 4-10. The potential movement of the base plate was also monitored by five dial 

gauges, of which two were located near the columns for possible lifting up of the columns, 

two were located at the west side of the base plate near the two ends for out-of-plane 

displacement and rotation of the base plate, and the other one was located at the north 

end of the base plate for in-plane sliding of the base plate. 

Since most of the interest was concentrated on the PEC columns and most of the 

behaviour occurred in the first floor, internal forces in the columns, especially in the first 

storey, were obtained by the strain gauges to study the column behaviour, as shown in 

Figure 4-10. Considering the nonlinear distribution of the internal forces in the column, 

measurement was taken at three height levels in the first storey. The locations of those 

three height levels were chosen to be away from the expected plastic hinge zones. To 

account for the effect of the initial imperfection and local buckling due to the small 

thickness of the column steel section, strain gauges were mounted to the east and west 

side and to the inside and outside of the column flanges in pairs. Strain gauges were 

mounted to the middle of the column webs only at one side since local buckling in the web 

was prevented by the encased concrete. A total of 54 strain gauges were used in the first 

floor columns, with nine at each column cross section, while 6 strain gauges were used in 

the second floor columns with three at each column cross section. All the strain gauges in 

the second floor columns were mounted to the outside of the column flanges because of 

the negligible possibility of local buckling due to the low load level in the second floor 
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columns. The strain gauges in the columns were positioned to measure the strains in the 

direction along the column height, so the internal forces in the steel could be estimated. 

Strain rosettes were mounted on the first floor infill panel at three points at the middle 

height to study the tension field development, while strain rosettes in the second floor 

were located close to the top beam to study the anchorage force transferred from the 

second floor infill panel to the top beam. Strain rosettes were mounted to both sides of the 

infill panels since plate buckling was expected. To study the tension field in more detail, a 

digital two-camera system was used to measure full-field strains at the west surface in the 

north-bottom corner of the first floor infill panel. 

For the distribution of internal forces in the bottom beam, measurements were taken along 

the beam length at three locations away from the beam-to-column joints. Strain gauges 

were mounted on the bottom of the bottom flange and also the top flange because of the 

existence of the T-sections, which were part of the lateral loading system and sitting on the 

top of the top flange. Strain gauges were also mounted to one side of the web at the 

mid-height at the locations near the beam ends to get a better estimation of the strain 

gradient near the plastic hinges. All the strain gauges in the beam were positioned to 

measure the strains in the direction along the beam length. 

4.4 Ancillary Tests 

Stress–strain curves for the steel and concrete in the specimen were obtained through 

ancillary tests for analyzing the steel plate shear wall test results and developing the finite 

element model. 

4.4.1 Steel Tension Coupon Tests 

A total of 18 coupons for the steel in the specimen were tested in uniaxial tension to obtain 

the material curves. All coupon tests were conducted by a universal testing machine with a 
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capacity of 1000 kN, while the elongations were measured by an extensometer with a 

gauge length of 50 mm. 

Three extra steel plates with a size of 500 mm x 500 mm and cut from the same pieces as 

the infill panels and columns, as well as an extra one-meter W250x58 length cut from the 

same piece as the first-storey beam, were used for tension coupons. To simulate the 

fabrication of PEC columns in real construction, steel with the same thickness and heat 

was used for the flanges and web in the specimen, which required only one extra piece of 

plate for the columns, while another two were required with one for each infill panel. 

Tension coupons were cut from the extra pieces (as shown in Appendices B and C) in 

both principal directions. Tension coupons were also cut from the flanges of the extra 

one-meter W250x58 length to identify the material behaviour of the first-storey beam. A 

summary of steel yield strength and elastic modulus is shown in Table 4-1, while the 

detailed tension coupon test results are shown in Appendix D. 

4.4.2 Concrete Cylinder Tests 

As mentioned before, one mix of concrete was used for each column in each floor due to 

the capacity limitation of the concrete mixer used. Six standard cylinders (height of 300 

mm and diameter of 150 mm) for each mix were cast when the concrete was cast in the 

columns to determine the material properties of the concrete, and they were cured in the 

same way as the columns.  

Two collars were connected to the cylinder near the top and bottom with pointed clamping 

screws to form a gauge length of 200 mm, and the deformation within the gauge length 

was measured by a dial gauge fixed between two collars. To avoid potential damage to 

the collars and the dial gauge upon failure, the cylinders were loaded up to about half of 

the cylinder capacity, after which the collars were removed and the cylinder was loaded to 

failure. Hence, only about half of the stress–strain curves plus the ultimate stresses were 

recorded. All the cylinders were tested in a compression testing machine with a capacity of 
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1350 kN in the concrete lab at the University of Alberta and the loads applied were 

measured directly from the integral scaled loading ring. A total of 24 cylinders were tested, 

with six cylinders for each mix, and a summary of concrete strength and elastic modulus is 

shown in Table 4-2, while the detailed results are shown in Appendix E. 

4.5 Load and Deflection History 

4.5.1 Gravity load 

Vertical loads were applied to the tops of the columns to simulate reasonable service 

gravity loads on the columns in a real structure. Originally, 720 kN was chosen as the 

vertical load on each PEC column (Deng and Driver 2007), which is about 26.9% of the 

factored axial compressive capacity of the composite column, or about 19.5% of the 

unfactored axial compressive capacity. However, the value was re-assessed to avoid 

possible concrete cracks in the north PEC column under weak axis moment that would 

arise due to the combination of the vertical loads and the initial out-of-plumb imperfection 

of the north column. Based on the strain gauge readings during vertical loading on the first 

day of the test, the value of 600 kN was finally chosen, which is about 22.5% of the 

factored axial compressive capacity of the column, or about 16.2% of the unfactored axial 

compressive capacity. 

4.5.2 Lateral load 

Quasi-static, cyclic lateral loading was utilized as the testing technique to conduct the 

experiment, which means cyclic loads or deformations would be applied on the specimen 

in a slow, controlled and predetermined manner. Although the dynamic effect was not 

considered in the test, basic information can be obtained through slow cyclic 

experimentation, including strength, stiffness, deformation capacities, cyclic hardening 

and softening as well as deterioration behaviour. As steel plate shear walls with partially 

encased composite columns constitutes a new seismic system, it is important to 
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investigate those basic characteristics to help characterize the seismic performance of the 

system.  

To assist in preparing, executing and documenting the experiments so that experimental 

results can be interpreted in a consistent way, ATC-24 (Applied Technology Council 1992) 

provides standardized procedures for seismic testing of components of steel structures. 

Hence, the loading method outlined in ATC-24 was adopted for the load and deflection 

history used in the test. 

According to ATC-24, a “deformation control parameter” and a “force control parameter” 

should be chosen to control the execution procedure of experiments. Since most of the 

interest was concentrated on the first floor behaviour, the in-plane deformation and the 

shear force in the first storey were selected. Therefore, the first storey drift was chosen as 

the “deformation control parameter”, while the base shear was chosen as the “force 

control parameter”. Correspondingly, yield values were defined as the first storey yield 

deformation, ∗, and the base shear yield force,	 ∗ . 

To estimate yield values for the deformation and force control parameters, a finite element 

model was developed, which is described in detail in Chapter 6. From the analysis results, 

the yield deformation was determined initially and adjusted later based on the first six 

cycles of the test due to the difference observed in the stiffness. The revised estimated 

yield values, 1264 kN and 7 mm, were used for test control as ∗  and ∗, respectively, 

while the “true” yield values,  and , were determined after the test based on the 

complete test results and corresponding updated model. 

As shown in Table 4-3, the loading procedure was predetermined based on the 

requirements of ATC-24. The first nine cycles were performed under force control, with 

every three cycles carried out using force control values of 0.25 ∗ , 0.5 ∗  and 0.75 ∗  
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individually. Starting with cycle 10, in which the yield deformation, ∗, was reached, all the 

remaining cycles were performed under deformation control. 

4.6 Specimen Behaviour During Test 

Due to the higher storey shear and overturning moment, most of the deterioration was 

expected to occur within the first storey. Therefore, the first storey was of primary interest 

for the observations and is the subject of the following descriptions, except for those 

explicitly specified for the second storey. 

Initial hairline cracks due to concrete shrinkage were observed before the test began at 

the top and middle of the columns, with another initial crack at the bottom of the west side 

of the north column. 

4.6.1 Gravity Load Application 

Before the lateral loads were applied, there was no local buckling, concrete cracking 

(besides the hairline shrinkage cracks) or other obvious deformation or deterioration in the 

columns. However, there was a sound from the infill panel while the gravity loads were 

being applied that indicated the deformation of the infill panel due to shortening of the 

columns under gravity loads. 

4.6.2 Lateral Load Application 

4.6.2.1 Force Control Cycles 

The infill panel buckled into one wave (i.e., one full wavelength) in the first three cycles 

(cycles to reach a base shear of 316 kN), and buckled into two waves during cycles 4 to 6 

(cycles to reach a base shear of 632 kN). The panel then buckled into three waves starting 

from cycle 7 (first cycle to reach a base shear of 948 kN) until the last cycle in the test 

(shown in Figure 4-11). The direction of the buckled shapes indicated the diagonal 
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compression direction of the infill panel under lateral loads. No local buckling was 

observed in the column flanges during the force control cycles (the first 9 cycles). 

There was only one concrete crack detected during the first seven cycles, which crossed 

almost the whole column depth horizontally and was located at the east side of the north 

column about 400 mm above the bottom side plate. This crack occurred in cycle 4 (the first 

cycle to reach a base shear of 632 kN), likely caused primarily by the initial out-of-plumb 

imperfection of the north column towards the west. During cycle 8 and cycle 9 (the second 

and third cycles to reach a base shear of 948 kN), there were a small number of 

partial-depth cracks detected at the bottom of the columns near the bottom side plates, 

initiating from the outside flanges. All the cracks in the first nine cycles were diagonal 

cracks with a very short length, except two horizontal cracks with a crack length close to 

the column depth, which were located at the east side of the columns and about 400 mm 

above the bottom side plates. The locations of the two horizontal cracks were between the 

two links with the first link spacing of 160 mm (instead of 50 mm or 80 mm) from the 

column bases. 

Because of the low level of the lateral loads in the first 9 cycles, cracks only arose at the 

bottom of the columns and only in the column that was under tension force due to the 

overturning moment. In another words, cracks arose only in the south column when the 

specimen was pushed towards north, while they opened in the north column when the 

specimen was pulled towards the south.  

4.6.2.2 Deflection Control Cycles before Ultimate 

In cycle 10 (the first cycle to reach δ = 7 mm), cracks initiated at the middle of the columns 

from the inside column flanges. Besides a gradual propagation of the existing cracks, 

there were a small number of new horizontal cracks initiating with a crack length of more 

than half the column depth during cycle 10 to cycle 12 (cycles to reach δ = 7 mm). 
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Starting at cycle 13 (the first cycle to reach δ = 14 mm), concrete cracks developed in the 

columns much more rapidly than before. Besides propagation of existing cracks, new 

horizontal cracks initiated at the middle and bottom of the columns, while new diagonal 

cracks initiated from the outside column flanges at the bottom of the columns in cycle 13. 

In cycle 14 (the second cycle to reach δ = 14 mm), horizontal cracks started to initiate at 

the tops of the columns. All the initiation of the new cracks and the propagation of the 

existing cracks only showed in the column that was in tension. This meant that the tensile 

force arising from the bending moment in the column was not large enough to conquer the 

compressive force due to overturning. Moreover, all the concrete cracks that developed in 

the columns showed a pattern identical to the moment pattern along the height of the 

columns. In another words, concrete cracks only initiated from the column flange that was 

in tension under the effect of the bending moment. 

In the second floor, the first crack was detected initiating horizontally from the inside 

column flange at the top of the north column when the specimen was pulled towards the 

south in cycle 13 (the first cycle to reach δ = 14 mm). Cracks also showed at the top of the 

south column when the specimen was pushed towards the north in cycle 14 and at the 

bottom of the south column in cycle 15. 

In cycle 16 (the first cycle to reach δ = 21 mm), one concrete crack initiated at the top of 

the south column from the outside column flange when the specimen was pulled towards 

the south. This identified that the tension force arising from the bending moment in the 

column was already large enough to offset the compressive force from overturning under 

large lateral loads. Thereafter, more and more cracks initiated and propagated in the 

column that was in compression due to the overturning moment. Also as a result of large 

lateral loads, small areas of concrete started to spall at the top and the bottom of the 

columns, accompanied by the development of additional short-length cracks and the 

propagation of the existing cracks during cycle 16 to cycle 18 (cycles to reach δ = 21 mm). 

At the end of cycle 18, a kink was found in the infill panel near the north column due to 
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inelastic stretching of the infill panel in the two perpendicular directions under cyclic 

loading, which caused a stress concentration and finally led to tearing and opening in the 

panel. 

With the increase of the lateral loads, the compressive force in the outside column flange 

due to frame action in the column under compression from overturning increased to a level 

that local buckling finally occurred, which was precipitated by the weakened concrete due 

to cracking and spalling. As shown in Figure 4-12, the first clear sign of local buckling 

occurred at the east side of the outside column flange at the base of the south column 

when the specimen was pulled towards south in cycle 19 (first cycle to reach δ = 28 mm). 

Due to the bending moment in the columns, local buckling only occurred at one column 

flange. In cycle 20, local buckling occurred at both east and west sides of the outside 

column flange at the north column base when the specimen was pushed towards the 

north. Up to this point, local buckling was detected only in the column under compression 

and only at the outside flange at the column base where the largest compressive stresses 

existed. Precisely, local buckling occurred between the top of the bottom side plates and 

the nearest link above. Besides inelastic local buckling, a large number of new cracks as 

well as the propagation of existing cracks were detected in the cycles 19 and 20. Starting 

at cycle 19, the deformation of the beam was clearly visible and the deformed shape was 

identical to the deformed shape of the beam in a moment frame under lateral loads. 

During cycles 21 and 22 (cycles to reach δ = 35 mm), local buckling was detected at the 

inside column flange at the column top, while more crack initiation, crack propagation and 

concrete spalling were detected along the whole height of the columns. Moreover, 

concrete started to bulge outwards near the locations with buckled steel flanges due to the 

concrete expansion under compression and lack of confinement from the buckled steel 

flanges. In the infill panel, there was a diagonal tear detected, initiating at the south top 

corner where the plate was clipped to clear the frame connection weld. The column 

outside flanges at the bottom of the columns started to tear right at the top of the bottom 
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side plates during cycle 21 (shown in Figure 4-13). Also, deep concrete cracks right above 

the bottom side plates opened along the column depth from the outside column flange 

towards the infill panel. The initiation of the column flange tears coincided with the full 

development of plastic hinges at the bottom of the columns and the ultimate strength of 

the specimen was reached. 

4.6.2.3 Deflection Control Cycles after Ultimate 

After the ultimate capacity of the specimen was reached, more deterioration was detected 

in the columns during cycles 23 and 24 (cycles to reach δ = 42 mm), such as more severe 

local buckling of the steel flanges, increased concrete crushing and spalling, and the tear 

at the outside column flanges propagated from the flange tips towards the web, while the 

concrete at the same location opened more along the column depth due to the loss of the 

steel section. The link closest to the top of the bottom side plate at the west side of the 

north column was exposed as a result of serious crushing and loss of concrete at the 

bottom of the column (shown in Figure 4-14). The concrete loss and the steel tearing in 

the column flanges during the cycles to reach δ = 42 mm (6δy) caused the first drop in the 

specimen strength.  

During cycle 25 (first cycle to reach δ = 49 mm), the tear at the outside column flange at 

the south column base finally opened through the entire column flange (shown in Figure 

4-15). During cycle 26, a new tear was detected in the outside column flange at the north 

column base, which initiated from the flange tip at the crest of the local buckle above the 

bottom side plate rather than right at the top of the bottom side plate (shown in Figure 

4-16). Due to further concrete loss at the bottom of the columns, the links closest to the top 

of the bottom side plate at the east side of the south column and right at the top of the 

bottom side plate at the west side of the north column were exposed in cycle 25, with the 

latter displaying clear necking at the end farther from the infill panel. In cycle 26, two links 

right at the top of the bottom side plates—with one in each column—finally tore from the 
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flange (shown in Figure 4-17). In the infill panel, besides tears developing at the clipped 

top corners due to the associated stress concentration and notch effect, one “S” shaped 

tear was also detected in cycle 25 that developed due to low cycle fatigue failure from a 

localized kink (shown in Figure 4-18). Cracks were detected in cycle 26 along the toe of 

the reinforcing fillet weld between the column flange and the backing bar for the beam 

bottom flange full-penetration weld at both ends of the beam (shown in Figure 4-19).  

During cycle 27 (first cycle to reach δ = 56 mm), the tear at the outside column flange at 

the north column base opened through the entire column flange, while more links were 

exposed with tears at the end farther from the infill panel due to further concrete loss at the 

bottom of the columns. Moreover, large shear deformations (shown in Figure 4-20) were 

observed at the bottom of the columns towards the infill panel caused by the tension field 

in the infill panel and the reduced stiffness of the columns. In the infill panel, another kink 

near the north bottom corner due to reversed inelastic stretching under cyclic loading was 

detected during cycle 27 and propagated during cycle 28. 

After pin connections were effectively developed at the bottoms of the columns due to the 

initiation and propagation of the tears in the outer column flanges, the moments at the tops 

of the columns kept increasing and finally tore the column flange tips at the bottom of the 

top side plates during cycles 29 and 30 (cycles to reach δ = 63 mm), as shown in 

Figure 4-21. Tears in the vertical fillet welds between the inside column flange tips and the 

bottom side plates were detected after large shear deformations were observed due to the 

sectional area loss of the columns, while the tears initiating in cycle 26 along the weld 

between the beam bottom flange and the inside column flanges propagated along the 

width and the depth of the columns. The test was terminated when the flange tears at the 

bottoms of the columns propagated significantly into the web (shown in Figure 4-22). 
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Table 4-1: Steel Strength and Elastic Modulus 
 

  Elastic Modulus (MPa) Static σy (MPa) 

1st Storey Panel 204373 236 

2nd Storey Panel 205655 252 

Column Steel 192473 427 
1st Storey Beam 212960 386 

Link 224697 400 
 

Table 4-2: Concrete Strength and Elastic Modulus 
 

  Elastic Modulus (MPa) Strength (MPa) 

1st Storey South Column 23483 52.6 

1st Storey North Column 23548 56.4 

2nd Storey South Column 23448 55.7 

2nd Storey North Column 25132 56.9 
 

Table 4-3: Load and Deflection History 
 
 
 

Force Control Parameter 
Base shear (kN) 

Deformation Control Parameter 
First storey deflection (mm) 

Cycles 1-3 ±316 – 
Cycles 4-6 ± 632 – 
Cycles 7-9 ± 948 – 
Cycles 10-12 – ± 7 ( ∗) 
Cycles 13-15 – ± 14 (2 ∗) 
Cycles 16-18 – ± 21 (3 ∗) 
Cycles 19-20 – ± 28 (4 ∗) 
Cycles 21-22 – ± 35 (5 ∗) 
Cycles 23-24 – ± 42 (6 ∗) 
Cycles 25-26 – ± 49 (7 ∗) 
Cycles 27-28 – ± 56 (8 ∗) 
Cycles 29-30 – ± 63 (9 ∗) 
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Figure 4-2: Test Set-up (North Elevation) 
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Figure 4-4: Lateral Load Transition System (Schematic) 
(a) Plan View; (b) Elevation View
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Figure 4-10: Data Acquisition Devices (East Elevation) 
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5. TEST RESULTS 

5.1 Introduction 

The specimen of a two-storey steel plate shear wall with partially encased concrete 

columns was tested under cyclic lateral loading. The failure mode and other features 

shown in the test met the expectations. After local buckling occurred in the steel column 

flange accompanied by concrete spalling and crushing in the region, column cross section 

loss caused a stress concentration and finally led to tearing of the outside column flanges 

at the bottom of the columns. Further cross section loss led to the failure of the columns 

and prevented further capacity development in the specimen. Hence, the specimen 

reached the ultimate capacity of 1817 kN, with plastic hinges forming at the top and 

bottom of the columns near the side plates at a first storey deflection of 35 mm. During the 

rest of the test, the tear in the column flanges kept propagating until the whole column 

flanges, as well as most of the web were torn when the test was terminated at a first storey 

deflection of 63 mm. 

Compared with a conventional all-steel steel plate shear wall (Driver et al. 1997), the wall 

with partially encased composite columns showed less ductility and post-ultimate 

capacity, but more non-linear behaviour was exhibited in the test due to the concrete in 

the PEC columns. However, the specimen still failed in a gradual mode after the ultimate 

capacity was reached and was proved to be suitable for resisting cyclic loading 

representative of seismic actions based on corresponding ductility and post-ultimate 

capacity. 

5.2 Hysteretic Behaviour 

The hysteretic curves of the base shear vs. the first storey deflection are shown in Figure 

5-1, where the deflection is given in absolute value as well as deflection to storey height 
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ratio (drift ratio), ⁄ . In total, there were 30 loading cycles applied to the specimen, 

including nine elastic loading cycles and 21 inelastic loading cycles. 

Similar characteristics are presented in the hysteresis curves of this steel plate shear wall 

system with PEC columns and those with steel columns (Driver et al. 1997). The 

specimen behaved in a stiff and linear manner in the early cycles and then more and more 

non-linear behaviour was shown in the hysteretic curves, with increasing strength, until the 

ultimate capacity was reached. After ultimate, the strength decreased gradually.  

Compared with a previous all-steel test (Driver et al. 1997), non-linear behaviour showed 

up at an earlier stage and over a larger range in the hysteretic curves, which means more 

non-linear behaviour was present in the system with PEC columns. The hysteretic curves 

also show that the strength of the system with PEC columns dropped faster after ultimate 

capacity was reached than the system with steel columns (Driver et al. 1997). In another 

words, the envelope of the hysteretic curves of the previous test is closer to the bi-linear 

simulation curve, while the envelope of the hysteretic curves herein is more curved.  

To further study the behaviour of the hysteretic curves, the curve for cycle 20 was chosen 

and modified to form a closed loop to represent the typical hysteretic behaviour of the 

specimen under cyclic loading just prior to the peak load. As depicted in Figure 5-2, cycle 

20 includes curve a-b (unloading curve), curve b-c (loading reverse curve), curve c-d 

(reloading curve), and curves d-e-f-a, which were subsequent curves, repeating the 

phenomena described for curves a-b-c-d in the opposite direction. 

Curve a-b is the portion where the specimen was unloaded laterally. High stiffness and 

linearity are the typical characteristic and the stiffness decreases gradually when the peak 

deflection was exceeded, especially after the ultimate capacity was reached. 

After unloading, the specimen was loaded in the reversed direction, which was 

represented by the loading reverse curve b-c, in which a long uneven curve with very low 
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stiffness is the main characteristic. Due to inelastic stretching of the infill panel as the 

tension field was developed when the specimen was loaded in the opposite direction in 

the previous loading, there was still a large amount of residual storey deflection even at 

zero lateral loads. Significant out-of-plane buckling of infill panel remained, which was 

stretched back into the neutral position and stretched further so the tension field in the 

direction perpendicular to the previous one was redeveloped during the loading reverse 

period (curve b-c). The residual deformation and deterioration in the specimen was 

increased as the storey deflection was increased, which led to a flatter and longer curve 

b-c. 

The reloading curve c-d is the curve following the loading reverse curve b-c, in which the 

stiffness was regained because the redeveloped tension field acted as diagonal braces to 

strengthen the specimen to resist lateral loads. As the storey deflection was increased, the 

stiffness of curve c-d decreased due to the increased deterioration in the specimen. 

There is a flat curve following reloading curve c-d that represents the yielding of the steel 

plate shear wall with steel columns in the previous test (Driver et al. 1997), which is not 

observed herein. The lack of a flat yielding portion of the hysteretic curves in the steel 

plate shear walls with PEC columns is mainly caused by the participation of the encased 

concrete in the columns and the strain hardening in the infill panel, which is discussed in 

detail later. Concrete cracking and crushing, as well as local buckling in the column 

flanges, also enhanced the non-linear behaviour of the specimen and contributed to 

eliminating the flat yielding portion in the hysteretic curves. 

Regardless of the magnitude, the behaviour shown in the hysteretic curves for cycle 20 is 

also shown in the hysteretic curves for other cycles in the inelastic range. The magnitude 

of the stiffness, storey deflection and base shear in each portion of the hysteretic curves 

differs in the cycles with a different peak storey deflection. Even for the cycles with the 

same storey deflection, there is a minor difference in the stiffness due to the increased 
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deterioration. The instances of buckling and stretching of the infill panel are identified by 

the kinks in the hysteretic curves. 

As shown in Figure 5-3, the hysteretic curves of the base shear vs. the second storey 

deflection display similar characteristics to those shown in the hysteretic curves of the 

base shear vs. the first storey deflection.  

5.3 Energy Dissipation 

The capacity of the system to dissipate energy is a major factor related to its suitability for 

use in seismic applications. The energy dissipated by the system in each cycle is 

represented by the area enclosed in the hysteretic curves for each cycle. Figure 5-4 is a 

histogram showing how much energy was dissipated during each first cycle (the cycle with 

the increased storey deflection) within the inelastic range at different displacement ductility 

ratios, ∗⁄ , in which	 ∗ has a value of 7 mm and is the estimated yield deflection used 

for test control.  

In the previous test (Driver et al. 1997), the amount of energy dissipated for each first 

cycle kept increasing until the end of the test. Differently, the amount of energy dissipated 

for each first cycle at different values of ∗⁄  increased steadily from ∗⁄ 1 to 

∗⁄ 7 and decreased at ∗⁄ 8 and ∗⁄ 9 herein. However, the amount of 

dissipated energy after cycle 21 ( ∗⁄ 5) is still larger than the energy dissipated at 

∗⁄ 5, at which time the ultimate capacity of the specimen was reached. The increased 

dissipated energy after cycle 21 ( ∗⁄ 5) was caused by the higher storey deflection, 

which compensated for the capacity reduction and the stiffness drop caused by the 

deterioration in the specimen after the ultimate capacity was reached.  

The energy dissipated in every cycle within the inelastic range at different displacement 

ductility ratios, ∗⁄ , is shown in Figure 5-5. The histogram shows that the dissipated 
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energy dropped in each second and third cycles when the storey deflection remained the 

same and the dissipated energy in every cycle from ∗⁄ 6 was larger than the energy 

dissipated at cycle 21 ( ∗⁄ 5). 

5.4 Failure Mode 

Tearing initiated from the outside flange tips at the bottom of the columns due to the 

combination of frame action and anchorage force from the infill panel. Repeated local 

buckling of the column flanges and loss of concrete in the region hastened the 

propagation of the tear through the flange tips towards the web and eventually the tear 

opened through the entire outside flanges. As the specimen was further loaded, the 

opening in the column outside flanges tore into the column webs towards the infill panel 

until the test was terminated. At the end of the test, the width of the opening at the outside 

flanges was approximately 20 mm for both columns. 

The bottom side plates were added in the specimen design primarily to move the 

maximum demand in the column away from the column base welds, where the failure of 

the steel plate shear wall system with the steel frame was initiated (Driver et al. 1997). As 

a consequence, the tops of the bottom side plates were now the most critical locations in 

the columns, caused by the frame action and the anchorage force from the infill panel, as 

well as the welds between the column flange tips and the bottom side plates. The initiation 

of the tear at the outside column flange tips was located right at the top of the bottom side 

plates, where the stiffness and the strength of the columns suddenly changed due to the 

existence of the bottom side plates. Besides the tear at the top of the bottom side plates, 

one additional tear initiated at the crest of the flange local buckle above the bottom side 

plate at the north-west side of the north column, where the flange plate curvature was 

severe due to extensive localized loss of concrete.  
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The test was terminated without a sudden capacity drop in cycle 30, as the base shear 

capacity of the specimen had decreased to 72.7% of the peak load achieved in the test. 

Since the failure initiated at the bottom of the columns, improving the design and detailing 

at corresponding locations to improve the specimen behaviour is desirable and is 

discussed later. 

As boundary elements for the steel plate shear walls under cyclic loading, the PEC 

columns were under combinations of axial force, bending moment and shear force. The 

behaviour of the PEC columns with the steel plate shear walls was quite different from the 

behaviour of PEC columns under axial compression only (Prickett and Driver 2006), 

especially for the failure mode. Under axial compression only, the PEC column failed 

when both flanges buckled and the encased concrete crushed almost simultaneously. In 

the steel plate shear wall system, local buckling occurred only at one column flange in the 

PEC column, which was under compression due to frame action. However, the final failure 

initiated in the PEC column, when the same flange was under tension due to frame action. 

The tear at the column flange tips rather than the local buckling triggered the final failure of 

the PEC columns in the steel plate shear wall system. 

5.5 Discussion 

5.5.1 Infill Panels 

5.5.1.1 General Observations 

Steel plate shear wall systems with steel frames have been proved to be very ductile and 

stable at resisting severe cyclic loading in previous research. In the steel plate shear wall 

system with PEC columns, the infill panels behaved well as the main mechanism to 

dissipate energy under cyclic lateral loads. Before the specimen reached the ultimate 

capacity, there was no obvious deterioration in the infill panel except a kink due to inelastic 

stretches of the infill panel in the perpendicular directions under cyclic loading. After the 

specimen reached the ultimate capacity, tearing at the kink position occurred in the infill 
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panel due to the resulting stress concentration, while another kink occurred and 

propagated into new tear. Moreover, tearing was also seen at the top corners where the 

plate was clipped to clear the frame connection weld. During the test, the deterioration in 

the infill panel occurred gradually, despite the presence of the tear and in general local 

deterioration did not affect the capacity and behaviour of the steel plate shear wall 

because of the stress redistribution around the tear in the continuous infill plate. 

5.5.1.2 Stress Results 

Strains were measured at three points at the same height of the first storey infill panel 

through strain rosettes at both the east and west sides. The corresponding stresses were 

calculated, through an analysis worksheet, based on plane stress principles and the 

material curve for isotropic hardening. To show the stresses clearly, the envelope of the 

stress history at different first storey deflections based on the strain rosette results is 

shown in Figure 5-6. Data of two out of the six rosettes (North and South points on the 

east face of the plate) was terminated at a relatively low load level, while the rest reached 

the yield value and strain hardening. 

As mentioned before, strains at the north-west corner of the infill panel were recorded 

through a dual-camera system. To represent the stress distribution within the camera 

region, strains at 5x5 points were chosen and transferred into stresses by the same 

analysis worksheet used for the strain rosette data. To better interpret the stress results, 

maximum, minimum and average values of stresses at those 25 points, as well as 25 

individual stress curves, are shown in Figure 5-7 and Figure 5-8. Since the camera data 

were taken only at one side of the infill panel, these results were used only as a reference. 

The results show that the stresses in the first floor infill panel were developed 

non-uniformly and strain hardening did occur, which is identical to the test results from the 

strain rosettes.  
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5.5.2 Partially Encased Composite Columns 

5.5.2.1 General Observations 

Partially encased composite columns have been proved efficient in resisting axial 

compression in previous research. As boundary elements for the infill panel in the steel 

plate shear wall test, the PEC columns behaved quite differently due to the bending 

moments and also the reversed axial forces under cyclic lateral loading.  

Nonlinear behaviour, like concrete cracks, started to show up in the PEC columns at a 

very early stage. As the lateral loads were increased, more and more concrete cracks 

formed, while existing concrete cracks propagated. Moreover, the concrete cracks at first 

only initiated in the column that was in tension due to overturning. When the specimen 

was approaching the ultimate capacity, cracks initiated in both columns no matter whether 

in tension or compression, which indicated that the tension force arising from the bending 

moment was large enough to conquer the axial compressive force due to overturning.  

As another nonlinear behaviour in the PEC columns, local buckling only developed at one 

column flange instead of both column flanges, as would be the case for PEC columns in 

axial compression only. Local buckling was detected in the outside flange at the column 

base at first, and then in the inside flange at the column top when the specimen was 

approaching the ultimate capacity. Accompanied by local buckling, concrete crushed near 

the buckled column flange after losing the confinement from the steel flange. Since the 

local buckling and concrete crushing nearby only occurred at one side of the column, the 

specimen continued to gain strength, while in PEC columns under axial compression only, 

no further strength was developed after local buckling occurred at both column flanges 

and concrete crushed through the whole cross section simultaneously. 

The most critical location was at the outside of the column base, where the column flange 

was in the largest tension when the specimen was laterally loaded in one direction and in 
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the largest compression when the lateral loads reversed. After the local buckling and 

concrete crushing were developed, concrete loss kept increasing at the outside corner of 

the column base. Finally, the reduced column section was not large enough to resist the 

tensile force when the lateral loads reversed and as a result, a tear was finally developed 

in the outside flange at the bottom of the column, which was in tension due to overturning.  

As a result of severe concrete loss at the column base, links at the top of the bottom side 

plates and above the bottom side plates started to be exposed. Weld tears then initiated in 

the links at the end close to the outside column flange, eventually rupturing. As another 

result of the reduced column cross section, the capacity of the columns to anchor the 

tension field in the infill panel was decreased correspondingly and the deformation of the 

columns shifted towards the infill panel and became large, especially at the bottom of the 

columns no matter whether the specimen was pushed towards the north or pulled towards 

the south. Under large shear at the bottom of the columns, tears occurred along the welds 

between the column inside flange tips and the bottom side plates. 

Due to the thin thickness of the steel section and the encased concrete, the PEC columns 

behaved quite differently from a steel column. Concrete cracking, steel flange buckling 

and concrete crushing nearby, as well as flange tip tearing, all contributed to non-linear 

behaviour of the PEC columns. Hence, there was more nonlinear behaviour and more 

severe deterioration in the PEC columns than has been observed in steel columns in steel 

plate shear walls (Driver et al. 1997). However, the development and propagation of all the 

deterioration in the PEC columns was relatively gradual, although less ductility was shown 

in the PEC columns than steel columns. 

5.5.2.2 Concrete Shrinkage 

The volume of concrete decreases during hardening and drying after it is poured due to 

concrete shrinkage by losing of a layer of absorbed water from the surface. There are 

many factors affecting the volume change of concrete due to drying shrinkage, such as 
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temperature, composition of the concrete, aggregate modulus, water/cement ratio, ratio of 

volume to surface area, etc. Shrinkage strains vary with the environmental humidity and 

reach the largest values for relative humidities of 40 percent or less. A larger portion of 

aggregate, higher elastic modulus of aggregate and lower water/cement ratio mean more 

restraint for the shrinkage from the aggregate and lead to less shrinkage. Since the 

absorbed water is diffused from the surface, a larger ratio of volume to surface area 

results in slower and less shrinkage. 

The ultimate drying free (unrestrained) shrinkage strain for a cylinder of 6 inch x 12 inch at 

a relative humidity of 40 percent ranges from approximately 400 x 10-6 to 1100 x 10-6, with 

an average of about 800 x 10-6. Compared with the shrinkage strain of a cylinder, concrete 

in a structure tends to have smaller shrinkage strains because of the larger ratio of volume 

to surface area, more restraint for the shrinkage development from reinforcement, and 

compensation for dissipated shrinkage from adjacent stages of concrete. 

If details are known, shrinkage strains can be estimated according to the procedures 

published by the Euro-International Concrete Committee (CEB 1993) or the American 

Concrete Institute (ACI Committee 209 1982). Although the CEB method accounts for the 

effect of the member size, research shows that it underestimates the shrinkage of North 

American concrete. 

Since the concrete in the PEC columns was cast in October, 2006 and the test was 

conducted in September, 2007, concrete shrinkage was not negligible. In previous 

research on PEC columns (Chicoine et al. 2003), sustained axial compressive loads were 

applied to study the long term behaviour of PEC columns. When the concrete between the 

links shrank prior to applying the external load, tension arose in the concrete due to the 

restraint from the steel section and links, which was released by the applied compressive 

force. However, there were no sustained loads applied on the specimen described herein 

until the test started. Therefore, the concrete was in tension and micro-cracks occurred 
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between the links due to the restraint from the links. This shrinkage was taken into 

consideration and values of 246 x 10-6 and 230 x 10-6 were used for the north and south 

columns, respectively, based on the strain gauge data for the columns. 

5.5.2.3 Internal Force Distribution 

At both columns in the first storey, strains at several points in each cross section at three 

different elevations were recorded by strain gauges and the strains in the whole cross 

section were calculated based on the assumption that the strains at the same point in the 

column were equal, no matter for steel or concrete. Then, corresponding axial forces and 

bending moments were obtained by an analysis worksheet developed based on column 

dimensions and material curves. The steel material curve was determined based on the 

isotropic strain hardening theory, while concrete material curves were determined based 

on the concrete model by Otter and Naaman (1989), since the model is simple and 

suitable for any curve for the uniaxial response of concrete.  

To better exhibit the test results, Figure 5-9 and Figure 5-10 show the internal force 

distributions in the first storey along the column height at the peak load when the 

specimen was pushed towards the north in cycle 1, cycle 4, cycle 7 and cycle 10.  

It is shown in Figure 5-9 that the compressive axial forces decreased from the top to the 

bottom in the south column, but increased from the top to the bottom in the north column, 

which reflects the fact that the vertical component of the tension field in the infill panel 

contributed tension to the south column and compression to the north column when the 

specimen was pushed towards the north. The nonlinear curves of the axial forces in the 

columns also indicate the non-uniformly distributed tension fields in the infill panel. 

Moreover, the differences between the top and the bottom of the columns increased as 

the lateral loads increased, indicating an increase in the tension field stresses at larger 

lateral loads. 
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It is shown in Figure 5-10 that the north side of the columns was in tension at the top, while 

the south side of the columns was in tension at the bottom when the specimen was 

pushed towards the north. Although the sign of the bending moments at the top and 

bottom of the columns was consistent with what would be expected in frame columns 

without steel plate shear walls, the bending moment curves were bent towards the infill 

panel at the middle portion of the columns (instead of being straight lines) due to the 

tension field, which tended to pull both columns inward. Moreover, it is well known that the 

thin infill plate has a small capacity in compression compared with that in tension, since it 

is very sensitive to buckling under compression. When the specimen was pushed towards 

the north, the infill panel at the bottom south corner tended to be compressed while the 

panel at the bottom north corner tended to be stretched. Hence, the bottom of the north 

column got higher restraint from the infill panel, and as a result the curvatures (and 

resulting moments) above the highly restrained region (at the strain gauges 530 mm 

above the base) increased to fulfill the compatibility requirement that the two columns 

deflect the same amount at the top of the storey. 

5.5.3 Beam 

Based on the size of the infill panel, a W250x58 section was chosen as the first floor 

beam, and moment connections were designed originally to study the behaviour of the 

moment-resisting frame with PEC columns. However, tearing of the outside column 

flanges at the bottom of the columns prevented the specimen strength from further 

developing and also prevented the full moments from developing in the beam. The 

welding that was introduced to develop the plastic moment transferred from the frame 

beam into the columns initiated the tear along the weld between the column flanges and 

the beam bottom flange after the peak load. Hence, the beam behaviour of absorbing a 

large amount of energy through inelastic deformations was not able to be studied in the 

test. 
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Based on the strain gauge data, the corresponding stresses and internal forces were 

calculated. Figure 5-11 and Figure 5-12 show the internal force distributions in the bottom 

beam at the peak load in cycle 1, cycle 4, cycle 7 and cycle 10 when the specimen was 

pushed towards the north. The axial forces in the first storey beam are shown in Figure 

5-11, in which the curves are quite linear, representing the uniform transfer of the lateral 

loads through the lateral load transfer system discussed in Chapter 4. The bending 

moments in the bottom beam are shown in Figure 5-12. The bottom flange was in tension 

at the south end, while the top flange was in tension at the north end. The bent shape of 

the bending moment curves is caused by the unbalanced forces of the tension fields from 

the infill panels below and above. Although the vertical components of the tension fields in 

the first storey and second storey infill panels tended to offset each other, the tension field 

force in the first storey was larger than the tension field force in the second storey and the 

difference became larger at larger lateral loads. 

The results from the strain rosettes at three points in the second storey infill panel near the 

top beam showed that the differences between the vertical components of the stresses at 

the locations of the strain rosettes exceeded 20%, which was set as a limit in CSA 

standard S16-01 (CSA 2001) and was abandoned in CSA standard S16-09 (CSA 2009). 

5.5.4 Ductility-Related Force Modification Factor, Rd (NBCC) 

Commonly in seismic design, inelastic behaviour is desirable for a relatively low yielding 

capacity requirement and high energy dissipation capacity compared with elastic design. 

For a structure  designed for elastic behaviour, the maximum displacement during the 

earthquake is still in the elastic response, regardless of the natural frequency of the 

structure. For a structure designed for inelastic behaviour, the elasto-plastic response of 

the structure to an earthquake excitation is different based on different natural frequency 

ranges. Known as the equal displacement theory, the maximum displacement for 

elasto-plastic response is about the same as that for elastic response for low frequencies 
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(long periods), which is used for typical structures for its reasonable accuracy. For higher 

frequencies (shorter periods), the deformation energy for elasto-plastic response is about 

the same as that for elastic response, which leads to a larger displacement for 

elasto-plastic response. Therefore, to represent the capacity of structural systems to 

maintain a certain level of load capacity while effectively dissipating seismic energy under 

large inelastic deformations, a factor, R , the ductility-related force modification factor 

(NBCC 2010), is used to determine the design base shear. R 	 is greater than or equal to 

1.0, with 1.0 implying little or no ductility, and with larger values implying higher ductility for 

the structure. 

To consider the fact that the capacity of the constructed structure is normally higher than 

the designed capacity, a factor, R , the overstrength-related force modification factor 

(NBCC 2010), is used to represent the expected overstrength in the structure and also to 

determine the design base shear. R 	is greater than or equal to 1.0 to consider several 

reasons leading to overstrength of the constructed structure, such as a higher actual yield 

strength than the nominal value, strain hardening, larger member size chosen for load 

cases other than seismic loads, etc. 

Three base shear vs. deflection responses, including elastic response, actual structure 

response and bilinear elasto-plastic approximation for the actual structure, are shown 

schematically in Figure 5-13. If the structure behaves elastically through the whole seismic 

excitation, the largest base shear will be developed as	V . However, generally in seismic 

design, structures are designed to be capable of undergoing some inelastic deformation to 

reduce the developed base shear. The reduced base shear, at which the structure 

reaches its capacity,	V , can be obtained as: 

V V R⁄                                (5.1) 
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When overstrength is considered, the base shear can be further reduced to	V, the design 

base shear, which can be obtained as: 

V V R R⁄                               (5.2) 

Design provisions for steel plate shear walls are stated in Canadian standard 

CSA-S16-09. The values of R  and R  are also provided in the National Building Code 

of Canada (NBCC 2010), as well as restrictions on usage and height. There are two types 

of steel plate shear walls as follows: 

Type D (ductile) plate walls, with R 5.0 and R 1.6, should be provided with 

moment connections between the beams and columns. They are framed by rigidly 

connecting beams and columns with Class 1 (compact) sections in accordance with 

Canadian standard CSA-S16-09. There is no restriction on usage and height for 

ductile plate walls. 

Type LD (limited-ductility) plate walls, with R 2.0 and R 1.5, with simple or 

rigid connections of beams to columns and Class 2 beams permitted, have a 

restriction of 60 m or 15 storeys on height in certain seismic zones according to 

Canadian standard CSA-S16-09 and the National Building Code of Canada (NBCC 

2005). 

Although Q  and δ  were predicted before the test to determine the loading procedure 

according to ATC-24, the values of Q  and δ  needed to be re-assessed based on the 

test results. Considering the steel plate shear wall infill panels as the main fuse and the 

PEC columns at the base as a portion of the fuse, yielding in the PEC columns was 

chosen as a sign of significant yielding of the whole system, as well as the yielding in the 

infill panel. Since there was no data recorded inside of the plastic hinge range of the 

columns and no white wash could be used for observing yield lines because of the 

painting on the whole specimen, the yielding in the columns could only be identified by the 
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finite element model, which is described and discussed in Chapter 6. Based on the model, 

Q  was determined as 1380 kN, when yielding had been detected in the infill panel and 

had also initiated in three out of the four plastic hinge zones in the two columns, which was 

considered as significant yielding in the steel plate shear wall. Correspondingly, δ  was 

determined to be 9 mm, as shown in Figure 5-14, based on the effective stiffness of the 

envelope of the test hysteretic curves, according to ATC-24. 

The displacement ductilities, R, at the peak load, 90% peak load, 80% peak load, 75% 

peak load and yield load (on the descending curve) are shown in Table 5-1. The 

displacement ductility at the peak load is equal to 3.9, and where the actual curve crosses 

over the assumed yield plateau it is equal to 6.6. These results indicate that the ductility 

under severe cyclic loading is very good and the steel plate shear wall system with PEC 

columns shows promise as a seismic force resisting system. As the main cause of 

deterioration was the degradation of the PEC columns at the base, improved detailing 

here could increase the ductility of the system even further. 
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Table 5-1: Displacement Ductility 
 

  Yield Peak 
After Peak 

90% Peak 80% Peak 75% Peak Yield* 

  (mm) 9 35 48 56 60 59 

 (kN) 1050 1817 1636 1454 1363 1380 

 1.0 3.9 5.3 6.2 6.7 6.6 
 
* Intersection point with idealized yield plateau 
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Figure 5-4: Dissipated Energy in First Cycle at Each Ductility Ratio 
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Figure 5-5: Dissipated Energy in Each Cycle 
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Figure 5-6: Stress Results from Strain Rosettes in Infill Panel 
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Figure 5-7: Stress Results from Camera System Data for Infill Panel 
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Figure 5-8: Individual Stress Results from Camera System Data for Infill Panel 
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Figure 5-11: Axial Forces in Bottom Beam (Push to North) 
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Figure 5-12: Bending Moments in Bottom Beam (Push to North) 
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Figure 5-13: Structure Base Shear vs. Deflection Responses 
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Figure 5-14: Base Shear vs. First Storey Deflection 
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6. FINITE ELEMENT MODEL 

6.1 Introduction 

A finite element model was developed before the specimen of the steel plate shear wall 

with partially encased composite columns was tested to determine the loading procedure 

of the test and the expected capacity of the specimen. After the test was done, the test 

data was analyzed and the test results were used to modify the material properties so the 

model was able to simulate the behaviour of the specimen under monotonic loading 

instead of cyclic loading. The results of the modified model were then compared with 

those of the test to verify the validity of the model and to further study the behaviour of the 

system, and the PEC columns as part of the system. 

The specimen was a half-size two-storey steel plate shear wall with PEC columns, which 

include the steel section, partially-encased concrete, links with different spacing along the 

column height, and the side plates at the column base and at each floor level. Hence, a 

huge number of elements arose due to the complicated geometry. Nonlinearities were 

also present, including nonlinear material behaviour and nonlinear geometry, since the 

specimen underwent large displacements under lateral loads. Moreover, the contact 

between the steel section and concrete inside of the columns also contributed to the 

complexity of the model. To reduce difficulty in achieving numerical convergence caused 

by model complexity, a dynamic explicit solution strategy in ABAQUS/Explicit was used. A 

push-over analysis was used in the model, instead of cyclic loading, to simulate the 

envelope of test results for model efficiency by reducing the running time of the model. 

6.2 Model Properties 

6.2.1 Element Selection 

The thin-walled steel section in PEC columns was adopted to maximize the compression 

portion resisted by concrete and as a result, local buckling is expected in column flanges 
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at the ultimate load. Under an axial compressive force, local buckling is expected to occur 

in both flanges simultaneously, while local buckling is only expected to occur in one flange 

when bending moment is applied, like for the PEC columns in the specimen. Besides local 

buckling, axial stretching and out-of-plane bending were the main deformations in the 

steel flanges, while shear deformation governed the deformations in the steel web. 

Considering the stresses and large deformations in the steel sections and the thin-walled 

feature, shell element S4R was chosen for its accurate results with efficient running time. 

Shell elements S4R were also used to model the side plates, which were welded to the 

flange tips at each floor level and at the column base. Shell element S4R is a 

general-purpose 4-node doubly-curved shell element with a large-strain formulation, 

hourglass control and reduced integration, with both displacement and rotational degrees 

of freedom. Due to the nonlinear material behaviour in the steel section, the *SHELL 

SECTION option was used since the *SHELL GENERAL SECTION option is only used for 

linear elastic response.  

The partially encased concrete cracked at the tension side and crushed at the 

compression side of the columns due to the existence of bending moments, besides axial 

forces, in the columns. Although second-order elements provide more accurate solutions 

than first-order elements, first-order solid element C3D8R was used to model the concrete 

because interaction between the steel section and concrete in the columns was involved, 

and second-order elements are not suitable if complex contact conditions are present. The 

lower accuracy of the first-order element was compensated to some degree by the fine 

mesh in the model. Solid element C3D8R is an 8-node linear brick element with reduced 

integration, which reduces running time, especially in three dimensions. C3D8R only has 

displacement degrees of freedom.  

The transverse links were welded at the flange tips to provide limited confinement to the 

concrete and support for the slender column flanges. Under the bending moments, the 

encased concrete at the compression side of the PEC columns expanded and the steel 
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flange at the tension side of the columns was stretched. The links tended to bend 

outwards near the end on the compression side of the column. Bending outwards and 

upwards simultaneously was observed during the test when the links were exposed after a 

large loss of the concrete. To simulate the bending of the links in two directions, beam 

element B31 was used, which is a spacial beam element using linear interpolation and 

allowing for transverse shear deformation.  

Under lateral loads, the infill plates of the steel plate shear wall buckled in one diagonal 

direction and stretched in the perpendicular direction. Large shear forces were also 

expected in the infill plates besides the buckling and stretching, which made shell element 

S4R suitable for modelling the infill panels. The *SHELL SECTION option was used due to 

the nonlinear material behaviour in the infill panels. 

The beams behaved as boundary members for the infill panels when the specimen 

sustained lateral loads, more like stiffeners than the frame beams. Hence, shear element 

S4R was used to model the frame beams instead of a beam element. Under bending, a 

first-order element with reduced integration, like element S4R, could deform in a way 

(shown in Figure 6-1) with no deformation in the central point (the integration point), which 

is called “hourglassing”. In order to prevent hourglassing in each frame beam, at least four 

elements were used in the depth of the beam web and in the width of the beam flange, 

which met the minimum recommendation based on previous research (Hibbitt et al. 2001).  

Because of difficulties in the performance of the model, use of multi-point constraints 

(MPCs) was greatly reduced as the model evolved, such as for the welding used to 

connect the infill panels, beams, and columns, which were originally modelled by MPCs 

but were replaced by shell element S4R with the same strength as the steel in the 

columns to make sure failure would not be caused by the rupture in the connections.  
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The lateral loads were applied by the jacks at each floor level, sharing the same manifold 

to make sure the floor loads were equal. To apply the lateral loads at each floor equally in 

the model, a simply-supported vertical distributing beam was used, as shown in Figure 

6-2. The ends of the vertical distributing beam were located at each floor level, so the 

lateral loads applied at its mid-point would be transferred to each floor equally. Moreover, 

the vertical distributing beam was simply-supported at both ends to transfer lateral loads 

without producing any moments. A first-order, three-dimensional beam element (B31) with 

large stiffness was used for the vertical distributing beam to avoid significant axial shorting 

of the beam because of bending. As mentioned in Chapter 4, the lateral loads were 

applied to the frame beam top flanges by jacks, and distributed equally to both sides of the 

beams through connection tabs and channel-and-T-section assemblies. In the model, 

2-node, 3-D stress/displacement truss elements (T3D2) with large stiffness were used to 

model the jacks at the ends of the vertical distributing beam and the connection tabs were 

simulated by horizontal distributing beams modelled by first order, three-dimensional 

beam elements (B31) with large stiffness. The channels and T-sections used in the lateral 

loading system were also modelled by inter-connected first order, three-dimensional beam 

elements (B31), considering slip-resistant connections were used to connect the 

channels, T-sections and the top flanges of the beams in the test. 

6.2.2 Mesh Description and Imperfections 

The mesh configuration for the cross section of the PEC columns is shown in Figure 6-3 

for identifying the node arrangement in the column cross section, including the steel 

section, encased concrete, transverse links and side plates. The model of the whole 

specimen is shown in Figure 6-4, while the model of the column without concrete is shown 

in Figure 6-5.  

As shown in Figure 6-3(a), there were nine nodes across the steel flange width, dividing it 

into eight segments of three different lengths. Three nodes were situated across the web 
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thickness, with two at the outer surfaces and one at the middle surface of the web, one 

was located at each flange tip, one at each link, and one each between the web and the 

two links. Correspondingly, there were four nodes (three elements) along the flange width 

at each side of the web adjacent to the nodes in the concrete component of the model, 

shown in Figure 6-3(b). There were seven nodes at the middle surface of the steel web 

along the column depth (Figure 6-3(a)), which divided the web into six segments of equal 

length. Accordingly, there were six portions with equal length in the concrete along the 

column depth. The nodes for the links, shown in Figure 6-3(c), coincided with the nodes 

used for the concrete along the link lines to simplify the mesh. In each side plate, there 

were eleven nodes along the column depth, shown in Figure 6-3(d), in which the middle 

nine nodes were located corresponding to the nodes in the steel and concrete sections 

and the remaining two nodes at the ends were located at the edges of the side plates.  

As shown in Figure 6-3, there were 8 elements across each steel flange and web, while 

the encased concrete had a 6 x 3 mesh at each side of the web. Also in the column cross 

section, each transverse link had 8 elements and there were 10 elements across each 

side plate. Although there were shallow shell elements at the points where the flanges and 

web met and in-plane bending could not be avoided in the shallow shell elements at the 

ends of the web when the specimen was laterally loaded, it was considered a local effect 

and was not studied further since the model aimed to simulate the overall behaviour of the 

PEC columns.  

Along the column height, nodes were located at the elevations of the links, the top and 

bottom of the side plates, the top and bottom of the frame beams, as well as the top and 

bottom of the column, as shown in the Figure 6-4 and Figure 6-5. Supplementary nodes 

were placed halfway between the links if the link spacing was 160 mm to reduce the 

number of slender shear elements. 



127 
 

The dimensions of the columns were measured and input into the model, including the 

column depth, flange width and the thickness of the steel section. The imperfections in the 

columns were detected and only out-of-plane plumb in the north column and eccentricity 

of the south column base were considered in the model. Other imperfections were small 

and ignored, such as flange bending inwards between the links and imperfections in the 

links. As a result of the fabrication procedure for PEC columns, imperfections of column 

flanges by bending inwards between links were observed and studied in previous 

research (Chicoine et al. 2003; Begum et al. 2007), which suggested that these inward 

imperfections may be neglected in the numerical model, since they have little influence on 

the behaviour and capacity of the PEC columns. Hence, the imperfections in the column 

flanges were not simulated in the model. There were also geometric imperfections 

detected in a few of the links. The local bending in the third link from the south column 

base was ignored because it was within the height of the bottom side plates and had a 

negligible effect on the column behaviour. The local imperfection in the tenth link of the 

same column was also ignored because the link was located away from the plastic hinge 

zone and should not have much effect on the overall column behaviour, especially before 

the specimen reached the ultimate capacity. Although the sixth and seventh links were 

within the plastic hinge zone, the imperfections were still ignored because the local 

bending was not severe.  

The mesh configurations of the infill panels and frame beams are shown in Figure 6-6 and 

Figure 6-7. The infill panels and the frame beams were divided horizontally into 24 

segments of equal width, which meant the location of the nodes along the edges of the 

infill panels were identical to those along the centrelines of the beam flanges. To provide 

hourglass control (Hibbitt et al. 2001), there were four elements across the beam flanges 

and the bottom beam web (Figure 6-7(a)), while there were seven elements across the top 

beam web (Figure 6-7(b)). As shown in Figure 6-4, the heights of the nodes in the infill 

panels and the frame beams were identical to the nodes in the columns to simplify the 
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model. The out-of-plane imperfections of the infill panels were measured at 63 and 54 

locations in the first and second storey infill panels, respectively, and input into the model 

with maximum out-of-plane imperfections of 11 mm in the first storey panel and 10 mm in 

the second storey panel, shown in Figure 6-6 with a scale factor of 20 (out-of-plane) for 

clarity. 

6.2.3 Modelling of Steel–Concrete Interactions 

The interactions between the encased concrete and the steel section, including steel 

flanges and web, were simulated in the model, since there was no separation between the 

concrete and steel section until local buckling occurred in the column flanges. 

There are two contact algorithms provided in ABAQUS: a general contact algorithm and a 

contact pair algorithm. The general contact algorithm is commonly used for its great 

simplification of contact definitions and less restriction on the contacting surfaces than the 

contact pair algorithm. However, the contact pair algorithm must be used in some cases 

because certain interaction behaviours are only available in the contact pair algorithm, 

such as two-dimensional surfaces, which were involved in the interaction in the columns 

simulated in the model. Breakable bond is another feature only considered in the contact 

pair algorithm, which was exhibited in the PEC columns as separation of the steel flanges 

and concrete in the case of local buckling. Hence, the contact pair algorithm was chosen 

to model the interactions in the columns. 

Contact pairs use either a kinematic predictor/corrector contact algorithm by default or a 

penalty contact algorithm by definition to enforce contact constraints in an 

ABAQUS/Explicit simulation. The kinematic constraint method searches for penetrations 

in a predicted configuration, while the penalty method searches for penetrations in the 

current configuration. Since the kinematic contact constraint will override other constraints 

defined by *EQUATION, *MPC, *TIE or kinematic constraints other than contact 

constraint, only the penalty method can be used when other kinematic constraints are 
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involved in the contact pairs even though the kinematic constraint contact method is 

normally chosen for its computational efficiency. Due to MPCs used in the model to 

connect the top and bottom of the columns to the rigid bodies (discussed in section 6.2.4), 

the penalty contact algorithm was finally chosen. The basic Coulomb friction model is used 

in the penalty contact algorithm, in which the tangential forces in the contacted surfaces 

are modelled as sticking friction, equal to the normal force multiplied by the coefficient of 

friction. The model result proved to be insensitive to the coefficient of friction, which is 

usually chosen between 0.1 and 0.3. To maximize the tangential interaction between the 

steel section and concrete, the coefficient of friction was taken as 0.3.  

Finite sliding, small sliding and infinitesimal sliding and rotation are used to account for the 

relative motion of the contacted surfaces forming a contact pair in ABAQUS/Explicit. Finite 

sliding allows arbitrary motion of the surfaces and large motion between the surfaces. 

Small sliding allows large motion of the surfaces with little relative sliding between 

surfaces. Infinitesimal sliding and rotation assumes both arbitrary and relative motion of 

the surfaces are small. Although only small relative motion was expected between the 

steel section and concrete, finite sliding was used since it is the only approach available in 

the contact pairs using the penalty contact. 

A balanced master–slave contact algorithm was used in the model, which means the 

corrections of the override produced by two contacts were equally weighted, and was 

chosen by default since the penalty contact algorithm was specified. 

6.2.4 Boundary Conditions 

The specimen was connected to the base plate through welding, including the first floor 

infill panel and the steel section of the columns. The base plate of the specimen was then 

fixed to the strong floor mainly by pre-stressed high-strength rods. To simulate the fixed 

boundary condition of the specimen, rigid bodies were introduced into the model. Rigid 

bodies were defined at the base of the specimen at the nodes in the steel section and 
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concrete in each column, as well as at the nodes along the base of the first storey infill 

panel. All the rigid bodies were restrained for all the degree of freedom to represent the 

fact that the base plate of the specimen was very stiff and fixed to the strong floor. 

Multi-point constraints (MPCs) were used to connect the different portions of the specimen 

base to the corresponding rigid bodies. At the specimen base, the concrete in each 

column was connected to the rigid bodies through pin connections, while the steel section 

in each column and the first storey infill panel were connected to the rigid bodies through 

tie connections. Hence, all the steel portions were fully restrained and all the concrete 

portions were restrained for the displacement degrees of freedom at the specimen base. 

The same methodology was used for the top of the columns, where the vertical loads were 

applied. Rigid bodies were defined at the top of the columns at the nodes in the steel 

section and concrete in each column and the rigid bodies were restrained for all the 

degrees of freedom except the in-plane displacement and rotation about the column 

strong axis. At the top of the columns, the concrete in each column was connected to the 

rigid bodies through pin connections while the steel section in each column was 

connected to the rigid bodies through tie connections. 

The out-of-plane displacement of the specimen was prevented by the Watt-braces located 

at the outside of the columns and about 410 mm below each floor level (see Chapter 4). 

Therefore, all the nodes in the outside flange of the columns at the height of the 

Watt-braces were restrained for out-of-plane displacement to provide the out-of-plane 

bracing in the model. The vertical distributing beam used for applying lateral loads, shown 

in Figure 6-2, was restrained at the ends for all the degrees of freedom except the in-plane 

displacements and rotation about the column strong axis. 

6.2.5 Material Properties 

Uniaxial tension coupon tests were done to determine material property curves of the steel 

in the specimen, including the steel section and links in the PEC columns, the bottom 
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beam, and the first and second storey infill panels. The true stress and logarithmic plastic 

strain were calculated from the tension coupon test results, except the modified material 

curve used for the first storey infill panel as discussed in the next paragraph, according to 

the following equations and then input into the model, in which the formulation is based on 

the updated Lagrangian description. The stress and strain conversion relationships are: 

1                           (6.1) 

ln 1                          (6.2) 

where  is the true stress,  is the logarithmic plastic strain,  is the nominal or 

engineering stress,  is the nominal or engineering strain, and  is the modulus of 

elasticity of steel.  

As mentioned before, a modified material curve was used for the first floor infill panel in 

the model instead of the material curve obtained directly from the tension coupon test. To 

simulate the strain hardening occurring in the first storey infill panel, a strain hardening 

rule was chosen and the material curve was modified accordingly. There are usually three 

potential rules to determine the hardening properties of a material under a reversed 

loading condition: isotropic hardening rule, kinematic hardening rule and independent 

hardening rule. According to the isotropic hardening rule, the yield stresses before and 

after the stress is reversed are equal, which is illustrated in Figure 6-8(a) as ′ | |. 

If the isotropic hardening rule is used for a material under cyclic loading, the stress at 

reversed loading will be larger than the stress for unidirectional loading at the same strain. 

Since an increase in tensile yield strength occurs with no compensation of compressive 

yield strength, the isotropic hardening rule neglects the Bauschinger effect completely. On 

the contrary, the kinematic hardening rule considers the Bauschinger effect to its full 

extent. The total elastic range, including tensile and compressive portions, remains the 

same during kinematic hardening, which is illustrated in Figure 6-8(b) as ′ ′ . If 
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the kinematic hardening rule is used for material under cycle loading, the stress at 

reversed loading will be no larger than the stress for unidirectional loading at the same 

strain. According to both the isotropic and kinematic hardening rules, tensile and 

compressive yield strengths are related, while tensile and compressive yield strengths are 

independent according to the independent hardening rule, which is illustrated in Figure 

6-8(c) as ′ ′  and | | | | . Generally, the strain hardening rule for 

structural steel is a combination of the isotropic and kinematic hardening rules, which is 

called a mixed hardening rule. However, the material curve should be determined based 

on the cyclic loading history, which is not suitable for the situation herein because no cyclic 

material tests were conducted. 

The isotropic hardening rule was chosen for calculating the stress in the infill panel and 

the steel section in the PEC columns for the test results. As shown in Figure 6-9, the 

material follows curves o-a-b under unidirectional loading and curves o-a-b-c-d-e-f-g 

under cyclic loading. The stress of the material reaches strain hardening under cyclic 

loading according to the isotropic hardening rule, while the stress of the same material at 

the same strain remains at the yielding level under unidirectional loading. To study the 

behaviour of the PEC columns and that of the overall steel plate shear wall, and to 

compare with the test results, the amount of anchorage force applied to the columns from 

the infill panel in the model should match that in the test. Hence, the material curve of the 

first storey infill panel was modified for use in the model as shown in Figure 6-10, so the 

model results (monotonic loading) and the test results (cyclic loading) could be compared. 

The material properties for the second storey infill plate were not modified since no clear 

evidence of strain hardening was observed. 

As shown in Figure 6-9, the strain hardening occurs earlier under cyclic loading than 

monotonic loading if the isotropic hardening rule is used, which led to a very short yield 

plateau in the modified material curve compared with the tension coupon results. Under 

the effect of the cyclic loading and longer yield plateau, the stresses in the first storey infill 
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panel in the test were more uniform than in the model. Therefore, the sum of the stresses 

in the first storey infill panel in the model with the modified material curve would match the 

test result, but with a different stress distribution from the test, causing some differences 

between the model and test results regarding the column behaviour. 

In ABAQUS, concrete is modelled either using a cracking model or a concrete damaged 

plasticity model. The brittle cracking model can be used to model concrete and other brittle 

materials, in which the behaviour is dominated by tensile cracking and the compressive 

behaviour is always linear elastic. The concrete damaged plasticity model can be used to 

model concrete and other quasi-brittle materials, in which the two failure mechanisms are 

considered, including tensile cracking and compressive crushing. The concrete damaged 

plasticity model is a continuum, plasticity-based, damage model for concrete and is 

applied for concrete subjected to monotonic, cyclic, and/or dynamic loading under low 

confining pressure. In PEC columns, concrete is surrounded by the steel section on three 

sides and partially encased by transverse links on the other side, in which a low level of 

passive confinement for the concrete is expected. When the specimen was laterally 

loaded, the PEC columns were under a combination of bending moments and axial forces, 

which were either tension or compressive forces. At the critical column locations, both 

concrete cracks and concrete crushing were observed in the test and should be simulated 

in the model. Hence, the concrete damaged plasticity model was used to predict both 

tensile and compressive failure of the concrete and expansion of the concrete under low 

confining pressures.  

6.3 Loading application and solution strategy 

ABAQUS/Explicit is most suitable for dynamic analyses, while it can also be used to solve 

static or quasi-static problems. To apply quasi-static loads, smooth application of loading 

is required to avoid stress waves caused by jerky movements. Smooth application of 

loading is approached by smooth acceleration changes, which ensure smooth velocity 
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and displacement. A smooth amplitude displacement loading was used in the model with 

the initial and final data points given to apply lateral loads without discontinuity in the rate 

of applied loading. As shown in Figure 6-11, a corresponding smooth step amplitude curve 

was created in ABAQUS automatically. The histories of different energies varying with the 

time during lateral loading are shown in Figure 6-12, in which internal and external 

energies were similar, while the kinetic energy and friction dissipation were negligible. 

Based on the features shown in Figure 6-11 and Figure 6-12, a quasi-static condition was 

successfully simulated. 

Due to the complexity of the model, including a huge number of elements, complicated 

geometry, nonlinear material behaviour and inter-surface contact between the steel 

section and concrete in the columns, the actual time period was very long and the model 

required a lot of computer time to run in its physical time scale. To save processing time, 

scaling can be used in the model. One option is load-rate scaling, which reduces 

processing time through shortening the step time by artificially increasing the punch 

velocity. The other option is mass scaling, which reduces processing time through 

increasing the stability limit by artificially increasing the mass density of the elements. 

Either method can be used to reduce processing time effectively, except a load rate 

scaling factor of  has the same effect as a mass scaling factor of . Considering the 

complexity of the model, a mass scaling factor of 1000 was used to improve the efficiency 

of the model, while providing an acceptable solution. 

For an analysis in ABAQUS, the geometric nonlinearity is ignored if a small displacement 

formulation is used, but included if a large displacement formulation is used. The 

geometric nonlinearity of the specimen is considered by defining “NLGEOM=YES” in the 

model. 
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Figure 6-1: Deformation of a First-Order Element with Reduced Integration under Bending 
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Figure 6-2: Lateral Loading System in Model 
 



136 
 

(a) (b)

(c) (d)

 
 

Figure 6-3: Mesh in Columns 
a) Steel Section; b) Concrete; c) Links; d) Side Plates 
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Figure 6-8: Strain Hardening Rules 
(a) Isotropic; (b) Kinematic; (c) Independent 
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Figure 6-9: Material Curves under Unidirectional and Cyclic Loading 
(a) Unidirectional Loading; (b) Cyclic Loading with Isotropic Hardening 
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Figure 6-10: Material Curves for First Storey Infill Panel 
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Figure 6-11: History of First Floor Applied Displacement 
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Figure 6-12: Energy History 
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7. DISCUSSION OF MODEL RESULTS 

7.1 Introduction 

A finite element model was developed before the specimen was tested and then modified 

based on observations from the data collected during the test. The model result was 

compared with the test results, including the behaviour of the infill panel, the PEC columns 

and the whole specimen, as well as the internal forces in the columns and first storey 

beam. After the model was verified, it was used to further study the behaviour of the PEC 

columns. 

7.2 Overall Behaviour 

The curve of the base shear vs. the first storey deflection in the model using the modified 

material curves for the bottom infill panel, as discussed in chapter 6, is shown in Figure 

7-1, as well as the envelope of the base shear vs. the first storey deflection under cyclic 

loading in the test. The two curves have similar elastic stiffnesses and similar nonlinear 

curves until the first storey deflection reached about 21 mm (equivalent to cycle 16). Under 

cyclic loading, inelastic behaviour occurred in the specimen even at very early stages, 

such as inelastic buckling in the first storey infill panel and concrete cracking. The inelastic 

behaviour caused the stiffness to drop slightly in the specimen even at a low load level, 

which led to the difference in the stiffness between the model and the test. The effective 

stiffness of the specimen, determined as the slope of the straight line connecting the origin 

to the point on the curve corresponding to 75% of the yield strength (1380 kN, as 

discussed in Chapter 5), was 154 kN/mm for the test specimen, while the effective 

stiffness of the model was 168 kN/mm, which is 9% higher than the test result. As shown 

in Figure 7-1, the ultimate capacity of the specimen was 1817 kN at a first storey deflection 

of 35 mm, while the ultimate capacity of the model was 1670 kN, which is 8% lower than 

the test result. 
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In the test, the first storey infill panel buckled into one wave (i.e., one full wavelength) in 

the first three cycles (to reach a base shear of 316 kN), and buckled into two waves during 

cycles 4 to 6 (to reach a base shear of 632 kN). The plate then buckled into three waves 

starting from cycle 7 (first cycle to reach a base shear of 948 kN) until the last cycle in the 

test. Similar to the test, the first floor infill panel buckled into one wave around a base 

shear of 319 kN, two waves around a base shear of 572 kN, and three waves around a 

base shear of 848 kN until the end. As shown in Figure 7-2, the specimen was pushed 

towards the north and the north column was in compression, while the south column was 

in tension due to overturning. The three-wave buckling of the plate is shown in Figure 7-2, 

which is the deformed shape of the specimen at the end of the loading in the model 

(P = 1690 KN). The three-wave buckling of the plate is also shown in Figure 7-3, which is 

the residual deformed shape of the specimen after the test was complete because there 

was no clear view of the whole specimen during the test due to the existence of the gravity 

load simulators used at both sides of the specimen. In the model, double curvature was 

observed in both columns, with the point of contraflexure located at a higher position in the 

compression column than the tension column (the compression column or the tension 

column herein means the column in compression or tension due to overturning under 

lateral loads). A similar characteristic was also shown in the deformed shape of the 

columns in the test. Compared with the deformation in the first storey infill panel and 

columns, the bottom beam had minor deformation in both the model and the test. 

7.3 Infill Panels 

Since the strain rosettes were mounted to the first storey infill panel only at three nodes, 

the data was not enough to be compared with the stresses distributed in the panel in the 

model and the camera data was used instead. The camera system was used to record the 

strains of the first storey infill panel during the test on the west surface in the north bottom 

corner. A grid of 5 x 5 points inside of the recording region of the camera system were 

chosen and the stresses at those 25 points were calculated based on the strain history 
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and isotropic hardening rule. To clearly and simply express the result, the average value 

of the envelope of von Mises stresses at the 25 points under cyclic loading from the 

camera data is shown in Figure 7-4. The average value of von Mises stresses in the model 

at 25 nodes corresponding to those points in the camera data is also shown in Figure 7-4. 

The stress curve of the camera data exceeds the yield strength, confirming that strain 

hardening did occur in the first storey infill panel during the test. The stress curve of the 

model data using the modified material curve was able to simulate the strain hardening in 

the first storey infill panel. Although the data from the camera system was recorded only at 

one side of the first floor infill panel, not the middle surface, the average value of the data 

at 25 points reflected the situation in the middle surface to some degree.  

The difference between the maximum and minimum von Mises stresses of the chosen 25 

points inside of the camera region in the test and in the model are shown in Figure 7-5. 

The stresses were non-uniform at the early stage of the test before the tension field was 

developed completely. The stresses became much more uniform after the panel started to 

yield and then became less uniform again once strain hardening occurred. The difference 

between the two curves proves the stresses in the first storey infill panel were more 

non-uniform in the model than in the test due to the short yield plateau in the modified 

material curve used in the model, which was discussed in Chapter 6. 

To study the anchorage stresses transferred from the first storey infill panel into the 

columns, the average values of the element stresses in the panel near the south column 

over the panel height are shown in Figure 7-6 and identified as “south edge”, while the 

average values of the element stresses in the panel near the north column are identified 

as “north edge”. The average values of the normal stresses, S11, in both the south and 

north edges were positive, which means that both columns were pulled towards the infill 

panel based on the sign definition of S11. The difference between the stresses indicates 

that the south column was pulled more severely than the north column, which explains 

why the south column was bent towards the panel more than the north column, as shown 
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in Figure 7-2. Also shown in Figure 7-6, the average values of the shear stresses, S12, on 

both the south edge and the north edge were positive, too, which indicates that the south 

column was pulled up while the north column was pulled down. The positive sign of the 

shear stresses shows the anchorage stresses contributed tension into the south column 

and compression into the north column, which caused the compressive force in the south 

column to decrease from the top to the bottom of the column, but it increased in the north 

column. Considering the combination of the normal stresses, S11, and shear stresses, 

S12, the direction of the diagonal anchorage stresses from the panel was identical to the 

tension field theory of the steel plate shear wall system. Although the shear stresses, S12, 

in the south edge and north edge were similar, the normal stresses, S11, in the south 

edge were larger than the north edge, which led to larger principal stresses, SP1, in the 

south edge than the north edge. In the model, the tension field in the panel was not 

completely uniform. 

The test data from the strain rosettes attached to the second storey infill panel were 

analyzed and the vertical anchorage stresses at the peak of cycle 4 (first cycle to reach a 

base shear of 632 kN), cycle 7(first cycle to reach a base shear of 948 kN) and cycle 10 

(first cycle to reach a first floor deflection of 7 mm) when the specimen was pushed 

towards the north are shown in Figure 7-7. The normal stresses of the elements in the 

second storey infill panel near the top beam in the model at the same first floor deflection 

are shown in Figure 7-7 as well. Positive stresses at the middle of the top beam and 

negative stresses at the ends of the top beam indicates that the stresses from the second 

storey infill panel were pulling the top beam down at the middle, but tended to push the top 

beam up at the ends, which was considered as a local effect. It is also shown in Figure 7-7 

that the top beam was pulled down over a longer range along the beam length when larger 

lateral loads were applied. 
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7.4 PEC Columns 

7.4.1 Internal Force Distribution 

Based on the strain gauge data, the axial forces in the south and north columns at the 

peak of cycle 4, cycle 7 and cycle 10, when the specimen was pushed towards the north, 

are shown in Figure 7-8 and Figure 7-9, while the corresponding bending moments in the 

south and north columns are shown in Figure 7-10 and Figure 7-11, respectively. The 

model results at the same first floor deflection are also shown in the figures. 

It is shown in Figure 7-8 and Figure 7-9 that the axial compressive forces decreased from 

the top to the bottom of the south column and increased in the north column due to the 

shear stresses transferred from the panel (shown in Figure 7-6). As the lateral loads 

increased, the axial compressive forces decreased in the south column and increased in 

the north column due to the overturning moment. In general, the model predicts the 

column axial forces well. The moments in the columns are defined as positive when the 

south flange was in compression and the north flange was in tension. The moments in 

Figure 7-10 and Figure 7-11 show that the south flange in both columns was in tension at 

the bottom of the columns, while the north flange in both columns was in tension at the top 

of the columns, similar to a moment-resisting frame. However, the change in the slope of 

the curves along the column height indicates that both columns were pulled towards the 

panel by the tension field. Moreover, the more severe bent shape in the middle portion in 

the south column represents larger horizontal stresses from the panel into the south 

column than the north column, which was identical to the result shown in Figure 7-6. The 

model provides good predictions of the moments in the columns. 

Although many features shown in the test data were also shown in the model data, there 

are some differences caused mainly by the invalidity of some strain gauge readings. In the 

test, strain gauges were mounted to the outside and inside of the column flanges, so the 

average value of the strain gauges could be treated as the mid-surface strain in the 
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flanges. However, some of the strain gauges on the inside of the flanges (on the 

concreted side) were not working properly and were not used when the stresses of the 

flanges were calculated, potentially affecting the accuracy of the test values that were 

compared against the model. This is likely the main reason for the differences between the 

axial compressive forces in the north column observed in the model and those obtained 

from the test data. The differences between the internal forces in the columns obtained 

from the model and the test were also affected by the difference in the stress distribution in 

the panel between the model and the test due to the difference between the monotonic 

loading with the modified material curve and the cyclic loading with the original material 

curve.  

When the lateral loads increased, the compressive forces in the north column increased 

too due to the overturning moment and the diagonal tension forces from the infill panel. As 

a result, the encased concrete expanded more under larger compression and the column 

flanges bent outwards between links. The flanges at the link position tended to bend with 

the outside of the flanges in compression and the inside in tension, as shown in Figure 

7-12. The compressive stresses at the middle surface of the column flange calculated 

based on the remaining strain gauge data would be larger than the real values in the test 

and the corresponding axial compressive forces in the columns would be larger, too, 

which led to the differences of the axial forces at the level 2 (890 mm above the column 

base) of the north column between the model and test. Moreover, as the compressive 

forces in the north column increased due to overturning at larger lateral loading, the 

differences of the axial forces between the model and test increased too as shown in 

Figure 7-9. As mentioned in Chapter 4, strain gauges were mounted to the first storey 

columns at level 1 (530 mm above the column base), level 2 (890 mm above the column 

base) and level 3 (1290 mm above the column base). 

As mentioned in Chapter 3, the out-of-plumb of the north column was detected as an 

imperfection and would cause out-of-plane bending under vertical loads. The axial 
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compression transferred from the panel also increased the bending moments in the north 

column, which contributed compressive stresses at the west side of the column flange. 

The discarding of the strain gauge data at the east side of the column flange led to 

differences between the axial compressive forces in the north column from the model and 

those from the test. Moreover, larger lateral loads caused larger compressive forces due 

to overturning, and larger out-of-plane bending due to the out-of-plumb, and then led to 

larger compressive forces in the north column in the test data than the model results, 

especially at level 1, as shown in Figure 7-9. 

7.4.2 P-M Diagram 

To further study the behaviour of the PEC columns in the specimen, the P-M diagram for 

the columns was derived. The strains in the column were determined according to the 

assumption that plane sections remain plane under bending, which meant the concrete 

had the same strain as the steel at the same column depth. The strain at one end of the 

web was equal to the concrete crushing strain, εcu, while the strain at the other end of the 

web was equal to εs = kεsy, in which εs is the strain in the steel, εsy is the steel yielding 

strain and k is a factor with various values leading to different values of axial forces and 

bending moments. To facilitate the calculation, the steel section was divided into 12 

sections, including two flanges and 10 equal web sections along the column depth, as 

shown in Figure 7-13. The stresses in the column steel section were calculated in each 

column flange and each section of the web individually. The effective column flange width 

was used for the flange in compression, considering the slender flange elements. The 

compressive force in the column concrete portion was calculated according to 

CSA A23.3-04, while the tensile force of the concrete was taken as zero. The axial forces 

and bending moments in the column were then calculated as the sum of all 12 steel 

portions and the concrete compression block. The ultimate compressive capacity of the 

column was also calculated and treated as an upper limit.  
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The internal forces in the first storey columns right above the bottom side plate and right 

below the top side plate during the lateral loading until the first floor deflection reached 35 

mm in the model are shown in Figure 7-14, as well as the P-M diagram of the columns. 

Once the internal forces at the bottom of the north column reached the envelope of the 

P-M diagram at a first floor deflection of 21 mm, the internal forces at the top and the 

bottom of the north column, as well as the bottom of the south column, remained relatively 

constant but the internal forces at the top of the south column kept increasing. When the 

internal forces at the bottom of the north column reached the envelope of the P-M 

diagram, the capacity of the specimen stopped increasing. 

The internal forces in the columns from the test result, based on the strain gauge data 

during the lateral loading until the first floor deflection reached 35 mm, are shown in Figure 

7-15. The corresponding internal forces in the model are also shown in Figure 7-15, as 

well as the P-M diagram of the columns. The internal forces in the columns from the model 

and the test were close until the first floor deflection reached 21 mm, except the internal 

forces at level 1 (see Figure 7-15) in the north column, in which the test values were 

always slightly higher than the model values. The reason for the difference between the 

model and test in the north column were explained in section 7.4.1. In the south column, 

the internal forces at level 1 remained fairly constant, while the internal forces at level 3 

kept increasing in both the model and the test after the first floor deflection reached 21 

mm. In the north column, the internal forces in the model diverged from the internal forces 

at level 1 in the test, with the test values eventually exceeding the envelope of the P-M 

diagram. This appears to be caused by the presence of strain hardening, which was 

detected in the calculated stresses at level 1 in the north column flange based on the 

strain history from the strain gauge data and the isotropic hardening rule. The strain 

hardening in the north column in the test may also explain why the ultimate capacity of the 

test specimen was larger than that of the model, in which strain hardening in the panel 

was simulated, but strain hardening in the column was not. 
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7.4.3 Yield Deflection 

In the system of steel plate shear walls with PEC columns, yielding occurs in the infill plate 

first and, and then the plastic hinges in the columns start to form. As an important fuse of 

the system, plastic hinges in the columns should be considered when considering the 

yielding of the whole system. Hence, the yielding in the columns was treated as a sign of 

the significant yielding in the system. Since the strain gauges were mounted to the 

columns at the locations away from the potential plastic hinge zones to avoid early failure 

of the strain gauges due to yielding, the initiation of the yielding in the columns could not 

be recorded. Moreover, the paint on the specimen made the direct observation of yielding 

signs impossible. Since the overall capacity of the model matched that of the test 

specimen up to the first floor deflection of 21 mm, and the internal forces in the columns in 

the model were acceptable compared with the test results, the model was used to 

determine the yield deflection. The maximum stresses in the column flanges at the most 

critical position inside of each plastic hinge zone are shown in Figure 7-16. Based on the 

model results, yielding occurred in three out of four potential hinges in the columns at a 

first floor deflection of about 12.8 mm and the corresponding yield strength of the 

specimen was about 1380 kN. After the yield strength of the specimen was determined, 

75% of the yield strength was then calculated and the effective stiffness was determined 

based on the straight line from the origin to the point corresponding to 75% of the yield 

strength. The yield deflection was then determined as 9 mm, which is the intersection 

point of the effective stiffness line and the yield strength line, as shown in Figure 7-17. This 

yield deflection based on the refined model and observations from the test is slightly 

higher than the value of 7 mm used to conduct the test. 

7.5 Internal Force Distribution in the Bottom Beam 

The internal forces in the first storey beam are shown in Figure 7-18 and Figure 7-19 and 

there are some differences between the model and test data, especially in the axial forces. 
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As mentioned before, lateral loads were applied by the lateral loading system to the top 

flange of the beam at each floor to avoid local failure of the PEC column that could occur if 

the lateral loads were applied directly to the column. The lateral loading system was 

connected to the beam through slip-resistant connections and the distance between the 

first and last bolt in the beam top flange was 1800 mm. The lateral load transfer route was 

simulated in the model, but with the distance of 1642 mm instead of 1800 mm due to the 

mesh arrangement in the model, which led to differences between the model and test in 

the slope of the axial force curves, as shown in Figure 7-18. Moreover, unbalanced shear 

forces from the infill panels below and above the beam would affect the slope of the axial 

force curves. 

The bending moments in the bottom beam in the model and test are shown in Figure 7-19 

and the moments are defined as positive when the bottom flange is in tension. The 

moments are positive near the south end of the beam and negative at the north end of the 

beam, both in the model and the test, which is similar to the moment distribution in the 

beam of a steel frame without infill panels, suggesting that there is significant frame action. 

The shape of the moment diagram is influenced by the unbalanced normal stresses from 

the infill panels below and above the beam. The Figure 7-19 shows that the unbalanced 

normal stresses from the infill panels in the model were more severe than in the test, 

which might be caused by the use of the modified material curve instead of the original 

material curve for the first storey infill panel. 

7.6 Summary 

The model results from a push-over finite element analysis were compared with the test 

results. The base shear vs. first floor deflection curve from the model matched the curve 

from the test quite well until the first floor deflection reached around 21 mm. The buckling 

patterns and internal stresses in the infill panel and the internal forces in the columns 

observed in the test were simulated well in the model. The modified material curve used in 
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the model was able to simulate the total stresses in the panel under cyclic loading in the 

test, but with a less uniform distribution than in the test. The internal forces in the columns 

and beam in the model were close to those in the test, except the axial forces in the north 

column due to the early failure of some strain gauges. The internal forces in the columns 

in the model and test were also shown in the P-M diagram of the columns, which showed 

the effect of strain hardening that occurred in the north column close to the bottom after 

the first floor deflection reached 21 mm, while no increase in strength was seen in the 

model. The strain hardening in the north column partly explains the difference between the 

ultimate capacity of the model and test specimen. 
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Figure 7-1: Base Shear vs. First Storey Deflection 
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Figure 7-3:: Residual De
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Figure 7-4: Average Value of Von Mises Stresses in North Bottom Corner (West Side) of 
First Storey Infill Panel 
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Figure 7-5: Differential of von Mises Stresses in North Bottom Corner (West Side) of First 
Storey Infill Panel 
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Figure 7-6: Average Stresses in First Storey Infill Panel Near Columns 
(a) S11; (b) S12; (c) SP1  
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Figure 7-7: Vertical Anchorage Stresses into Top Beam 
(a) Cycle 4; (b) Cycle 7; (c) Cycle 10  
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Figure 7-12: Flange Bending between Links due to Concrete Expansion under 
Compression 
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Figure 7-13: Calculation of P-M Diagram of PEC Column  



168 
 

(a) 

 
 
(b) 

 
 

Figure 7-14: Internal Forces at Top and Bottom of Columns in P-M Diagram 
(a) South Column; (b) North Column  
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Figure 7-15: Internal Forces at Levels of Strain Gauges in P-M Diagram 
(a) South Column; (b) North Column 
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Figure 7-16: Yielding in Critical Column Flanges 
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Figure 7-17: Determination of Yield Displacement 
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Figure 7-18: Axial Forces in Bottom Beam 
(a) Cycle 4; (b) Cycle 7; (c) Cycle 10  
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(a) 

  
 
(b) 

  
 
(c) 

 
 

Figure 7-19: Bending Moments in Bottom Beam 
(a) Cycle 4; (b) Cycle 7; (c) Cycle 10 
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8. SUMMARY AND CONCLUSIONS 

8.1 Summary 

An exploratory test was performed on a half-scale two-storey specimen to study the 

behaviour of a steel plate shear wall with PEC columns as a new system under cyclic 

loading. Correspondingly, a finite element model was developed with the specimen 

sustaining monotonic loads to help assess the performance of the test and to further study 

the behaviour of the specimen. 

The specimen was a one-bay, two-storey steel plate shear wall with a storey height of 

1.9 m and column centreline spacing of 2.44 m. The overall height of the specimen was 

4.12 m excluding the 76 mm thick base plate. The infill panels were 3 mm thick and 

connected to the boundary elements by welding. Standard hot-rolled sections were 

chosen for the beams and the beams framed into the columns through moment 

connections with a design specific for the specimen. Both beams and columns were 

oriented so that they would bend about the strong axis when lateral loads were applied. 

PEC columns consist of a thin-walled H-shaped steel section with transverse links welded 

near the flange tips at intervals and concrete encased between the flanges. The cross 

section of the PEC columns used in the specimen was 250 mm x 250 mm and a thin plate 

with a thickness of 6.35 mm (1/4”) was used for the steel portion. Side plates were welded 

at the flange tips at each floor level to simulate real construction, where they are used as 

connection surfaces for the beams framing into the weak axis of the column. Additional 

side plates were used at the column bases to prevent weld fracture at the column base. 

Round bars with a diameter of 10 mm were used as the links and three different link 

spacings were used along the column height, considering the top and bottom of the 

columns were more critical than the middle portion of the columns. 
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The vertical loads were applied to the top of the columns through gravity load simulators, 

while the lateral loads were applied to the top flanges of the beams through a lateral 

loading system to avoid local failure due to the thin plate in the columns if lateral loads 

were applied directly on the columns. The internal forces in the columns were derived 

using data from strain gauges mounted to both the inside and outside of the column 

flanges to account for the effect of local buckling and flange bending due to concrete 

expansion and the thin thickness of the steel section. Strain rosettes were mounted to the 

panel at three locations at the middle height in the first storey and near the top beam in the 

second storey. A camera system was used to record the strain history at the bottom north 

corner on the west side of the first storey infill panel. 

A finite element model was developed with a push-over analysis and dynamic explicit 

solution strategy. In the PEC columns, shell element S4R was used for the steel section 

and side plates, beam element B31 was used for the links, and solid element C3D8R was 

used for the concrete. Shell element S4R was also used for the frame beams and infill 

panels in the specimen. Finite sliding in the contact pair algorithm was used to model the 

interaction between the steel section and concrete in the columns. A smooth amplitude 

displacement loading was used in the model to apply lateral loads so the dynamic effect 

was negligible. The lateral loading system used in the test was also modelled, and 

additional vertical and horizontal distribution beams were used to apply the lateral loads 

equally at each floor in the model for consistency with the physical test. 

8.2 Conclusions 

The failure mode of the test specimen was the initiation of column flange tears coinciding 

with the full development of plastic hinges at the bottom of the columns. Local buckling 

occurred at the outside column flanges at the bottom of the columns before the failure. At 

the failure, local buckling also occurred at the inside column flanges at the top of the 

columns as well as concrete spalling and crushing near the buckled column flanges. After 
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the peak load, more deterioration was detected, including a tear in the inside column 

flanges at the first storey beam bottom flange. Considerable nonlinear behaviour was 

observed but none led to a rapid drop in the specimen strength. The specimen behaved in 

a ductile manner, and even the tears in the flanges propagated gradually.  

Similar ductile behaviour was observed in the hysteresis curves and the dissipated 

energy. Compared with a previous test of a steel plate shear wall with steel frame (Driver 

et al. 1997), more nonlinear behaviour, less ductility, and less energy dissipation capacity 

were shown in the hysteresis curve of the specimen with PEC columns. However, the 

dissipated energy kept increasing before the peak load and was stable after the peak load. 

Moreover, the ductility under severe cyclic loading is very good with the displacement 

ductility reaching 6.6 where the actual curve crosses over the assumed yield plateau. The 

displacement ductility at the peak capacity of the specimen was 3.9. 

A finite element model was developed with a modified material curve for the first storey 

infill panel to simulate the isotropic strain hardening occurring during the test based on the 

strain rosettes and the dual-camera system data. The model and test results were 

compared, including the base shear vs. first floor deflection curve as well as the internal 

forces in the first storey columns and beam. 

Comparing the envelope of the hysteresis curves in the test with the base shear vs. first 

floor deflection curve in the model, the effective stiffness in the model was 9% higher than 

that of the test specimen, while the ultimate capacity in the model was 8% lower than the 

test. Similar behaviours were observed in the internal forces in the columns and beam in 

both model and test. When the specimen was pushed towards the north, the compressive 

axial forces decreased from the top to the bottom in the south column but increased from 

the top to the bottom in the north column due to the vertical component of the tension field 

in the panel. The moment distribution in the columns had a sign at the top and bottom of 

the columns as expected in frame columns without infill panels, but the bending moment 
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curves were bent towards the infill panel at the middle portion of the columns (instead of 

being straight lines) due to the horizontal component of the tension field in the panel. The 

axial forces in the first storey beam were quite linear, representing the uniform lateral 

loading through the lateral loading system to the top flange of the beam. The curved 

shape of the moment distribution in the beam was caused by the unbalanced tension field 

from the panels above and below the beam. However, there are some differences 

between the test and model data, especially for the compressive axial forces in the north 

column. The reasons for these differences are mainly  the failure of some strain gauges 

and the out-of-plumb of the north column. Moreover, the more uniform distribution of the 

tension field in the test than in the model also led to some differences in the column 

internal forces between the model and test. Both the model and the strain rosettes 

mounted to the second floor infill panel near the top beam showed non-uniform anchoring 

stresses from the panel to the beam. 

8.3 Recommendations 

Based on the results of this research program, recommendations for design and future 

research on steel plate shear walls with PEC columns are provided below. 

8.3.1 Design and Fabrication 

As the most critical location, the bottom of the PEC columns should be reinforced, 

especially on the outside flanges, so the tearing observed in the test would be postponed 

and the behaviour of the whole system would be improved. The addition of reinforcing 

bars in the concrete at the column base would be a cost efficient way of increasing the 

ductility of the hinge location and reducing the demand on the thin flanges. 

The bottom side plates were added to prevent failure at the welded column base. As a 

consequence, the plastic hinges were pushed up to the top of the bottom side plates. 

Based on plastic design criteria for a steel frame, a small height should be used for the 
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bottom side plates in PEC columns so the plastic hinges form as close to the column base 

as possible, reducing the resulting shear demand in the column. 

In the test, the moments in the bottom beam were low and no hinges formed at the ends of 

the beam, even though moment beam-to-column connections were designed. Hence, 

reduced sections near the beam ends could be used to develop plastic hinges and prevent 

the development of a soft storey. Moreover, considering the difficulty of transferring the 

plastic beam moment due to the thin thickness of the steel section in PEC columns, simple 

shear connections could be used unless a cost-efficient moment connection with minor 

potential deterioration to the PEC columns is designed. 

Since column flange local buckling occurred prior to the peak load and seemed to trigger 

the failure of the specimen, the use of an effective width is recommended for the column 

flange in compression when the bending capacity of the PEC column is calculated. 

Since the steel section in the PEC column is very thin, the quality of welding could be very 

influential, especially at critical locations such as the top of the bottom side plates. Caution 

is required for welding in those locations. 

8.3.2 Future Research 

Since hinges formed at the top of the first-storey columns rather than at the ends of the 

beam in this test specimen, behaviour of the moment beam-to-column connections in the 

system should be studied further by reducing the beam section near the ends. Steel plate 

shear walls with PEC columns and simple shear connections used at the beam ends 

should be tested to study the system behaviour. 

Different b/t ratios used in PEC columns with different cross-sectional dimensions should 

be studied to see the effect of these parameters on the behaviour of the columns and the 

whole system. The maximum b/t ratio of 32 allowed by CSA S16-09 (CSA 2009) needs to 

be verified for PEC columns used with steel plate shear walls. 
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The minimum stiffness requirement specified in CSA S16-09 (CSA 2009) for columns as 

boundary elements of steel plate shear walls needs to be verified for PEC columns by 

testing the system with PEC columns matching the requirement. A finite element model 

needs to be developed to study the effect of column stiffness on the behaviour and 

performance of the system. 

Since the tears at the flange tips at the bottom of the columns initiated the failure of the 

specimen, the provision of reinforcing bars or extra stiffeners at the bottom of the PEC 

columns should be investigated to study the associated improvement in ductility and 

robustness of the hinge region. More research is needed for other structural detailing to 

reduce the stress and strain concentration at the top of the bottom side plates, as well as a 

finite element study concentrating on the local behaviour at this critical location. 

A specimen with fish plates combined with bolted connections between the panel and 

boundary elements should be tested to develop design and construction options. 
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Appendix A - Shop Drawings 
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Appendix B - Steel Tension Coupons 
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Figure B-1: Tension Coupon Cutting Plan for First Storey Infill Panel 
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Figure B-2: Tension Coupon Cutting Plan for Second Storey Infill Panel 
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Figure B-3: Tension Coupon Cutting Plan for Steel Section in PEC Columns 
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Figure B-4: Tension Coupon Cutting Plan for First Storey Beam 
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Appendix C - Steel Tension Coupon Design 
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Figure C-1: Tension Coupon Type 1 (Infill Panels and Column Plates) 
(a) Plan View; (b) Side View 
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Figure C-2: Tension Coupon Type 2 (First Storey Beam Flanges) 
(a) Plan View; (b) Side View 
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Appendix D - Steel Tension Coupon Test Results 
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Appendix E - Concrete Cylinder Test Results 
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Table E-1 Concrete Cylinder Test Results 

 

 

Concrete in the 
columns 

First Floor Second Floor 

South Column North Column South Column North Column 

Mark S1 N1 S2 N2 

Slump (mm) 160 160 150 145 

Air Content (%) 1.9 1.4 1.5 1.7 

Density ( kg/m3) 2592 2592 2462 2462 

Elastic Modulus 
(MPa) 

23 483 23 548 23 448 25 132 

Strength (MPa) 52.6 56.4 55.7 56.9 

7 day 32.0 37.8 36.5 35.7 

28
 d

ay
 Cylinder 1 42.3 44.6 45.4 44.5 

Cylinder 2 39.2 47.1 43.7 44.6 

Average 40.7 45.8 44.6 44.6 

T
es

t d
ay

 Cylinder 1 51.9 59.2 56.6 56.8 

Cylinder 2 51.6 56.8 54.0 56.1 

Cylinder 3 54.5 53.2 56.6 57.8 

Average 52.6 56.4 55.7 56.9 


