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Stability problems in fissured, over-consolidated clays and

Abstract

mudstones are troublesome because of their time-dependent nature.
This time-dependent instability has been attributed to softening and
long-term pore water pressure effects.

A comprehensive feview of time-dependent instability in
fissured, over-consolidated clays and mudstones is presented. The
mechanisms and effects of softening are discussed in detail. The
effects of long-term pore water pressure equalization are also
considered. The mechanism of softering described by Terzaghi
appears to be valid. Weathering effects also contribute to softening.
Softening may be classified into internal and external mechanisms.
Field evidence for softening are collected from the literature.,
Softening effects can be seen to result in a decrease in the shear
strength of a material with time, accompanied by a reduction in the
dilatancy characteristics.

A simple non-linear failure criterion is proposed for materials
of interest in this study. The usefulness of this failure criterion is
demonstrated through comparisons with experimental data taken
from the literature. The shear strength reduction due to softening
may be described rationally from the initial to the fully-softened
condition, using the proposed failure criterion together with time-
dependent strength parameters.

It is proposed to analyze the effects of softening by means of
the finite element method. This follows a conventional elastic-plastic

formulation. The proposed failure criterion is used in its generalized



form as a yield function, together with the time-dependent strength
parameters. The constitutive models are elastic, perfectly-plastic
and strain-softening relations. Analyses of examples illustrate the
effectiveness of this finite element formulation,

Analytical methods to analyze softening effects are also
derived by incorporating the proposed failure criterion with time-
dependent strength parameters into various existing methods of
analysis. These methods provide a simple and inexpensive means of
evaluating the effect of softening.

A comprehensive finite element analysis of softening is
presented and an example is analyzed, which portrays the essentials
of the role of the softening mechanism in time-dependent instability.

Time-dependent deformations observed in fissured, over-
consolidated clays and mudstones are often analyzed as creep or
visco-plastic behaviour. However, considering the calculation results
presented in this work, it can be said that the concepts presented
here provide an alternate means to analyze time-dependent

instability without losing physical insight.
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1. Introduction

1.1 General

It has long been known that cut slopes in fissured, over-
consolidated clays and mudstones may fail some considerable time
after the slope was constructed. Further, the failure is often a 'first-
time' failure; that is, there has been no previous instability due to
landsliding or other geological processes. Cuttings in London Clay, for
instance, often failed with delay of several to many decades after
excavation. This time-dependent instability is attributed to
reduction with time in the shear strength of a material. Two factors
- softening and pore water pressure equalization - contribute to this
loss of shear strength. Throughout this thesis 'softening' does not

mean 'strain-softening’ unless otherwise stated.

Softening is time-dependent and leads to a reduction in shear
strength of material. It can be triggered by unloading which may be
imposed artificially or naturally, Weathering also contributes to
softening.  Softening has received increased attention since Terzaghi
described it in 1936 in connection with failure of slopes in stiff,
fissured clays; but most often attention is directed toward
determination of the shear strength operative at failure from back-
analyses of failed slopes rather than understanding of the
mechanisms and effects of softening.

In spite of the lack of understanding of softening, the effect of

softening has been recognized in geotechnical practice by employing

1



fully-softened shear strength parameters which are determined on
the remoulded, normally-consolidated clay or by considering the c'
component to be zero in the shear strength parameters of the
undisturbed clay. These fully-softened strength parameters have
been widely used not only in stability analyses but also in the
deformation analyses of earth structures constructed in these
materials. However, the softening mechanisms and their effects
remain poorly-understood. Further, the time-dependency is often
neglected or dealt with using wrong mechanisms.

It has been recognized that pore water pressure immediately
after excavation is much smaller than the ultimate equilibrium
pressure due to development of negative excess pore water pressure
and that this depressed pore water tends to equalize with time
toward the ultimate equilibrium condition. This is accompanied by
swelling of the material. This pore water pressure equalization leads
to a gradual decrease in effective stresses in the ground, thus
resulting in a reduction in the shear strength.

The purpose of the research encompassed by this dissertation
is to gain a better understanding of time-dependent instability in
fissured, over-consolidated clays and mudstones with special
emphasis on softening and the numerical analysis of softening

effects.

1.2 Scope of work

To achieve the objective stated above the following scope of

work has been pursued:



1. Review of literature (Chapter 2)

The purpose of this review is to clarify mechanisms of time-
dependent instability in fissured, over-consolidated clays and
mudstones. The main emphasis is placed upon softening. The
concept and mechanism of softening are discussed together with an
overview of field evidence and experimental studies. Pore water
pressure effects are also considered. Finally, theoretical studies

regarding softening are reviewed.

2. Development of a failure criterion (Chapter 3)

A simple non-linear failure criterion is proposed to represent
the effect of softening which is clarified in Chapter 2. Time-
dependent strength parameters are also proposed. Effectiveness of
the failure criterion is evaluated through comparisons with

experimental data taken from the literature.

3. Development of a finite element method (Chapters 4 and 5)

In order to analyze softening effects, a finite element method is
developed based upon an elastic-plastic formulation. The failure
criterion and time-dependent strength parameters proposed in
Chapter 3 are incorporated in this finite element method. The
constitutive model considers an elastic, perfectly-plastic (Chapter 4)
and strain-softening (Chapter 5) relations. Although pore water
pressure effects are included in the finite element method for an
effective stress analysis, the dissipation of pore water pressure is not

taken into account.



4. Application of the finite element analysis of softening to a rock

pressure problem (Chapter 6)

In order to evaluate the usefulness of the finite element
method proposed in previous chapters, a rock pressure problem
observed in a tunnel constructed in mudstone bedrock is analyzed.

The setting of this problem is taken from a case history in Japan.

5. Performance of simple analyses of softening in geotechnical
engineering problems (Chapter 7)

In order to appreciate the effect of softening in routine
analyses in a simple and inexpensive manner, the proposed failure
criterion and time-dependent strength parameters are incorporated

in several existing analytical methods in geotechnical engineering.

6. Consideration of a comprehensive softening analysis (Chapter 8)
A more comprehensive finite element analysis of softening is

presented based upon a further discussion on softening and the

concepts of softening established in Chapter 2, and an example is

analyzed.

7. Conclusions (Chapter 9)
The conclusions drawn from this research work are

summarized. Suggestions for future research are also given.



2. Review of literature

2.1 Introduction

This chapter reviews mechanisms of long-term instability of
cut slopes and tunnels in fissured, over-consolidated clays and
mudstones. The main emphasis is placed upon softening. The
concept of softening is first described, followed by field evidence of
softening. The field evidence comes from case histories of cut slopes
in England, Canada and of tunnels in Japan. The mechanism of
softening is then discussed based upon experimental studies
available in the literature. Long-term pore water pressure effects,
another factor in time-dependent instability, is also considered.

Finally, theoretical studies on softening are reviewed.

2.2 Softening

As early as 1884, softening of fissured, over-consolidated clays
and its importance were noticed by some engineers, in field
investigations in connection with stability of cuttings for railroads in
England. A first, clear explanation of the mechanism of softening was
put forward by Terzaghi in 1936, in relation to cut slope failures in
stiff, fissured clays. It is summarized as follows. The fissures are
almost closed as long as the clay is in its natural state. When a cut is
made, the state of stress around the cut is changed and the clay

expands, allowing some of the fissures to open. The fissures will



remain open at considerable depths because of the high strength of
the clay. When water such as rainfall infiltrates the openings and
the clay along the faces of the fissures starts swelling, weakening of
fragments of the clay results. More fissures may be opened or
formed during softening. In this way, softening advances gradually
and may lead eventually to failure of the cut slope.

Softening can occur in an underground excavation. When an
opening is excavated in a rock mass, tangential stress concentrations
are developed around the opening wall. As the stress level is high
relative to the rock mass strength, an over-stressed zone is created
near the opening, followed by stress redistribution. If the rock mass
is composed of sedimentary soft rocks such as mudstone and shale,
the rock material in the Plastic zone can absorb water and soften.
This leads to a gradual increase in tunnel deformations, for an
unlined tunnel, or in the rock pressures imposed on the supports, for
a lined tunnel. This point was illustrated by Nakano (1979, 1981)
and is discussed in the next section. It should be moted in the above
that not only fissures but also unloading plays an important role in
softening.

Any differential displacements or shear straing which may
occur locally due, for instance, to lateral expansion upon unloading
also contribute to softening (Skempton, 1970). This can be seen
easily from experimental observations that during shear, under
drained conditions, an over-consolidated clay exhibits dilatancy
accompanied by an increase in water content of the thin shear zone.
As can be seen in the subsequent section, this has also been observed

in the field (e.g., Henkel, 1956; 1957).



Weathering contributes to softening. It causes the structural
disintegration or physical breakdown of a rock mass and the
decomposition or chemical alteration of the constituent minerals and
matrix materials, contributing to the reduction of shear strength.
The main physical weathering processes are cyclical wetting-drying
and freezing-thawing. Oxidation, reduction and hydrolysis are
typical examples of chemical weathering. These weathering
processes affect the dilatancy characteristics and the frictional
component of shear strength (e.g., Chandler; 1969, 1972). More
detail of the effect of physical weathering upon shear strength is
discussed under the contexi of softening mechanisms in Section 2.4.

Softening can be classified into internal and external processes.
The softening described by Terzaghi, Nakano and Skempton can be
considered to be internal since no external agents are acting on the
process except for the initial unloading. On the other hand, the
softening due to weathering can be considered to be external because
during the process the energy for disintegrating the material comes
from outside of the ground. It should be noted that this softening
may be restricted to the near ground surface since weathering
effects are generally restricted to relatively shallow depths below
the ground surface. It is reasonable to believe that softening is more
severe and its rate is much higher near the ground surface than at
depth because at shallow depths internal as well as external

softening take place.

2.3 Field evidence of softening

2.3.1 English clays



London (I

London Clay is probably the best known fissured, over-
consolidated clay in geotechnical engineering. It is a marine clay
deposited, following the sandy Oldhaven Beds, in Eocene age and was
overlain by later Eocene sediments such as the Claygate, Bagshot,
Bracklesham and Barton Beds. At least 150 m of the sediments have
been removed by erosion in many areas of the London Basin. Thus,
the clay is heavily over-consolidated. London Clay is generally blue-
grey in colour (Blue London Clay) and highly fissured. The top S to
15 m of the clay, however, is oxidized to a brown colour due to
weathering (Brown London Clay). The index properties of London
Clay are known to be relatively uniform throughout the area. The
typical index properties are summarized in Table 2.1. Table 2.2
shows the mineralogy of the clay fraction.

Softening of the clay along fissures upon percolation of
rainwater was observed by engineers and geologists during the
construction of railway cuttings in London in the mid nineteenth
century. Later, Skempton (1948) investigated many cuttings and
retaining walls which failed 10 to 47 years after construction, For
instance, the detailed investigations of the slip of a retaining wall at
Kensal Green, which was constructed in Brown London Clay in 1912
and failed 29 years later, revealed softened clay on the surfaces of
the fissures. Free water was also found in the fissures, Based upon
back-analyses of case histories, variation of the average shear

strength along the slip surface with time is presented as shown in



Figure 2.1. The time dependent nature of softening is clearly
indicated.

Henkel (1956, 1957) also reported the existence of very wet,
soft clay in the slip zone during the investigation of three cut slope
failures at Uxbridge, Wood Green and Northolt. These failures took
place 19 to 55 years after excavation. At the Uxbridge site, for
instance, a sample taken from a borehole crossing the slip zone was
observed to have a soft zone about a quarter inch (6 mm) thick, and
the water content distribution around the soft zone was measured as
shown in Figure 2.2. It is seen that the water content varies from a
peak value of 36% in the soft zone to the value of 28% in the
surrounding zone. This softening was considered to be associated
with the dilatancy observed during local shear displacements.

James (1970) analyzed about ninety case histories in English
over-consolidated clays including London Clay. The analysis was
conducted in a more rational manner than the previous studies by
Skempton (1948) and Henkel (1957). He used the Morgenstern-Price
method which can handle an arbitrarily-shaped slip surface in terms
of effective stress. The study confirmed the softening effect
suggested earlier by Skempton (1948) and Henkel (1957), and its
time dependency. Figure 2.3 shows a plot of back-calculated
cohesion intercepts associated with the Mohr-Coulomb failure
criterion for cut slopes against their life time. The cohesion intercept
for each failure was evaluated on the assumption that the angle of
friction was 20° which is a typical value for the peak shear strength
of undisturbed and remoulded London Clay. The results are also

plotted in the form of a graph relating the average shear strength
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along the slip surface to the average effective normal stress as shown

in Figure 2.4. Points of first-time slips are located above or on the

line defined by ¢' = 20° and ¢' = 0, depending upon their age. As the
life time of a slope increases the point approaches the line, as would
be expected from Figure 2.3. This shear strength can be considered

to be that of the ultimate condition of softening and has been called

the fully-softened strength (Skempton, 1€ *)).

Upper Lias Clay

Upper Lias Clay is a fissured, over-consolidated clay of Jurassic
age, which outcrops widely in the Midlands of England. It generally
has a blue-grey colour in the unweathered state and a brown colour
when weathered. Since the clay has been very heavily over-
consolidated, the maximum, previous overburden thickness
exceeding 1000 m, the natural water content of Lias Clay in the
unweathered state is well below the plastic limit. Compared with
London Clay, Lias Clay is less plastic. One of the significant features
observed in the Lias Clay is weathering effects (Chandler, 1972).
Weathering raises the natural water content of the clay to its plastic
limit and reduces its shear strength markedly. Brecciation is often
observed in the upper Iayer, which results from severe weathering.
The index properties are summarized in Table 2.3 and Table 2.4.

Cassel (1948) observed softening of Upper Lias Clay. He
investigated several failures of cuttings which were delayed 40 to 70
years from the completion of excavation. Wetter and softer clays

were observed along the slip surfaces.
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Chandler (1974) studied twelve first-time failures of cuts in

the east Midlands. The failures occurred from 6 to 126 years after
excavation. At the several sites where deep holes were drilled for
investigation, softened clays were detected in samples taken at the
elevation of the slip surface. Results of the back-analyses of these
failures showed that the brecciated clay exhibited lower shear
strength than the merely weathered clay (Figure 2.5). It should be
noted that even brecciated clay does not reach its residual condition.
Further, the typical laboratory value of ¢' shown by a broken line

agrees with the back-figured value.

2.3.2 Upper Cretaceous bedrock (Western Canada)

Two well-documented case histories, based upon extensive
field investigations, are presented here: those of the Devon Slide
(Eigenbrod and Morgenstern, 1971) and Edgerton Slide (Tweedie,
19° ;. Thomson and Tweedie, 1978).

The Devon slide, which is located south-east of Edmonton,
Alberta, took place in bedrock of the Edmonton formation, two
months after excavation. The Edmonton formation is a non-marine
deposit and consists of mudstone, claystone, siltstone and sandstone
with coal seams and bentonitic layers. About 600 m of sediments of
the Paskapoo formation and the upper part of the Edmonton
formation is believed to have been removed by subaerial erosion
during the Oligocene age. Index properties of the bedrock materials
at the site are summarized in Table 2.5. From an extensive

investigation, including test pits and seven boreholes, the slip surface
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was found to be seated in a horizontal bentonitic layer and to cross

mudstone and claystone layers in the back slope.  Further, it was
determined that the bedrock materials of the back slope had
experienced softening in place. Figure 2.6 shows typical stress-strain
curves obtained from drained triaxial tests on softened and
unsoftened back slope materials. The corresponding failure
envelopes are plotted in a p-q diagram as shown in Figure 2.7. It can
be seen that the softened material possesses significantly lower
stiffness and shear strength compared with the unsoftened material.
The Edgerton slide is located in eastern Alberta and is seated in
bedrock of the Belly River formation which consists of poorly-
indurated, interbedded sandstone, siltstone and clayshale of late
Upper Cretaceous age. Weathering effects were observed down to a
depth of 12 m below ground surface. Softening of clayshale along

the joints was observed in core samples taken from the slope.

2.3.3 Japanese mudstones

Softening has been observed in mudstone bedrock around
tunnels. Nakano (1979, 1981) conducted comprehensive studies on
Tertiary mudstones in Japan in connection with heavy rock pressures
observed in many tunnels. One of his case histories, Noshiro Tunnel
No.d, is described here, This tunnel was driven through a Tertiary
mudstone bedrock in the Fujikotogawa formation. It is reported that
the mudstone disintegrates easily upon cyclical drying and wetting
but that it shows little disintegration when merely immersed in

water at its natural water content. The typical index properties are
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given in Table 2.6. During the construction of the tunnel, mudstone

and gouge clay were exposed on the excavation faces. It was found
that the mudstone experienced softening. The water content of the
mudstone corresponded to that of the remoulded mudstone swollen
under the overburden pressure, but the mudstone still exhibited
strain-softening behaviour, The water content distribution in an
undisturbed mudstone specimen before and after a drained direct
shear test in a dry shear box is shown in Figure 2.8. A significant
increase in water content can be seen in the thin shear zone. On the
other hand, the gouge clay showed no over-consolidation effect and
had a significantly higher water content which was considered to be
due to dilatancy during tectonic shearing, reaching the fully-softened
state. Figure 2.9 shows the typical stress-strain curves obtained in
triaxial compression tests on mudstone and gouge clay sampled from
a tunnel face. Considering that there was no free ground water
around the tunnel sufficient for expansive clay minerals contained in
the rock to swell such a large amount, it was suggested that the
strength reduction of the rock mass to the fully-softened state could
be the most likely cause for such high rock pressure. It is reasonable
to consider that a significant amount of swelling was taking place due
to physical disturbance provided during formation of the plastic zone
around the tunnel and contributed to this high rock pressure. Water
would be drawn from pores and fissures. Ohtsuka and Takano
(1980) also reported similar observations during the construction of

Nabetachiyama Tunnel.
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2.4 Softening mechanism

Historically, the softening effect has been considered in terms
of the fully-softened condition, i.e., complete reduction of the
cohesion intercept in the Mohr-Coulomb failure criterion. The
following are typical values for the peak and residual shear strength
parameters, in terms of effective stress, of undisturbed Brown
London Clay. The peak shear strength parameters for the

remoulded, normally-consolidated clay are also shown (Skempton,

1970; 1977).

Undisturbed samples

Peak shear strength

¢ =15 kPa ¢' = 20° on standard specimens
c'= 7kPa o' = 20° on larger specimens
Residual shear strength
c¢'= 0kPa o' = 14°,

Remoulded samples
Peak shear strength
c'= 0kPa o' = 20°.

It should be noted here that the remoulded, normally-consolidated
clay gives the same value of ¢' as the undisturbed clay. This peak
strength of the remoulded sample has been used as the fully-
softened strength for Brown London Clay which agrees with the field

strength as shown in Figure 2.4.

Fully-softened strength parameters are determined on the
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remoulded clay or by considering the ¢' component to be zero in the

shear strength parameters of the undisturbed clay. These fully-
softened strength parameters have been recommended and widely
used in design of cuttings in fissured, over-consolidated clays and
mudstones (Chandler and Skempton, 1974; Simpson et al., 1979; Gibo,
1987). However, the mechanism of the reduction of shear strength
due to softening has not been fully understood.

Before discussing the mechanism of softening in detail, it would
be useful to review briefly the shear strength characteristics of
fissured, over-consolidated clays. The typical characteristics can be
summarized, referring to a comprehensive experimental study by
Bishop et al. (1965) on undisturbed Blue London Clay (Figure 2.10),
as follows:

(a) The stress-strain curve is of brittle type for low to

medium stress levels and changes gradually from the brittle

to ductile type as the effective confining pressure increases.

(b) The transition of the volume change from contraction to

dilation occurs just before or when the peak stress is reached.

(¢) The failure envelope is markedly non-linear at low stress

levels.

Similar characteristics have also been observed on mudstones
(Shinjo, 1976; Watanabe et al., 1988).

The existence of fissures makes the shear behaviour of the
material unique. Marsland (1971) studied this aspect in some detail.
From a review of drained triaxial compression tests on large
diameter (98 mm) specimens of Blue London Clay, it was found that

at low effective stresses the fissured clay behaved like a blocky
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material separated by a system of fissures and that the shear plane

passed through fissures between clay lumps within which the effect
of high over-consolidation was retained. At higher effective stresses
the shear took place through the hard clay lumps. The resulting
failure envelope is curved as shown in Figure 2.11 (seen also in
Figure 2.10(b)). Another important observation in the study was
that specimens which were allowed to swell under very low stresses
prior to shearing did not exhibit dilatancy or a pronounced peak in
the stress-strain curve. This is an indication of the softening effect.
Similar observations have been made by Kjartanson (1978) and
Thomson and Kjartanson (1985) from drained triaxial tests on an
over-consolidated Lake Edmonton clay which had been subjected to
weathering effects, creating nugget structures in the clay mass. The
samples were observed to behave as a cohesionless material. At low
stress levels shear took place around the hard nuggets and through
the nuggets at stress levels higher than the effective overburden
pressure. The failure envelope was approximated to be bi-linear.
The non-linear failure envelope observed in fissured, cver-
consolidated clays can be explained from the viewpoint of shear
strength of discontinuities in a rock mass. Patton (1966) carried out
an experimental study in which direct shear tests were conducted on
plaster specimens having interlocking surfaces as shown in Figure
2.12. During shear, the specimen moves over the teeth at low normal
stresses, resulting in a high angle of friction and high dilatancy. The
angle of friction is due to the inclination of the teeth and the angle of
internal friction of the material. As the normal stress increases the

tendency for the teeth to be sheared off increases and dilatancy
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decreases. In the extreme, no dilatancy will occur and the shear

plane will pass entirely through the intact material. The inclination
of the teeth then contributes neither to the shear strength nor the
dilatancy. A bi-modal failure envelope results as shown in Figure
2.12. In reality, even at low stresses, some asperities on
discontinuities are sheared off and only at very high stresses can
shear take place entirely through the intact rock. Thus, a non-linear
failure envelope is obtained instead of the bi-modal failure envelope.
With the above discussion, the softening effect can be
visualized as follows. Suppose that unloading is imposed on ground
consisting of a fissured, over-consolidated clay. Suction is generated
by the unloading, and some fissures open. The surface of the clay
lumps adjacent to the fissures starts softening by absorption of water
as discussed in Section 2.2, creating softer mantles around the hard
cores. This results also in a weaker interlocking condition in the
system of fissures. These softer mantles would be sheared before
the hard cores are brought into contact and sheared, and less shear
force would be required. This results in a reduction of the dilatancy
property or the geometric component of resistance. As the softening
advances, the degree and area of softening increase. Thus more
softer zones would be involved in shearing, resulting in further
reduction in the shear strength. Since the clay, in reality, is under a
certain effective over-burden pressure, the clay at the ultimate
condition of softening, the fully-softened condition, would be
equivalent to the normally-consolidated clay (Skempton, 1970).
Botts (1986) attempted to explain the strength reduction due to

softening from the viewpoint of the behaviour of joints in a rock
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mass. He related the softening of fissures to an increase in the

thickness of soft fillings in joints and considered that the effect of the
filling on the shear strength of a rough joint was similar to the

softening effect.

A first, valuable remark on the effect of softening was made by

Morgenstern in 1977, with the schematic view as shown in Figure

2.13:

“. . . the results of softening may simply be to reduce the
dilatancy characteristics of the fissured system at low
effective stresses."

In order to clarify the mechanism of strength reduction due to
softening, it is necessary to conduct an experimental study at low
stress levels. There are only a few comprehensive experimental
studies conducted at low stress levels. Graham and Au (1985), and
Graham and Shields (1985) carried out a series of triaxial tests under
undrained and drained conditions on samples: (a) undisturbed, (b)
swollen under low effective stresses and (c) subjected to five cycles
of freezing and thawing, of fissured, over-consolidated Lake Agssiz
clays over a wide range of effective stress levels including very low
stresses. The study of sample microstructure indicated cyclical
freezing-thawing disturbed the soil structure more severely than
mere swelling, and nugget structures were observed in the freeze-
thaw cycled samples. The results of consolidation tests, conducted at
the same time, confirmed this point. Freeze-thaw cycles and swelling
increased the pre-yield compressibility but decreased the post-yield

compressibility as shown in Figure 2.14. The freeze-thaw cycled
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samples exhibited no yield point, while the swollen samples still

showed a clear yield point, suggesting much of the original soil
structure was still retained after swelling. Regarding the shear
behaviour, undisturbed samples exhibited strain-softening
characteristics with high dilatancy under drained conditions. The
freeze-thaw cycled samples, on the other hand, showed a less
pronounced peak in their stress-strain curves with less dilatancy.
The swollen samples exhibited intermediate characteristics. The
strength envelopes are shown in Figure 2.15. Non-linearity is
noticed in the strength envelopes. It is clearly shown in the figure
that the effects of swelling and freeze-thaw cycles are to reduce the
shear strength. The freeze-thaw cycled samples exhibit lower shear
strength, which is consistent with the microscopic study on the test
samples. It can be seen that the strength envelopes for these
samples tend to become parallel to that for undisturbed samples at
higher stress levels. Further, they appear to approach the critical
state line. An examination of the effective stress paths during
undrained tests indicates that the swollen and freeze-thaw cycled
samples exhibit stress paths similar to those for undisturbed samples
rather than for the remoulded samples. These results suggest that
part of the original soil structure is retained in these samples. It
should be noted that application of more than five cycles of freezing-
thawing was reported to cause further damage to the soil structure
of the test samples and to lead to further disintegration. Thus, lower
failure envelopes could have resulted.

In the above study, it can be seen that the clay, when

experiencing softening, displays smaller shear strength and less
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tendency to dilate. Further, the effect of softening appears as the

lowering of the failure envelope and the reduction in the high
curvature observed at low stresses. This appears to support the
view of softening presented by Morgenstern (1977).

Experimental studies regarding the effects of swelling on shear
strength at low stress levels have been carried out by Scarpelli and
Calabresi (1984), Calabresi and Scarpelli (1985) and Calabresi and
Rampello (1987). A series of undrained triaxial tests was conducted
on fissured, over-consolidated Italian clay specimens subjected to
swelling for periods of 20 days, 1 month (after desiccation of 8 hours
at 30°) and 3 months. The 20-day specimens were observed to
exhibit brittleness and significant negative pore water pressure
during shear. The 3-month specimens showed lower shear strength,
but was almost the same as that of the 1-month specimans.
However, the shear strength envelopes for these specimens are
somewhat above the peak shear strength envelope of the normally-
consolidated specimens. The effective stress paths observed in the
tests are similar to each other but are quite different from those of
the normally-consolidated specimens. The results of oedometer tests
on these specimens indicated that swelling disturbs the soil struciure
and reduces the yield stress but that all the samples tested still
exhibited yield points. Thus, these specimens were not fully-
softened by swelling.

A recent experimental study focussing on the effects of
weathering on the shear strength of London Clay shows similar
conclusions to the above (Chandler and Apted, 1988). Undrained

triaxial compression tests were carried out on London Clay taken
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from clay pits at South Ockendon, Essex. The effects of weathering

varies with depth. The sample taken from a shallow depth, 1 to 2.8
m from the ground surface, had been subjected to extensive
weathering and showed lower shear strength. However, the shear
strength of these samples was observed to be higher than that of the
remoulded, normally-consolidated clay. The effective stress paths
also confirm this point.

Since softening accompanies an increase in the water content of
material, reduction in stiffness of the material results. Eigenbrod
(1972) demonstrated a decrease in stiffness due to softening of a
variety of fissured, over-consolidated clays and mudstones. It was
observed that the slope of the initial portion of a stress-strain curve
decreased and that the amount of reduction depended upon the
degree of softening the test sample experienced. A similar
observation was made by Botts (1986) on Pierre shale. After
subjecting samples to longer periods of drying and wetting
significantly lower values of Young's modulus were obtained.
Considering the previous discussion, it can be considered that at the
fully-softened condition, the deformation properties of a material
would be equivalent to those of the remoulded, normally-
consolidated ciay.

In connection with strength reduction, slaking is an important
phenomenon observed in fissured, over-consolidated clays and
mudstones and has been the subject of intensive studies (e.g.,
Eigenbrod, 1972; Moriwaki, 1974; Botts, 1986). In general, slaking is
defined as the structural disintegration of soil and rock due to

disruption or breakage of interparticle bonds by the action of
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repeated wetting and drying. This disruption can be caused by

compression of entrapped air in the pores of clay upon wetting
(Terzaghi and Peck, 1948; Ladd, 1960), or by physico-chemical
reaction of clay minerals (Nakano, 1967; Moriwaki, 1974),

Most mudstones exhibit little disintegration upon mere
immersion in water and some disintegrate when dried before
immersion. A threshold value of the degree of dryness exists which
appears to be necessary for mudstone to slake. When mudstone is
dried beyond the threshold value, the slaking begins upon immersion
in water, and the higher the dryness, the easier the mudstone slakes.
Cyclic action of drying-wetting enhances slaking significantly. The
degree of slaking depends upon the type of mineralogy in the
mudstone and the induration. At the end of slaking, a remoulded
clay or silt would result and the water content could be as high as its
liquid limit (Morgenstern and Eigenbrod, 1974).

Slaking behaviour is stress-dependent.  For instance, Figure
2.16 shows the relations between volume change and elapsed time
obtained from swelling tests conducted by Peterson and Peters
(1963) on shale samples, (a) dried to their shrinkage limits and (b)
with their natural water contents before saturation, under vertical
pressures of 1 psi (7 kPa) and 5 psi (35 kPa). It can be seen that
under the lower vertical pressure significant volume increase takes
place, but that under the higher pressure the volume change tends to
be suppressed. It follows that the lower the confining pressure the
material is subjected to the more severe the slaking effect. This

indicates the importance of slaking in considering softening.



2.5 Rate of softening

The rate of softening should be estimated from field
observations or analyses of case histories. Detailed studies on the
rate of softening are rare. Thus, those studies on London Clay, by
Skempton (1948), Henkel (1957) and James (1970), based upon case
histories are very valuable. The results were already presented in
Section 2.2 (Figures 2.1 and 2.2). From these figures, the strength
reduction seems to follow an inverse-hyperbolic function of time.
Further, the fully-softened condition seems to be reached in about
100 years, although there are also pore water pressure effects
especially in younger slopes. Since they are based solely upon case
histories in London Clay, the above observations may not be applied
to softening in other geologic conditions.

An attempt was made by Hirano et al. (1983) to estimate the
rate of softening from field observations, in connection with
tunnelling. They deduced the rate of strength reduction due to
softening from variations with time of tunnel wall convergence. The
measurements were taken after the face had been advanced more
than two diameters past the insfrumented section. The effect of
time-dependent movements due to excavation advance effect was
then considered negligible and a linear function of time was assumed
for the strength reduction.

In the subsequent chapters, shear strength parameters are
assumed to decrease according to either an inverse-hyperbolic or a

linear function during the softening process.



2.6 Pore water pressure effect

2.6.1 Long-term pore water pressure equalization

Excavation of a cutting causes a reduction in total stresses.
Assuming that the excavation is rapid, sufficient for pore water not
to migrate (i.e., undrained unloading), depressed pore water
pressures are developed just after excavation. This results in little
change in effective stresses in the ground. Thus, the stability of the
cut is apparently maintained. As time goes by, this depressed pore
water pressure tends to equalize being accompanied by swelling and
leading to a reduction in the stability of the cut. Bishop and Bjerrum
(1960) presented a schematic diagram of the influence of the long-
term equalization of pore water pressure after excavation upon the
stability of a cut slope, as shown in Figure 2.17.

Field observations of depressed pore water pressure after
excavation in fissured, over-consolidated clays have been reported at
several sites. de Beer (1969) reported negative excess pore water
pressures in cuts in Boom Clay, Belgium. Banks (1971) reported
reduced pore water pressures below the canal water level in the
Culebra clayshale at the Panama Canal. Some piezometer readings
taken at the canal indicated equilibrium conditions had not been
reached even after about 60 years (Lutton and Banks, 1970). An
average permeability of 1.0 x 10-12 m/s and an average coefficient of
consolidation on the order of 10-1 m2/years were reported.
Walbancke (1975) measured depressed pore water pressures in
London Clay at Edgwarebury and Potters Bar cuttings sites. The

measurements indicated that the equalization of the pore water
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pressure had progressed little 19 years after excavation. Burland
and Hancock (1977) recorded the changes in pore water pressure
during and after excavation in London Clay at House of Commons.
During the stepped excavation, pore water pressure measured just
outside the excavation decreased in response to the each excavation
step. About 3 years after the completion of the excavation, negative
excess pore water pressure was still observed. The in-situ
permeability of the intact clay layer (Blue London Clay) was reported
to be as low as 3.0 x 10-11 m/s. It was noted that this value agreed
well with experimentally determined values for the clay which
ranged from 2.0 x 10-11 to 8.0 x 10-10 m/s. It can be seen that the
low rate pore water pressure equalization is associated with the low
permeability of soil. Figure 2.18 shows a plot of measured r, in cut
slopes against elapsed time after excavation in Brown London Clay, in
which data points are taken from Walbancke (1975) and Skempton
(1977). It can be seen that pore water pressure equalization is a
long-term process. It should be noted that these measurements are
taken at depth and that the equalization of pore water pressure may
be faster at surface.

Depressed pore water pressures are aiso brought about by
natural causes such as natural er:sion and landslides. Muir Wood
(1971) observed depressed pore water pressures in the Gault Clay at
Folkestone Warren at which the piezometric levels were below sea
level. Several observations of depressed pore water pressures have
been made at coastal cliffs in England. Since the long-term
equalization of pore water pressure due to natural causes has not

been paid much attention, case histories from the coastal cliffs at
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Herne Bay, England are presented here. The investigations are

reported in greater detail by Bromhead (1978) and McGown et al.
(1987).

The coastal cliffs at Herne Bay consist mainly of London Clay
overlying Oldhaven Sandstone. Major landslides took place at
Miramar in 1883 and 1953, and at Queens Avenue in 1896 and
1937. Remedial works such as re-grading and drainage were done
during 1969 and 1971 at both sites. During the field investigation,
many piezometers were installed within and adjacent to the sliding
mass, in 1969. In 1978, new sets of piezometers were installed at
the both sites because of mechanical problems in some of the original
piezometers. The piezometric readings were taken from 1969 to
1971 and from 1978 to 1986. Figure 2.19 shows the piezometric
data from the Queens Avenue site. Figures 2.20 and 2.21 show the
pore water pressure versus time relations for outside and within the
sliding mass, respectively. A steady increase in the pore water
pressure at Location Al during 1969 and 1986 suggests that
equalization of pore water pressure is under way but that it is a slow
process. The time to attain a steady seepage condition is estimated
as approximately 50 years, assuming that the lowest pore water
pressure was created just after the major landslide in 1937. It can
be seen from Figure 2.21 that the pore water pressure changes in the
slide mass or disturbed mass are not easily interpreted because of
the complex stress history.

Similar observations were also presented by Bromhead and
Dixon (1984) in coastal cliffs at Warden Point, 18 km west of Herne

Bay. The geologic conditions are similar to those of Herne Bay. 1t



was suggested that the long-term depressed pore water pressures
resulted from unloading due to erosion and landslides. In-situ
permeability of 3.5 x 10-10 m/s was reported. A very long time, on
the order of 2000 years, was estimated as necessary for the pore
water pressure to reach its equilibrium condition.

Equalization of depressed pore water pressure is accompanied
by swelling of the ground and the rate depends upon the bulk
coefficient of swelling. The coefficient of swelling is proportional to
the coefficient of permeability. A low value of the coefficient of
permeability results in a low value of the coefficient of swelling.

Determination of a representative value of the coefficient of
permeability is not a simple task because of the presence of fissures.
Two types of permeability must be considered: a fissure
permeability and permeability of the intact material. The latter
could be determined without any difficulty by a conventional
technique such as a swelling tes: on intact samples. On the other
hand, finding the former is problematical. It is stress-dependent as
seen in studies on water flow through discontinuities in a rock mass
(e.g., Hoek and Bray, 1981). Upon unloading due to excavation,
fissures tend to open resulting in an ircrease in the permeability.
Clay along the open fissures continues to swell upon entry of water
and re-seals the openings. Coefficients of permeability measured for
Blue London Clay and Upper Lias Clay are plotted against depth in
Figure 2.22 (Walbancke, 1975). These coefficients of permeability
were determined in-situ and in the laboratory. Stress-dependency

of permeability can be seen in the Figure; that is, the coefficient of
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permeability decreases with depth. This also reflects change in

weathering structure.

2.6.2 Relation between pore water pressure and softening

Long-term pore water pressure equalization can be modelled
by using consolidation theory. Eigenbrod (1972, 1975) computed the
changes in pore water pressure in a slope after excavation by solving
a two-dimensional equation derived from Terzaghi's consolidation
theory, using the finite element method. Several case histories of cut
slope failures were analyzed including ones at the Panama Canal and
in London Clay. Provided that reasonable values of the coefficient of
swelling could be obtained, it was found that the computed pore
water pressures agreed well with the measurements. Regarding
failures in London Clay, it was suggested that long-term equalization
of pore water pressure might be a main cause of the delayed failures;
considering that the analysis results indicated that pore water
pressure stabilization would be reached after 50 to 100 years.

Subsequently, from the viewpoint of pore water pressure
effects, Vaughan and Walbancke (1973) re-analyzed many first-time
failures of cuttings in London Clay. Average values of r, required for
the factor of safety to be unity were calculated using the
Morgenstern-Price slope stability method, assuming that the shear
strength parameters of ¢' = 0 MPa and ¢' = 20° were mobilized. The
relations between ry and the lifetime of cut slopes are shown in
Figure 2.23 together with some actual field measurements. It can be

seen that computed r, increases with time and that the computed
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and measured values are consistent for the Brown London Clay. The

failures seem to be controlled by this long-term equilibration
process. This point was further emphasized by Chandler (1984). He
argued that first-time failures taking place within about 40 to 50
years were controlled by pore water pressure equalization, assuming
that swelling was completed within 40 to 50 years. Further, it was
concluded that for these delayed failures the softening effect was
minimal. However, it was not explained why the shear strength had
been reduced to the fully-softened condition, i.e., ¢' = 0 MPa and %' =
20e°.

In Section 2.6.1, a plot of measured r, against elapsed time
after excavation was presented for Brown London Clay. This plot
demonstrates the long-term process of pore water pressure
equalization. This increase in pore water pressure with time results
in reduction of effective stresses, thus leading to instability of a cut,
as discussed previously. However, as discussed in Section 2.4,
swelling alone can not reduce the shear strength of a material such a
large amount. Thus, it would be more reasonable to consider that the
substantial reduction in shear strength resulted from the softening
effect during pore water pressure equalization and that failure took
place when the stress in the slope became greater than the shear

strength of the material which was being affected by softening.

2.7 Theoretical studies

Numerous attempts have been made to analyze time-

dependent instability in fissured, over-consolidated clays and
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mudstones. However, only a few studies take into account softening.

Hirano er al. (1983) analyzed long-term deformations around a
tunnel driven through a Japanese Tertiary mudstone bedrock. An
elastic, perfectly-plastic finite element model was used for the
bedrock material, with the Mohr-Coulomb yield criterion. The
softening effect was approximated by reducing the cohesion
component in the yield function. The cohesion component was
assumed to decrease linearly with time and the rate of reduction
varied with stress level. The rate increased as stress conditions
approached the failure surface. The parameter involved in the
strength reduction was deduced from the relation between time and
tunnel wall convergence obtained from field measurements. The
computed displacement-time relations showed fairly good agreement
with the field observations.

Kawamoto and Tanaka (1988) and Tanaka and Kawamoto
(1989) take into account both softening effects and strain-softening
properties in deformation analyses of cut slopes. An elastic-plastic
finite element method was used with a Mohr-Coulomb yield
criterion.  Strain-softening was incorporated by a reduction with
plastic deviator strains of the parameters, a and x, in the equivalent
Drucker-Prager yield function instead of reducing c¢' and ¢'.
Softening was considered by a reduction of the cohesion component,
c', but the time factor was not handled.

It should be noted that the above studies assume softening as a
reduction of c' component alone in the Mohr-Coulomb failure

criterion. This is not a proper representation of softening as
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discussed in Section 2.4, Further, the dissipation of excess pore

water pressure is not taken into account.

An interesting analytical method was used by Sidharta (1985),
although it did not take into account softening effects. Following
studies on creep failure by Nelson and Thompson (1974, 1977), he
developed a method of predicting the time to failure of a cut slope,
taking into account the effects of dissipation of negative pore water
pressure, strain-softening properties and strength reduction due to
creep. The method is basically a limit equilibrium analysis using
Bishop's simplified method. For simplicity, information on stresses
and pore water pressure distributions in the ground before and after
excavation are deduced from existing published data. Further, excess
poie water pressure is assumed to dissipate exponentially with time
instead of solving differential equations, and the time to reach
equilibrium is assumed to be given by Terzaghi's consolidation
theory. Good agreement is obtained between the calculated and

actual time to failure for two case histories.
2.8 Summary

The main purpose of this chapter was to review the
mechanisms of long-term instability of slopes and tunnels in
fissured, over-consolidated clays and mudstones. Great emphasis
was placed upon softening.

Terzaghi appears to have described the core concept of
softening. Here, softening is classified into internal and external

processes. The importance of softening is supported by field



evidence from England, Canada and J»»:i. The mechanism of
softening was clarified based upon reviews of experimental studies
available in the literature. These materials exhibit strain-softening
behaviour and non-linear failure envelopes. The effect of softening
is to decrease shear strength accompanied by a diminishing of the
tendency to dilate. The reduction of shear strength due to softening
can be represented as a lowering of the failure envelope and the
reduction in the high non-linearity at low stress levels. The
softening rate should be estimated from field observations or
analyses of case histories.

Depressed pore water pressures generated by unloading tend
to equalize over a long period of time, leading to long-term
instability of cut slopes. The depressed pore water pressure can be
created not only by man-made cuttings but also by natural erosion
and landslides.

Long-term pore water pressure equalization seems to have
controlled delayed failures observed in London Clay. However, since
swelling alone is not sufficient for the shear strength of the clay to
decrease significantly, it would be reasonable to consider that
softening controlled those failures through substantial reduction in
the shear strength.

A review of theoretical studies revealed that very few took the
effect of softening into account in a comprehensive manner, and that
there have been no studies which handle the softening effect, pore

water pressures and strain-softening at the same time.
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Figure 2.2 Moisture content variation in vicinity of thin soft
failure zone at Uxbridge (modified after Henkel,
1957)
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Figure 2.6 Typical stress-strain curves for softened and
unsoftened back slope materials (modified after
Eigenbrod and Morgenstern, 1971)
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Figure 2.8  Water content distribution before and after
drained direct shear tests on mudstone specimen
taken from Noshiro Tunnel No. 4 (modified after
Nakano, 1979)
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2.9 Typical stress-strain curves for mudstone and

fault gouge clay taken from Noshiro Tunnel No. 4

(modified after Nakano, 1981)
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Figure 2.12  Shear strength of model specimen having

rough surfaces
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stiff, fissured clay (modified after Morgenstern,

1977)
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3. Failure criterion

3.1 Introduction

In Chapter 2, shear strength characteristics of fissured, over-
consolidated clays and mudstones were reviewed in connection with
the effect of softening. These materials exhibit non-linear failure
envelopes. The softening effect was found to decrease the shear
strength ol a material with time and is accompanied by a reduction
of the tendency to dilate.

This chapter introduces a simple non-linear failure criterion to
represent the softening effect rationally. This failure criterion is
applied to experimental data taken from the literature to show the
effecttveness of this criterion. The variation in shear strength during

softening is demonstrated using this criterion.

3.2 Failure criterion

3.2.1 Non-linear failure criterion

The Mohr-Coulomb failure criterion is no doubt the most
widely used failure criterion in soil and rock mechanics. It is linear
and very simple, containing only two parameters, ¢ and ¢. However,
because of its linearity, it is often not appropriate to apply this
failure criterion to materials exhibiting non-linear failure envel:pes
which are of interest in this study. It has been recognized imortant

to model this non-linearity especially in slope stability proble:.s.
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Application of the Mohr-Coulomb failure criterion without caution

could result in an over-estimate of the shear strength of a materiai.

Griffith (1921, 1924) proposed a non-linear criterion based
upon a theoretical study of the physical process of - .. - initiation
in brittle materials such as glass. He approximated pen flaws
contained in a rock material as long, thin, elliptical openings.
Assuming that there is no interaction between the openings and that
there is no friction forces between the closed openings, a parabolic
equation in terms of ¢ and t was derived, paying special attention to
tensile stresses developed at the boundary of these openings.
McClintock and Walsh (1962) modified the Griffith criterion to take
into account friction forces between closed cracks. Murrell (1965)
expanded the origir - "-iffith criterion to include triaxial stress
conditions and hy . . . pressure effects.

However, the di." . iities in deve- Dng a mathematical model
which adequately predicts fracture propagation and failure in rock
materials has been recognized (Hoek, 1983), Consequently, many
empirical failure criteria have been proposed (e.g., Hobbs, 1966;
Hoek, 1968; Bieniawski, 1974; Hoek and Brown, 1980; Yoshinaka and
Yamabe, 1980; Adachi er al., 1981). Among them, the failure
criterion proposed by Hoek and Brown (1980) is worth noting
because it has a simple form and is consistent with a large number of
experimental data from intact rock to jointed rock = :es. The
criterion has a distorted parabolic shape in oy and G3 space and is

expressed as:

cl=c3+1/m.occ3+so§ 3.1)
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\

where o is the uniaxial compression strength of intact rock and m
and s are parameters which depend upon rock type and rock
conditions. These parameters are determined from triaxial
compression tests or direct shear tests using the least squares
method. The parameter m always has a finite positive value ranging
from the order of 10-3 for heavily jointed rock masses to the order of
10 for intact rock, and the value of s ranges from 0 to 1. For intact
rock, the parameter s is unity. Results of the applications of this
criterion to a wide range of rocks are tabulated by Hoek (1983).
However, it can be seen from the form of the failure criterion tha' a
failure envelope described oy this criterion is always non-linear.

In developing a failure criterion, it is considered important
here for a failure criterion to be simple and to contain only a small
number of paramcters which can be determined from conventional
laboratoy tests. Further, it should be able to express both non-
linear and linear failure envelopes.

The proposed failure criterion consists of maximum and
minimum principal stresses, ¢; and 63, uniaxial compression
strength, o, and three parameters, A, B and S, and is expressed as

follows:

1
G L
01=63+AGC('6%"S)B (32)

The parameters A, B and S can be determined from results of triaxial
compression tests or direct shear tests using the least squares
ethod. Details on the determination of these parameters are

described in Appendix A. The failure criterion can be expressed in



66

terms of total stress or effective stress, depending on the
experimental data upon which the derivation of the parameters is
based. Substituting o3 = 0 into the above equation gives

L
2o A(-sp (3.32)

Cc

Since the term in the left side is unity initially, the following

condition should be satisfied:

L
A(-SPB =1 (3.3b)

As described in Section 3.3, the softening effect is represented by a
reduction in the values of strength parameters, A, B and S. In
Equation (3.3a) o is the initial strength and o) is the strength at a
given time, Thus, the above condition is not necessarily satisfied
during softening. This can be considered similar to the condition
imposed in the Hoek-Brown failure criterion when applied to intact
rock materials, i.e., the parameter s must be unity.

The Mohr-Coulomb and Hoek-Brown failure criteria can be
derived from the proposed failure criterion. When the parameter B
equals one, the criterion becomes Mohr-Coulomb. The sirength
parameters in the Mohr-Coulomb criterion, ¢ and c, are expressed as:

i =_A
sin ¢ e A (3.4a)

ce._ASO

V4+2A (3.4b)

When the parameter B equals two, the Hoek-Brown criterion is

obtained, whose strength parameters, m and s, are expressed as:



m = A’ (3.5a)

s=-A%S (3.5b)

The proposed failure criterion does not take into account the
effect of intermediate principal stress which has been observed in
experimental studies on rocks and soils. Hoek and Brown (1980),
following a review of many experimental studies on rock, concluded
that it was admissible to neglect the intermediate principal stress
effect in the interests of keeping the failure criterion as simple as
possible. A review on shear strength of soils by Bishop (1966) seems
to support this point of view. It was suggested that the Mohr-
Coulomb failure criterion was accepted as the only simple criterion of

reasonable generality.

From the above, it is felt that neglect of intermediate principal
stress effects may be justified for practical purposes, considering the

simplicity of the criterion.
3.2.2 Characteristics of proposed failure criterion

The proposed failure criterion contains three parameters A, B
and S. These parameters influence the shape of a failure envelope.
Figure 3.1 illustrates the effect of the parameter A. Similarly, the
effects of the parameters B and S are shown in Figures 3.2 and 3.3,
respectively. In order to produce these figures, the values of o¢, A, B
and S are kept constant as 1.0 MPa, 1.0, 1.5 and -1.0, respectively,

except for the value concerned in each figure. It can be seen that the
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parameter A affects significantly both the slope and the intercept to

the maximum principal stress axis. A larger value gives a more
steeply inclined failure envelope. The smaller the value, the smaller
is the curvature. The value of zero gives a linear relation. The
parameter B influences mainly the inclination of the failure envelope.
The larger the value, the greater is the inclination. The parameter S
mainly influences the position of the intercept on the maximum
principal stress axis.

The failure criterion can be plotted in terms of normal stress ©
and shear stress t. Referring to Figure 3.4, the relation between o
and t on a critical plane is derived by Balmer (1952) as follows:

-0
G=0y+ 20303

oG
1+ 3;3l (3.6a)

T=+ 01 - 0'3
gg; “"’3 (3.6b)

90y _
30'3

2 £1_ (3.6¢)
3

ot

tan ¢; =

C;j=1-0tan ¢ (3.6d)

where c; and ¢; are the cohesion intercept and the angle of friction
which are stress-dependent, and the subscript stands for
'instantaneous’. By substituting the values of o1 and o3 calculated by

Equation (3.2) into these equations, one can draw a Mohr envelope



corresponding to the proposed failure criterion. Figures 3.5, 3.6 and
3.7 are Mohr envelopes obtained in this manner and correspond to
Figures 3.1, 3.2 and 3.3, respectively. Effects of the parameters A, B
and S upon a Mohr envelope can be seen in these figures. As in the
01-03 space, the parameter A influences both the slope and the
intercept to the 1t axis. The parameters B and S seem to play a
similar role to the angle of friction and the cohesion intercept of the
Mohr-Coulomb failure criterion, respectively. The stress-dependency
of ¢; and c;j is illustrated in Figure 3.8. As the normal stress
increases, the cohesion intercept increases and the angle of friction
decreases.

The expression of a failure criterion in terms of principal
stresses is very useful and convenient. It can easily be generalized
in terms of stress invariants and be implemented in a finite element
program. However, for cases such as slope stability calculations in
which shear strength for a particular normal stress is required, it
would be more convenient to have the mathematical expression of a
failure criterion in terms of ¢ and T. From an examination of the
shape of a failure envelope in 6-t space given by the proposed
criterion, the following expression may be used for this

approximation:
1
= g . o
=Po(2-Q (3.7)

where P, Q and R are strength parameters. These parameters are
determined using the least squares method, as described in

Appendix A.
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3.2.3 Applications

The proposed failure criterion has been applied to
experimental data taken from the literature. A total of eighteen
triaxial compression test results on clay and rock materials were
collected. The results are tabulated in Table 3.1 and the
corresponding plots are given in Figures 3.9 to 3.27. Although the
number of test results collected is limited, the following observations
can be made. The parameter A varies between 1.3 and 8.3, and the
parameter B between 1.0 and 3.3 except Ohya-Ishi. The parameter S
varies between -0.78 and -0.01. For the same rock type, each
parameter lies in a narrow range. For mudstones, A ranges from 2.0
to 2.7, B from 1.5 to 2.8 and S from -0.36 to -0.06. For sandstones, A
ranges from 3.4 to 5.3, B from 1.5 to 2.4 and S from -0.03 to -0.1. As
illustrated in Figures 3.9 to 3.27, excellent agreement between the
proposed failure criterion and the experimental results has been

obtained.

3.3 Representation of softening

The effect of softening can be described by a reduction in the
values of the strength parameters A, B and S in the proposed failure
criterion. Further, the variation of shear strength during softening
can be represented by a systematic reduction with time of these

strength parameters. At the fully-softened condition, the values of B
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and S can be assumed as 1.0 and 0, respectively, to give a linear

failure envelope with zero cohesion intercept.

Since only the initial and fully-softened shear strength can be
determined with ease from experimental studies, an interpolation
technique is required to derive shear strength during softening.
According to the discussion on the rate of softening in Chapter 2, the
following inverse-hyperbolic functions can be assumed for reducing

the strength parameters with time:

A=Ag|l- t
at+ te —AO——-a) (3.8a)
AO'Afs
B=Bo[1- t
bt+ te _B_O___b) (3.8b)
l O'st
S=So1- t
\ ct+ t So -c’ (3.8c)
0 - Sfs

where A, B and S are strength parameters and the subscripts, 0 and
fs, indicate the initial and fully-softened conditions, respectively.
The a, b and c are strength reduction-rate parameters and tf is time
to a fully-softened condition. As mentioned earlier, Bfg and S¢g are
assumed as one and zero, respectively.

Figure 3.28 shows variations of A with time for different
values of a in A/Ag and t/trs coordinates. The range of variations of
values in the ordinate depends upon the ratio of Afs/Ag. The ratio of
1/3 was used for this figure. It can be seen that a larger value of a

gives a more rapid reduction in A. A value of zero gives a linear
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reduction in A with time. Similarly, variations of B and S are shown

in Figures 3.29 and 3.30, respectively. In these figures, the values of
Bfs/Bo and Sgs/So are 1/2 and 0, respectively.

With these time-dependent strength parameters, the variation
in the shape of a failure envelope during softening can be modelled.
This is illustrated in Figure 3.31. The corresponding variations of the
angle of friction and the cohesion intercept are shown in Figures 3.32
and 3.33, respectively. To plot these curves, the strength parameters
Ao, Afs, Bg and Sp are assumed as 3, 1, 2 and -0.1, respectively, and
the strength reduction-rate parameters a, b and c are all zero. The
fully-softened condition is assumed to be reached in 100 years. It
can be seen from Figure 3.31 that the failure ervelope changes from
a non-linear envelope at the initial condition to a linear envelope at
the fully-softened condition. The angle of friction and cohesion
intercept decrease with time, and so does their stress-dependency.
This can be considered to properly represent a reduction in shear

strength due to softening.

3.4 Summary

A simple non-linear failure criterion is proposed which consists
of maximum and minimum principal stresses, uniaxial compression
strength and three strength parameters. The strength parameters
can be determined from conventional triaxial compression tests or
direct shear tests. The failure criterion neglects the effect of
intermediate principal stress in the interest of the simplicity. Both

the Mohr-Coulomb and the Hoek-Brown failure criteria can be



derived from the proposed failure criterion. The failure criterion
was applied to eighteen triaxial compression test results taken from
the literature and excellent agreement between predicted and
experimentally determined shear strengths was obtained.

Shear strength reduction due to softening can be described
rationally by this failure criterion. Variation of shear strength
during softening was demonstrated by interpolating the strength
parameters, A, B and S, from the initial to fully-softened condition.
For this interpolation, an inverse-hyperbolic relation with time of
these parameters was assumed.

The proposed failure criterion is used as a yield function in

elasto-plastic finite element analyses in subsequent chapters.
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4. Finite element analysis

4.1 Introduction

In Chapter 2, softening and its mechanism were discussed in
detail. It was identified as a major cause of time-dependent
instability of cut slopes and tunnels in fissured, over-consolidated
clays and mudstones. The effect of softening is to reduce the
strength by reducing dilatancy and it can be represented by a
gradual reduction of curvature in a strength envelope at low stress
levels. To describe this softening procass in a simple but rational
manner, a failure criterion was proposed in Chapter 3. Another
cause of the time-dependent instability, long-term pore water
pressure equalization, was discussed. This also results in an
apparent strength reduction of the material through a decrease in
effective stress,

A literature review revealed that there has been no finite
element method to simulate the softening process rationally,
although there are several finite element studies in which a rough
approximation is made regarding the reduction of strength. This
chapter presents a finite element method to model the above-
mentioned softening effects. The effect of long-term excess pore
water pressure dissipation is not taken into consideration in this
study, but an attempt is made to include steady-state pore water

pressure effects in an effective stress analysis.
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The finite element formulation follows a conventional elastic-
plastic formulation being based upon the principle of virtual work.
The failure criterion proposed in Chapter 3 is used as a yield
function. The formulation does not impose any restriction upon the
type of constitutive law, thus any type of constitutive law can be

introduced. Examples are presented in a later section.

4.2 Finite element method

4.2.1 Elastic-plastic constitutive relation

In order to derive an elastic-plastic constitutive equation, the
following assumptions are generally made (Zienkiewicz, 1977).

(a) A total strain increment, de;; , can be decomposed into the

. , def; , . de
elastic and plastic components, ~ J and * J ;

dg; = dsfj + dE;PJ- (4.1)

(b) A stress change, doi , is due solely to the elastic strain

increment and is governed by a generalized Hooke's law:
dojj = D deg, (4.2)

Deijkl is the elastic constitutive tensor.

where
(¢) A plastic potential function, G, exists and defines a plastic

strain increment;

P_3 90
dej; = "aoi,- (4.3)
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where A is a proportionality constant. When a potential function is

the same as the yield function, Equation (4.3) is known as an
associated flow rule.
The yield function used in this study is time-dependent as

described in a later section, and it may be expressed as:

p
F = F(cij, &p t) (4.4)
where x is a hardening (softening) parameter, and t is time.
During plastic deformation, the yield criterion must be satisfied
(consistency condition), so:
dF = 9F 4 o'ij+——daF af’.+a—Fd1c+-EEdt=0
9;; af. oK 5t (4.5)

i

—

It should be noted that when isotropic hardening (softening) is
assumed, the yield function, F, is independent ofeli)j since the shape
and origin of the yield surface do not change.

A hardening (softening) parameter, k, controlling the size of the
yield surface is expressed as some simple function of plastic strain.
An accumulated plastic shear strain, for instance, was used by
Simmons (1981) as an indicator of the post-peak softening in a strain
softening model. Similarly, an equivalent plastic deviator sirain was
used by Vermeer and De Borst (1984) and Dounias (1987). A
softening model described in Chapter 5 uses this equivalent plastic
deviator strain to describe the post-peak softening. Thus, x can be

written as:



x=x () (4.6)
where € is an effective plastic strain and defined as:

€P=deP dv;

deP = «\/%‘defj - %—&j defl)(defj - ;—Sij dehm

The flow rule may be modified as follows:
—p G
G
where 90 is defined as:

Under these conditions, and with some algebraic manipulations, one

can derive the following elastic-plastic constitutive relation:

ep t
doj;=Djjepdeqg- doj; (4.8)
where
D, 98 9F py
ep e Uklaoklacmn mno.f
Dijap = Dijap -

_Fx G, F ¢ G
oK 2P 96 904, P30,
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¢ G oF
ijkl 3°k1 ot

dF ok 3G oF ~¢ oG

) éT(. a...p -a—G * aCmn mooafd aO'aB
€

dt

t
dO'ij=

It is noted that the first term of the denominator in the above
equations is related to an isotropic hardening (softening), and that
this term is zero for a perfectly plastic model.

Equation (4.8) is rewritten, in the matrix form, as:

{do} = [DFFP {de] - {dc‘}

(4.9)
where
o [}/ oy
[D'Jep =[Dl - do| 0o
oF|T 1 e [0G
A+l (D =
[oF {231 &
oF\T e [0G
A+{%— (D] =
oF ox oG
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4.2.2 Finite element formulation

The basic incremental equilibrium equation in finite element
displacement discretization is derived bascd on the principle of
virtual displacement and is expressed, in a global system, as (Bathe,

1982):

S (BT (o]t - 5 [ N ] v S f N Lai) s

m=1 m=1 m=]

(4.10)

where nel is the total number of elements, [B] is the strain-
displacement transformation matrix, (do) is the total stress
increment vector, [N] is the displacement interpolation matrix, {df} is
the body force vector and {da is the surface traction vector. It
should be noted that all traction and body forces above are in terms
of total stress and that stress vectors {dﬁ} are also in terms of total
stress. Since the behaviour of soils and rocks is controlled by
effective stress, it would be better to rewrite the above equation in
terms of effective stress.

An effective stress is written, in the incremental form, as:

(do’} = {do) - {d p) (4.11)

where {d"'} is the effective stress increment vector, {do} is the total
stress increment vector and (4P} is the pore water pressure

increment vector.



From Equations (4.9), (4.10) and (4.11), the equilibrium

equation becomes

(K] {dU} = (dR) + dt {dR") - {dR?) 4.12)

where

e 0G| oF

| EOFYE
{d >=z - dv

et oM e (6

A+‘ao 7] do

vm

(dR) = nf j [NIT {df} dvm + ril ] [N {dt} dsm

m=1 m=1

{dU}= displacement increment vector
dt = time increment
It should be noted that the constitutive relations in the above

equation are now in terms of effective stress.

In this study, the pore water pressure is assumed to be known.

It can be obtained independently from field measurements or a
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seepage analysis. In this way, an effective stress analysis can be

carried out easily and inexpensively. Desai and Christian (1977)
discussed this technique in some detail. The method has been used
by Kawamoto and Tanaka (1988) who conducted a seepage analysis
for pore water pressure calculations and by Alencar (1988) who

incorporated field-measured pore water pressures.

4.2.3 Computational procedure

The solution scheme starts from a known initial condition at
time t=0. For each time step, the yield condition is updated and an
elastic-plastic analysis is carried out. At the beginning of each time
step, load vectors are computed which result from external load
increments and body force increments. If existing stresses in an
element violate the new yield condition, load vectors due to this
overshooting are also evaluated based upon the stresses projected to
the new yield surface (the second term in the right hand side of
Equation (4.12)). During subsequent equilibrium iterations, it is
checked whether or not the total equilibrium condition, not the
incremental equilibrium condition, is satisfied. ~When convergence
cannot be reached within a pre-specified number of iterations for a
given time increment, the time increment 1is subdivided and the
solution scheme is repeated with the smaller time increment.
Otherwise, a new time step is started. The solution scheme will
continue until the total time reaches the time to fully-softened

conditions. However, if a pre-specified minimum time increment is
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reached or convergence cannot be achieved during computation, the

solution scheme will be terminated.
It is seen that the role of the time increment is similar to that

of load increment in an elastic-plastic analysis.

4.3 Yield function

4.3.1 Generalization of yield function

A failure criterion was proposed in Chapter 3 to describe the
effect of softening upon shear strength. This failure criterion is used

as a yield function here and is rewritten as:
oy L
F=01-c3-Aoc‘cc-S)B=0 (4.13)

where o is the maximum principal stress, ¢3 is the minimum
principal stress, oc is the initial uniaxial compression strength, and A,
B and S are strength parameters. These stress and strength
parameters are expressed in terms of either total stress or effective
stress depending upon the situation upon which the yield function is
based.

From the viewpoint of finite element programming, it is
convenient to generalize a yield function in terms of stress
invariants, Ij, J» and Js.

Following the technique used by Nayak and Zienkiewicz (1972),

one can derive a generalized form of the above yield function as:



B .
F=(2ﬁ;cose) +"/~E(ﬂﬂ-9-+cose I T
A o, o | {3 3oc
where
I = o
Ip=Lg;
2 5 ij Oij

I3 =;— Sij Sjk Ski

0= 14
6

wl--

Sin"(-iﬁ K );-Eses
2 L1, 6

= ls.
§ij = Gy '3_511 O]

dij = Kronecker delta

The corresponding gradient vector is expressed as:

ol
aGij

oF
aO'i j

=C1 +C2

where

(4.14)

(4.15)
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Cy= {3 {2sm9(A)M (995—9— sin O
2 ], o cos 36

M=(2*/J__2cose)l?"1
A o,

Table 4.1 summarizes various yield functions used in the finite
element analysis and the corresponding gradient vectors are given in
Table 4.2. Figure 4.1 shows a geometrical representation of the
proposed yield criterion. The yield surface is defined by an irregular
pyramid with curved faces in principal stress space, and it is an
irregular hexagon in the octahedral plane. Figure 4.2 shows the
variation of a yield surface during the softening process. The yield
surface contracts from the initial condition to the fully softened
condition. The contraction of the yield surface, due to strength
reduction, is assumed to follow the inverse-hyperbolic function of

time as discussed in Chapter 3.
4.3.2 Singular points treatment

A yield surface defined by the proposed yield function has
corners located at 8 = + 30° where the gradient vectors, dF/doij,
cannot be defined uniquely. A numerical difficulty arises when 8
approaches + 30°, as can be seen from Table 4.2. Both C2 and C3
become indeterminate for these values of 6. To overcome this
difficulty, a 'round-off' technique (Owen and Hinton, 1980) is used.

When a stress state enters within the pre-specified "vicinity” of a
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corner, the flow vector is evaluated from expressions derived

directly from the yield function for the explicit value of 6 of + 30° or
- 30°. In the actual computation, this approximation is applied when

6 meets the condition, |6| > 29.5°,

4.4 Computer program

The time-dependent elastic-plastic finite element formulation
presented in this chapter was programmed using the FORTRAN 66
language and implemented into a geotechnical engineering-oriented
general purpose finite element programn, SAGE (Stress Analysis in
Geotechnical Engineering). This program was initially developed by
Chan (1986) and has been modified at the Geotechnical Division of
the Department of Civil Engineering of the University of Alberta.

The implemented constitutive relations are an elastic,
perfectly-plastic type and an elastic-plastic, strain-softening type.
Both associated and non-associated flow rules are taken into

consideration.
4.5 Examples

For the purpose of demonstrating the finite element analysis
for softening proposed in this chapter, three examples are presented
here. The first example deals with the ground behaviour under a
flexible strip footing. Considering the discussion on softening given
in Chapter 2, this example may not be suitable since no unloading

stress path is imposed. Nevertheless this problem is chosen as an



example because it is a classic problem in geotechnical engineering.
The second and third examples are more realistic, dealing with a cut

slope and a tunnel.

4.5.1 Elastic perfectly plastic model

Due to its simplicity, an elastic, perfectly-plastic constitutive
relation is adapted in all subsequent examples. Both associated and
non-associated flow rules are employed, and in the non-associated
flow rule case the plastic volumetric strain during yielding is set
equal to zero.

Figure 4.3 shows the variation of stress, strain and strength
during softening. The solid line and curve refer to the case of a non-
associated flow rule, and the broken ones refer to the case of an
associated flow rule. Curve A indicates an initial strength envelope
for a given confining pressure and the corresponding deviator stress,
axial strain and volumetric strain relations are depicted by Curves A
and A", respectively. Softening progresses with time. After a certain
time has elapsed, say, At, the strength envelope is lowered to Curve
B, and the stress and strain relations are changed to those given by
Curve B' and Curve B". In this way, the strength envelope and
stress-strain relations are modified as time goes by. In the end, the
fully softened strength condition (Curves D, D' and D") is reached.
The time required to reach that condition is assuried to be 100 years

in all subsequent examples.

19
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4.5.2 Strip footing analysis

This example considers a plane-strain uniformly loaded flexible
strip footing on a fissured, over-consolidated clay. The finite element
mesh for this analysis is shown in Figure 4.4 together with the
geometry and boundary conditions. The ground is discretized by
nine eight-node quadratic isoparametric elements with a total of
forty nodes. The material properties are given in Table 4.3. The
reduction-rate parameters of shear strength, a, b and c, are 1.0, 1.5
and 0.5, respectively.

The analysis starts with generation of initial stresses in the
ground. This is done simply by the application of a gravity force.
Next, a constant pressure of 0.1 MPa is applied uniformly to the
ground surface as shown in Figure 4.4. Then, the softening process
starts from t=0.

Figure 4.5 shows the relations between elapsed time and
displacement at the center line, computed with both associated and
non-associated flow rules. The displacement increases gradually at
the beginning, and as the ground approaches its collapse the
displacement increases rapidly. It can seen that little difference in
the time to collapse is predicted using these two flow rules. This
suggests the shear strength at collapse would be almost identical in
both cases. Figure 4.6 confirms this point, showing the strength
envelopes for these two cases at their final time increments. On the
other hand, significant differences are noticed in the computed
displacements using these two rules: the non-associated flow rule

produces greater displacements at a given time.
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The developments of plastic zones are shown in Figure 4.7 for

the associated flow rule and in Figure 4.8 for the non-associated flow
rule. The propagation of plastic zones is very similar in both these
cases. The plastic zone starts below the footing and extends, in the

shape of a bulb, vertically and laterally.

4.5.3 Cut slope analysis

The second example deals with a cut slope behaviour in a
fissured, over-consolidated clay. Suppose that a cutting of a depth of
8 m is made, with a 45° slope. The excavation is assumed to be done
instantaneously, thus softening does not begin during this time. A
plane-strain condition is assumed. The finite element mesh for this
analysis is shown in Figure 4.9 together with the geometry and
boundary conditions. Three hundred and sixty four-node
isoparametric elements are used in this discretization, with three
hundred and seventy-nine nodes. The same material properties are
used as in the previous example (Table 4.3). The reduction rate
parameters of strength are all zero.

As a first step of the analysis, a gravity force is imposed to the
ground. Then, the excavation simulation is performed, step by step,
by removing the pre-specified elements. The softening process
starts after excavation.

Figure 4.10 shows the relations between elapsed time and
vertical displacement at the crest of the cut slope. As in the previous
example, both associated and non-associated flow rules are

considered. The corresponding horizontal displacement variations
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with time are shown in Figure 4.11. These results indicate that the

cut slope deforins gradually as time goes by, but that as the slope
approaches its collapse the deformation rate becomes significant.
Very little difference is observed in the calculated time to collapse
using the associated and non-associated flow rules. The strength
envelopes just before the collapse of the slope are shown in Figure
4.12. The final strengths for these two cases are seen as almost
identical. Regarding the amount of displacement, the non-associated
flow rule develops greater displacements at a given time.

The propagation of plastic zones with time is shown in Figure
4.13 for the associated flow rule and in Figure 4.14 for the non-
associated flow rule. It is seen that the plastic zone initiates from the
surface of the slope and extends inward. No significant differences
are observed between the two figures.

The analysis was also carried out with a different reduction
rate of strength. The reduction-rate parameters of strength, a,b and
C, used are 1.3, 2.0 and 0.9, respectively. Figures 4.15 and 4.16 show
the resulting displacement-time curves. The corresponding spread of
plastic zones is given in Figures 4.17 and 4.18. It is noticed that the
shape of the displacement-time curves is very similar to the
previous ones, but that the time to collapse is much less since the
reduction rate is higher in this case. Regarding the spread of plastic
zones, the total plastic zone seems not to be affected by the reduction
rate of strength, but the propagation rate of the plastic zone is much
higher in this case.

The displacement-time relations presented in this section

(Figures 4.10, 4.11, 4.15 and 4.16) might be interpreted as creep
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curves since the slope was under a constant load - gravity force.

There is a trend to analyze time-dependern. problems in slopes and
tunnels from the viewpoint of creep, since a creep analysis can easily
account for time-dependency. Considering the fact that the
displacement-time relations presented in this section are the results
not of creep but of softening, the importance of a proper
understanding of the mechanism causing such time-dependent

instability should be emphasized.

4.5.4 Tunnel analysis

The final example deals with an unlined tunnel. Suppose that
an unlined circular opening of 4 m diameter is excavated at a depth
of 32 m in a mudstone bedrock. The tunnelling work is assumed to
be done simultaneously, so that softening does not take place during
this time. A plane-strain condition is assumed.

The ground is discretized by seventy-eight eight-node
isoparametric elements with two hundred and seventy-three nodes
(Figure 4.19). The material properties of the bedrock are given in
Table 4.4. The reduction-rate parameters of strength, a, b and c, are
1.0, 1.5 and 0.5, respectively. After the application of a gravity force,
the excavation is simulated through removals of core elements.
Then, softening of the bedrock material starts at time t=0.

Figure 4.20 shows the tunnel wall convergence-time relations
computed at the springline. It is seen that the tunnel convergence
increases gradually and that the increase becomes rapid as the

tunnel approaches its collapse. The propagation of plastic zones is
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shown in Figure 4.21. Yielding initiates at the springline and

propagates obliquely upward and downward creating so-called ‘ears'.
In this example, a lined tunnel was not considered, but it is expected

that the variation with time of rock pressure exerted upon the lining

can be traced in the same way.

4.6 Summary

This chapter presented a finite element method for analyzing
time-dependent problems due to softening. The finite element
formulation follows the principle of virtual work and imposes no
restriction on the constitutive relation of a material used in the
analysis. A time-dependent yield function is introduced to model the
softening process and its generalized form is derived in terms of
stress invariants. The computational procedure is very similar to a
conventional elastic-plastic analysis.

Three examples are presented for demonstration purposes,
illustrating that time-dependent instability can be traced with this
finite element method. Further, the importance of a proper
understanding of the dominant mechanism of a time-dependent
problem is noted. An elastic, perfectly-plastic constitutive relation
has been considered due to its simplicity. The next chapter

introduces a strain softening model for more realistic analysis.
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Figure 4.1 Proposed yield criterion in principal stress space
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Figure 4.4 Finite clement mesh for strip footing analysis
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5. Softening analysis with strain-softening model

5.1 Introduction

Experimental studies on fissured, over-consolidated clays and
mudstones have indicated that these materials exhibit strain-
softening characteristics. Bishop (1967) presented a detailed
discussion of the effect of strain-softening on the stability of slopes.
Bjerrum (1967) emphasized the importance of recognizing this
strain-softening in considering stability problems in heavily over-
consolidated clays and clayshales.

A number of constitutive models have been proposed to
describe strain-softening behaviour. A brief review of strain-
softening models used in soil mechanics is presented in the following
paragraphs. Comprehensive ieviews can be found in the theses by
Simmons (1981) and Chan (1986) and in the research paper by
| Moore and Rowe (1988).

Lo and Lee (1973) introdurcd a brittle model which is based on
elasticity theory and uses the stress transfer method to treat post-
peak <aformations in the analyses of slopes. Gates (1972) and Hoeg
(1972) described several simple constitutive models for brittle
behavicur ns:ng elasto-plasticity theory. Prevost and Hoeg (1975)
introduced a strain-softening model for undrained conditions in
wilich the expansion and contraction of the yield surface is assumed
to be controlled by an equivalent plastic strain. Prevost (1974)

proposed an undrained strain-softening model based upon the
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critical state concept in which the volumetric yield surface and shear

yield surface vary with plastic volumetric strain and shear strain,
respectively. This model was extended by Matsumoto and Ko (1982)
to handle strain-softening behaviour under drained conditions.
Pietruszczak and Mroz (1981) assumec! a pre-existing shearband of
finite thickness to exist in an element and, further, that plastic
deformation occurred only in this shearband. To describe strain-
softening behaviour, the cohesion component in the Coulomb yield
function was assumed to decrease with the plastic strain. This so-
called smeared shearband approach was further extended by
Pietruszczak and Stolle (1985) who applied the critical state concept
and assumed that the contraction of the yield surface was controlled
by a change in plastic void ratio during shearing.

A simple strain-softening model is introduced in this chapter
for a more realistic analysis of the softening process in fissured,
over-consolidated clays and mudstones. It is a linear-elastic, post-
peak plastic, strain-softening model and contains only two extra
parameters in addition to conventional strength and deformation
parameters. This model is incorporated into the finite element model
of the softening process, presented in the previous chapter. An

example analysis is then presented.

5.2 Strain-softening model

5.2.1 Description

A linear elastic, post-peak plastic, strain-softening model is
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described as a simple strain-softening model. The yield function is

the same as used in the previous chapter,

1
—-— - - gl- =
F—O’l O3 AGC‘O'C S)E 0 (51)

The shear strength reduction from peak to resid:al is represented by
the reduction in the strength parameters A, B and S from their peak
to residual values. The law controlling this transition of shear
strength from peak to residual can be specified by some functions.
For instance, Prevost and Hoeg (1975) used a rational function of an
equivalent plastic strain for a softening parameter. Simmons (1981)
applied a power function of plastic shear strain to the variation in c¢'
and ¢' in the Mohr-Coulomb yield criterion and dilatancy rate. A
hyperbolic function of an equivalent plastic strain was used by Chan
(1986). Dounias et al. (1988) used a simple linear function of an
equivalent plastic strain for ¢' and ¢’ in the Mohr-Coulomb yield
criterion. In this study, the following linear functions are assumed

for the strength parameters:

C AnL A )€

A=A-(Ag A')Eg (5.22)
-Bo-( R -R. )P

B =By -( By Br)a (5.2b)

S=SO'(SO'Sr)£p

ggs (5.2¢)
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where the subscripts, 0 and r, in the strength parameters, indicate

the peak and residual values, respectively, & is the equivalent
plastic strain (see Equation 4.7 m_ Chapter 4) and s is a parameter
which ise? / s = 1 whene = s . Figure 5.1 shows a schematic
variation of the strength parameters.

The plastic potential function is assumed to be of the same

form as the yield function:
G A‘ S‘ 1. = 0
_01-0'3- O'c(—lc- E = (53)

If the values of A*, B* and S* were equal to those in the yield
function, the associated flow rule would result.

Consider an isotropic, homogeneous plane-strain condition.
Under this condition, the relation between stress and strain
increment can be easily visualized since the principal axes of stress
and strain increment coincide. Using Equations (5.3) and (4.3), one
can derive the following expression:

. de‘;+ 1
Sin y = - =
del;-deg 2+5‘ 93—-8‘;'“1
B %

A:‘Es.-s*
B '

(5.4)

where v is the dilatancy angle proposed and defined by L.avis (1968).
This expression indicates that the dilatancy angle with this p‘astic
potential function is stress-dependent. As the stress level increases

the dilatancy angle decreases. For this reason, the term
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instantaneous dilatancy angle, W, is used here. Similarly, the ratio of

principal plastic strain increments is expressed as follows:

P 1
d_E_l-:-l-A_*(gl-S‘_.-l:-N‘ .
detl) B" ' Cc v (3.5%

where
1 - sin y;
Figure 5.2 shows this relation schematically. When B takes a value of
unity, the plastic potential function becomes a Mohr-Coulomb
function and the dilatancy angle is stress-independent.  Equation
(5.4) can be simplified to:
.
sin y = —A—-‘- (5.6)
2+A
When the associated flow rule is applied, i. e., A* = A, the right hand
side of the above equation equal to sin ¢, where ¢ is the angle of
internal friction. It is well known that the application of the
associated flow rule to geologic materials predicts excessive dilatancy
compared with the experimental observations, and it is usual to
assuile a much smaller angle for v in an empirical manner. Further,
the dilatancy rate of real soil decreases once the peak strength has
been reached and becomes zero when the residual condition is
reached. In order to take these observations into account, the
following assumption is made. The parameters, A*, B* and S*,
decrease with the increase of equivzlent plastic strain from the peak

to residual values in the same manner as the strerigth parameters, A,
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B and S do. A¥* decreases from an initial value, smaller than the peak

value of A, to zero, which makes dilatancy rate be zero. A* may be

determined intuitively like the determination of dilatancy angle.
5.2.2 Triaxial compression test simulation

In order to examine the behaviour of the proposed strain-
softening model, a triaxial compression test simulation was
conducted. The experimental results were ffom drained triaxial
compression tests on a Tertiary mudstone from the Tohoku district of
Japan reported by Watanabe et al. (1987), Denda et al. (1987) and
Watanabe et al. (1988). Physical properiies of the Tohoku mudstone
are given in Table 5.1. Input data for the simulation are summarized
in Table 5.2. The peak and residual strength parameters were
determined by the application of the least squares method to the
experimentally determined strength data, in terms of effective
stress. The deformation parameters were estimated from the shear
modulus, G, a_nii bulk modulus, K, given in the references.
Parameters, egs and A*, were determined based upon the shape of
the experimentally obtained stress-strain curves.

Isotropic, homogeneous deformation is assumed in the
computation, thus a single axisymmetric element with unit size can
be used. The triaxial compression test was simulated by appiying a
variable number of axial deformation increments, <tiu v step,
following the application of isotropic confining pre- .: .

The simulation results are shown in Figure 5.3 ti:gjether with

the experimental results. Good agreement can be seen between the
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computed and experimental stress-strain curves. Differences can be

noticed in the volume change behaviour at the confining pressure of
0.05 MPa. The test sample does not reach the residual condition and
exhibits a continuing dilatancy, while the model reaches its residual
condition at about 3 % axial _s_tzain.

Effects of parameters, & and A*, upon a stress-strain curve
are illustrated for the confining pressure of 0.5 MPa in Figures 5.4
and 5.5. In Figure 5.4 stress-strain curves are computed for &s of 3,
10 and 20 % with A* of A/8 where A is the strength parameter. It is
seen that &s influences both the post-peak stress-strain curve and
the volume change curve, and that the larger the value the lower the
post-peak strain-softening rate and the lower the dilatancy rate. In
Figure 5.5 stress-strain curves are computed for A* of A/8 and A
with s of 5 %. It is seen that A* affects mainly the rate and
amount of dilatancy.

From the above, it can be said that by selecting proper “r3li.ec
for these parameters, one can model strain-softening behaviou., .ur

practical purposes.
5.3 Softening analysis

The stre.i-softening model proposed in this chapter is
incorporated into the finite element model of the softening process
described in the previous chapter. In order to illustrate the model
behaviour, it is assumed that an excavation is made in a fissured,
over-consolidated clay and that softening starts just after the

completion of the excavation. Figure 5.6 shows the relations among
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stress, strain, strength and time during softening schematically. At

time t = 0, at the completion of excavation, the clay is assumed to
exhibit strength and deformation behaviour as denoted by A in the
figure. As softening progresses, the clay deteriorates, indicating by a
reduction in brittleness and dilatancy (Curve B). At the end of
softening, the fully-softened condition, Curve C, is reached. For
instance, the stress state at a point in the ground just after
excavation is assumed to be at Point P in the figure. The soil element
does not fail at this time. When some time elapses, say At, the
strength envelope of the soil contracts from Curve A to Curve B,
accompanied by a change in the stress-strain relation. The soil
element yields and the stress state is brought to Point P',
accompanied by further contraction of the strength envelope to
Curve P" due to plastic deformations. As softening progresses
further, the soil element continues to yield and it will reach the
residual condition if it experiences sufficiently large plastic
deformation. In this way, softening advances toward the fully-
softened condition (Curve C). As in the previous chapter,

deformation moduli are assumed not to vary during softening.

5.4 Example

For the purpose of demonstration, softening in a cut slope is
considered. The same tut slope as the one analyzed in the previous
chapter is used here. The cut was made to a depth of 8 m with a 45°
slope. The finite element mesh is shown in Figure 5.7 together vith

the geometry and boundary conditions. The ground is assumed to
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consist of a fissured, over-consolidated clay whose material

properties are summarized in Table 5.3. The values of €s and A*
are 30 % and A/8, respectively, where A is the peak shear strength
parameter. The strength reduction parameters, a, b and c, are all
zero. Figures 5.8 and 5.9 show the input strength envelopes and
stress-strain relations at different elapsed times, respeﬂ‘”véé‘v. The
fully-softened condition is assumed to be reached ir ! 4 rs after
excavation. The same analysis procedure as in the #§Yious: chapter
is used in this analysis.

Figure 5.10 shows the displacement-time relation computed at
the crest of the slope. The displacement incrcases gradually with
time in the early stages, then rapidly as the slope approaches
collapse. The time to collapse is about 75 years from the completion
of the excavation. Propagation of plastic zones in the slope is shown
in Figure 5.11. Yie! 3 starts at the lower part of the slope surface
and propagates alc - : . ‘ope, then inwards. Figure 5.12 shows the
distribution of acc.. . 4 equivalent :dastic strain just hefore
collapse, along a horizontal plane at an cicvation of 1.8 m from the
excavation base. The maximum plastic deformation is seen to occur
near the slope surface at this particular elevation, and the plastic
deformation decreases with distance from the slope surface. Since
plastic deformation is related to shear strength, a similar variation in
the shear strength mobilized is expected. This is illustrated in Figure
5.13 which shows shear strength envelopes mobilized at the locations
given in Figure 5.12. The strength envelopes are magnified for low

stresses in Figure 5.13(b) and for high stresses in .:_ .z 5.13(c). As
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expected, the lowest shear strength is mobilized near the i-oe

surface.

It is of interest to compare these results with those analyzed
using an elastic, perfectly-plastic model in the previous chapter. The
time to collapse is a little shorter in the case of the strain-softening
ground than in the elastic, perfectly-plastic case. Further, the
computed displacements at the crest of the slope at a given elapsed
time are greater in the strain-softening ground than in the elastic,
perfectly-plastic ground. Regarding the plastic zones, propagation
seems to be similar in these two cases. However, the analyses were
conducted imposing the gravity force, while initial Ko stresses were
not imposed. Since Ko is known to affect the magnitude of the shear
stresses significantly, the plastic zone would be different betwee- in

the two cases.

5.5 Summary

This chapter extended a finite element method described in the
previous chapter, for a more realistic analysis of softening. For this
purpose, a simple strain-softening model was introduced. The model
is very simple and contains, in addition to conventional strength and
deformation parameters, only tv'o extra-parameters controlling
strain-softening.

An example analysis was presented which deais with soft. ning
in a cut slope excavated in strain-softening ground. The deformation
pattern and yielding in the slope were traced up to collapse. The

influence of strain-softening behaviour was noted in the results. The



163
results were compared with the previous results for the elastic,

perfectly-plastic case, which indicates the detrimental effect of

strain-softening.
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6. Analysis of high rock pressure in tunnelling

6.1 Introduction

High rock pressure has been encountered in many tunnelling
works in the Tertiary mudstone bedrocks of Japan. In Chapter 2, this
high rock pressure encountered during and after the construction of
a tunnel in mudstone bedrock was discussed in relation to the
mechanism of softening and Noshiro Tunnel No. 4 was described as a
case history illustrating this problem. Thus, it was considered that it
would be of interest to deal with this problem here, and further, that
this case study could serve as an example of how rock pressure is
developed in the lining of a tunnel if it is constructed in a similar
geologic condition.

The main purpose of this chapter is to demonstrate the
development of rock pressure on the lining of a tunnel with time due
to the softening of rock surrounding the tunnel. For this purpose,
finite element analyses are carried out using the elastic, perfectly
plastic model and strain-softening model introduced in the previous
chapters. The geotechnical data related to a tunnel analyzed are

based on the case history of Noshiro Tunnel No. 4.

6.2 Noshiro Tunnel No. 4

6.2.1 Brief description of tunnel

Noshiro Tunnel No. 4 is briefly described in the following

180
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paragraphs. A detailed description of the tunnel can be found in the

literature (Nakano, 1974, 1979 and 1981).

Noshiro Tunnel No. 4 is one of the main waterway tunnels
constructed as part of the irrigation and reclamation projects in the
Akita prefecture located in northern Japan. The tunnel has a horse-
shoe shape, 3.6 m wide and 3.5 m high and was driven at a depth of
25 to 30 m in the Neogene mudstone bedrock of the Fujikotogawa
formation. The geologic condition and tunnel location are shown in
Figure 6.1. The excavation was carried out by conventional drilling
and blasting techniques with steel ribs and concrete lining. During
the tunnelling, very high rock pressure was encountered. Figure 6.2
shows typical measurements of the stresses induced in steel supports
at Test Section (II) during construction. These are fibre stresses
computed from strains measured by means of strain gauges installed
on steel supports. The stresses increased gradually with time due to
softening. A significant increase in the stresses observed about two
wecks after the installation of supports, however, could be also due
to the change in the stress conditions around the tunnel from three
dimensional to two dimensional response as a results of the advance
of the excavation face. The rock pressure finally exerted on the
supports is estimated to be 120-160 kPa vertically and 90 kPa

horizontally.
6.2.2 Geotechnical properties of bedrock material

The bedrock material at the tunnel site is the typical

Petroliferous Neogene Tertiary mudstone and its index properties are
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summarized in Table 6.1. For the purpose of reference, data on other

mudstones are also listed in the table.

Triaxial compression tests and direct shear tests were carried
out on intact samples of the bedrock material (Nakano, 1979). The
results of the direct shear tests are plotted in Figure 6.3. The stress-
strain curves obtained from the triaxial tests are given in Figure 2.9
in Chapter 2. The corresponding volume change curves were not
reported.

The mudstone has been known to disintegrate upon immersion
when mechanical disturbance is applied. Figure 6.4 shows the
swelling curves of remoulded mudstone samples under different
vertical pressures. From the results of swelling tests and uniaxial
compression tests, relationships among applied vertical pressure,
water content and uniaxial compression strength are established as

shown in Figure 6.5.

6.3 Finite element analysis

6.3.1 Determination of input data

The peak shear strength parameters are determined based on
the results of drained direct shear tests on mudstone samples taken
from the tunnel site. The fully-softened strength parameters are
determined from the test results on the remoulded samples and are

expressed, in terms of Mohr-Coulomb strength parameters, as:

c'=0 ¢' = 25°



183
Since the residual strength of this mudstone is not reported in the

literature, the following values are assumed, referring to residual

strengths of other Japanese Tertiary mudstones:
¢'=0 ¢' = 15°

The strength parameters used in subsequent analyses are
summarized in Table 6.2 and the corresponding strength envelopes
are shown in Figure 6.3.

Deformation moduli, namely Young's modulus and Poisson's
ratio, for the mudstone are taken from the literature and given in
Table 6.2.

In the subsequent analyses, ground is assumed to have either
elastic, perfectly plastic or strain-softening characteristics. In the
elastic, perfectly plastic case, no plastic volume change is assumed to
occur. For the strain-softerli_r_lg case, the parameters controlling the
degree of strain-softening, &s and A*, are assumed as 15% and 0.5,
respectively, The computed stress-strain and volume change curves
are shown in Figure 6.6.

Figure 6.7 illustrates softening of the mudstone in terms of
normalized uniaxial compression strength. This figure is constructed
from the swelling curves and relation among vertical stress, water
content and uniaxial compression strength (Figures 6.4 and 6.5).
From Figure 6.7, the strength reduction-rate parameters, a, b and c,
are determined, by trial and error, as 1.0, 2.5 and 0.8, respectively.
As can be seen in Figure 6.7, the fully-softened condition is reached

in about 27 days. It is of interest to note that Hirano et al. (1983)
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provided a very close estimate of 25 days for the time to reach a

fully-softened condition for Tertiary mudstone at a different tunnel
site which was obtained from finite element back-analyses of tunnel
deformations. With these parameters, the variation in shear strength
is calculated. Figure 6.8 shows the variation in strength envelopes
with time.

The concrete lining is assumed to be linear elastic. The

deformation properties are given in Table 6.2.

6.3.2 Analysis procedure

The ground is discretized by three hundred and fifteen four-
node isoparametric elements with a total of three hundred and forty-
four nodes, as shown in Figure 6.9. The Noshiro Tunnel is
approximated as a D-shaped tunnel with a height and width of 3.6 m
and located 28 m below ground surface.

The finite element analysis starts with the application of an
initial stress to the ground. Two initial stress conditions are
considered: Ko = 1 and Ko = 1.5. Then, tunnelling is simulated by a
gradual removal of elements within tunnel cross section. After this
excavation step, a concrete lining is installed by re-activating
relevant elements which have been killed during excavation. Then,
softening of the ground starts. Since the lining is installed after the
completion of excavation in this analysis, no stress will exist in the
lining elements at thiz time, as noted by Katzenbach (1981). Thus,
subsequently developed stress is due solely to softening. No attempt

was made to model three dimensional effects resulting from the



advance of excavation face. This analysis procedure certainly

departs from reality, but since the main interest of this analysis
concerns the stresses developed during softening and the variation of
those stresses with time, it is felt that this analysis procedure can be

adopted.

6.4 Results of analysis and discussion

All the calculations conducted have been terminated at an
elapsed time of 25 days instead of 27 days to reduce computing
costs. The preliminary study showed that even if the analyses had
been continued to 27 days collapse of the tunnel-bedrock system
would not have occurred.

The variations with time in normal stresses developed at the
floor, spring line and roof within a lining are shown in Figures 6.10,
6.11 and 6.12, respectively. These stresses are evaluated at Gaussian
integration points near the outer edge in a lining element. The
ground is assumed elastic, perfectly plastic. At the floor, negligible
stress is developed at early stages for Ko = 1, then the stress
increases gradually with time and reaches about 750 kPa in 25 days.
For Ko = 1.5, stress increases rapidly from the beginning and reaches
as high as 1650 kPa. At the roof, stress is very small for Ko = 1 and
the magnitude of stress increases as the Ko value increases. At the
spring line, stress increases gradually for both initial stress
conditions. The stresses of 400 kPa and 250 kPa are developed for
Ko =1 and 1.5, respectively. It appears that an increase in Ko results

in an increase in stresses developed at roof and floor and a decrease
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at spring line. Figures 6.13, 6.14 and 6.15 show the tangential stress

variation with time evaluated at the same locations as above. The
variation of these stresses is quite similar to that of the normal
stresses. These stress variations seem to be consistent with field
measurements shown in Figure 6.2, although the magnitude of stress
is quite different. This discrepancy in the stresses is attributed to
ignoring the effect of swelling in the analysis. It is important to note
that very small rock pressure is reported to have been measured in
the supports at Noshiro Tunnel No. 3 and No. 6 which was
constructed in the same geological condition as Tunnel No. 4 but
whose mudstone has higher uniaxial compression strength and
considerably lower swelling capacity upon mechanical disturbance
compared with the mudstone at Tunnel No. 4.

Normal stress distributions along the lining are shown in
Figures 6.16 and 6.17 for Ko = 1 and 1.5, respectively. Large inward
stresses are developed at the floor and spring line. On the other
hand, much smaller stresses are induced in the roof area. An
increase in Kp induces larger stresses at the floor and roof and
smaller stresses at the spring line. In both cases, a significant stress
concentration is created at the lower right corner of the opening.

Plastic zones developed during softening are shown in Figures
6.18 and 6.19 for Ko =1 and 1.5, respectively. Yielding starts near
the lower right corner of tunnel and propagates around the tunnel.
Relatively large plastic zones are developed at the floor and spring
line for Ko = 1. The shape of this plastic zone is quite similar to that

obtained from a conventional elasto-plastic finite element analysis.
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For Ko = 1.5, a much larger plastic zone is formed around the roof and

spring line.

The normal stress variations with time computed using the
strain-softening model are shown in Figures 6.20, 6.21 and 6.22. The
corresponding tangential stress variations are given in Figures 6.23,
6.24 and 6.25. The development of these stresses are almost the
same as that in elastic, perfectly plastic analyses. In comparison
with the results of elastic, perfectly plastic analyses, the magnitude
of stress developed is slightly larger at the floor and spring line and
smaller at the roof. Figures 6.26 and 6.27 show the plastic zones
developed for Ko =1 and 1.5, respectively. Again, these results are
very similar to those of elastic, perfectly plastic analyses. A detailed
examination of equivalent plastic strains developed in the ground for
Ko =1.5 reveals a maximum value of 1.5% and that most equivalent
plastic strains are smaller than 1%. Since the equivalent plastic
strain controls the degree of strength reduction, it can be considered
that for most zones in the ground, the mobilized shear strengths are
close to those in the elastic, perfectly plastic case.

The analysis results presented above show that large inward
stresses develop with time at the floor and spring line. The stresses
are particularly large at the floor. This suggests that if this tunnel

was unlined, significant heaving of the floor would result.

6.5 Summary

A rock pressure problem encountered in tunnelling was dealt

with in this chapter, referring to an actual case history: the Noshiro
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Tunnel No. 4 in Japan. The main emphasis of the analysis was placed

on stresses developed in the lining due to softening of the ground.

The parameters controlling the degree of softening were
determined from results of swelling tests and uniaxial compression
tests on the bedrock material. The fully-softened condition was
estimated to be reached in 27 days.

Two dimensional finite element analyses were carried out
using an elastic, perfectly plastic model and a strain-softening model.
The Ko values considered were 1 and 1.5. The results illustrate the
variation in stresses developed in the lining with time, which seem to
be consistent with field observations. Since stresses considered in
these analyses are due solely to softening of the ground and do not
include stress components which would be induced during
excavation in reality, the magnitude of stress may not be realistic.
Nevertheless, it can be concluded that relatively large stresses are
developed at floor and spring line due to softening. This indicates
that if an unlined tunnel was constructed in a similar geologic
condition, heaving of the floor would likely occur. The analysis
presented here placed its main interest on softening and the effect of
swelling was neglected. The results, however, indicate that this case

history is dominated by swelling and not softening.
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Figure 6.1 Geology and location of Noshiro Tunnel No. 4

(modified after Nakano, 1979)
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7. Simple evaluation of softening =ffect in geotechnical

engineering problems

7.1 Intreduction

So far, a finite element method has been described to analyze
time-dependent problems taking into consideration the effect of
softening and its effectiveness has been demonstrated. The finite
element method is no doubt a powerful and versatile tool, but
performing a finite element analysis is often expensive and time-
consuming, especially in analyzing a complex problem. For
preliminary investigations, it is more desirable to conduct a simple
analysis with simplified boundary conditions to obtain a rough
estimate of the solution to the problem without losing physical
insight into the problem.

In this chapter, some existing analytical methods which have
been used in geotechnical engineering are modified to take into
account softening in fissured, over-consolidated clays and mudstones.
These are limit equilibrium analysis of slope stability, calculation of
earth pressure and calculation of .iress and displacement around a
tunnel. For this purpose, the failure criterion with time-dependent
strength parameters described in Chapter 3 is incorporated, with
some modification, into these analysis methods. Since these analyses
have been well established and can be found in geotechnical
engineering text books (e.g., Lambe and Whitman, 1979; Goodman,

1980), the detailed description of the fundamentals is not given in

219
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subsequent sections. For illustration, simple examples are given in

later sections.

7.2 Slope stability

7.2.1 Infinite slip surface

Consider an infinite slope as shown in Figure 7.1. The ground
water table is located at an elevation of z, above the slip surface.
Steady state seepage is assumed to be parallel to the slope surface.
The available shear resistance along the slip surface, s, is expressed,
using the failure criterion proposed in Chapter 3 and in terms of the

factor of safety, Fg, as follows:

1

“%(%'Q)E (7.1)

where P, Q and R are strength parameters, G is uniaxial compression
strength, and Gy’ is the effective normal stress. The pore water

pressure is expressed as:

U ="% Zw COSZB (7.2)

where Yw is the unit weight of water.

From the equilibrium condition of resisting and driving forces
acting on the slip surface, the following expression for Fs can be
obtained using the pore pressure ratio, ry, introduced by Bishop and

Morgenstern (1960):
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F, = 'P°° {yz (coszﬂ-ru)-Q}t (7.3)
yzsin B cos p! Cc
where 7y is the unit weight of soil.

Fissured, over-consolidated clays and mudstones soften with
time as discussed in Chapter 2. For natural slopes consisting of these
materials, weathering can be a dominant cause for deterioration of
the soil strength over a long period of time. This reduction in shear
strength can be easily incorporated in the above calculation through
reduction in the strength parameters P, Q and R with time. It is
assumed that the variations of these strength parameters follow the
same inverse-hyperbolic functions of time presented in Chapter 3.

They are re-written as:

X=Xo’l- t
7.4
\ Xt+ tr -)-(—)%——-X ( )
0 = Nfs

where X is strength parameter P, Q or R, and x is strength reduction-
rate parameter a,b or ¢ (see Equation (3.8)).

The variation of the factor of safety during softening can be
computed by substituting variations of the strength parameters with

time given by Equation (7.4) into Equation (7.3).
7.2.2 Circular slip surface
There are many methods of slices to handle a circular slip

surface depending on the number of equilibrium conditions they

satisfy. Among them, the method proposed by Bishop (1955) is used



here. Bishop's simplified method has been known to provide an
accurate estimate of the factor of safety for most cases, although it
does not satisfy all the equilibrium conditions (Duncan and Wright,
1980). Further, it is simple and easy to carry out the analysis.
Consider the forces acting on a typical slice in a slope shown in
Figure 7.2. From the equilibrium condition of over-all moment about
the center of rotation together with the failure criterion, Equation

(7.1), the following expression for Fg can be obtained:

n N'. L
Fo-——— 2 1Po[Ni gl
L R i=1 liCc
Z w; sin o; ' =

(7.5)

where subscript ‘i’ denotes the i th slice and N'; is effective normal
force acting on the base of the i th slice. In order to determine the
value of N'j, another equilibrium condition is required. Bishop's
simplified method considers the equilibrium of vertical forces for
each slice neglecting the interslice shear forces. Thus, the following

condition must be satisfied for each slice:

' L
N'icosai+liP°°( i-Q)Rsinozi+liuicosozi-wi=0
Fs li o¢ (7.6)

The value of N'j can be computed from this equation for an assumed
value of Fs. Since Fs appears in the both equations above, an
iterative method can be adopted to compute Fs. For this calculation,

a computer program, STABNON, is developed from a program,
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STABGM, created by Duncan et al. (1985). It should be noted here
that because of the nature of the propct»d failure criterion not only
linear but also non-linear types of failure criterion can be utilized in
the analysis.

Following the same procedure as in the case of an infinite slope,
the variation of the factor of safety due to softening can be

computed.
7.3 Rankine earth pressure

Consider an element in semi-infinite soil mass having a
horizontal surface, as shown in Figure 7.3(a). From symmetry,
vertical and horizontal stresses acting on the element are principal
stresses. Rankine states of stress are illustrated in Figure 7.3(b).
Since the proposed failure criterion is expressed in terms of principal

stresses as:

1
ol=c3+Aoc(%l-s)s (1.7)
[

the Rankine passive and active earth pressures, pp and p,, at a given

depth are given simply by:

w

pp=0'v+AGc(g§-S (7.8)

w -

0v=pa+Aoc(%a—'S

c

(7.9)
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where A, B and S are strength parameters, G, is uniaxial compression

strength and Gy is the vertical stress at a given depth. Because of the
non-linearity of the failure criterion, the variation of these pressures
with depth is non-linear. Further, predicted slip lines are also non-
linear and their directions vary with depth.

Assuming that a retaining wall is rigid and that there are no
shear forces between the vertical face of the retaining wall and the
soil, the replacement of part of a semi-infinite soil mass by the
retaining wall would not significantly change the stress field in the
surrounding soil. Thus, a lateral pressure diagram along the vertical
face of the retaining wall can be obtained using Equations (7.8) and
(7.9) for the passive and active cases, respectively.

The variation of lateral pressure during softening can be
computed by reduction in the strength parameters with time as in

the previous section.
7.4 Stresses and displacements around tunnel

Suppose that a circular tunnel is excavated in a homogeneous,
isotropic medium under a constant hydrostatic pressure, pg, as
shown in Figure 7.4. An elastic, perfectly-plastic and plane-strain,
axisymmetric condition is assumed. The failure criterion for the
medium is expressed by Equation (7.7). The differential equation of

equilibrium to be satisfied for zero body forces is:

a6 G -0
5t =0 (7.10)
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where O, and Gg are radial and tangential stresses, respectively, and
r is a radial distance from the center of tunnel.
Stresses in the elastic zone around the tunnel (r 2 R) are

obtained, by integrating the above differential equation, as:

2
5r=p0'(P0'°R)(rR) (7.11)

R 2
09=P0+(P0'0R)(-r-) (7.12)

where GR is the radial stress at the boundary between the elastic and
plastic zone, R. In the plastic zone (r <R), stresses are calculated

from the following equation:

B

O = Oc {A(1-%)ln|§|+(g—z-s)ﬂf}5'l+s} (7.13)

where a is the tunnel radius and ps is the support pressure. This
equation is obtained by integrating Equation (7.10) together with
Equation (7.7). The corresponding G¢ is calculated from the following

equation:
1
Ge=ocMB-l(M+A)+SGc (7'14)
where

M={A( 1 -t)lnlil*(%'s)%}

The extent of plastic zone, R, can be determined, assuming the

continuity condition of radial stress at R, as follows:

R=aexp(N) (7.15)
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where
N=__1__(93-s)§,;—‘11-(P_sigc_)BTl\
A(l-l—) Cc \ ORr - S G;
B

The GR in the above equation is determined by solving the following

equation:

1
. SR._g g =
2oR2po+A<sc(oc s)s_o (7.16)

Radial displacement due to excavation, u, in the elastic zone is

computed from the following equation:

P
u = - PO R R (7.17)

where G is the shear modulus. The radial displacement is considered
positive outwards from the center of tunnel.

In order to calculate radial displacements in the plastic zone,
the following relation regarding plastic strains is assumed (Kaiser,
1980; Brown et al., 1981):

€+Pe =0 (7.18)

The parameter B controls the plastic volume change; B is one if no
plastic volume change takes place. Further, it is assumed that elastic
strain in the plastic zone is constant. By these assumptions and using
the compatibility condition, the following expression for radial

displacement in the plastic zone is obtained:
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(7.19)

Using Equations (7.11) to (7.15), (7.17) and (7.19) together with
support pressure, in-situ stress and the properties of ground
material, the stress and displacement around a tunnel can be
computed. Following the same procedure as in the previous section,
the variation of these variables with time during softening can be

computed.

7.5 Examples

7.5.1 Slope stability analysis with an infinite slip surface

This example deals with the stability analysis of an infinite
slope having an inclination of 15° as shown in Figure 7.1. The slope
consists of a fissured, over-consolidated clay. The material
properties are giv'n in Table 7.1. These properties are identical to
those of Brown London Clay. The slip surface is located at a depth of
6 m. A steady-seepage condition is maintained with the pore
pressure ratio, ry, of 0.5. The fully-softened condition is reached in
100 years. Using the equations derived in Section 7.2.1, a stability
analysis is carried out.

Figure 7.5 shows the variation of shear strength with time.
Three different reduction-rates of shear strength are considered
which are denoted as Case 1, Case 2 and Case 3. Case 1 gives a linear

reduction of shear strength with respect to time and Case 3 gives a
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more rapid initial reduction of shear strength. For reference, the

shear stress acting along the slip surface is also given in Figure 7.5.
It can be seen from this figure that the time required for the slope to
fail is significantly affected by the reduction-rate. As can be
expected, Case 3 gives the shortest lifetime and Case 1 gives the
longest lifetime.

Figure 7.6 shows the variation of the factor of safety with time
computed for Case 1 using three different values of pore pressure
ratio. As can be expected from Figure 7.5, the factor of safety
decreases linearly with time. The pore water pressure can be seen to
have a significant influence on stability of the slope. The lifetime of
the slope increases with decreasing pore pressure ratio. A slope with
a ground water level below the slip surface does not fail.

Figure 7.7 shows the effect of slope angle on slope stability for
a pore pressure ratio of 0.5. A decrease in slope angle results in a
longer lifetime of the slope. Flattening the slope by 3 degrees results
in a 35 years increase in the lifetime of the slope. A slope having an

inclination less than 10° will not fail at the fully-softened condition.
7.5.2 Slope stability analysis with a circular slip surface

This example deals with a fissured, over-consolidated clay
slope having a 1:2.5 inclination and a height of 7 m. The material
properties are the same as in the infinite slip surface example. The
pore pressure ratio is assumed as 0.3. Similar to the previous
stability analysis, three different reduction-rates are considered:

Case 1 gives a constant reduction with respect to time, Case 2 gives a
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slightly faster reduction and Case 3 gives the most rapid reduction in
shear strength. The fully-softened condition is reached in 100 years.

The stability analysis is carried out using Bishop's simplified
method as described in Section 7.2.2. The minimum value of the
factor of safety for a given shear strength is determined by
examining the results for different slip circles.

Figure 7.8 shows the variation of the factor of safety with time.
As expected, Case 3 gives the shortest time to failure, 50 years, and
Case 1 gives the longest time to failure, 82 years. The critical slip
circles determined at the time of 0 and 50 years for Case 3 are given
in Figure 7.9.

Figure 7.10 illustrates the influence of pore water pressure on
the stability of a slope for Case 3. Three different values of pore
pressure ratio have been assumed. The detrimental effect of pore
water pressure on the stability can be observed. An increase in ry
by 0.1 results in a decrease in the lifetime of a slope by about 20

years.

7.5.3 Calculation of Rankine lateral earth pressure

This example deals with Rankine earth pressure acting on a
retaining wall constructed upon excavation in a fissured, over-
consolidated clay with an uniform surcharge of 0.1 MPa as shown in
Figure 7.11. It is assumed that the wall is rigid and that no shear
stress is developed between the vertical face of the wall and the soil.
The soil properties are summarized in Table 7.2. The fully-softened

condition is reached in 100 years after the construction of the



230
retaining wall. A linear reduction of shear strength with respect to
time is assumed. Using the equations presented in Section 7.3
Rankine lateral pressure can be computed.

Figure 7.12 shows the computed active lateral pressure
distribution. Initially a large tension zone is developed down to
about 5 m from the ground surface. As time goes by, lateral
pressure at a given depth increases and the pressure diagram shifts
rightward. At the bottom of the wall the computed lateral pressure
is 5 kPa initially and increases to 120 kPa in 100 years. This would

indicate that the stability of the retaining wall deteriorates with

time.
7.5.4 Rock-support interaction analysis

This example analyzes stresses and displacements around a
tunnel. Suppose that a circular tunnel, having a radius of 4 m, is
driven at a depth of 250 m in mudstone bedrock. The bedrock
material is assumed to behave in an elastic, perfectly-plastic manner
with zero plastic volume change. The material properties are given
in Table 7.3. A plane-strain, axisymmetric condition is assumed. It
is also assumed that the bedrock material starts softening just after
excavation and that the fully-softened condition is reached in one
year. The shear strength decreases linearly with time during
softening. Using the equations derived in Section 7.4 with the above
data, stresses and displacements around the tunnel can be computed.

Figure 7.13 shows the distribution of radial and tangential

stresses around the tunnel with zero support pressure or an unlined
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tunnel. It can be seen from the figure that a small plastic zone is

formed initially and that as the softening progresses the plastic zone
extends. At a time of 10 months the extent of the plastic zone
reaches 5 times the tunnel radius. The magnitude of tangential
stress decreases within the plastic zone with time and increases
outside the plastic zone.

Figure 7.14 illustrates the variation of the ground convergence
curve with time. It is seen that the plastic component in radial
displacements increases with time and that the support pressure
required to prevent yielding of the bedrock surrounding the tunnel
increases with time. This suggests that in designing a tunnel support

system it is important to recognize the softening effect.

7.6 Summary

In this chapter, some existing analytical methods - slope
stability analysis, calculation of lateral earth pressure and calculation
of stress and displacement around a tunnel were modified to take
into account the effect of softening in terms of shear strength
reduction with time. To achieve this, the failure criterion proposed
in Chapter 3 was incorporated into these analytical methods and
simple illustrations were calculated. The sensitivity of long-term
stability and deformation to different rates of softening has been

illustrated.
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Figure 7.3 Rankine active and passive states of stresses in

horizontal ground
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Figure 7.4 Circular tunnel under hydrostatic stress field
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Figure 7.5 Variation with time of mobilized shear strength
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£. A comprehensive softening analysis

8.1 Introduction

Softening was discussed in detail in Chapter 2, and based upon
the concepts developed there the finite element method to analyze
softening effects was proposed and some examples were created in
the subsequent chapters.

In this chapter a further discussion on softening is given and a
more comprehensive analysis of softening by means of the finite
element method is proposed. An example of softening in a slope is

presented.

8.2 Further insight into softening

8.2.1 Internal and external softening

Softening mechanisms and their effects were discussed in
detail in Chapter 2 and Terzaghi's softening mechanism was
considered to be valid. The softening results from a deterioration of
soil mass resistance due to uneven free-swelling which is initiated
along fissures which are opened; during the process of pore water
pressure equalizatior, in response to unloading siress paths imposed
by excavation. The hard clay lump is transformed gradually into a
softer clay within which the hird clay core may be retained. This
softening is considered to be internal since no external agents are

acting on the process e... .t for the initial unloading. Stress change

249
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due to unloading is an important factor in initiating softening. It

allows fissures to open. When a cuiting is excavated, total stresses
and pore water pressures in the ground are changed. For an elastic
isotropic unloading, changes in effective stress after excavation can
be represented using the first stress invariant, I,’, in terms of
effective stress: the initial change in I, is theoreticaily zero and I’
decreases with time toward the steady-state condition. Where
negative pore water pressure is created due to excavation, fissures,
which have been in a tightly interlocked state, will open later during
swelling. Softening will start along these open fissures. Thus, it
follows that softening takes place some time after I; starts
decreasing,

Weathering effects such as slaking and freeze-thawing cause
disintegration of the soil structure and also result in softening as
described in Chapter 2. This softening due to weathering is
considered to be external because during the process the energy for
disintegrating the material comes from outside of the ground. Since
weathering effects are generally restricted to relatively shallow
depths below the ground surface, this softening is also restricted to
the near ground surface. It is miost likely that softening is more
severe and its rate is much higher near the ground susface than at
dept®: because at shallow depths internal as well as external

softening take place.



8.2.2 Restriction on softening

Figure 8.1 shows stress paths and changes in pore water
pressure at a representative point P before and after excavation in a
fissured, over-consolidated clay. It is assumed that the ground is
isotropic and fully-saturated and that the excavation is made in an
undrained condition. Suppose that the stress state before excavation
is represented by Point P (P) in the o (61') and o3 (03’ stress space
as shown in Figure 8.1(b). The excavation causes a reduction in total
stresses and the resulting total stress state can be represented by
Point A in the o; and o3 stress space. The change in pore water
pressure, Au, due to total stress changes, A01 and A03, can be

estimated as follows (Skempton, 1954):

Au=B{Ac; +A(AG) -Acs)) (8.1)

where A, B are pore pressure parameters. Pore water pressure
immediately after excavation, uj, is up + Au where ug is the pore
water pressure before excavation, and the corresponding effective
stress can be represented by Point B' in the o' and o3’ stress space
since negative pore water preséure change is brought about in
response to the undrained unloading. In Figure 8.1(c) changes in
pore water pressure are shown for shallow and deep excavations
denoted as S and D, respectively. Both excavations produce
depressed pore water pressures in the gro.nd. On average greater
reductions in pore water pressure are brought about by a deeper
excavation. The depressed pore water pressure equalizes with time

toward the steady-state seepage condition, resulting in a gradual
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decrease in the effective stress towards Point A' in Figure 8.1(b).

The excess pore water pressure, Uexc, is defined as the difference
between u; and ugs (pore water pressure at the steady-state
condition) as shown in Figure 8.1(c). The stress path B'A' represents
the swelling process. Assuming that softening does not take place,
the soil element will remain stable since the efic¢ctive stress state at
the end of swelling does not reach the failure envelope, although it is
seen that the drained condition is more dangerous than the
undrained condition. In reality, however, the clay starts to soften
some time after excavation, and the shear strength decreases with
time toward the fully-softened condition as shown in Figure 8.1(b).
The softening is unlikely to take place before the negative pore
water pressure developed in the ground reaches zero or atmospheric
pressure because as long as the negative pore water pressure
remains the fissures stay closed. Referring to Figure 8.1(c), it seems
to be reasonable to consider that the softening starts when the time
tp is reached. After the time t, softening as well as swelling are
occurring. When the equilibration of pore water pressure is
achieved, softening alone will progress further. Depending on the
stress state and shear strength retained during softening, the slope
may or may not fail.

It can be seen from the above discussion that softening is
restricted where negative pore water pressure is generated and that
softening may be assumed to start when the negative pore water
pressure becomes zero. Fissures miy not be able to sustain high
negative pore water pressures and therefore softening might actually

start earlier. There is ro ¢xperimental data to define this in detail.
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The above discussion is taken into consideration in the

subsequent finite element analysis.

8.3 Finite element analysis

8.3.1 Preliminary consideration

For a flat slope the changes in pore water pressure due to
excavation may be approximated by:

Au=YAz (8.2)

where A u is the change in pore water pressure, y is the unit weight
of the soil and A z is ihe depth of soil excavated from above the point
of interest (see Figure 8.2). Walbancke (1975) suggested, from the
comparison with pore water pressures derived from two dimensional
finite element analyses and field measurements, that this simple
equation generally gives a reasonable approximation of pore water
pressure changes due to excavation; noting that this cguation icads
to under-estimate pore water pressures near the cies: f slope and
over-estimate them at the base of the excavation as g#a & - ¢n in
Figure 8.2.

The variation with time in pore water pressure can &
computed using consolidation theory. Considering its si:nplicity, one-
dimensional swelling with a uniform value of the coefficient of
swelling, Cs, is assumed here as adopted by Walbancke (op. cit.). It is
further assumed that the initial consolidation pressure distributes
uniformly through the drainage length at the location of interest and

that pore water pressure before and after excavation is hydrostatic.
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With these assumptions, isochrones for any location and time can be

obtained. Figure 8.3 illustrates this analysis schematically. Further,
by plotting points at which isochrones at various locations intersect
the zero-pore water pressure line (for instance, Points A and B in
Figure 8.3), a time contour can be obtained which consists of equi-
time lines drawn through points of equal time when the pore water
pressure reaches zero. Figure 8.4 shows the time contour obtained in
this manner for a three to one cut slope having a 7 m depth. The
coefficient of swelling of 3.5 m2/year was assumed. As a boundary
condition for solving the consolidation equation, swelling was
restricted to the 14 m thick layer under the original ground surface.
The time indicated in the figure is that required for (2 negative
pore water pressure to become zero. It should be noted that these
equi-time lines also represent time for softening to start after
excavation. Softening can be seen to take place successively in the
slope.

It should be kept in mind that external softening which could
facilitate additional softening near the excavation face is not

considered in this analysis.
8.3.2 Softening analysis

The finite element analysis here deals with a cutting of a three
to one slope having a 7 m depth as shown in Figure 8.5. The
excavation is performed in stages and in a fully-undrained condition.
In reality, swelling as well as softening take place in the ground after

excavation. However, in order to avoid the complexity associated
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with the inclusion of the swelling effect, the swelling process is no:
taken into account, and the pore watcr pressure is assumed to
achieve the ultimate equilibrium condition - steady-state seepage
condition - immediately after excavation. The ground consists of a
fissured, over-consolidated clay and has a horizontal ground surface
before excavation. The strength and deformation properties of the
clay are summarized in Table 8.1. The constitutive model used in the
analysis is an elastic, perfectly-plastic relation with no plastic
volumetric changes. The finite element discretization of the ground
is made with nine hundred and two four-node isoparametric
elements and nine hundred and fifty nodal points. The boundary
conditions are shown in Figure 8.6.

The computation begins with the application of the initial
stresses in the ground. The Kq value of 0.8 was applied. Then, the
stepped excavation is modelled using an undrained effective stress
analysis (Chan, 1986; Chan and Morgenstern, 1989). Skempton's
pore pressure parameters A and B are assumed as 1/3 and 1,
respectively, following Eigenbrod (1975). As mentioned earlier, the
process of pore water pressure equilibration is not considered and
the pore water pressures in the ground are assumed to attain their
steady-state condition just after excavation. In the finite element
analysis this is carried out by replacing the pore water pressures in
the ground calculated in the excavation simulation by those of the
steady-state condition which are obtained from a 7+ net analysis.
Then, the softening scheme starts. According to ::.¢ I*scussions
presented in the previous section, softening is restricied to a certain

region in the ground and begins at ifferent times. Referring to



256
Figure 8.4, the ground is divided into five zones as shown in Figure

8.7: in Zone 1 no softening occurs, in Zone 2 softening starts
immediately after excavation, in Zone 3 softening begins one year
after excavation and so on. The time to reach the fully-softened
condition is 100 years in all the softening zones. Figure 8.8 shows
the input variation with time of shear strength retained at o3 of 0.05
MPa in each zones. The shear strength in the ordinate is the t value
at the tangent point between the failure envelope and the Mohr
circle drawn for o3’ of 0.05 MPa. The close-up of the initial part in

the strength variation is given in the inset of the figure.

8.3.3 Results

Figures 8.9 and 8.10 show the variation with time in horizontal
and vertical displacements, respectively. The displacements
developed when the excavation is completed but before th cee
water pressures are replaced are taken as zero. This allows ohe to
evaluate the influence of the pore water pressure change on the
slope behaviour. It can be seen from the figure that this pore water
pressure reyiicement results in a large upward displacements at the
both crest z:u¢ toe (see displacements at elapsed timez of zero). These
displacements could have developed gradually with time if swelling
had been taken into consideration in the analysis. In this example
this pore water pressure change did not cause yielding in the ground
as can be seen later. After the sudden movements due to the pore

water pressure change, the slope remains still for a while. Horizontal

displacement increases gradually initially at both locations 50 years
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after excavation and rapidly as the slope approaches its collapse, in

association with the progression of yielding. Vertical displacement at
the toe follows the same trend as the horizontal displacement but at
the crest only a small downward displacement develops. The
lifetime of the slope is calculated as 95 years. Beyond 95 years the
solution did not achieve convergence in 30 iterations. Figure 8.11
shows the development of the plastic zone. Yielding initiates at the
toe of the slope 50 years after excavation, then propagates with time

as can be seen in the figure.

8.4 Commentary

The time-displacement relations obtained in the above analysis
(Figures 8.9 and 8.10) may be seen as ‘creep' since these results were
calculated under a constant loading condition. There is a trend that
time-dependent deformations are analyzed by employing creep or
visc y-plasticity because they provide a computationally convenient
way to account for time effects. But considering that the time-
displacement relations obtained here are the results of the
progression of yielding due to softening, it can be considered that the
finite element method used here provides a rational means of
analyzing the time-dependent instability without loosing insight into
the problem.

A more comprehensive finite element method to analyze the
time-dependent instability can be formulated by unifying softening
with swelling analyses. Figure 8.12 shows a simple flow chart of this

unified finite element analysis. Suppose that a cutting is exc:vated
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in an undrained condition. First, an undrained analysis is carried out

at t = 0 to establish the initial conditions for subsequent swelling and
softening analyses. At this time, an element where negative pore
water pressure is evaluated is registered as a 'softening potential'
element which will undergo softening later. Then, envalization of the
pore water pressure and associated deformation 7' ..  ted at
subsequent time steps, which may employ a coup of of uncoupled
elastic, plastic consolidation theory. As time goes by, pore water
pressure equalizes toward the steady-state condition. During this
process, the pore water pressure in a 'softening potential' element
may reach zero. For this element, softening scheme is initiated: the
shear strength reduction is computed and this reduced strength is
used in evaluating the corresponding element stiffness matrices at
the next time step. When the dissipation of excess pore water
pressure is comr:. . ‘he softening scheme alone progresses; that is,
stiffness matrices .- - 4 to soil behsviour are modified, keeping
pore water pressure constant as the .uw.! steady-state value in
subsequent time steps. The computation continues until the solution
can not achieve convergence or the fully-softened condition is
reached. It should be noted that in the example analyzed in this
chapter, where and when negative pore water pressure is generated
and dissipates to zero were pre-determined as an approximation by
using Terzaghi's consolidation theory and implemented in the finite
element analysis as control data. Therefore, it can be seen that the

example contains the essentials to portray the 1 °f the softening

mechanism.
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8.5 Summary

This chapter extends the discussion on softening given in
Chapter 2. Some restrictive conditions regarding where and when
softening takes place are established.

A finite element analysis was carried out for a cut slope taking
into account the concepts on softening developed so far. Time-
dependent development cf deformations and plastic zones are
demonstrated.

A more comprehensive finite element method to analyze
softening effects is proposed which unifies the softening analysis

developed in this study with the analysis of swelling.
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Figure 8.12 Flow chart of comprehensive swelling-softening
analysis



9. Conclusions

9.1 Conclusions

Time-dependent instability observed in fissured, over-
consolidated clays and mudstones was investigated in this
dissertation. The main emphasis was placed upon understanding of
softening mechanisms and their effects and development of a
numerical method to analyze this problem.

Softening has been observed in field investigations of cut
slopes and tunnels. The mechanism of softening described by
Terzaghi appears to be valid. The softening results from a
deterioration of soil mass resistance due to uneven swelling along
open fissures. Unloading imposed by excavation initiates the
softening. The hard clay lump is transformed with time into a softer
clay within which the hard clay core may be retained. Softening also
results from weathering effects which cause disintegration of the soil
structure.  Softening can be classified into internal and external
processes. The effect of softening is to decrease the shear strength of
material with time accompanied by a reduction of the dilatancy
property. This shear strength reduction due to softening can be
represented as a lowering of the failure envelope and a reduction in
the high non-linearity at low stress levels. The rate of softening can
be estimated from field observations or analyses of case histories. It
is essential to carry out systematic experiments on these materials at

low stress levels in order to gain physical insight into the mechanism
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of softening, but there exist only a few such experimental data in the
literature.

A simple non-linear failure criterion was proposed for fissured,
over-consolidated clays and mudstones which consists of maximum
and minimum principal stresses, uniaxial compression strength and
three strength parameters. These strength parameters can be
determined from conventional strength tests such as triaxial
compression tests. Usefulness of this failure criterion has been
demonstrated through comparisons with experimental data taken
from the literature. Further, using this failure criterion, shear
strength reduction due to softening can be described rationally. The
variation of shear strength during softening has been illustrated by
interpolating the stiength parameters from the initial to fully-
softened values with an inverse-hyperbolic function.

The finite element method to analyze softening effects was
developed according to an elastic-plastic finite element formulation
based upon the principal of virtual work. The failure criterion with
time-dependent strength parameters proposed in this research was
incorporated in the finite element analysis. Elastic, perfectly-plastic
and strain-softening relations are considered as constitutive models.
The strain-softening model contains conventional shear strength and
deformation parameters with only two extra parameters controlling
post-peak behaviour. Examples were analyzed which demonstrate
the usefulness of the proposed finite element method.

A high rock pressure problem encountered in tunnelling
through mudstone bedrock was analyzed using the proposed finite

element method, referring to an actual case history in Japan. The
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results show that undesirable influence of softening on the tunnel
behaviour is developed over a long period of time. Relatively large
stresses are induced at the floor and spring line with time. It is
observed that the variation with time in these stresses is comparable
to the field measurements, although the magnitude of the predicted
stresses is smaller. This discrepancy in the stresses is attributed to
neglecting swelling effects. It is indicated that this case history is
dominated by swelling rather than softening.

Some existing analytical methods were modified to take into
account the effect of softening by incorporating the proposed failure
criterion with the time-dependent strength parameters. Simple
examples were analyzed; slope stability, lateral earth pressure and
stress and displacement around a tunnel. Sensitivity of the factor of
safety and deformation on softening is illustrated. The analysis
method can provide a simple and inexpensive means to evaluate the
softening effect in geotechnical engineering problems.

A comprehensive finite element method to analyze softening
effects is proposed. It unifies softening analysis developed in this
research with swelling analysis. An example of analysis is presented
which contains the essentials to describe the role of softening in the
time-dependent instability, although it is an approximation of the
proposed comprehensive analysis. There is a trend that time-
dependent deformations observed in fissured, over-consolidated
clays and mudstones are analyzed as creep or visco-plastic behaviour
because they provide a computationally convenient way to account
for time-dependency. However, it should be noted that time-

displacement relations presented here are the results of softening



not of creep or visco-plasticity. The analysis proposed in this
research constitutes an alternate means to analyze time-dependent
instability in fissured, over-consolidated clays and mudstones

without losing physical insight into the problem.

9.2 Suggestions for future research

It would be valuable to explore more well-instrumented and
documented case histories in various parts of the world in order to
provide information for evaluating the rate of softening.

It would be necessary to investigate further the shear strength
behaviour at low stress levels of fissured, over-consolidated clays
and mudstones, particularly in relation to unloading stress paths,
since there are only a few comprehensive experimental studies
concerning this aspect.

Formulation of a more comprehensive softening analysis by
means of the finite element method was suggested in Chapter 8. It
couples softening with swelling analyses. The coupled analysis
would provide an improved means of predicting the whole history of
time-dependent instability in a cut slope and tunnel.

Modelling excavation in the finite element analysis required
considerable patience. It has been felt during this research that
things such as a proper mesh size and boundary effects may not be
determined properly without trial and error, particularly for an
elastic-plastic problem and that coping with these problems relies
only on the experience of analyst. It would be valuable to establish

some kind of criteria for excavation simulation.
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In the course of this research, it has been strongly felt to be
necessary to improve the development of versatile post-processing
programs for interpreting and presenting calculation output

efficiently.
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Appendix

Determination of strength parameters A, B and S

The failure criterion is written as:

01 =03 + A G, (9’1-5)%{
SRR - (A1)
Initially, the following condition must be satisfied:
L
A(-S) =1 (A2)

Substituting Equation (A2) into Equation (Al) for A, one can obtain

the following equation:
=ax
d (A3)
where

Y=ln(91_—9_3_)
Cc

x=ln‘1-—93-—
SO’C

™ |

By the application of the least squares method, the parameter B and

the coefficient of determination r2 are given as follows:
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where N is the total number of data set. A value of B is calculated
for an arbitrary value of S. By using an iterative method for various
values of S, the values of B and S are determined which give the best
correlation, r2=1. Then, the value of A is computed using Equation
(A2) with these values of B and S.

To determine the strength parameters from direct shear test
results, it is necessary first to estimate maximum and minimum
principal stresses. For this purpose, the following relations, derived

by Balmer (1952), are used:

G=or42L-03
3 801
1+-- (A6)
30'3
r=31-03 1
1420 V90 (A7)



291

90 4

tan ¢l = _ég.L___
2 ./ (A8)

80'3
C;=1T-0 tan ¢ (A9)

It can be assumed that relation between ¢ and t in the entire data
obtained experimentally is approximated to be linear or non-linear.

When the linear relation is assumed as:

T=Cc+0tan ¢ (A10)

o1 and 63 can be calculated as follows (Hoek, 1983):

c,3=‘c52+(7:-c)1:}(-’1:1/c:2+(r-c)2 (Al1)
ol___‘02+(‘c-c)’t};‘t‘\/02+('t-c)z (A12)

When the non-linear relation is assumed as:

t=p(o-qFf (A13)
o1 and 03 can be calculated as follows:

03=0-1TN; (A14)

01=o+tN1N§ (A15)

where

Ni=pr(o-q)r-1-vp2r(c-q)2(r-1)4)



(%]
O
o

N2=pr(°-_q)r-l+\/p2 rz(c-q)z(f'1)+1

After the calculation of the values of o1 and 63 using the above
equations, the parameters A, B and S are determined according to the

method described earlier.
Determinati f n

The alternative failure criterion is written as:

t=P%(§~Q)§

(A16)
Re-writing the above equation,
y=ax+b (A17)
where
=In-Lt
y Ge
= o .
X= ln( ¢ Q )
a=l
R
b=InP

The value of the parameter Q is computed by solving the following

equation:

Q+A(Q-S)5=0 ALB)
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where A, B and S are strength parameters in Equation (Al). The

values of P and R are given as:

L5

i=1

N N (A19)
2 Xj 2 )’i)
= =1

N N (A20)
2 Vi Z Xi

InP=i=l___pBIi
N

The values of R and P are calculated for values of ¢ and t given by

substituting arbitrary values of o3 into Equations (Al), (A6) and
(A7).



