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Maximumlca:rying capacity of a column - {

‘External pressure coefficient

. Internal pressure coefficient

Factored compressive resistance
Snow - load coefficient

Tangent -buckling load
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Warping torsion constant

Axial compreséive load at yield stress

Torsional buckiing load

: . | . ‘ .
Distance between centroid of cantilever girder and link

[
V.

specifipd dead load A

y
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Young's modulus of concrete
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Force; foﬁndation factor; fiexibi;ityﬂfacLor
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Spécif}ed minimum yield stress | N
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v
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Ground snow»loddk.accelerétion due to gravity;lfooting
) ’ 8 V0 ' ‘ ‘

width -

Horizontal force ’

Depth of Q4—%our rainfall; clear -depth Qf web between
flanges; height | '
Importance factor

Column moment of inertia
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K Coeff1c1épt reflectivg type of construction
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lel. SmaL;et factored moment
,M£2'> Laréet factored moment .
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-
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subgfade:ieaction
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CHAPTER I

INTRODUCTION |

In the Dast decade structural research has concentrated.
on problens related to the design of tall bu1ld1ngs, and “has
resulteo in more rational and- economical de51gn procedures for
such structures. In contrast however, research related to the
design of low bu1ld1ngs (1ndustr1al buildings, warenouses, shop—
ping centres, etc.) hac lagoea 81gn1f1cantly, even tnougn such
ou1ld1ngc form a large portion of the market for the steel in-
custry. Althougn it is not p0551ble to determine the tonnage of

| steel used eacn year in- Canada for construction of low bu1ld1ngs,

it is lixely that 1t is as high, or higner, than that used for )

tall buildings.

A surprisingly large number of situations exist in the
design of this class of building for whiéh~either little design
~.1nrormation ex1sts, or for which the oesign information is overly

conservat ve. For example, the effectiveness of girts and corru-
gated met wall claoding 1n bracing exterior columns has been an
open question for.some time. .Another:problem'is that current
des1gn procedures(l 2) may not be completely satlsfactory when -
applied to the de51gn of the overhanging portions of girders in
cantilever ‘roof framing schemes.} - . T S

TR :
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| The_purpose of this dissertation is to summarize

’

9 ,
1nformat10n relevant to the oe51gn of low bu1ld1ngs, to m9d1fy

+

1ntormatlon that is not d1rectly appllcable or that ‘is overly con-

~ servative when‘aqpl1ed to low bulldlngs, and to develop new infor-

@

mationr Since the. subject matter is. very broad, the research is
limited primarily to the design of. 51ngle storey llgnt 1ndustr1al
buildings, such as 1hat shown in Figure l.l, The‘roofvglrders may.
be either simply connected‘to the supporting colunns; or thej may .
be cantilevered over the column tops and separated by "llnk"

beams. Open web steel JOlStS span -in a direction perpendlcular ta -

the main fram1ng ‘ Lateral load resistance may be prov1ded through

a dlrect actlng bracing system, diaphragm actlon of the wall

claodlng, masonry bloc&, or some comblnatlon of tnese ~Not

llncluoed are problems related to the design of rigid frames, or to

structures in which tne effect of,a/}raVelling overhead crane is a
dominant design feature. Design of "these structures is considered

elsewhere(3).

The" de51gn process for a bu1ld1ng structure can be
4

outllneo as follows-'.

l.' the over-all size and shape of the oulldlng is establlshed
and bay sizes: are chosen, based on the 1ntended use of tho
' bulldlng, - | R o R .,_ Y.

Ze . the loads (dead load'and loads caused by snow, rain, wind and

eartbQuake)‘arexestimated, : ' S >



- A LIGHT INDUSTRIALBUILDING STRUCTURE

FIGURE 1.1



3. ch01ces of  the most ‘suitable. constructlon materlals are made,
' con51cer1ng cost, availability and constructlon t1me,

4.__ an economlcal framlng scbém;\ls selected

5. " a prellmlnary member selectlon 1s made, _ |

6. the structure. is analyzed to determine 1f the members chosen

are reasonable, B |

;7.. ,re;design iS'performed where"rééuired:

8. . the'drawings, specifications, and'otherlcontraCt docguments
are‘prepared, and contracts let, »fg

9.  the fabrlcator s shop and erectlon drawings are approved

| 'constructlon is 1n1t1ated, and )

'lO}, during constructlon, perloolc 1nspectlon of the jOb-Slte is

undertaken to ensure that constructlon is in accordance w1tn

‘the draw1ngs and speclflcatlons.

“Although most -of these steps w1ll 1nvolve the de51gner to- some

»extent, only steps 2, 4, 5 and 6 w1ll be 01scussed furtner here.

. CHAPTER II of this dissertation contains aASummary of
1nformatlon on tne load1ng condltlons approprlate to. the des1gn of
low bUlldlngS Typ1cal dead loads -are summarlzed and background-
1nformatlon is’ glven for the treatment of snow, wind and earth—-

quaxe loads. A detalled treatment of raln pondlng is Dresented

In~ some locatlons in Canada, ponolng of ‘rainwater can cause hlgher

| moments and deflectlons than those caused by snow. .

CHAPTER III contains a comparison of the relative‘



.costs}of various bay sizes, roof framing schemes, and methods of
resisting lateral load. Use is made of cost information provided
by several steel fabricators,{so that cost comparisons are not

based on weight savings alone, but rather on the cost of unfabri- -

cated steel plus the costs of fabrication and erection.

The design of flexural members is treated in CHAPTER
IV. Extensive use is made of a finite element computer
prograh(4) that accounts for the effects of residual stresses
and progressive yielding in the members to determine design pro-
cedures for cantilever girders. Since déflection can sometimesi
govern the design of a flexural member, a section in this Chapter
is devoted to the derivation of a live load deflection limitation

for a girder supporting an asphaltic roof membrane.

The design of compression members is discussed in
CHAPTER V. Bracing requirements for exterior compression members

braced by diaphragm-girt bracing are discussed.

Methods of resisting lateral load are discussed in
CHAPTER VI. The mechanism for the transfer of ‘load from the walls
»to the roof, diéphragm action in the plané of the roof, and the
transfer of load from the roof to the foundation are described. .
Results of a series of tests to determine the strengths of column

bases subjected to-combined shears and axial forces are presented.
e o s
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CHAPTER VII contains a detailed description of a
method of estimating the cost of steel construction. The method
forms the basis for comparing framing schemes and ;ayouts
described in CHAPTER III. A summary of the investigation is

presented in CHAPTER VIII.

In each chaptef worked problems illustrate'the design
process; using the small rectangular structure shown in Figure 1.1
as an "example building". Thus, in CHAPTER II the loads on the
building are computed, in CHAPTEKR IV various flexural members are
designed, and so on. Although an irregular structure such as a
"T" shaped building or a building with skewed éirdef‘to column
qonnections could have been selected, the struéture shown in
Figure 1.1 nhas the aanntage of simplicity, and yet at the same
time can be used to illustrate many of the design situations
encountered in practice. The exterior dimensions of the builaing,
and the bay Sizes, are assumed to be based on_func;ional reqﬁire—

ments (step 1, above). The structure is located in Ottawa,

Ontario.

el



CHAPTER II

LOADS

2.1 Introduction.

Before the mehber selection process can begin the loads
on the building must be estfmated. The loads'considered'in this
chapter are dead loads, and those live loads due to snow, rain,
wind and earthquake. For a single storeyfbuilding it is the
effects of the vertical loads on the roof that most strohgly
effect the building cost - the effects of lateral loads are'usual—
ly accommodated rather easily. This is in contrast to a tall
buildimg~or tower, where the effects of the lateral loadstcan
become very severe. Before discussing loads,‘hOWever,.the Limit

State Design method will be briefly reviewed(l),

2.2 Limit States Design

To fulfil its intended purpose a building must orovidev”

- an acceptable margin of safety agalnst collapsé at the factored

_ load levels and be servlceable at the spec1f1ed load levels ‘When
a structure or a memoer in the structure fails to fulfll its
intended purpose a limit state 1s sald to have been reached

Limit states 1nvolv1ng collapse, such as gross yielding or

1nstab111ty, are called ultimate limit states. ‘ L



in Figure 2.1 frequency curvyes are plotted for the
effect of the loads on a structural member (for example, the |
méximum bending moment) apd the resistance of the member to this
load effect (for example, the plastic mément). In the shaded’area
the effect of the loads is greater than the resistance of the

member and failure occurs.

In Limit States Design the probability of reaching an
ultimate limit state is kept sufficiently low by requiring that
the factored member resistance (ie., the resistance R multiplied

by a perfbrmance factor ¢) be greater than, or at least equal to,

tne effect of the factored loads. The performance factor is taken

as 0.9 for steel design in general, but 0.67 for bolts and the

P

plates in bearing type connections.
The effect of-the factored

_column load or other structqral»effect»duezto the specified. loads

‘

?ﬁultiplieaibyAthe load factors a, a load combination factor ¥,

and an importance factor-y: -
apD + YQ)'(QLL'L + O.QQ + GTT)

where . D = specified‘dead load,

L = specified live load,
O = specified lateral léadv(from anggérﬁhgééké;:for'
example), . -
T =‘influences.resQlting»fromltemperaturezchanges or

from differential settlement,

L R TR
loads. is. the bending moment,



~ Effect of Loads
Resistance
S _ / of Member

Frequency

Magnitude of .Effect of Loads ‘or |
Resistance of Member

FIGURE 2.1 FREQUENCY DISTRIBUTION CURVES



ap, ap, g and ap = load factors equal to 1.25
(or, in éases of Qverturning,
uplift or stress,feversal,fo.&S),'
1.5, 1.5 and 1.25 respectively,

' Y = an importénée factor equal to i.O for most build-
ings (but 0.80 for buildingslwhé:e the rate of
human occupancy isulow), and

P = a load combination factor equal to 1.0 when only
.one of L, Q or T acts, 0.7 when any two of L, Q or

T acts, and 0.6 when all three act together.

Limit states that effect the serviceability of the:
structure, such_aé excéssive deflectidn'or vibration, éfe:called
serviceability limit'States. Segviceability limit staﬁeSVare
checked at the specified load levels, using the appropriate load
‘ Combinat%on factors. |

~

Because of the greater rationality of ﬁimit’Stétes
Design, and because Canadian Structural Standards alivappear to be
moviing towards the limit étatés format} only CSA Standard | |
S16.1-1974 "Steel Structures for Buildings.— Limit States

Designu(l)‘will be used for. member selection in_this report.

T a
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«“.fily heavy mechanlcal un1ts may be supported by the top chords of .

2.3 Loads

2.3.1 Dead Lo

}%e dead load supported by a roof glrder 1ncludes the

welghts o] materlals comor1s1ng the roof the“welghts of mechanlf:_hf' |

cal units on the roof, ductwork carrled thfough the joists}'lighte
ing fj tures,'sprinklet‘laterals, fans, etc., the weight of the
joists, ang the weight of the steel gipdegiitSélﬁ.4i3ypiCalﬂ:t
weights of materials_commonly;nsediin‘ron»constthctiohfandn

weights of mechanical”units are given in the Handbook of Steel

+ Construction (3) ag well as in various manufacturers catalogues.

Two different roof systems are in common use at the
present time- conventional roof systems and inverted, sometlmes
called "up51de down", roof systems(G) Typlcal welghts of

RS

materials for both systems are glven in Flgure 2.2,

The weights of light mechanical units, ductwofk; light_
ing fixtures, etc. are often assessed as a unifotml?ﬁdistributed
dead load of approximately 5 psf. Since mechanical and electrical

services may be suspended rather indiscriminately‘from the 1t —

chords and wehs of the joists, it may be more appropgiate to treat

7.these loads as llve loads 1nstead of dead loads and to con51der _t'yl
 the effects of dlfferent load,patterns. In some cases partlcular— -fﬁ

‘Asome of the jo1sts. The1r eﬁfects sbould be assessed separately.,ﬂwigﬂfi,
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ERNANIN

Gravel............... ... S O-10 Psf

3-Ply Roofing Membrane ... ......3

2 In. Rigid Insulation ... i3

'Vapor Bbrri,er..............4....‘....... -

15 In. Steel Deck........................2
(0030 In. Thick)

"% (a) Conventional Roof System

5

|

(b) Inverted Roof System

N .
Y

T
E A
I AL

Gravel........c....c............... 10-20 Psf.

2 In.(Waterproof) |
Rigid Insulation...)..................3

" 3- Ply Roofing Membrane.............3
| 05 In. Gypéum'Booﬂrd’.‘..ﬂ..."~..-.;....'...,2.5

15 In. Steel Deck......................2
(0.030 In. Thick)

/

. .FIGURE 22 TWO COMMON RQOF SYSTEMS
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Althougn the dead welghts of 301sts and glrders can

usually be estlmated Cclosely by experienced designers, rules of

~

thunb are,often useful fpr thOSe without this experience.. One

q

such rule can be darived for jOlStS subjected to a uniformly

dlstrlouted loaa by first estlmatlng the ten51on chord area A;

L;om'
sa.F, = SWLiZ . 12 R (2.1)
Y T —s— * Ta00 - A ) -
CwHers 'f%y = specified minimufi yield stress; ksi,

A
]

"factored load carrleH bj the jOlSt%, ps

4]
]

JOlot spac1wg, ft

e
!

j .= joist span, ft,,’__._

(o3
|

= joist depth, in.

»

.Assumihg that the total cross e:tlonal area 1is tnree tlmes that

'01 tha ten51on cnord area, a steel den51ty of 490 los/ft 3 ﬂa,span”

to depth ratlo of 24 and a yleld Stress of 55 ksi, the joist

w,lgat.Wj-ln l_bs/ft.2 of roof area is:

Wj = 0.0007 wLy - A (2.2)

The assumption that the total area is three times the tension

chord arsa’ 1s clearly an aooroximation, but it is felt that it is

accurate enouga for use 1n the derlvatlon of th1s rule of thumb

"Note tnat the number 0 007 in thlS equatlon ‘has the units of feet.




Exém?ié 2;1’ B | i
Given o | ‘
| Ectimate thé specified dead load supported by $5 inteff"
rior girdef in éhe;étfucture of,Figuré 1.1.. Assume é specified A
SNoV logd_bt 43 psf-ahd»an inverted roof system with_iO psf of

gréyel, |
~ Solution T

From Figure 2.2, the weights of the materials in the

FouT Are éstimated as: :
| gravel T e 10 psf
2 in. insulaﬁion e ’.;....;.;.j..:...;;; 3
3-ply roof mémbrane ......... cveensencasans 3
2.5 in. gypsum board ..... eresenns Ceeseaan 2.5
1.5 in. Steel decK «eenererennnns R
. total ......... 20.5 pst

[P

As discussed above, it may be more appropriate to-con~ 7

sider tihe various mechanical and electrical services as live -
loads. However, for simplicity a uniform dead load of 5 psf will

hbe assumed.

The sqlf-weignt of the 40 foot long joists can be

estimated as:

I}

w5 = 0.0007 wulj o (B 2.2)

»

0.0007 x (1.25 x 25.5 + 1.5 x 48) x 40

2.5 psf
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-
—~—

~ _ :
115 will be rounded up to 3.0 psf._ The\\el£\3e1ght of the glrder

‘w1ll also be: estlmated as 3 0 psf ‘sub]ect to la;e;\;errﬁlcatlon

Thug the specified dead load supported by the girder iss 3

20.5-+5 + 3.0 + 3.0

'—Uf"
.

= 31.5 pst. | .
//'-'. N “"”‘v'—“.‘———vv-———_
e | S
2.3.2 " Sriow Load , : | -y

-

In2 live load that governs the oc51gn of roof system:
for nost locations in Canada is snow load. As ‘shown in References
(7), (3) and (3), snow load on the flat roof of a- ouilding is.
aecermlnca oy mul’lolylng the . ground snow lOad by a snow loao

coefficiant that accounts for bulldlng exoosure B

S =Csg . 1 e ”?u(2,3)_

i

‘wnere- 5 specified roof load in psf 7
Cs = snow load coefficient

ground snow~load»in'osf

g ,
Slnce the minimum recommenoed live load is 20 psf, (7) the

peclf1ed roof snow load should not be less tnan_this value.

Ground snow loads are baced on measurements ofésnaw.
“:de3t1s taxen at ‘over -200 statlons across canada for periods rang-

ing from 10 to 18 years(s) From tnese records the depths that :-.*.
would be equalled or exceeded on the average of once in 30 yearsA"

were found and converted to loads by assumlng that 1. 1nch of snow’



e
-

-VWelghed l~psf + Te this‘load~was added the weight of a l—day/rainf'

/
fall at the tlme of year whén the snow depths yere/tff greatest.
. /’

Ground snow loads are . tabulated for many locatlons in Canada in

HReference (8)- - fﬁ
Tne oa51t snow load coeff1c1ent,‘used to convert the

;ground ‘snow load to a roof Snow load, is 0.8 exceDt that for roofs"
‘exposed to-wind this may bevreduced to 0.6. These coeff1c1ents

are based on results.of a conttnuing. snow load survey carried out
‘by tne Divislon of Building;Research of the National Research
. Council of Canada(g). - As illustrated in Figure Z.E(a)} an
"exposed"‘roof must be in.generally open, level terrain'containing f
only scatterec bulldlngs and trees and not llkely to. become. A

~sh1elded 1n tue future oy taller bu1ld1ngs closer tha1 15 feet or

- 10 h,‘where n-is the dlfference in height between the two bUlld—.

»1ngs rn feet In addltlon, parapets or other prJJettlons on the{'t
iffroot must not be hlgher than g/25 feet, where g is oeflned in ”fll',:f'

i

’Equatlon (2 3) When taller bu1ld1ngs are closer than lO h but'

' more than 15 feet away, - as. shown in rlgure 2 3(b), 0 8 should be)

r:used ‘over that portlon oif the roof w1th1n 10 h feet from the

.taller building.

Examble‘2;2;

.Givenv'
Estlmate the snow load on the roof of the structure .
(shown in Flgure 1.1. The structure 1s located 1n Ottawa, Ontarlo

(g = 60.psf)band is not 51tuated in an exposed location.
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Opén, Level Terrain, | _ . Future or Exlsﬂng
“Scattered Trees and .. Cs*06 'Buﬂdinq
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FIGURE 23 EFFECT OF SHELTER ON SNOW LOAD
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Solution

Since the_roof»of the structuye is not exposed to the

dvind, a snow ioad coefficient of .8 should be_used:

s =

Csg

‘0.8 x 60

48 psf.

' L R
° , (Eq. 2.3)

Drifting of snow and subsequéntQPileeup on the roof can

i

occur in the v1c1n1ty of an upper roof or ‘other progectlon It

[may also occbr if a taller bulldlng is less tnan 15 feet and 10 h.

) away, asllllustrated 1n‘Flgu§e“2.3(p).

[

‘

Wlnd flows 1n streamllnes whlch can be taken as rela-'

tlvely laminar -over smooth terraln. These streamllnes are de-

[

&“{ flecteo by the bulldlng, crowding over the top and around the

sides. Where\the streamllne flow is broken turbulence occurs,

resulting in an area of‘"aerodynamlc shade", in which a strong'

wind ‘velocity does not exist in any direction. Falling snow

trausported,horizontally by the wind,eand.snow catriedaalong the

roof surface, is deposited in these areas in drifts.

For large upper roofs it cah be assumed that - (for the

worst case) the snow drift extends to'the too of the'upper roof,

'»creating a_ drift of height h.

A

‘With an assumed density of 15 pcf-

-the welght of snow at the base of the drlft is 15 h psf, so that

the snow load coeff1c1ent becomes 15 h/g. The d;fference between

2

o

o

18
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the .density of 15 pcf ﬁsed here and the density of 1 psf per inch
depfh used earlier approximately accounts for the effect of the
l-day rainfall. . For projections and small roof obstructions of
height h it éan be assumed that the drift only extends two thirds
of the height because the large reservoir of snow on the upper
roof uf the preceding case 1s not present. Thus, the snow load
coefficient is 10 h/g. 1t has been obserQed that these values bf
Cs rarely exceed 3.0 and 2.0, respectively, and these two values
are therefore taken as upperolimits(9). Approximate lengths of
these drifté are 2vh, but not less than 10 feet or more than 30

feet(9).

For relatively short upper roofs of length L less than
50 feet the snow pile—up may be less than that given by 15 h/g,
and a smaller value may be jucged appropriate by thé \
designer (2) . One method of determining this is to use a linear
reduction between 15 ii/g for a roof 50 feet long and 10 h/qg for a
projection _ . ‘

Cs = (10 + 1p) 2 (2.4)

but not greater than an upper limit of 2 + L/50. A comparison of
Equation (2.4) with snow load measurements(10,11) is shown in

Figure 2.4.

Because snow can drift, and thereby accumulate uneven-
ly, consideration should also be given to the effecus of W ﬁl

loading by|designing for the more severe of (9)::



[}
0]
Ei .
h/
: Ce=(10455) 8 ¢s | [
L
| _ih

L
-

0 : . L T !
0] 50 100 400 500
Length‘~ of Upper Roof, Feet

FIGURE 24 SNOW PILE-UP AGAINST A RELATIVELY
' SHORT UPPER ROOF
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1. dead load plus snow load over the total roof area, and

2. dead load plus snow load over the total roof afea'exceét that
one half of the snbw load is femoved from one particular
portion of the roof area.

Loading case 1 usually governs the design of columns and simply

.supported girders énd joists. Aé discussed in Section 4.4, how-

ever, loéding case 2 governs'the'design of cantilever girders.

2

2.3.3 Rain Loan

The roof of a stgqcture should be capable of resisting
the more severe of dead load plus snow load or dead load plus the
load resulting from the 24-hour rainfall at that location(7)

" Reinfall debths for many locations in Canada are tabulated in
Reference (8). Since the heaviest rainfalls usually occur in the
sSpring or early. summer, the effects of snow énd the 24-hour rain-

fall need rot be consicered to act together.

The amount of water that is retained by a roof depends on
whether or not a gravel stop (Figure 2.5(a)) extends around the
perimeter of the roof, as well as on the number and location of

roof drains and on the amount of maintenance given to these



/Grovel Stop

SR AT T

Girder
Column

(b)

'FIGURE 25 PONDING OF RAINWATER ON A SIMPLY
SUPPORTED. ROOF SYSTEM

e
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drains. In keeping with the provisions for rain load given
‘Reference (7), however, it will be assumed in this report that the

roof drains are blocked and are not functioning. Thus if. the.

height ththeggfang stop is h, it is possible for tbe:robfztObey({jf L

flooded to a depth h above tbé¥dndef1ected roof position as
illustrated Figure 2.5(a). If gravel stops are not used water. can
spill out ovgylthe roof edges, and in this case water will be
retained onl& in the deflected shapes 6f>the roof members.

.

Ponding of rainwater on tne flat roof of an industrial
building is not considered to be a problem for most locétiéns in
Canada. However, in locations where the snow load is ligh?, robf
loads can be cloée to those usea for design”in the southern United

States, and ponding of rainwater can cause higher moments and

deflections than those caused by snow.

Consider as an exampie a location wbere the specified
roof snow load is 20 psf and the 24-hour rainfall is 4 inche;..-lf
a gravel stop at leést 4 inches hiéh extends around the perimeter
of the building, water is prevented from spilling out, Therefore
the roof must‘bg capable of carrying tﬁis depth of rain. " If the
roof system is/infinitely stiff, ponding will not occur and the

Loy / . . . ‘ . .
rain will act/ as a.uniformly distributed load. Since the weight
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of water is approximately 5 psf for each 1nch of depth the dead

load plus 4 inches of rain will cause exactly the samé moments and

deflectlons as dead load plus 20 psft- of snow’ =For a~flex1ble roof

SJStem,Ahowever, water W1ll flow (pond) towaros the mld«soans of

It
¢ LAt . . o

the roof members so that the moments and deflectlons caused by -
rain will be greater than those caused by snow. In the case of a
very_flexible foof system, ponding of rainwater mav lead to

collapse.

Most of the research on pondlng reported in the litera-
ture (12 13,14,15,16) is ased on an_analjSLS of a 51mply
supported girder with infinitely stiffijoists - ie,,vthe joist

¢z2flection § in”Figure 2'5(b) is egual to zero. If a half 5119}.1

yave ceflected snape is assumed for a partlcular girder and the

external work done oy the loads is equzted to the internal strain

energy stored in the girder, it is§éhown in sthese references that:
1

M o= “e'(I_:jzg) . R )
= 1 ' : ey
b=y (3= o | (2.6)

where M = maximum moment due to dead load and water in
deflected shape,

Mo = maximum moment due to dead load plus the water

surcharge Yh, ~

A = maximum deflection due to dead load and watef in
deflected shape, |
Aq =emaximum deflection due to dead load plus the wateﬁ
| surcharge vh,

Y = density of water.
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The parameter Cg is a measure of - the girder flexlbility, given by:

¢g = Y @),
n4EIg N..' ' ’ ‘
- ‘where~ © v Lye= glrder spac1ng = joist length,

Lg = glrder length

girder moment of inertia,

-
Q
n

1
]

- Young's moculus.

.ForAéesign, h-canﬁbe conservatiVely taken as the depth

Hod

of the 24- hour ralnfall or. tne helght of ‘the ggavel stop -
wnlcnever is less Thls essentlall/ as sumes that there iz an

infinite reservoir of water available for Dondlng on the girder.

,belng oe51one: This conoltlon is approx1mated if the glrder in

A

questlon is erected at a sllghtly lower elevation than the

remalnlng girders 1n the roof system, thereby allowing water to

- flow from remote areas ofithe roof.

If Cg is greater than or equal to unity, all of the

water will collect in the deflected shape and deflections ‘will

_increase either as long as the rain continues or until the member

fails. This situation is analagous to anvinitially crooked, pin-

‘Aended column loaded with an axial-force equal to the Euler .

buckllng load. If Cg is. less than unlty, an’ equlllbrlum p051tlon

will eventually be ‘reached.’

25

w



Roof JOlStS, however, are not 1nf1n1tely Stlff ahé"ih
an actnel root system both the glrders and jOlStS w1ll deflect
and retain water. The effect of the 1nterectlon between girders
and joists,can be conSioerable, andtshould-not be ignored.(17r
fl8 19) Solutlons to the equlllbrlum equatlons for this case ‘are

oresented in chart form in Reference (17)

-2

For the type of bu1ld1ng under con51oeratlon here the
spans 1nvolved are usually not excessively long, and the ]OlStS
’and'glrders are normally not cambered. If.the roof members are
caﬁbered, however, the'charts in Reference (13) mey be used to
determine theﬁeffects of ponding.

A method is presented‘in Appendix A that gives the
same resuits as Reference (17), except that charts are not re—

quired. To determine girder moments and deflections the quantity

a=1+-8 (¢ S o (2.8)
i 1 - C4 S .
| .4
in which c5 = /I3 (2.9)
. 4 .
m EI]
where s =:joist‘spacing, and

Iy = joist moment of inertia

is first computed. The moments and deflections can then be

Geterminea from:

M = G,Mo (I—:l@-) 1 - (2.10)

9
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“If?EQGétiohé‘(2:10):356‘12;11)'éré‘édmpanéa_Qithiﬁéuétions (2.5)

~and (2.6),. it can be seen that the equations derived for the case

" of infinitely stiff joists can still be used providing the dead

load and the water density are first‘multiplied by a.

_After the maximum girder deflection A is determinéd
from Equation (2.11), the load w per Qnit length of the most
'heaVily“loadéd-joisf-cén,be~detérminéd by referring to Figure
2.5(b). Assuming firstuthat the joists do nét deflect:‘ ‘”'

’

W= (+yh+ s - (2.12)

To account for the water in the deflected shape of the joist, use
is made of Equation (2.5), substituting the subscript "j" for
Ilgv" .

w = (D + y{h +A}s (I_-:—:LC—~) - : (2.13) “
: , ]

For convenience in design, when length is in feet and

moment of inertia is in inches to the fourth power, the para-

1

. "
meters cg and C. can be determined from:

j
4
Cq = Lilg O (2.14)
325000 1, |
and -
4 | «
cy = _° Ly | (2.15)
375000 1 | »

- ' 27 L
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N The amplification factors shown in Bfackéts in
Equétiohs (2.10), (2.11) and (2.13) are appfoptiaté only ﬁsvléng‘
as the members remain elastic. Since yieldihg can be expected to
occﬁr at the{factored load level; moments and deflecﬁions will be
\ grééte: than those that would be deterﬁ?ned by using'theée
equation.

i

Ideally it would be desirable to derive aholifiéationl

factors that are a function of bendlng moment and. that include
the effects of p0b51ble vielding in tne girders and ]01stc
Dc51gn tor strength would. tnen con51st of computing the moments
du2 to the factored loads, and ensuring that the factored member
resistances are not exceeded. The derivation of these
amplifcation factors,'however, is‘conéideréd to be beyond the

-

scope of tnis dissertation.

In the meantime, tge following conservaﬁive approach
ié,suggested. The design is coﬁsidered to be satisfaétory
providing the roof members do'not yield under ﬁead load plus
réin load at the specified load level, and tha£ the live load

geflections do N6t exceed maximum recommended values. (20)
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Adequate strength can be ensured for the girdets:by\requiring

that:
9-
M < (Fy - Opc) Sy - (2.16)
Qhere
| c~rc = maximum residual compressive stfess, and
‘Sx = " | o -

_section modulus.

o 3
For joists, the tension chord will begin to yield before the .
heavier compression chord, and inelastic action can be avoided by

ensuring that:
A:d

w < 8_(Fy - 0 t) E?E' ' - ; (2.17)

where 0 p¢ = the maximum resicdual tension stress.’

}

'For rolled wide flange girders Orc can be taken as 13 ksi(2)

e

~and for hot rolled hat section chords Ort can be taken as 20

ksi(21),




Example 2.3

As w1ll be shown later in thls-sectlon, Ottawa 1S—not»
a locatlon in Canada in whlch pondlng is a problem. To 1llqs-
trate the‘appllcatlon of the theory presented above, however,
consider’ a flat roofed industfial bnilding located inﬂVancouQer,
a location where ponding generally governs the design of roof
memoers. Bay sizes are 30 x-35 feet, with simply supported gir-
ders -sparning in the 30 feot ditection, ' The joists. are evenly

eSpaced at 5 foot centers.

~Based on a specified dead load of 20 pst‘(ie.,"a7
conventlonal roof system), a ground snow load of 34 ps f andla
snow load coefficient of 0.8, W18x45 gircders (Fy = 44 ksi) and 20
1nch deep open web joists (r .55 k51) were selected for the

structure. The design is to be cnecked for dead load plus the

load resulting from a 24-hour rainfall of h = 4.5 inches.

Solution
The cross section properties for the girder are given
in Reference (5) and for the joist in the manufacturers
. [

catglogue:

Ig = 706 in4 Iy = 151 in4
Sx = 79.1 in3 A = 0.757 in2
d =

19.0 in

b
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" The following guantities are first computed:

. Lj Lg 4 o 2' 4
_ . ' - . 2.1
€9 = 335000 Ig (Eq )

_ 35 x (30)4 ®
' 325000 x 706

=.0.124
=3 Lj‘4 o . ‘ _ . _ .
Cy = 325000 15 | - (Bg. 2.15)
. __5x (354 4 o o ’
= 375000 x 151 |
= 0.153
a=1

g

+
: 1 - Cj
-8 0.153 )
=1 +42 'T720.153

§  C ‘ o ag

) (—~—1——) : (‘ . 2.8)
8. .
2

bl

= 1.15
_Assuming,.for simplicity, that the girder loading can be .
idealized as a Qniformly‘distributed load,'the_unamplified
center-line moment and deflection uﬁder 20;psf dead load plus

“lbs 4.5 in
YhA= 52.4 ft3 X 12 in/ft = 23.4 psf

is Mg = 171 ft-k and 4, = 1.35 in.

The ‘amplified moment is:

| ‘ . ‘ _
M o3 oaMg (i—:laa—) ’ - _ (Eq. 2.%Q) -
_ o9 < '
1 )
- ;.15 x 0.124
Al

1.15 x 171 (1

229 ft-k .
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, 4
the amplified girder deflection is" _- - o ".3“”'“"*\
= A el . ‘ ’ 4 Eg. 2.11
BN arton . L 210
= ‘ 1 — 7

1.81 in.

. and the load per "unit léhgth.of'the'most heavily loaded joist is

w = (D +Y_{ h +A}) (T—_LC—J—)S ) (Eq. '2.13‘))
= (20 224 x {45 + 181}) x5
= 312 plf.

Yielding dBes’ not occur in the girders.providing

LR

kel X
'2‘.‘)

Mo< (Fy = 9rc) S L= —tEgrzile)
= (44 - 13) x 1%L S ‘}”,"'
= 204 ft-k

and in the joists pfo&iding‘
_ Ly2 - ' S
j |
| _ N o

0.757 1000

= 8 (55:- 20) x ==L2L x 19 4 1000 .

N AR TRl
= 274 plf T
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Thus yielding occurs in both the beams and the joists so that the

design, althbugh satisfactory for sriow load, is not sat}sfactory

2o
\\.

for rain load.

In‘order to determine where, in Canada, ponding could
be a problem the map shown in Figu}e 2.6 was prepared. For each
location listed in Reference (8) a series of conventional roof
systems were designed for a specified dead load of 20 psf plué
the appropriate ground snow load at that location using a sniy
load coefficient of 0.8. Square bays were assumed, with rolléd
wide flange girders available from Canadian mills (Fy = 44 ksi),
and short span steel joists (with 55 ksi hat section chords).
Girders were siﬁply supported. Spans were varied from 25 to 40

feet in 5 foot increments, and the span at which rain controlled

instead of snow was used in preparing the map.

The white areas indicate those locations where rain
did not control. Ottawa is one such lo¢cation. The cross-hatched
areas indicate those.locations where fain always controlled. The
single-hatched areés indicate those locations where either snow
or rain tould control, depending on the spans. Thus ponding
governed on the west coast of British Columbia, in central and
southern Alberta and Saskatchewan, in sbuthern Manitoba, in

{

southern Ontario in the vicinity of the Great Lakes, and in

southern Nova'Scotia. - It should be noted, however, that had this

33
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Locations Where Rain Load May Be More

- Severe Than Snow Load

FIGURE 26 PONDING MAP OF CANADA



study assumed inverted rather than conventional roof systems the
joists and girders would have been stiffer because of the in- >
creased dead loads. Figure 2.6 therefore overestimates the

severity of ponding action for inverted roof systems.

The treatment of.ponding of rainwater thus far in this
report has considered only simply supported roof systems. Con- -
sider next the behaviour of a cantilever roof system, in which
girders invalternate,bays cantilever over the column tops and are
separated by simply supported link beams. In Réference (18) it
is shown that when the rain starts to fall it is deposited in a
uniform layer which, initially, acts as a uniform load. AsAthe
roof members deflect the link beams are iifted up by the hinge
points and the water on these spans flows towards the cantilever
spans. The "shoreline" will always lie between the supports and
the hinge points. Therefore ignoring the small end moments
produced by the water lying outside the suppdrts, the cantilever
spans act essentially as if they were simply supported, and the
equations derived above can also be used.here. In computing Cg
the girder length shouid be taken as the length between célumns,

and not between hinge points.

2.3.4 Wind Load

Three different approaches to assessing the effects of:



wind on buildings are outlined in References (7) and (9):

1. use of wind tunnel tests,
2. a detailed procedure, and

3. a simplified procedure.

Wind tunnel tests\would normally not be considered economically
justifiable for an individual sinéle storey Building; however,
many tests have been carried out on this class of structure to
determine pressure coefficients, such as those presented in
Reference (9). When the detailed procedure is applied to low-
rise puildings wind loads can be half those given by the simple
procedure, depehding on the shélter conditions. However, using
this approach with low-rise étructures violates several basic
assumptions made in its development(22), 1In the derivation,
the building in question was assumed to be taller than the
surrounding buildings and was assuﬁed to be slender enough so as
to not change the character of the approaching turbulent flow.
Wind flow arouhd a low building can be strongly affected by the
surrounding terrain and héighbouring structures. In addition,
gusts are further altered by the building itself if it is wide in
proportion to its height. Thus the simple procedure is usually
used to determine wind loads on these types of buildings.
_ , 2

Wind forces on single storey, flat roof buildings act

as pressure on the windward wall, suction on the leeward and

side walls, and suction over the roof, as shown in Figure 2.7.
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With the simple procedure the external pressures and suctions at
the specified load level for wind at right angles to the building

are given by (7)

p = CngCp q _ (2.18)
1r -
where p = the spécﬁﬁied external pressure or suction-acting

normal to the surface, psf,

)
(0]
|

= the exposure factor, egual to 1.0 forquildings
less than 30 feet high, -

= the gust effect factor equal to 2r0'when‘de3ign—

ing structural mem5ers and 2.5 when designing

cladding or connections between the cladding and

the frame,

the external pressure coefficient shown in Figure
2.7 for the location being considered, and

q = the reference velocity pressure, pst.

Reference velocity pressures.are tabulated for many locations in
Canada in Reference (8). .The reference velécity pressures. for
the design of cladding and the design of structural members for *
deflection and vibration is that based on a probability of '1 in
10 of being éxceeded in any one year. The reference velocity
pressuré for the design of structural members fof strength is
that based on a probability of 1 in 30 of being exceeded in any

one year.



Although wind‘blowing at right angles to a building
usually causes the largest uplift for the roof as a whole, wind
blowing diagonally across the roof can produce more severe local

suctions near the corners and along the edges. Values of Cp* to

be used in determining these local effects are also given in

Figure (2.7).
- (g

In addition to pressures and suctions on the outside
-
of the building, air leakage around doors and windows results in
an internal pressure, pjr {or suétion, depending on the locations

of the openingc) given by
P = CeCpi @ o (2.19)

when the effect of guste inside the building is not considered to

be important, and ’

P = CeCqlpi @ I (2.20)
when the effect of gusts is considered to be important. Values
of the internal pressure coefficient,‘cpi, are also given in
Figure 2.7. It.is left to the desigher.to determine whether the
effect of gusts is significgnt.inside‘the building. Use of |
“Equation (2.20) might be appropriate, for example, ih an indus-

trial building where use of thé building requires that large

doors be left open during the working day. s

39
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One shortcoming is that although it is eenservative[_
it is’noe rational to add the internal pressurevto the external
;sectiqn when investigatipg the effects of local suction on the
roof since they are both based on different wind directions. The
values of cp* are based on wind blowing along the roéf diagonal,
while the‘values ef Cpi are based on wind blowing perpendicular
‘to the walls. '

In soﬁe eituations,-such as in design of the réOf deck
diaphragm, only the combined effects of pressure on the windward
wall and suction or" the leeward wall need to be considered. 1In
this case it is the shape factor' for ehe buildingfas a whole,

also denoted Cp and defined as -the difference between the pres-

sure coefficients for these walls:

‘ - } *
. e
Cp = 0.7 - (-0.5) = 1.2 (2.21)

t

that is used in Equation (2.18) to determine the specified loads.

Example 2.4

Given

The door and window openings in the structure shown in
Figure 1.1 are located mainly in one of the 200 foot .long walls.

Determine the specified wind loads for:



1. strengthvdesign of the girts,

2. | strength design.of the roof deck diaphragm and the bracing
4 : R ' O
members in the end walls; and o

<

3. calculation of building sway. : =

v ¢

G-

o

. ) wf}'»‘l,.ﬁ; T e
The structhre .is located in Ottawa, Ontario (g 1/10~%.6&2f¥%¥%

q 1/30 = 7.8 psf]. BAssume that gusts do not occur inside the .

building.

Solution

1., Strength Decsign of the Girts

: s
A study of the external and internal pressure coeffi-

‘cients given in Figure 2.7 indicates that the largest loads occur

on the walls for the following two wind directions:

1. ~on the side walls when the wind is blowing agéinst the wall
with the openings, and

2. on the windward wall when the wind is blowing parallel to
the wall with the openings. ‘

In the first case the net effect is a suction directed outward,

while in the second case it is a pressure directed inward.

' Although both wind directions produce loads that are equal in

magnitude, the first case, wind blowing against the wall with the

- 41
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openings, is the more severe for the design of the girts. 1In
this situation the compression (inside) flanges of the girts in
the side walls are laterally unsupported over a longer span. ' o

¥

The external wind suction is given by:

P = CeCyCp q 1/30 (Eg. 2.18)

1.0 x 2.0 x 0.7 x 7.8

10.9 psf

and the internal wind pressure is given by:

Pi = CeCpi. g | (Eq. 2‘19)»
1.0 x 0.7 x 7.8 oo

5.5 pst

giving a nét,inward pressure of 10.9 + 5.5 % 16.4 psf.

2. Strength Design of the Roof Deck Diaphragm and the Bracing -

Members in the End Walls

In this.situation only ‘the combined effects of the
outside pressures need to be considered. As discussed earlier,

the shape factor for the building as a whole is Cp = 1.2, Thus:
‘ L 4

P = CeCqCp g 1/30 (Eq. 2.18)

1.0 x 2.0 x 1.2 x 7.8

18.7 pst



3. Calculation of Building Sway

velocity pressure, the specified load for calculation OE‘building

Since'sway calg¢ulations are based on a.1:10 reference

sway can be computed from the results above as:

q 1/30 .

8:2 4 18.7
7.8 A

14.9 psf

Preliminary results of a research project that is

still in progress at the time of writing(23) indicate that some

changes may be appropriate for the pressure coefficients given

above. Specifically, it is suggested that:

1. the
2. the
3. the
4. - the

:'and
5. the

leeward wall coefficient be
local corner coefficient be
edge coefficient be reduced

leeward roof coefficient be

.increased from‘—O.S té -0.7,

recuced from ~-3.0 to -2.0,
from -2.0 to -1.5,

reduced from -0.5 to -0.2,

windward oof coefficient be ;~duced from -1.0 to -0.8.

However, ther . results should be consider~d tentative until the

project is ¢ .pleted, since it appears t¢ it other aspects of the

effects of v .nd load, such as fatigue or the“cladding connectors,

may become imgortant if the wind loac

are reduced(23),

i
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wind loads can be higher during tnis time than'after completion
of the building (%), consider a series of bents consisting -
columns and either girders or joists. The forcé'Fl on a
particular menber in the windward bent is(9)

FL = CeCq (Crpok) 1" (2.22)

N

force coefficient for an infinitely long

where = Che

member (see Figure 2.8),

K = reduction factor for a member of finite
length (see Figure 2.9), and.

A = hL = ar=a normal to wind direction.

For members that are located in the remaining bents

the efrect of shielding should be taken into account As illus-
trated in Figure 2.10 for the case of two bents, the force Fy on

the leeward member is(9) .

Fp = kyFq _ (2.23)

where ky is the shielding factor. The circles in Figure 2.10
represen£ the numerical values given in Referénqo (2). Note that
for solid shapes and realistic separation ratios, x/h, it is
necéssary to extrapolate tnese p01nts as indicated by the broken

line. Tests are required to dgﬁermlne if the extrapolation shown

is valid. . %?

Since the shapé of a building changes during erection,

14



45.

P

a . <
%
A ".\

B -.v,.ns, ' A . .
©YIEWIN ONOT ATILINIANI NV 804 ©UD INIIDI44300 30804 872, 3¥noid-

. T e

0 90 02 61 91 502

| T o o vl 2 T

sisiop S}l ‘ T osuwn[oy | swpag




46

<

-

’

(HLONTT 3LINI4 40 SYIEWIW HOd ¥ HOLOVA NOILONAIY

[ J
| ol 660 |. 860[  |960 | sisiop
¢ Ol | s60| 060|580 | 520|590 | 090 | mmwﬂum.
. aal !
\ o [ooi|os|cse|oz| of g =

62 34noid



47

1.0
i s
: Jousts‘ //
s
_ S
ﬁ ey
k e
x| Solid Shapes _ ~
<
O5¢F
o . 5 PLANE OF PLANE OF
MEMB'ER | MEMBER I
o
i S h[:v-—(;,& :—!Mkaq
i x|
& 1 1 1 1 1 L 1 1 J
| 2 3 4 5 10 20 30 60

FIGURE 210 SHIELDING FACTOR k'~



w3

For a series of n bents it is assumed that the net
wind force can be estimated by successive applications ?f

Equatiqn (2.23):

n
E F; = F] 4+ Fy+FgF ereennnnnnnnnnn. Fp
i=1 . n-2
= F + kXFl + kx (kxFl) f e kx (kxFl)
= F] (L+kg + k24 ..., okh
- k.n _ v
= r, (L7 RG o (2.24)

Example 2.5

In order to cléarly illustrate the basic concepts
involved in computing wind loads durihg erection, the structure
shown in Figure 1.1 is not a very good choice because of the
large number of different members involved. Consiaer instead a
relatively simple structure consisting of’ten‘bents. As
illustréted in Figure 2.11, each bent is 200 ft. long ahd
consists of 18 in. deep girders 40 ft. long connecting into the

webs of 8 in. columns 21 ft. high. -Compute the specified wind

‘force acting at roof level. Assume a reference velocity pressure

"of 7.8 psf.
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Solution ..

The force on the girdgré in the windward bent is:
. : i
Fp = CeCq (Ch, k) qA | (Eg. 2 22)

From:Figure 2.8 the force coefficient for an infinitely long

member is 2.05. To account for the actual girder slenderness of :

a reduction factor ‘of 0.96 will be used (see Figure 2.9). " Thus

' 7.8 18
1.0 x 2.0 x (2.05 x 0.96) x 1600 X 200 x 3

It

F1

9.21 kips

To determine the shielding factor the separation ratio is

X _ 40 x 12 _
H‘T—26.7

so that, using Figqure 2.10, ky = 0.8. Thus

Y

10 ~ k.10 |
IFr=F (LK) (Bq. 2.24)
i:l l -\kx

. 1 - (0.8)10

=92 g )

i}

41.1 kips
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Similarly, the force on thé windward set of columns is:

F1 = CeCq (Cp= k) A (Eq. 2.22)

- | 7.8 8
= 1.0 x 2.0 x (1.9 x 0.8) x 1000 ¥ 6 x 21 x T>

It
o

.0 kips
and the shielding factor is:

- 40 x 12

X
[} _ =
h T8 °0 <
. so that ky = 0.98, and
/ 10 _ 10 A -
1 -k
L. Fj =F (—2%X
i&1 Fi 1 (3= , ) (Eq. 2.24)

_ 1 - (0.98)10
o 2.0 T—p.455 )

18.3 kips
W
It will be assumed that all of the girder force and
half of the column force acts at roof level. The remaining half
of the columns force is assumed to be transferred directly to the
foundation. Thus the total force at Toof level is 41.1 + l§;§ =
50.3 kips. This force must be resisbed by the bracing members

in the side walls.

One shortcoming in the above procedure for éomputing wind
. 1



forces during erection is in using the same reference velocity
pressure for the short erection éeriod that is used for the lifetime
of the structure. A gtatistical analysis of wind data’is required
to determine a wind pressure appropriate for this shorter period.
However, this is considered to be beyona the scope of th§;7'
dissertation. Another shortcoming is the lack of consideration of
the wind loading on a single storey structural frame before the wall
cladding is installgd. This research, which‘wouid idvolve wind

tunnel testing, is also beyond the ~ -~pe of this dissertation.

2.3.5 Earthquake Loads

A guasi-static procedure to determine the design loads
on a building due to earthquake motion is described in References
(7) and (9). A‘dynamic approach is also outlined. 1In comparing
the two procedures it was found that larger base shears were
predicted for single storey buildings with the dyhamic approach.
However, because both methods contain major simplifications ana
"assumptioﬁs it is not really possible to designate one procedure

as being more correct than the other. For simplicity, only the

‘static procedure will be discussed further.

With this approach the specified horizontal shear

acting at the base of a single storey building isfgiven by:

<
I

ASKIFW (2.25)

o]
H

where ~horizontal design ground acceleration expressed as

a decimal part of g the acceleration due to

gravity,
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a seismic response factor,

n
]

=
1

a coefficient that reflects the type of

construction and“the energy absorptive capacity

of the Structure,

I = an importance factor, equai to 1.0 for light
industrial buildings, |

“F = a foundation factor, and

W = roof dead load plus 25 percent of the roof snow

- load.

Since ground motion during an earthquake is multi-directional the
motion of the building will consist of a simultaneous translation
apout two horizontal axes, plus vertical and torgsional motions.
It is considered adequate, however, to design only for indepen-.
dent motion about each of the horizontal axes, proyiding\torsion—
al.effects are also considered(9). For a single storey build-
ing the specified horizontal earthquake force acting at roof
level is equal in magnitude, but opposité in direction, to the

base shear V.

An equation of the same form as Equation (2.25) can be
deri&ed,by assumipg that the structure is infinitely stiff, and
moves as a rigid body. The maximum base shear is therefore equal
to the product of the mass of the building and the&maximum ground
acceleration, a:- '

VvV =

g =

(2.26)
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where C can be described as an earthquake coefficient.  The

corresponding value of C in Equation (2.25) is the product ASKIF.

Chart 12 in Reference~(8) divideé Canada into four
Seismic'iones of differiﬁg earthquake risk. In each regioﬁ the
peak horizontal ground acceleration A that has\a probability of
1/100 of beinb.exceeded in any one year has been determined and
is also shown in this chart. Thus in Ottawa (zone é) the
accelefation A is 0.04, while Edmonton is not considered to be in

a zone of earthquake risk.

The'simplified analysis leading to Equation (2.26), in
which the building is assumed to move as a rigid body, is valid
only for an infinitely stiff structure. The actual motion of the
building depends on both its mass and stiffness, characterized by
its fundamental period of vibration, T. The seismic coefficignt

in Equation (2.25), defined as(7):

_ 0.5

T

but not greater than 1.0

.S (2.27)‘

‘ is thereforelthe term that accounts for the dynamic properties of
the building. Measured values of fundamental periods for singie
storey buildings vary from 0.05 ‘'seconds for a stiff building with
large areas of‘masonry in—filled'walls,to 0.15 seconds for a -
flexible figid frame with light cladding(24). The empirical

equation(7):



p=0.05h (2.28)
/D
where h = building height, in feet, and

D = the dimension of the building in the direction of
"the applied earthquake force, in feet
&
is in reasonable agreement with these measurements. From
Equation (2.27), since the seismic coefficient is greater than
unity for all periods less than 0.125 seconas, the dynamic pro-
.perties of many single stgréy buildingé will not influence the

value of base shear, and these buildiqgs)will attract the same

base shear as if they werse infinitely stiff.

The factor K reflects the ability of the structure to
' uﬁdergd‘plastic'deformation'when subjected to ciclic loading, and
abpears to be hased primarily dn observed damage to buildings,
although some ana;ytical work has been done in this area, (25)

For the types of structures considered here, K should be taken .as
1.0 for étructures with "X" or "K" bracing designed te resist
hoth tensile and compressive forces, and 1.3 for structures with
"X" or "K" bracing designed for tensile forces only, or for
structures with one or more infilled béys(7). Research is
required to determine if standard connections satisfy the
requirements of a "moment resisting space frame", discussed in

~Refe:.nce ‘7). If so, K could be reduced to 0.8.

Foundation conditions play a significant role in de-

termining structural response. Experience has shown that
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buildings founded on unconsolidated s01l suffer more damage than
those founded on well consolidated ghil or rock. For this reason
recommended values for the foundation }actor F vary from 1.0 for
rock to 1.5 for loose coarse-grained soils. The product FS, how-

ever, need not exceed 1.0(7).

Example 2.6

Given
Coméhte tHe specified earthquake forées acting in the
120 foot direction on the structure shown in Figure 1.1. The
specified roof dead load is shown in Example 2.1 to be 31.5 psf,
and thé specified roof.snow load is shown in Ekample 2.2 to be 48
pst.. The structure is located‘in Ottawa, Ontario (A =0.04), has
a direct agting bracing system designed to resist tension only (K =
'1.3), and is founded on com@%ct coarse-grained soil ( = 1. 3) The

dimensions of the structure are 200 f;ﬁ’x 120 ft. x 20 ft.

=l
4

Solution ‘ \

The period of vibration of the structure in the 120 ft.

direction is

p=0.05h . (Bq. 2.28) .
/D « |
_ 0.05 x 21

v 120

0.10 seconds

n
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. E <
therefore the seismic coefficig%t for this direction is

g = 8.5 o . (Eg. 2.27)

however this need not exceed 1.0. Also, since the product of the
séismic coefficient and the foundation factor need not exceed l.Q,

the "effective" value of F is-also 1.0.

,;

4 ' " _
The weight W is defined as the roof dead load plus 25

percent of the "snow load, or:

’

) 48 200.x 120
W = (31.5 + T) X —'—F.—OO—
/\t
= 1040 kips
4 .
Thus the base shear is : &@
V = ASKIFW “ (Eq. 2.25)

0.04 x 1.0 x 1.3 x 1.0 x 1.0 x 1040

it

54.1 kips \ - ‘

The spec1f1ed horlzontal force actlng at roof level is equal in

magnltude, but opposite in dlrectlon, to the base shear.




One aspect of earthquake forces on buildings that
deserves attention occurs in the design of irregular bﬁildings,
for example with "L" or "T" shaped lay-outs. Torsional effects
may become important whén, as in these cases, the centers'ofvmass
and rigidity do not coincide. This éubject is considered further,
in Reference (26ﬁ.‘ However., even with a rectangular lay-out
accidental torsion can be introduced. To account for uncertain-
ties in estimating dead and live loads, possible future additions
of wall panels, inelastic action, variation in estimating rigidi-

ties, and’simplifications inherent in the approximate eaf@hquake
‘analyéis it is recommended that the calculated'eccentricity e

between the centers of mass.and rigity be replaced by

-

1]
il

1.5 e + 0.05 Dy - | (2.29)
or

0.5 e - 0.05 Dy - (2.30)

(1)
<
1}

/yhere Dy is the building dimension at right angles to the dir-
//’eCtion of the earthquake loading, whipﬁever causes the'greater

effect in the member concerned(9).’ If ey exceeds 0.25‘DN
) . .

either a dynamic analysis shohld be performed or'the effects of

torsion in the static procedure should be doubled(7),

Example 2.7

Given
Compute the effects of accidential torsion on the

structure shown in Figure 2.12. The specified base shear is 54.1

kips.
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Solution

The accidental eccentricity is

_ ‘ .  (Eq. 2.29)
ey = 0.05 Dy ' | f
= 0,05 x 200
™. . . .
= 10 ft. ' ' ’

therefore tlie accidental torsion that must be accounted for is

T = 54.1 x 10 = 541 ft-kips AP

As illustrated in Figufe 2.12, fhis torque is resisted by the

bracing members in the ‘end énd Side walls.

\

Assuming that the roof deck dlaphragm rotates as a

rigid body and that the brac1ng members are all equally stiff,

the largest forces w1ll be developed in the walls furthest away

from the center of rlgldlty. Denoting thlS force as F,

Fx 200 + 220 F y 120 = 541 3 :
. 200 . o . ‘

or

34

F = 2.0 kips

The bracing members must be designed to resist this force, in

. o . .
addition to the bracing forces computed assuming no  torsion.




In order to prévent damage to non—structufal,elements
it is recommended in Reference (7) that the building sway at the
sbecified ;oaa level not exceed 1/200 of the building height. To
prevent cQ{lision betweeﬁ adjacent buildings it is recommended
that either the separation must’be at least twice the sum of the
individual deflections or the buildings must be tiedvtogether to
4 act as a unit(7), 1In the case of a long building .separated
into gwo closely spaced shorter ones with an expansion joint, theA

expansion joint width may be governed by this separation

requirement,

2.3.6 Other Loadings

4

The roof of aﬂstrﬁéture should also be capable Qf
supporting loads inciaental to construction and maintenance. To
cover these occasional short time loads a specified load of 20
psf is recommended in Reference (7), either uniformly distributed
over the total roof aréa or on any portions of the roof area,
whichever‘prqducéé theapost ckit%cal effects in the members con-
cerned. This load is not additive to loads due to snow or rain.

. To simulate concentrated fgads_it:iq‘recommended in Reference (7)
~‘that a 300 1lb. force be applied over a 2—1}2 ft. by 2-1/2 ft.

area of the roof, located Sap.ps to cause -maximum effects.
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The roof deck should .also have the strength and
stiffness necessary for successful applisation and satisfactory
performance of the roofing membrane. To fﬁsUre'this,_it is
recommended in Reference (27) that for design of the roof deck
only the minimum uﬁiform factored dead plus live load be 72.5
psf, and that the maximum deflection under a minimum uniform live

load of 40 psf not exceed 1/240 of the span.
2.4 Summéry._

In this'chapter the design process is outlined and
loads that are used in design sf sinéle storey buildings are
discussed: Examples illﬁstrate pProcedures for estimating dead
load and loads caused by snow, wind and earthquake. A detailed
treatment of ponaing of rainwater ic presented. It is shown that
in some iocations in Canada moments and deflections csused by

ponding of rainwater can exceed those caused by snow.



CHAPTER III

ECONOMICS OF FRAMING ARRANGEMENTS

3.1 Introduction

In light industrial buildings, where interior architec-
tural features are often minor, the best structural .errangement is
usually a coméromise between functional requirements §nd economic
considerations;/'Althouqh primary importance must be attached to
function, cost is also a basic factor.

-

In CHAPTER I over-all dimensions for an example build-
ing 200 x 120 feet in plan and 21 feet high, having square bays
measuring 40 x 40 feet, were assumed to Be established from
functionalirequirements. This lay-out is shown in Figure 3.1. 1In
this'chapter a framing scheme is selected and the cost oﬁ stfuc—
tural steel in this building is compared with the cost of struc-
turall steel in buildings with other bay sizes, bay shapes and
framing schemes in order to determine if the prépOsed lay-out is
reasénébly economical. The cost studies presented are based on a
method déveloped with the aséistancé_of seéeral‘major fabricators,
and is,deécfibéd in depail,fn CHAPTER VIi. In CHAPTERS IV, V, and |
VI, where %pecific design procedures are distussed, various
.members in \his building aré selected and designed ad illustrative

examples.

' No attempt is made in this chapter to determine the
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"optimum" lay-out and framing scheme - ie., those that resuit in
minimum building cost - since this also depends on costs associ-
ated with other trades. Cost of extra wall,cladding’required to
maintain a constant clear height when lafge bay areas are used,
for example, is not included. Effect‘of cost of mechanical duct-
work on 5uilding cost is also not considered. The cost study
indicates only the effect of different lay-outs and framing

schemes on cost of structural steel in the building.

Briefly, the cost of structural steel is assumed to be
composed of a material cost, that dependé on the weight of steel
involved (including connection weight), a fébrication cost, cost
of outside purchases such asKOpen wéb'steel joists and roof deck,
and an erection cost. The fabrication cost of a beam or a column
is assumed to depend on the number and complexity of the connec-
tions that must be made. Open web‘steel joists, on the other
hand, are, often purchased from another fabricator who sbeciaiizés
'iq making them, usﬁally at a fixed pricé per ton. Roof deck is
usually purchased at a fixed price per square foot. The erection
cost is assumed to depend closely on the number of members to be
handled. Also included is the cost of high strength bolts and
anchor bolts, cost of drafting; receiving and shippiné, orofit,
overhead and freight. The unit prices and wages used are general-
%y representative of those at the time ofvwriting (July, 1978) in

the Ottawa area.

The cost comparisons in this chapter are meaningful

only if it can be assumed that the structural steel will be

v
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supplied by a fabricator who evaluates the-labor cost separately
for each joR. If the fabricator's bid assumes that cost is simply
proportional to weight, then the weight comparisons in'Reference
(28) will better reflect the effect of cnange of bay size and

shape on cost

Unless noted otherwise, the cost comparisons are based
on a typical interior bay of a building with'a cantilever roof
framing scheﬁe, such as that shown in Fign%§g3.l, and wide flange
columns. Bays are aeeumed to be square. ‘

Short span open web steel joists span in a direction
perpendicular to the main frame, spaced evenly at not more than
6'=8" on center. Girders, beams and columns are rolled’wkde
flange shapes available from Canadian mills, in G40.2l 44W steel,
Joist chords are assumed to have a minimum yield‘strength of 55
ksi, while web material is assumed to have a minimum4yield
strength of 36 ksi. The specified roof dead load (including the
weight of the steel) is 31.5 psf and the specified roof snow load |
is 48 psf. ‘ .

~ ) - -

3.2 Cantilever Overhang Distances’

g?

In .a cantilever roof framing scheme the girders

cantilever‘over the “suppor ting columns and .are separated by simply &

@,

supported ﬁhnk" ‘beams, as illustrated in Figure 3.1. The =

B

overhang dlstand&~d1v1ded by the dlstance between columns 1s

defined as - the overhang ratio for the glrder. » The overhang ratio (

v
>



for an interior cantilever girder is denoted @y and the overhang

ratio for an exterior cantilever girder is denoted %. The most
economical combination of overhang ratios are those that result in

theﬁleast cost of the total girder system - in Figure 3.1 an

»
interior .cantilever girder, }wo exterior cantilever girders and

-
two "1link" beams. Although it is not usually true, in this case
. [ RS
least cost and least weight are synonymous since the fabrication
’ -

and erection costs are independefit of the overhang distances.

As diqufsed in Section 4.4, for short overhang ratios
the girders behave as if they ‘were ébmpletgly supported along
their compression fljnges, and the weights decrease ac the over-

> . M - N . oo .
hang ratios“increase. For long overhang ratios, however, the
[

girder carrying capacities are limited by lateral~torsional insta-

bility, involving both the cantilevers and the main spans, and the

girder sizes must be %ifreased err what would normally be reguir-

ed if the compression langes were braced. Since the compression

BN

. flanges of the "link" beams are lateraliy braced by the»roof déck,

their weights always décrease as the overhang ratios increase.
~ . A .

- £ |
Using the design procedureélgéveloped in Section 4.4,

girder systems were designed for various combinations of interior

LY

and exteriog overhang ;atios. The resulté are shown in Figure
B ”3.23/where‘the weight of the girder system is plotted against the
overhanb-ratios. It isﬂseeh thgt the least weight occurs fér an
| interior overhéhg ratio'of'0.14 and for an exterior overhang ratio
of 0.18. . Thege values are used for thefgirders in the example.
‘building,v?hd L 11 other cost studies ihvthis'chapter;
o 1 v ‘
i

i
‘1
l
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FIGURE 3.2 EFFECT OF OVERHANG RATIOS ON WEIGHT
| OF STEEL .
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3.3 Effect of Clear Span on Cost

Figure 3.3 illustrates the effect of clear span on cost
per square foot of tributary roof area of footings, structural
steel' f.o.b. job-site, roof deck, and erection. The sum of the
individual costs is also shown. To illustrate the estimating
procedure, typical calculations for a 40 ft. x 40 ft. bay size are
summarized’in the following example. For complete details the .

reader is referred to CHAPTER VII:

Example 3.1

Given . _ »

Compute the components of the total cost for the 40 ft.
X 40 ft. shaded area shown in;figure 3.1. JThe cantilever girder
is a W21x73 and the "link" beam is a'wélx55. The column is a
W8x40. The‘op%n wéb sﬁeei joists are 24 inches deep and weigh
15.3 lbs./ft. The footing dimensions are 4'-2" x 4'-2" x 1'=2"
reinforced with 6 - $5 bars each way. Use the §rocedure described

in CHAPTER VII.

Solution

1. Footing Cost

The fobtigg/eégt is assumed to be comprised of:

-

- the coif/ff/EXCEGating and back filling at $10.00 per cubic.yard
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- the cost of formwork for the vertical sides of the footing at

$1.50 per square foot,
- the cost of reinforcing steel at $0.28 per pound, and
- the cost of concrete at $30.00 per cubic yard.

Summing up these costs and dividing by 1600 square feet, the

result is $0.05 per square foot ‘of tributary roof area.

2. Cost of Girders, Beams and Columns

—~ Ccost of steel:

3440 1bs. x $0.15/1b. = ° $516.07
= connections and scrap (5%) - : : = $25.80
- drafting:

o man-hrs. x $14. 00/man-hr . o = sss.o‘\jA
- fabrlcatlon :
. 3.63 man- hrs._ xiZO 00/man-hr. ; = $72.60
- rece1v1ng§ sh;pplng andyfrelght ”
1.72 tons x&{$35.00/.ton ' = $60.20
"-’:a;f ) sub-total =  $730.67
- sales- anﬁ admiﬁistratlon overhead (lO%) .- $73.07
LLE | - total .= $803774
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3. Cost of Outside Purchases

- joists:
3672 1bs. x $0.25/1b. = $918.00 °
or $0.57 per square foot
- roof deck is assumed to cost $0.40
per square foot.
] \
4. Cost of Erection
N
- unloading and sorting . = 0.43 man-hrs
~ erecting = 1.60 )
- plumbing T p = . 0.60
R
- bolting . = 2.00
M : (‘ ’ . %A
- Jjoists o _ = 2.67
~ deck ) = _4.27 7
total =. 11.6 man-hts.
At a labor rate of $%€.00 per man-hr., this is $232.00. Adding to
. —\ ’ .
this the cost of 0.4 nrs. of crane rental at $30.00 per hr., and
dividing by. 1600 squareyfeet, the cost per square'foot is $0.15. 9y
N W
k<§/ : The total cost’is found by adding up the component
costs: | | . §

v

[}

total cost = 0.04 + 0.50 + 0.57 + 0.40 + 0.15*

It

©

. $1.66 per square foot.
as illustrated in Figure 3.3. Note that Ehésg costs do ndt,‘

_ihclude’profit or sales taxes.



The minimum cost of structural steel occurs for pay
sizes of approximately 25 ft. x 25 ft. to 40 ft. x 40 ft. Cost
increases rapidly forNsmaller clear spans, but mucn more slowly
for larger clearﬁspans.; Althougn it is not'considered in this
study, tne cost of joists for the longer clear spans can be
reduced by‘using lighter intermediate span joists instead of the
short span joists assumed. 1In this case the fabricated cost of
the jOists‘decrease} while the erection cost increases.

-

Since the cost of the roof deck is assumed to be con-
N T,
stant per square foot of roof area, it will notﬁ?e;ggnsidered in

P

any of the following comparisons. Similarly,'since the footing

v '\
cost is small and almost constant, it will also not be considered

further.

3.4 Effect of Girder Framing and Column Type on Cost .
;- . . o~ ' ‘

s

Curves are shown’in Figure 3.4 for the fabricated cost

! »

of simply supported roof giiders and for the_fabricated cost of
cantilever girderS‘With\simply supported "link"‘beams in aIl " ©
cases the cantilever roof system results in a lower cost by
approxlmatly 5 to 15 cents per Square foot depending on ti.e
column spacing. For thls:reason-lt was selected for the exXsmple
building. ASimilar comparisons COuld.also be made for continuous
or plastlcally;de31gned glrder systems, however this wa&

con51dered to be beyond the scope of thlS dlssertatlon.

The curves shown 1n Figure 3.5 1llustrate the effect of

choxce 6? e1ther wide flange or hollow structural steel sections

»
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on cost. Based on these curves there doeg not appear to be a

.ﬁﬁtrbng argument for one type of column over the other, particular-.

ly for 40 ft. spans. One disadvantage with hollow stryctural
steel columns is that with simple éonstruction, whére cap plates‘
are‘nof provided, rain wdter can'coliectlinside tﬁe columns before
the roof deck is erected. Thus drainage holes must be punched
through one of the side walls at the lower ends of the columns.

On the other hand, lateral-torsional instébility problems with the
exterior,compressign members, (discussed imr Section 5.3.2) do- not
occur. Wide flénge coldmné will be selected for the example
building, not for reasons ofleconomy, hut rather so-that these .

stability problems can be illustrated.

3.5 Joist Spacing

£

Since erection costs decrease as the number of joists

 decreases, joists should be spaced as far apart as possible with-

out overloading the roof deck. Wherever possible the joist Spac-
;J . -
ing should also be selected so that the roof deck is continuous

over three or more spans. Roof decks can be produced econofiically

¢

in lengths up to 36 feet, however the most convenient length for
erection ig about 21 to 24 feet. " Longer lengths become more

difficult to handle.

-Another consideration that can affect joist spacing

s

occurs if the perimeter roof beams are continuous over intermedi-
_ . ,

ate "wind posts",‘as_illustrated/én Figures 3.1 and 3.6(a). In

this case special joists at these locations can be designed to



.
-1

/Specidl Joist
Perimeater
Beam B -
Wind
Post — ,

(a) - T

. 3x3x'4L . Bridging
Brace :
L, a

re — e

(b)

FIGURE 36 SUPPORT CONDITIONS AT UPPER END."
| OF WIND POSTS

~



transfer the réactions from the tops of the wind bosts iﬁgo the
roof éeqk. Where'this is not possible either bxaces‘must be
desfgned to transfer these forces, as shown in Figure 3.6(b), or '.
the perimeter beamé'must be designed to resist combined weak axis

bending and torsion. ; e

The joists in the example building in this repbft.will
he eQenly spaced at 6'-8" on centers. ;This is the maximum
allowabie joist spacing for strength design of the 0.030 inch
thick, 1.5 inch deep roof deck, and at the same time enéures fhat
_jdists are available tQ brace the tops of the wind posts in the
200 ft. long walls. The roof deck will be ordered from the
supplier in lengthsvofVQO'-G", allowing-cpntinuity over three

spahs and a 6 inch overlap between adfacent sheets.

Although there are not any obstructions on the roof for
snow ‘to_drift and pile-up against, this situation often occurs
with other low-rise buildings. In this case the joist spacing in

the vicinity of the pile-up should be reduced sb that:

1. the same joists can be used as in other areas of the roof, and

2. t%g roof deck is not overloaded.

In some cases consideration should also be given to use of a
¢

heayier roof deck in these areas.
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3.6 Wall Framing Schemes

L
PR

Thez@xtééﬁg} walls of the example Qu1ld1ng con81st of

g1rts and ‘metal wall cladd1ng Many different framlng ‘schemes for

2

theseawalls are poss1ble One solutlon is to de51gn both the -
perlmeter;beams and the glttsias slnply snpported member s spannlng
between”eXterior columns, howevefvthis’is impractical -for the 40
gbot spans involvedahere. Many girt‘ldadbtqbles do net tebnlate
loads for spans in excess of apprexlmately 25 feet, perhaps the

—upper'limit on cblumnispacing.for this type df wall construction.

P
&

Another solutlon, the one chosen here, is illustrated .
1n Flgure 3. 7(a) In this case 1ntermed1ate "wind posts" are pro-
~—=i

v1ded tb reduce the glrt spans. As illustrated in Figute 3.7(h),

-the g1rts span hetween the columns and wind posts, and are de51gn—-

ed as simply’ suoported members 20 feet long.’ Sag ryds are pro-.
.v1deo at mld— spans to reduce the unsuppor ted lengtHs of the com- )
pression flanges. In order to have the fewest-number of girts |
_(thereby reducing fébrication’and ereCtion cost) the glrt specinQ;

‘should be establlshed to meet the loadlng requlrements of‘the

Ll P

cladding, w1th the first girt 7'-0" minimum - from the- flnlshed -

"floor level to allow for any man-doors and w1ndows whlch are nor-
N -

- 1mally not framed out. The perimeter roof beams are designed as:

two-span continuous members, using the wind posts as intermed;ate

supports. a \§§h:i§ | o o e
S ‘ ‘ Co ' e
- - 5 ‘ ; - iﬁ o .

Other solutions are. also possible. For -example, the

girts could be supplied in 40 fdot’lengths and connected to the

i\ " )

%

~

79



[ 200 , 200 , 200 200 , 200 | 200
‘ | ,:Perm'leter Be T . ] 1
LT
of .
N I
(o] i
[N

e \ \- N
Girt - Wind Post . : , /-

(@ Exterior Wall ' [

Column or Wind Post - . ’
i "__—_ - . K T "
I

<

—_—— L4 [p—

m%- Cladding | ' qushing?j ,,\/

(b) Details

FIGURE 37 WALL FRAMING SCHEME SELECTED
1 | FOR' EXAMPLE BUILDING



' l
V

outside flangesfof the columns and wind posts; as illustrated in
Figﬁre 3. 8(a) f Since the glrts are‘contlnuous over two spans,;

llghter sectlons can usually be used How ver; as indicated in

Sectlon 5.3.4, diaphragm action‘of-the wal?

\ LERN

guaranteed with thlS framlng scheme to re51st lateral loads or to

claddlng cannot be -

brace the exterlor compre551on members " This scheme was not
selected Another solutlon is tL use slotted connectlons, as
1llustrated in Figure 3 8(b), so‘that the wind posts do not carry
axial loads. 1In this case the p%r;meter beamS‘would have to be
\designed to span‘4:%:e;l instead\of 20 feet. ho attempt has been
made to perform a'cost,comparison of the 'various alternatlves,

\

however it is expected that the arrangement shown in Flgure 3.7 is

, ' L
reasonably economlal , . /

3.7 Methods of Resisting Lateral Load

: X, "

3.7.1 Lateral‘LOad Tfansfer in the Piane of the Roof

1

Lateral loads can.be“tranerrred in the plane of the
roof to the end walls through an arrangement of bracing members
prov1ded for this purpose, or through diaphragm action of the roof
- deck. Flgure 3.9 1llustrates one p0351ble arrangement of bracing -

members for the example building.

If diaphragm_action'is used to resist the lateral loads
instead, current design practice(zg) requires'shear transfer
elements to be welded on the top flange on all interior girders,

between joists; and a trimmer angle to be connected to the beams
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FIGURE 3.9

DIRECT ACTING BRACING SYSTEM
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and joists around/the perimeter of the buildihg, as illustrated in

Figure 3.10. When the walls cohsist'of girts and cladding,
" however,. the trimmer angle will be<requi}ed in any event, in order
. . 2
to attach the cladding. As illustrated in the following example,

'diaphragm action is.usually the most economical way toltransﬁer

loads "in the plane of the rgof to the endiﬁalls.

_ Example 3.2
/ .

¥

‘ _Giveg

Compare the cost of the direct acting bracing system
N ) ‘

shown in Fiqure 3.9 with the cost of ensuring diaphragm action of
. ‘ \\ B v . .

"the roof deck by providing the shear transfer elements shown in

Figure 3.10. Assume that 10 percent more time is required to

connect the. roof deck when_diaphragﬁ action is being considered,

but that the trimmer ahqle will be required wiﬁh both schemes to -

connect the wall clédding ét'roof level.

Solution

1. Cost of the Direct Acting Bracing System
- cost of plate material _

3440 lbs. x $0.16 1b. I : = $550.00
5 connections, scrap, drafting and

‘fabriéation o - | Nil
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- receiving, shipping.ahd freight

L2 tons x $35.00/ton $60.20
N . - . sub-total = $610.20 .
'*—'séles and administ:ation ovérhead (10%) = $61.00 o
:? erection | N |  _
’j ’7 bays x 4.m;h,/bay x $20.00/m.h." = _$560.00
“ . total - $1231.20
2;; Cost of Ensuring Diaphragm Aétidn
~ cost of 30 feet of L 2-1/2 x 2-1/2 x 1/4
for shear transfer elements:
123 1bs. x $0.15/1b. = $18.45
;_cohnec;ions, scrap, drafting ' | | ﬁil
- fabrication (10 man—minqtes eabﬁ)
| 60 elements x 10 m.m. x 1/60 m.h./m.m. x‘
©$20.00/m.h. ' . = $200.00
—vreceiving,,shippingvand freight e : _,"Nil '. 
| | | sub—tétal = $218.45
- sales and administrafién'overhead‘(lO%)' = >$21.85 
= ereétiOn'(conﬁectiﬁg roof aeék) |
iggog ii"ziéaf, x 32 m.h./day d
x $20.00/m.H. x 0.1 = s128.00
| | © total = $368.30

Comparing this with the cost of the direct acting bracing system

£($1231.20) it can be seen that the cost savings is substantial.
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In some 51tuat1ons, however, it may. not be adv1sable to

redy on dlaphragm actlon, and a dlrect actlng braC1ng sgstem

should be used even though 1t is more expen51ve. ThlS mlght be '

the case, for example, if the roof deck contalns a large number of

-openlngs for mechanical unlts, - . _ N

I

X
3.7.2 Lateral Load Transfer in the Plane of the End Walls

.Lateral'load can:be'transferred'from the roof,to‘the ¢
foundatlon through a dlrect actlng brac1na scheme, conCrete or—.
masonry shear walls, claddlng, semi- rlgld frame actlon, or some
vcomblnatlon of these._ A cost comparlson ‘has not been made to
determlne wh1ch method will result in overall bu11d1ng economy,
‘however the brac1ng scheme shown in Flgure 3. 7( ) is expected to f

be among the least costly, ‘and w1ll be selected for the example

bulldlng. This will be used in comblnatlon with dlaphragm actlon

of the wall claddlng to re51st the lateral loads. A
3.8 Summary | o LT | - -

Although the most 1mportant con51deratlon in determln—
: 1ng the lay*out of an 1ndustr1a1 bu11d1ng is that it not 1nterfere

w1th the 1ntended use of the bulldlng, cost is also a basic fac-

-

tor. It is shown that when the labor cost is evaluated separatelyl

in the cost estlmate the ‘cost. of structural steel per square-foot
of roof area is relatlvely constant over a, large range of clear

‘ spans.» This 1s not to say that the“bu1ld1ng cost is 1ndependent
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of clear span, since costs associated with other trades have not

‘been considered. This study concentrates only on the cost of

structural steel in the building.

T

~._
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CHAPTER IV

FLEXURAL MEMBERS

4.1 Int;oduction

Flexural members ére those members in a structure that
-dre reqdired‘to résisﬁ loads acging-perpendicular to their longi-
Eudinal axes. As discussed in;CHAPTéR II, the governing load com-
pination for flexural members in tﬁé gooffis usually dead load
plus snow load. In locations where the‘snow load is light, how-
evéf, dead load plus rain load can sometimes govern the design.
Anothar load combination, dead load plus wind suction, éhou%d also
be investigated in designing members near the pefimeter of the

roof if the snow load is light.

Th? némes given to the various types of flexural mem-
bers depend on their location in the building and on their s eci-
fic functions. - In the structure shown in Figufe 4.1, for‘example,
interior“cantiléver girders extena qyer‘éhevsuppofting columns.
,Extérior cantilever girders, located in the end bays, extend over
the columns at one "end 6nly: These girders are connected by simp-
ly supported "link" beams. Open web steel joists span 'in a direc-
tion perpendicular to the main framing scheme and are welded to
the top flahge of the girder system. Special open web steel
'joists, sbahniné Eetween colﬁmhs,’pfeQent lateral displacement and
twisting of the girders at the column lines, and also brace the

tops'of the columns. Perimeter beams span between exterior
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columns and are continuous over wind posts located at the mid-span

‘points. Roof deck is welded to the top flanges of the joists. On

the sides of the building, girts and corrugated metal wall clad-
ding resist wind loads. If the wind post-to-perimeter beam con-
nections are detailed so as to not transmit axial loads {Figure

3.8(b)), the wind posts behave as vertical flexural members.

L

In some situations flexural members, such as lintels

(members supporting a wall abové a window or door opening), may

-also be subjected to torsional moments caused by eccentric loads.

If the tops of the wind posts are not praced (see Figure 3.5) the
nerimeter beams are.also subjected to torsion. The design of mem-
bars sunject to comhined bending and torsion is not épnsidered in
this dissertation(30), fhe design of plate girders(31l), or
girdefs requiring large web openings for the passage of pipes or
ductwork (32), plastically designed continuous girder
systems (33), and varioué problems associated with design of
trusses and joists are also not considered.

&

In the first part of the chapter the behaviour of lat-

erally supported and laterally unsupported girders. is reviewed.

Design procedures are then presented for girders used in canti=
lever roof framing schemes for which specific design information

is not available. The design of several other types of flexural-

members is then considered. Following this, lateral bracing, de-

flection and camber réquirements are reviewed and examined.
Finally, the design of wide flange giraer'webs to 'prevent shear

failures and the design of bearing stiffeners is discissed.
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4.2 Behaviour of Laterally Supported Members

-

"If the. compression flange of the girder is braced so
that only in—plane deflections can occur, failure is initiated by‘
1o~al huckling of one of the plate elements comor151ng the cross
section. If both the flange and web plates. are stocky enough Mp.,
the plastlclmoment capac1ty, can be reached and maintained at
least until strain-hardening occurs. Thls section is de51gnated a
Class 1 section. A Class 2 section can also reach the plastic
moment, butilo;al huckling occurs shortly thereafter. A Class 3
section is only capable of reaching Myz the yield moment, before
ldcal buckling occurs, while a Class 4 section fails by local
buckling before reaching the yield moment. The iimiting-width4to—

thickness ratins for the flange and web Dlatec for all four

classes of sections are-given in Reference (1).

Most rolled wide flange sections used as beams and gir-

‘ ders in:light’industrial buildings are usually either Class 1 or 2
sections for which the factored moment resistance is computed
from: | _

= ¢Mg = $2Fy - : (4.1)
where ¢= 0.9 is the performance faetor discussed in Section 2.2
and 2 is the plastic section modulus., Occasionally a Class 3
section is used-for,whieh: ’

M = ¢My = ¢SFy . T (4.2)
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where S is the elastic section modulus. Light sections used as
girEs are usually Class 4 sections. Although bghaviour of girts"
‘will bevdiscussed in a later section, detailed design of thesé“

members will not be considered.

\,

4.3 Behaviour of LaterallyAUnsuﬁported Members

If a member is not braced at sufficiently closevihter—
vals along its lenéth, the possibility of out-of-plane, or
‘lateral-torsional, instability exists. Certain types of flexural
.members aréfmoreAlikély to fail in thisgggy,than.éthef'typés.« A
wide flange member used as a girder is -usually not tofsionally
strong, and tﬁe member has a tendency to buckle by twisting and
| rally Séfore the\ih—plane étrength_descxibed'in-

" . .
section 4.2.can be reached. . S a

deflecting laée

A

L
” .

The elastic buckling strength of a_gi;der is controlled
by a numbe; of factors, including shape of the cross section, mem-
ber length, end restréiﬁt, restraint along the length bf'ibe
member, load pattern, point of load appl}cation, and modulus of
elaéticity, but not on the yield stress of the materiél. 'In
“Réfegence (34) a general eqguation is derived for the elastic
buckling'moment My of a laterally unsupported wide flange’sectibn-
or channel subjected to end moment»br transvefse‘forées in the

plane of the web:

— N , |
My =(§E'//EIYGJ (D2 L0y : - (4.3)
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where

is ‘an equivalent uniform moment coefficient, G is the shear
modulus, Iy is the moment of inertia of the cross section about -
the' weak axis, K is an "effectlve length" coeff1c1ent, L is the
length-of the girder between points of support, Cy is. the torsion
warping consfant, and J is the St. Venant torsion constant. 'The
: coefficients Cir Cy and K depend primarily on the loading and .
support conditions. The "+" sign is positive for bottom flange -
loadlng, ancd negative for top flange loading For centroidal

,loading, or for end moments only, Cz is equal to zero.

For the case of a simply suppor ted membder subjected ‘to

uniform QQndinq by equal and opposite end moments, Cy and K are
equal to unity, C2 is equal to zero, so that y is also equal to

unity. Numerlcal valu@s of these coefficients for several other

loading and support conditkons ‘are giVen in Reference (34), and in

a slightlv different form, in References (35),. (36) and (37).

v

T . S

For I-shaped members the elastic buckling moment given

by Equation (4.3) can be conservatibely taken as(}l38):

° s 42 2 , . e
MU = _w- ,Ol + 02. o . o . . (4-5)
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where !
20,000

0y = fﬁ?igf . | : (4.6)

0p = 220,000 - o (4.7)
L/r¢) '
in which @ ,~‘

a = overall depth of .the section,

Afv= compréssion flange area, .and

r+ = radius of gyrétion-about its axis’of!symmetry of a

tee sectibn'COmprising the compression flange and

one sixth of the weh.

Assuming that the member fails while it is still
elastic, the factored moment resistance is(l):

~

However, if the elastic buckling moment exceeds 2/3 Mp for ylass 1
and 2 sectlons, or 2/3. My for Class 3 sectlons, the assumpﬁlon of

elastic action is no longer valid(2). When failure occurs

through inelastic lateral-torsional instability an estimate of the

. factorgd moment resistance can be obtained from the empirical

equations (1) :

3

Mr ?/%&;5.¢MP (1*;‘0.28 Mp)

(4.9)
'MU' )

f,fbutvnot‘grééterJthan ¢M§ o
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for Class 1 and Ciass 2 sections, and

= 1.5 ¢m, (1 - 028 My (4.10)

My
-

My

but not greater than ¢My

- .

for Class 3 sections.

4.4 Lateral Buckling in Cantilever Construction

The main framing scheme in light industrial bﬁildings
often cohsists of girders cantilevered cover Yhe supporﬁing columﬁs
and sep~rated by simply supported "link béams" as shown in Figures
4.1 and 4.2, Open web steel joists are welded to the top flanges
of the girders. 1In tﬁrn, steel roof deﬁk is welded to thé joists.
In this situation the‘(iower) compression fléﬁges of the girdérs,
?djacent to the»coluﬁhs, ate'unbraced except ét the columns and
premature failure can occur as a result of lateral-torsional
instability. Two questions of concérn to the desigher are:‘ (a)
whét should the overhana lengths be, and (b) for these overhangs
how can the carrying capacities Qf the girééfs be deterhinéd?

i

Overhang lengths considered optimum\Qy different
designers can vary greatly. Overpang~lengths recommended for
interior girders(28) are approximately 14 to 15 percent of the

distances between column lines, however 17 perceht appears to be



DETAIL OF INTERIOR CANTILEVER GIRDER OVERHANG

FIGURE 4.2
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more ‘usual while longer overhangs (up to 25 percent) are not

uncommon. Often . the overhang lengths are selected so that the

©

cantilever girdet.to link beam splices are located where the

inflection points would be in a continuous girder system‘subjected'

to a uniformly distributed load.

After the overhang lengths have been selected, the
guestion of de51gn must be considered. Formulac are avallable to
determine the lateral huokling moment of a cantilever beam fixed
at the support and subjected'to a point force at the free end.
However, in a light indUStriel bhiiding the supoorted end of'the
cantllever 1s not comoletely restralned by the remalnlng portlon;
of ‘the glrder._ An approximate but conservatlve Drocedure B
recommended in Reference {34) is to con515er the warplng constant
Cy to be zero in the buckllng formula for a cantllever beam. - If
the reaction from the link beam to the cantllever girder 1£

' located a dlstance non above the centroid of the cantllever_

girder, the relevant buckling formula is(39):

My = 4.0 /EVEI g £/ By, (4.11)

aL GJ

where

=
S
I

= elastic buckling moment at the base of the

T

cantilever,

R
1}

cantllever overhang length d1v1ded by the dlstance

L between columns
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In this sectlon the results of a series of finite ele-
ment computer studles to determine the overhang lengths corresoond-
1ng to maximum load carrylng capac1ty are presented for both
'flnterlor and exterior cantllever girders. The load carrylng
capacity of a Darticular wide flange member depends on the girder
span, the overhang length the number of joiSts along the span, the
location of the link L am reaction, the loadlng pattern (ratlo of
live load to dead load), the- spec1f1ed yleld stress of the steel,
the magnltude and dlstrlbutlon -of re51dual stress, the beneflclal
effects of strain hardening, and the strength and stlffness of the
roof deck. For shbrt overhangs the load carrying capacity is equal
to the max1mum capac1ty of .the memoer cross section (as if it were

completely braced), prov1d1ng that the roof deck possesses adequate
,strengtn and stlfrness.'-For-longer overhangs the carrying capacity'

is governed vy lateral tor51onal 1nsta0111tv 1nvolv1ng both the

'overhanglng oortlons of the gerer and the main- span.

The comouter program used in the analy51s is a ﬂOdlfled
version of an elgenvalue ( uckllng) program descrlbed in Rererence
(4). The computer program accounts - for all of the varlables
llsted above with the exdeption of roof deck strength since it is
- a buc<11ng, not a- large deformatlon, computer program, and strain
-hardening The roof deck gxaphragm is assumed to be semi- flex1ble,
with a flex1b111ty factor, F, of 90 X 1076 in. /1b. (29) The
llnk beam reactlons are assumed to act at points . located halfway
| between the centroid of the cantilever glrder cross section and the’
’top-flange_(ie.,fc‘='d/4).b’The specifled yield stress of thevsteel

is assumed to be‘44 ksi.
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4.4.1 Interior Cantilever Girders

An upper limit on the overhang ratioﬁa‘xof;an interior.
caﬁtilevertgirder:can be determined if it is assumed that the full
.loapacity,of the.ctoss section. can be reached. As discussed .in
Section 2.3.2, the roof must be capable oflsupporting the more
: severetof either(g); |

1. dead load plus snow load over the total roof area or
2. dead 1load plus cnOw‘ load over the total roof area eXcept that
.
one half of the snow load is removed from one partlcular
' portlon of the roof area. E ‘ ‘ : y
'The ovefhang ratio'can then be seiected so that the maximum posi— .
tlve bendlng moment 1n the nember under the most severe loading
condltlon is equal to the max imum necatlve bendlno moment under
the most severe loadlng condltlon for thls case. For a cantllever
glrder, full dead load plus cnow load never produces the most
-severe effects., The longest negatlve moment reglon occurs when
- half of the snow load is removed from the main. span, and the lar-
gest po51t1ve'moment'occurs when half of the,snow load is removed »
from one‘overhang;

Consider as a simple example a series of interior can-

" tilever girders of lengths L with ovethang lengths al,, separated

by simpiy suppor ted link_beams. Open Web steel joists are evenly

]



spaced at 0.20 L center-to-center. The structure is_aSSumed to be

located in a region of relatively lig snowfall, where the spec1—'

fied snow load is equal to the speelfled dead load. Denotlng the‘

factored dead load plus- the full factored snow load multlplled by

the bay area as P, tne maxlmum factored moments are those shown in

Figures 4.3(a) and (b). ‘Equatlng the»max1mpmrnegat1ve moment to
the maximnmvpositive moment : o | ~
4,‘ 0.400 PoL = (o.lzo - ’O.'334a.)PL | T (4.12)
or- a = 0 163 ‘ | |
o N
Proceedimg in a similar fashion(40) o can be found.
for a different number of joists along the span, and for different
live load to dead load ratios;--H0wever, it appears to be
relatlvely 1nsen51t1ve to changes in ‘these var1ables and to be
:constant at approx1mately 0.16 in most cases.

i However, it is'not_rea§0nable to assume that'the fnll
cross section,strength is:avallable‘unless,thg'member is laterally
and tor51onally braceo at sufficiently close intervals. Results

of a series of prellmlnary studles(40 41) 1nd1cate that for a

short overhang ratio thevglrder.carrylng capac;tyvas_unaffected by

lateral—torsional instability; and that'the carrying capacity of

the glrder 1ncreases as the overhang length 1ncreases. "For a‘

longer overhang ratio the glrder capac;ty is reduced as a Eesult
S .

of member instability, and canzbe>less than that o£=a member with

the same cross section used as a simply ‘supported girder. . The

101-
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overhang ratio corresponding to the maximum load carrying capacity

is defined as the optimum overhang length.

The results oftthe preliminary studies also indicate
that, except for a very short overhang ratio, lateral-torsional
instability of an interior cantilever girder can be expected to
occurAWhile tHe member is elastic; that is, while the max imum
neéative'mbment given in Figure'4.3(a) is less than 2/3 Mp for a
Class 1 or a Ciass 2 ééction.‘ Thus Equation (4.3) can be jused to
determine the member carrying capacity. vSubétitution of;éhe

negative moment 0.4 PyL into Equation (4.3) and re-arranging leads

to:

p1,2 EC
=2.5-L /1 + 1 =w 4,
v ELGJ wa : GJLZ ( 13):

This function, determined from a finite element analysis, is shown

by the solid lines in Figure 4.4. A

_ Failufe occurs . under. the'I@éﬁéﬁg?ééﬁaﬁgioh‘sﬁéwé in. -
:ﬁigute 4.3(b), which causes phé max imum positive moment, when-the
plastic moment capacity of the cross section is reached. - that is,
when | |

(0.120 - 0.334a) PL = My (4.14)

Substituting

K

- Mp = fSFy

'x4.;5)-. ‘\\
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e

where f = 1.10 is the shape factor for a wide flange cross
sectionf38) into Equation (4.14), multiplying both.sides by
L/;/ET;EE,.usidg the approxi%ate expressions. for the cross section
properties given in Referencé'(38), and substituting Fy = 44 ksi

leads to:

PLZ _ 0.008 Ld/Af (4.16)
/EI,GJ 0.120 - 0.334a

Equation (4.16) is shown by the broken linegs in Figure 4.4.

For a given girder and column spécingh Ld/Ag, L2GJ/ECW,
and L2 /7???57 are constant. Under these conditions Figure 4.4 can
be interpreted as a piot of robf load P vefsus the overhang ratio
o+ The girder is used most efficiently>Wb§n-§h¢_0yefhang length
i; sﬁch that ékis'é‘maXimum.  Thus thé'bﬁtimumtvéiéé §f(1>corfeé;
uipdﬁdsf£6t£héiintérééc£idn point of the Stréngth curve (broken
'line);wiﬁh"Fhe-gtéBility curve (solid line), and is therefore é
function of the hdn—diheh%ionéljéa%améﬁérS Ld/Aflahd ﬁzGJ/ECw;
Figu;é 4.5, constructed from_Figu:e-4.4, plots a versus the Ld/Af
ratio for three different values of LZGJ/ECW. Also shown in

Figure 4.5 is the equation

« = 0.20 - W4/Af
‘ 31000

(4.17)

Y

but less than or equal to 0.16



106

g

SH3AYI9 HIATUINYD
HOTHILNI 804 SOILVY ONVHYIAO WNWILJO St 3uN9ld

v/ P

000¢ o 0002 ~ 000| | 0
T T — - — T T . o)
790 7 %0
L d ]
b nr S 4500
EEmmEna
ooole - :1 i | |
by/p1-020= 2 - . | . 0
: L | H{oro
T~ Ge:
O@ . 30u
roz1
. | 1510
syinsay juawsa|3 a4 SN N R
./m_.o.s




107

which pro&ides auconsecvétivé estimate qf the predicted overhang.
values. An upper limit of a = 0.16 is éelected_to bé coqsistent
wifh the anal?sis’at.the beginning of this section,iﬁhich assumed
that the full cross sectioh‘strength was available to resisf
negaﬁive.behding- Similar énalysés haQe been performed to deter-
mine the effect of/the number of joists along the span, the live
load to dead load ratio, and the class of section. These results
are summarized in Figure 4.6 for an LZGJ/ECw ratio éf 50. Also -
shown is Equation (4.17). The effects of these variables appear

to be minor. . . o

4.4.2 Ixterior Cantilever Girders

A girder located in an ehd'bgy overhanés at éne end
only, as shown in Figure 4.1. It can be expected, therefore, that
. the overhang ratio corresponding.té the maximum load éarfying
dapacity,of an exterior girder is greater thanr that for an
interior girdef, which overhangs on both ends. Using a procedure
similar_to that described above, finite element studies were done.
for the particular girder system&shown in the insert fo_Figure

4.7. Also as shown in Figure 4.7, the empirical equation

de/Af
50000

a = 0.22 - (4.18)

‘but less than or equal to 0.21 R j;= }1«v. o ;-'
- provides-a close ‘fit 'to ‘the finite element results.



108"

. 000g

SOILYY

uq\nq

0002

- 0001
i

oz<:mm>o s_:s__Eo NO mu..m<.m<> 43HL0 n_o 103443

EY
L
i
fu

 (uondag ¢ sspj))

G2 =a/1
Ol =ars7

01 =Q/7

ol =a/7

3

2&24m_ ®

‘ sisiop- g ®

4

4

sisiop @ -

sislor (D

“v-‘- ‘9__-- P




109

MIATTILNYD HOINILXI ¥Od SOILVY ONVHYIAO WNWILIO L'b 34NOI4

000¢

S430a419

/P

>

000 .0

_m::mom
juawa|3 ajiul 4

{500

Horo

sro

020

120



110

The upper limit of 0.21 is based on the assumption that lateral-
torsional instability does not occur, and that the full cross

section strength can be reached.

Example 4.1
“Given

The roof dead load and snow load fb; E%é s£fQétu{é
‘shown in Fiaure 4Jl‘Were.deﬁérminédjinuExamples 2.1 and 2.2 as
:31.S”psffand'48 psf,'téspeCtiv§ly.. Select a‘wide flange section .
fbr the“intefidt cantilever_(lgvi;'der-."~ Use G40.21 44v7 steel (Fy ¥ ‘
44 ksi). - |

“Solution

As discussed earliér in this section, if the overhéng‘
ratio a ié less than or eéﬁal té the "optimum value" given by
Eduation (4.17), the load pattern governing design of the girder
consists of full dead load and full snow load, except that half of
the snow load is removed from one overhang. Thié produces the
' largest positive moment in the cantilever’ gircer. fn this case an
oyérhahg ratio of a = 0.14 was selected on the basis of érelimi—
nary calculations (séé’Sectioh 3.2). 'Equation (4.17) must there-
' f6ré'be’dsédvin a éiightlyvdifféreﬁt form. -The overhang is

- optimum providing: T
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8 ¢ (0,20 - oy WX : (Eq 4.17)
£ | | o |
= (0.20 - 0;14) x 3000 _
40 x.12u- : P

3.88 in."1 o

:{Trz'aTW2lx73; )

Relevant cross section properties and- dimensions of a
‘W21x73 section are listed in Reference (5):

-1

d/Ag
Zx

3.46 in.
172 in.3

Srnce the d/Af ratio provided is less than that required, only the
load pattern produ01ng tbe manlmum p051t1ve moment need be
llnvestlgated - that 1s, fallure by lateral tor51onal 1nstaolllty
of the overhang 15 not a relevant fallure mode. Note that .the
purpose of Iimiting the d/Af ratio in this way is to enshre'that.‘
the section is sufficiently stocky eo that lateral—torsional

instability cannot occur.

The distributed roof loads are“transmitted to the

glrder as a series of point forces at~ the 301st locatlons, as
shown in Figure 4.8. Each point force 1s equal to. the factored

roof load multiplied by the tributary area of the j01st. In the

region of full snow load these forces are:



112

29.7% .20l

297%

b e
» 568 40'= 200 .‘_.
(a) Geometry and Loads e S ?

TT Ty
. 800%  166%  148% 78" 196% - 754%
(b) Reactions _ ,“'
10000} - N
_ S000rfiiHE N & g
. (inch-kips) oOF ‘ N1

4‘<5:§_
-

-5000

T

-10 000

— 1

() Moments

FIGURE 4.8° LOADS ACTING ON GIRDER SYSTEM



,\\ ‘\\‘\\,
N
113

clDD +Y¢<!LL .
_ 40 X 6.67
—[125X315+10X10X15)(48]X——m———'
= 29.7 kips

~and in the region of half show load they are -
apd + vbop L. - e
. . } . .
= [1:25 x 31.5 + 1.6 x 1.0 x 1.5 x 28] x 40X 667 n |
; . . . R | . . \ —J’:-/

20.1 kips.

The correspcnding bending mdments are also shown in Figure 4.8.

PR PR . . . -

*

‘ Requltq of calculatlon (hot'Shown) 1nd¢cate that a

” w21x73 section is a Class 1 cectlon 1n 44W steol thereforn the

. factored moment re51stahce, assumlng full lateral Support by theﬂ

"roof deck 1s

meepsw, L Ee e

0.9 x 172 x 44

6811_inch-kips

Sihéé:this exceeds Ehe:6720;inch—kip§.réquifed, phé section is
satisfactéfy. It is‘aISO”the lightest section that can ce

seiected.

.

Use a W21x73
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Although the deslgn calculat1ons are not shown for the .
exterlor cantiléver glrder, the procedure followed ‘is the same.
The W24x84 sectlon 1nd1cated 1s the llghtest wide flange sect1on

that can be selected. A

~
T

4.5 Perimeter Roof Beams

_ When a perimeter roof beam is simply‘supported at the
ends and continuous over an intermediate wind post, as shomn in
'Figure 4.1 it is subjected to negatlve bendlng moments in the

.v1c1n1ty of the interior support " The beam is braced along the
h_top flange by the roof deck dlaphragm ‘and” ‘Tateral deflectlons and
Mi.tw1st1ng rotations are prevented at the ends and at the wind post.
However, since the member 1s ‘not completely braced along the’
fcompre551on flange in the v1c1n1tv of - the 1nterlor support

%fallure &an occur through lateral tor51onal 1nstab111tv.

| The oroblem analyzed is that shown ln Flgure 4. 9(a)
The member is =uoject to top flange loadlng, and is partlalﬁy
braced as descrlbed above The elastlc lateral tor51onal buckllng
_moment Mu can be determined from Equatlon (4. 3) prov1d1ng the
equ1valent unlform moment coeff1c1ent w is knowh. The factored

moment re51stance can then be determlned from Eguatlons (4.8) to
(4.10) . - |

From an examination of Equation (4.4) it'can be seen
that for a given loadlng and support cond1tlon the equ1valent

~uniform moment coeff1c1ent depends only on the non-d1men51onal
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slenderness parameter L2GJ/ECWQ This relationship can be
conveniently determined by using an elastic finite element

computer program.

For a given s}enderness parameter the equivalent
uniform moment coefficient is equal to the buckling moment M, for
a simply supported member subjected to uniform bending divided by
the maximum moment M; in théyperimeter beam when the épplied‘loads
are such that buckling occurs. This study was performed for
slenderness parameters varying from 5 to 50, and the results are
summarized in ngﬁre 4.9(b). As indicated in this Figure, the
equivalent uniform moment coefficient varies‘from approximately

0.21 to 0.24. For design, a value of 0.2 is therefore

conservative,

It is ex.pected £hat the range?f the slenderness
parameter selected will cover most situations encountered in
practice. For example, for a W14x22 section with a span L of 20
feet, the parameter ié 15.1, while for a Wl0x2l section it is

1900- 51‘
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Example 4,2

Given ; o T
Select a wide flange section for the perimeter beam
shown in Figures 4.1 and 4.9. The maximum factored negative

benaing moment can be shown to be 1180 inch-kips. Use G40.21 44w

steel (Fy = 44 ksi).

Solution

~

Try a W14x22

Relevant cross section properties and dimensions of a

W]4x22 section are listed in Reference (5):

Z = 33.1 in.3 J .22 in.4

=
i

314 in.6

y = 7.0 in.4 Cy

Results of preliminary calculations indicated that
this is a Class 1 section in 44w steel. The factored moment

resistance is:u
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=
o
1]

Mp = ¢ ZFy (Eq. 4.1)
0.9 x 33.1 x 44 '

]

&
1]

‘1310 inch-kips

However, since the compression flange in thne vicinity of the wind
post is laterally unsupported, the'possibility of lateral-
torsional »uckling should also be investigated. The elastic

lateral-torsional buckling moment is:

My ﬁ/EIyGJ +_(‘1LE)2 TyCy (Eq. 4.3)

o FEEN
oRseRTs ¢ 30000x7. 0x11500x. 22+ (1X39000) 2,7 9,314

W

1330 inch-kips
Sirce this exceeds 2/3 of Mp, inelastic action occurs

and:

_ 0.28 Mmp
My

Mp = 1.15 ¢Mp (1 ) (Eg. 4.9)

_ 0.28x33.1x44
1.15 x 1310 (1 1555 )

1190 inch-kips
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‘Since this exceeds the factored moment of 1180 inch-kips the
section is adequate. It is also the lightest section that can be

selectec.

Use a W1d4x22

4,6 Girts

Girts are subjected to the effects.of wind action,
theirvself weight, and depending on the method of attachment, may
also have to suppbrt the weight of the-wali cladding. For the
detail shown in Figure 4.10(a5, however, it can be aésumed that
thevweight of the cladding is transferred directly by bearing of
the trimmer angle against the foundation.' It can also be assumed
that the effect of the self weight of the gigts is small since
they are partially supported by the wall cladding and the 559»
réds. Thus the primary loading is wind loading. Wind loading on

girts was discussed in Example 2.4, where it was shown that the

most severe loading is‘wihd,suction, illustrated in Figure 4;10(5).

As illustrated in Figure 4:.10(b), the point of load

application and the shear center do not coincide. Thus the possi--

bility of lateral-torsional buckling (that is, a sudden énap from a

perfectly straight contiguration into a buckled configuration) is
precluded since torsional deformations occur from the onset of

loading. Nevertheless, current design procedures are based on

buckling as the failure mode(42),

k]
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"+ girtssand then selecting appropriate -sections from & manufacturérs . .-
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"Sections_used as girts are usually cbld—formed'séctiOns
having a specified yield stress of approximately 50 to 55 k;i;.

- Design generally consists of first computing the loads on the

catalogue. The 8" x 2.75" x 0.090" girt shown in Figure 4.10 was
chosen in this way, using a ten foot unsupported length since it
has been shéWh)that'thé sag rod is effective in acting as a
brace(43).

Recently, however, research has aimed'aﬁ ﬁreaﬁiﬁgitﬁé
pfbblem as. one of.combined~bending ané torsion instead of
buckling. (43144145r46) These otudles havp 1ncluded the bracing
etfect of the wall claddlng as well as tne restralrt prov1ded Jy ;':

the sag rods.

The bracing effect of the ing is character-

ized by its shear rigidity Q, its rotational éstraint'F, and its
shear strength q. The quantities Q and q can be determined from
the results of a shear test on a typical wall pansl, as showa in

Figure 4.11, and using the relationships:

P =G'by =Qy - (4.19)
and » | T
g = Pult : L (4.20)
b
. where G' = rigidity per unit width

g e
1}

rigidity per panel width
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and-all of the other variables are as shown in Figure 4.11.
Alternative;y,bas shbwﬁ in Seetion 5.3.4, these quantities can be
determined analytically(47r48). The quantity F is a function of

: rhe‘crese ;en%iﬁg rigiditf of ‘the diaphragm and the local rigidity
" of tbeediapbragm_tb resist'rwisting of the girt and must be

determined experimentally (44) |

The maximum load that: a glrt can, carry may be limited

by one of the follow1ng

1. excessive normal stresses,
2. premature tallure of the wall cladding as a shear diaphragm,

ano, p0581oly,

3. a serviceahility requirement.

computer programs have been written from which load-deflection

curves, and hence failure, loads can be obtained(44,45) .

To illustrare girt behavioar when'the'first of the
above failure modes governs, a series: of girts having the cross
section shown in Figure 4. 10 were analyzed u51ng the computer
.program descrlbed in Reference (45). The lengths L of the girts

varied from 12 to 24 feet{ and all had sag rod braces at
| mid—spans. To preQenr pessible premature failure in the wall
cladding due to excessive bracing forces the stiffness Q was set
equai to infinity. The stiffnees F was set equal. to zero.

Failure was assumed to occur wheh the maximum normal stress was
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“equal to 1.15 multiplied by the yield stress F, (55 ksi) since the
maximum stresées only oécurred at the corners. This approach is
that recommended in ﬁeference (46) . Tbe'failure.moments
non—dimensionélized by the yield momenf My are shown in Figure
4.12. For tﬁe particular girts stﬁdied, the effect of torsio?_\

-

appears to be small. . . : i \

Addltlonal work is requlred to determlne the strengths
of olfferent girt sectlons,,lncludlng different arrangements of
sag rods, and the effect of premature failure in the wall clad-
ding. An acceptable maximum angle of twist at the specified load
level must also be determined. These studies are considered to be

beyond the 'scope of this dissertation.

4.7 Bracing Requirements

4:7.1 Diaphragm Braced Beams

The most frequentlgaused bracing in 4 light industrial'
building is the roof deck, conneéted to the top chord of the
joiéts théh, in turn, are connected to the girders. If the roof
deck has adequaté,shear strength and stiffness it acts as a shear’
ciaphragm, and the joists énd girders then can be assuhed to be

laterally braced and to be capable of attalnlng their full

1n—plane strengths.

In Reference (1) it is recommended that if bracing is



45.4 Ksi(T) e :
45 .4 Ksi (C)
/ .

63.25Ksi(T) ™

56.4 Ksi(T) 564 Ksi(C)

63.25 Ksi (C)

08t | 2 :
M = % at Failure
M osf  My=SH
M . .
Yy Q = \
04t -
Fy = 55 Ksi -
02r
9] L_e(L 1 : : 1 1 , !
o 12 6 20 24

b=L (Feet)

FIGURE 4.2 BENDING STRENGTH OF GIRT SHOWN
IN FIGURES 4.10 AND 4.1I.
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provided by the roof deck, fhe deck-aﬁd the connections should be
designed to resist forces uniformly distributed élong the
compression flanggs or chords, equéi'tO'S percent'of fhe max imum
forées in the flanges or chords, unless'sﬁaller véiues can be
juétified by analysis. The analysis éresented here, a

modification of those presented in References (49) and (50),

~_-

~indicates that a reduction may be appropriate.

or +*he case of a simply‘supported'I—shaped beam of
Centh 4, length L, braced alopg‘its top flange by a shear
diaphragmvof stiffness Q'(sée Seqtion‘4.6), and’ subjected td
uniform bending, a consefvative estimatévof the elastic buckling

"moment is(49);

My = 0d (4.21)
Assuming for illustration purposes either a Class 1 or a Class 2
section, the member is capable of reaching its full in-plane
strength if M., determined from Equation (4.9), ié equal'to dM,.
For this to occur, M, must be at least equal to 2.15 MpQ

Substitutihg this value of M, into Equation (4.21), the required

diaphragm stiffness for full bracing is:

-

2.15 Mp
d

Q= (4.22)

126



127

' The stiffness provided depends on the roof deck pro-
flle, the method of fastening, the length of the roof deck units,
and the span between joists, and is characterized by its flex1b11— | "
ity faotor F(29). If the width of the dlaphragm tributary to
one beam~is denoted b, theirelationship bethen Q and F is easily
determined by comparing Eqdation‘k4.l9) with a similar Equetion in

Reference (29):- ' .
t, e

L2

Q= =F— . . ' .(4.23)

o v
In addltlon, the dlaphraqm must be adeguately strong

The maximum shear strainy in the roof dlaohraom can be shown to™

*be(‘lg) ' . . . e

1 78 v : | - '
L | (4.24)

where & is an "equivalent" initial imperfection ineluding both
initial crookedness and t&iet, approximately L/400. , Using the

relationship(29),

*
6 -
a = v o _ (4.25)

the corresponding shear flow q can be obtained. Allowable shears

are published in Reference (29). + L

N
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Example 4.3

- Given ) @

Use the above analysis to determine if afsimply
supported W21x55 girder (M, = 5544 inch-kips, d = 20 in.) 40 feet
»iong is capable of reacHing_its full;in—plané strength if the top

flange is braced by roof deck with the.following properties? -

‘= 200 1bs./ft.

Q
]

R
0

70 micro-inches/1b.- \

_'Assume-thét the width of the roof éeck tributary to the girder is
35 feet. Compare with the 5 percent rule recommended in Refe;ence‘
(1) .

Solution

The stiffness 0O is determined first:.

0= 1%59 ‘ tBq. 4.23)
_10% x 35 12
70 1000
= 6000 kips '

. d " Y . . :
Since this exceeds the right-hand side of Equation (4.22):

7
2é15 Mp . 2:15 X 5504 _ 590 gy

 the‘diéphragm is adequately stiff.

w
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The elastic buckling moment is:
= 6000 x 20 | |
= 120000 inch-kips
The maximum shearlstfain~in-the diaphragm is: -
Y= (__l___)‘mi. ) o © (Eq. £4.24)
Mu - l L B . . .
> |
( 1 ) I
120000 _ 1 400
5544
= 0.000380 radians
O
_F.)
and the shear flow is
L ‘ | oy {
6 - T
g =197 . Cw . 4.25)
F : ; L 3;(’:”~é_ >
6 | IS ot o
= 10" & 0.000380 x 12 \\\H‘ T A
70 . : . s Al '
=65 1lbs. /ft. .

This is substantially less than the allowabie shear bf‘200
1bs./ft., therefore the full-in—plane-strength can be»feached.

. C. &
- .
¥
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Next, the shear flow is determined using the 5 percent
rule discussed above. The force in the compression flange is
approximately equal to the plastic moment divided by the lever

arms

F = —==— = 277 kips ~

The bracing force per unit length of girder is:

' w = 9;9%65—311 x 1000 = 345 1bs./ft.

and the resulting shear in the diaphragm is:

_ 345 x 40 _
q = 332752 = 197 1bs./ft, ’

approximately three times greater than that computed using the

detailed analysis.

Several deficiencies in the above analysis should be

studied, however, before it can replace the 5 percent rule:

1. The analysis is valid only for simply suppbrted girders

subjected to uniform bending. While this is conservative for
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simply supported girders with other loading patterns, it may
not be for different support conditions (eq., girders in

cantilever roof framing schemes).

2. The shear values tabulated in Reference (29) are -allowable
values - ultimate values are not given. Since the bracing
requirements are based on the ultimate load level, ultimate

shear values should also be determined.

3. If the roof deck is being used to brace more than one giraer
v(the usual case) the implicit assumption made above is that
is the same for all girders. Research is required to deter-
mine the statistical distribution ofigirder out-of-
straightness before a less conservative approach can be

determined,

All of these studies are considered to be beyond the scope of this

dissertation.

4.7.2 Special Open Web Steel Joists in Cantilever- Framing Schemes

e

An example of an interior column in a building‘with a
cantilever roof framing scheme # shown in Figure 4.13(a). The
building is assumed to be "sidesway prevented". If the column
base plate and cap plate bonnections'behave as pins, and the
special open web steel joists are both stiff enough and strong
enough, the column buckles in the half sine wave shown by the

¢ 3 .

broken lines.
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However, i~ the bottom chords afe not connected to the
column top, as sﬂown in Figure 4.13(b), the column behaviour
approaches that of a pin-ended, "sideéway permitted" column, for
whicn the effective length factor is infinity. Expressions for
the required stiffness and strength df the special open web steel‘
joists required to prevent translation of the top of the column
are derived below. The analysié éarallels tﬁat described in
Reference (51) to determine brécing requirements for continuous
columns.

The joists used to brace the top of the column iﬂ
Figure 4.13(a) must be classified as "special open web steel
joists", as opposed to "tie jbists". A tie joist is defined in
Reference (1) as a joist designed to re;ist gravity load only, and
has an extended bottom chord to facilitate -erection. Frequently
the bottom chord extension of a tie‘joist is a ligbter sectionﬁA
than the remainder of the bottom chord, and is connected to the
column with a slotted connection. A tie joist is not designed to
develop a fixed-end moment, and under vertical loads either the
bottom chord extension will buckle, dr the slotted connection will
slip. In this sense a tie joist\connection must be regarded as a
ﬁon—structural connection.

- | . A

It is tacitly assumed that the web buckling failures
shown in Figurgs 4.13(&) and (d) do ndt occur before faiiure of
the column as a pin-ended member. It is also assumed that a web ._
crippling failure (discussed in Section 4.9) does not occur in the

girder.
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The web buckling failure sthn in Figure 4.13(c) is not
analyzed in any of the usual reférenceS‘on stability. 'However, it
is.unlikely to occur if the depth of the joist is approximately
equal to the depth of the girder since:ﬁhe bottom flange of the
girder Eannot move sidewayé. This is usually the case in light
~industrial SLildings with square, or‘nearly square, bays. The web
ouckling failure.shown in‘Figure 4,13(d) is associated mainly with
a deep plate girder, and usually does not occur in the web of a
rolled wide flange shape. In a doubtful situation, however, the
bearing resistance of the girder web bacsed on buckling.can be

checked using the approach described in Reference (1).

. To simplify the analysis the restraint provided by the

bottom chdfd,gf each special open web steel joist is represented
- .

by a linear elastic spring with a spring constant k. The spring

constant can be determined by noting that the stiffness of the

special open web steel joist in Figure 4.14(a) is defined by:

M= F=6 _ (4.26) :

where a

=
"

restraining moment

g = end rotation )
I = moment of inertia, and
Lj = length.

Using the relationships

:.M ’
F 3 {4.27)



o 0\ ke
- - 7
. M<' / ¢ ;M ;
. - -
Y A o]
£ | N
(a) .
Cs —Cf
v ‘ v
g
\ ' d .
PV AR
) ol ] 5 AL]
- 2k | 2k . /l'] 3
I | /
l |
I L /
| /
| - |
| 2Fd | 2Fd
WL L+d | L+d
- TCf ) Cs

(b) (c)

FIGURE 4.14 - ANALYSIS OF BRACING REQUIREMENTS,
FOR SPECIAL OPEN WEB STEEL JOISTS

135



and 6.

= A (4.28)
d .
wnere
_~"F = axial force in top and bottom chords
d = joist depth
“ p= extension of end of bottom chord,
the -following equation can be derived:
F=kg _ (4.29)
where
« = 2EL (4.30)
Ljd

. . Q . .
is the spring constant for one special joist,.

As illustrated in Figure 4.13(a), the special open web
steel joists and the girder are assumed to be,df equai depth d.
The column is of lenétn L measured from tne>top of the base pléte
to the underside of the éap plate, ;na is subjected to a factored
compression force C¢ based. on "sidesway prevented" buckling. Nots
that the above definition of L differs from that used in Reference
(1), wneie L is taken as the length from the toP of the base plate
to the centroid of the restraining niember. This value of L is used

since it is assumed that t%e cap plate connection is ineffective

in restraining the column for weak axis bucklihg.

Consider first a/perfectly straight and plumb column.
o J
The idealized column model is shown in Figure 4.14(b). The girder

web and -column are represented by pin-ended bars ofvlengths d and

136
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L'respectively, supported by a spring. Since this,spring

- represents the stiffnesses of the bottom chords of the special

open web' steel joists on both sides of the column, its stiffness
is 2k, where k is defined by Equation (4.30)-

v ™

The column is subjected to a small lateral displacement - -
A, resulting in the horizontal forces shown. The buckling

condition can be found by summing moments abbUt the cép plate:

{

2FG

(L + d

)L = Cgh o C(4.31)

If kia is defined as the spring stiffness required to brace the

ideal column, substitution of

L3

into Equation.(4.3l) yields:

(L ;’d)‘gﬁ. (4.33)
2L

k‘i-d =
Thus if k determined from Equation (4.30) is equal to or greate}
than Kig determined from Equation (4.33), Ehe'éOIUmn does not

buckle in the "sidesway permitted" mode, and the top.of the column

can be assumed to be braced.

A
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This analysis, howe®ér, does ndéggfve'gny indication of
the bottom chord force F that must be resisted. In order to .

obtain some.guidance in this respect, the qffédt of column

. s

out—of—plumb,and eccentricity of loading mustwbé%€g§én'gnté'
) “ . ' . EF T =

acqount.L ;;
LR
As sh%xn in Figure 4.14(c), -it is assumed that these
imper fections can be represented by a ficticious out—of-plumb v
b
. h.«‘,-
§/L. The maximum out-of-plumd permitted by Reference (1) is
L/500. Multiplying by a factor of two to approximate the effect
of eccentricity of loading,(S}) ,<::
.J " .
% _ 1 - : (4.34)
- 250 ~ , .

After the compression forcé is %pplied, the top of the
column is assumed to deflect laterally'an additional amount 4,
producing the_borizontal.forces shown; 'In addition, the éolumn
must undergo bending deflections oetween its ends caused by the
initial crookedness of the member. dnly the sidesway/deflections
are indicated by the broken line in Figuregésl4(c), however, since
‘the~results of the analysis are unaffecbed by the magnitude of the

. |
deflections between the ends of the column.

The growth in deflection , is determined by summing

moments about the cap plate:

( 2Fd
L +d

JL = Cf (6+4) | (4.35)
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Substituting Equations (4.29) and (4.33) into Eqdation (4.35) and

solving for A,

A= —S& ' ‘ (4.36)

k
kig

Gon

If the additional deflection A at incipient buckling is limited to
the initial deflection &, then the actual spring.stiffness must

be at least twice the ideal spring stiffness:
and the force that must*be resisted by each bottom chord is

F=kb = (2 kig) 355 : (4.38)

Using Equatibns (4.27), (4.33) and (4.30), Equations.(4}37) and

(4.38) become:

2E1_ _ (L +d, Cf : (4.39)
L2 4T
J X .
M = 0.004 (L +d) Cg , (4.40)
Example 4.4 )

Given
In the structure shown in Figure 4.1, 24 in. deep

special open web steel joists 40 ft. long are used to brace the
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cantilever girders and columns. As illustrafed in Figure 4.8, the
maximum factored axial fogce in the columns is 196 kips. The
column length, measured from the top of the base plate to the cap

'plate is.l9 ft. Determine the reguired moment of inertia‘and the

end moments tha@%must be resisted.
Sclution

The required moment of inertia is:

a2 ‘ ’ . (Bq. 4.39)
1 = Lyd (Lgd)c_f_. Eq
7F ‘ L
_ 40 x (24)° 19 + 2, 196
2 x 30000 bl 19
= 42 in.4 . ' g
and the end momente are
M = 0.004 (L +4d) Cg (Eg. 4.40) ~

0.004 (19 + 2) x 196

16.5 ft.-kips.

The end momenés M iy be such as to p. .Juce either a concave up or
a.concave down deflected shape, the worst case governing design of
the speciai ¢ en’ web steel joists. 1In aczition, the épecial open
web steel jé -ts must be capable'of resi. 'ing the negative end
moments resu .ting from the various loading cases. Usually the~end
moments that . ust be develbped to bre the columns are small

relative to these other momente




w §-

An alternative solution is to brace the top of the
column with braces exﬁeéding from the‘cap plate at an angle of
afProximately 45 degreés to the-level of the roof deck. The
results of the above analeis can be applied to this case also.
Denoting Ay as thé area of either brace, and noting th;t each

brace has a stiffness'ofbAbE/(Zf*:), the required bfacing area to

satisfy the stiffness requirem- * .s, from Equations (4.33) and

)
(4.37): - -

ag = 2/2 (1 + ) ;ﬁ . ‘ (4.41)

Similarly, dividing Equation (4.40) by the depth d, and multiply-

.ing by /2, the force that must be resisted by each hrace is

F =0.004 (1+2)/7¢ ' (4.42)

Note that one brace is in tension, while the other is in compres-

sion.

4.8 Deflection and Camber Requirements

+4.8.1 Deflection Limitations.

A building must be designed to be safe from collapse at
the factored load level, and to be serviceable ‘at the specified

load- level. Excessive deflections can result in a numpéf of

e
a5
¥
&
)
Af ‘
. 4 i

e

serviceability problems.

141
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An asphalt roof becomes unserv1ceable if cracking
occurs, allowing benetration of rainwater. In simply supported
roof systems, cracks can occur along the column lines 1f the
relatlve rotation of ad]acent pPanels becomes exce581ve In
cantilever roof framlng schemec, cracks can occur in the vicinity
of the connectlons between the main girders and the simply
supported "link" beams, caused by the sharp changes in curvatures
‘at these locations. Excessive deflectlons of the perlmeter roof
 beams can cause distress in the exterlor walls. Overhead cranésw
cannot operete smoothly if the crane runway beams are too
flexible. Other difficulties could be listed; however, the above
examples 1nd1cate the importance of llmltlng deflections to

acceptable amounts. Since the dead loads are acting during the

construction stage, it is Drlmarlly the live load deflectlons,

4

occurrlng alter constructlon, that are of intere R.
i

Calculatlon of the deflection of a structural membe*
snould not present any unusual difficulties fogﬁthe de31gnar
-Formulas to calculate the deflections of sfmﬁlijUpported and
contlnuous girders, subjected to a large nﬁhber of loading
conditions, are Provided in Reference (5). Slnce snow can drift
on a flat roof and thereby’ accumulate unevenl§, 1t is recommended
in Rtference (7) ‘that, 1n computing deflectlons caused by snow.‘
loadings, the effects of drlftlng be approx1mated by removlng half

of tne Snow load from any one portion of the roof, if that loading

condition causes increased deflections in the .member concerned.
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The computea deflections should be such that they are
'not‘visually objectionable and‘that.the various serviceability
problems disehssed above do not occur.- In the#absence of a more

aetalled evaluation, recommended values of maxlmum spec1f1ed live

®
load deflectlons for roof girders in 1ndustr1al oulldlngs

are(20); p
Simple span members supporting a bituminous membrane or

[}

other inelastic roof coverings:
A 1
L

$ 240 o (4.43)

Simple spah member s supporting metal or other elastic

roof coverings: o

[l
N
|H
(!

—~

80 | . | (4.44) 7

The practice of limiting the deflection in this way-
. t
appears to have originated with Tredgold in the early 13t0 cen-

tury, who recommended a' limit of 1/480(52) This was increased

by American engineers later .in the same century to 1/360 for
houses. " In the intervening one hundred years these values have
been gradually modified to the limitations in use at the present

time.
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While deflections can generally “be computed rather
closely, the deflection limits are much less precise. In general
deflection limits are "rules of thumb" that have worked well in
the past, but there is wery little analytical or experimental
information reported in the literature to indicate that they are

appropriate for today's materials and construction practices.

An analysis is presented below to derive a deflection
requirement:for simply supported girders supporting a convéntionalr
roof system, as i1llustrated in Figure 4.1%} The objective of the
analysis is not to recommend that the 1/240 limitationifor.this
type of roof system be changed. Rather, the objective is to
indicate by the assumptions that must be made the areas requiringi

further reseach before such a recommendation could be made.

The deflection due to the specified live load is
denoted‘as‘A. While continuity is not required between adjacent
girders, it 1s required in the roof if the cracking cf the roof

membrane over the columns is to be prevented.

. A cross section through the roof is shown in section N
A-A., A con?inuous and‘uniform coating of a fire retardant
adnesive is applied to the top surface of 1.5 inch sté?l'deck.
While the a#lhesive is still tacky, the vapor barrier ié‘embeaded.
Adnesive is then applied to the surface of the vapor barrier and
the 2 inch rigid insulation board is embedded in the adhesive.

Finally a bituminous roof membrane consisting of coal tar rein-



'/ LiYe Load

/ Roof Membrane

T/Z In. 31g|d Insulation
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= -—— Vapor Barrier
A = v i e ‘
N.A . 1.5 In. Steel Roof Deck
- (Igeck =0.163 In%/Ft)

Section A-A

FIGURE 4.15 DEFLECTION OF A SIMPLY SUPPORTED.
' ROOF SYSTEM
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forced with organic fibre felts is applied to the top surface of

the insulation.

The rirf shown in section A-A is assumed to behave as a

composité beam. Thus, plane sections before bending are assumed
to remain plane after bending. This assumption is conservative

since any slip along the glued joints, or shearing deformation in

the rigid insulation, will reduce the strain in the roof membrane.

Because the modulus of'élasticity of the non-structural components

is much smaller than the modulus of elasticity of ﬁhe‘roof deck,
the neutrel axis of the composiﬁe beam is assumed to be unchanged
from the neutr. axis of the steel deck alone.. The distance vy,
méasured from the neutral axis to the top of the membrane, is

assumed to egual 3 inches.

The negative bending moment M, in the roof over tﬁe
columns, depend; on the relative stiffness of the roof deck and
the girders. The results of a computer analysis,_for the design
shown in Figure 4.15, indicates that:

M = 118 1A | | (4.45)

L2
where I is the moment of inertia of the roéf deck per unit width

multiplied by the bay width, assumed to equal the girder span L.

The strain € in the roof membrane is:

e =My (4.46)
EI
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which, after substitution of fquatiOn (4.45) becomes:
= Xy (&b (4.47)
e’= 118 () ()
For y equal to 3 inches and L equal to 40 ‘feet,
' e = 0.738 (f? ‘ (4.48)

The ultimate strain g; and the coefficient of thermal

expansion ag are(53,54);

0.007 ' (4.49)

1}

ap = 50 x 1076/0C (4.50)

The strain ¢, varies with temperature and the value given above is
basea on laboréto:y tests conducted on a membrane at -40°C. The
coefficient of thermal expansion also varies with temperature,

The value reported above is valid for temperatures between

approximately 0°C and -35°C.

Assuming a sudden drop in temperature AT of 30°C, and
using a factor of 0.8 with gy to épproximaté.the scatter that can
be expected from varying field conditions, cracking of the roof _

membrane occurs when

Qpfl +e = 0.8 €, ' (4.51)
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or, substituting numerical values for ®p 54 €4 and Equation
(4.48) for €

50 x 1076 x 30 + 0.738 (f) = 0.8 x 0.007 (4.52)

which, after solving for AL gives

(4.53)

L= 1
L 180

-

Equation (4.53) can be compared to the 1/240 recommendation for

this type of roof system.

Sevéral of the assumptions must be examined further.
It has been implied that thé thermal strains that occur slowly
from summer to winter can be ignored, and that cracking is
associated dnlx with a sudden drop in temper&ture. This
assumption is valid it the stfains are either lost through
relaxatién of the roof membrane or if the average coefficient of'
thermal expansion of the membrane duringothe warmer temperatures
is small.

The factor of 0.8 used with<£u to dccount for the
quality of workmanship, effects of weather, etc. is an estimate
only, and some other number could have been used equally well. A
limited test program described in Reference (54) indicates that
the etfect of surface irregularities (stress raisers) may be

small.
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Examgle 4.5

Given

Calculate the live load deflection of the w21x73
Ccantilever girder shown in Figure 4.1, and compare it with the
limiting value of 1/240 recommended in Reference (20) The

specified snow load is 48 psf.

Solution

load over the main span and Oone overhang, with half snow Jload on
Ehe other overhang. Since the loading is unsymmetrlcal the .
max1mum deflectlon does not occur at mid-span. For 51mp11c1ty,
however, it will be assumed that it is %ufflclently accurate to
take the mid- -Span deflection as the maximum deflection. Also,
this deflection will be computed on the basis of a distributed

load rather than on the basis of a series of point forces at the

. Joist locations.

The maximum deflection due to the load along the main

span is(s):

%_= 5wL4

(4.54)
384 EI



where .
w = the uniformly distributed load
L = the distance betweencolumns
E = Young's modulus, and

I = the girder moment of inertia.

The negative moment M at the column due to the fully loaded

overhang is

‘ ' 2
M=o (1 -0y BT (4.55)
where
4 = the overhéng ratio for the interior cantilever
girder and
& = the overhang ratio for the exterior cantilever

girder.
which produces an upward deflection at mid-span of (5),

- ML® | ' (4.56)

Thus the net downward deflection, using Eguations (4:54) to

(4.56), is:

A_ A _ 3 A
1735 %2
4 _
5wL 6 o t4.57)
= 35 1- o)
384 BI 5 1 2
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The moment of inertia of the W21x73 sectibn is given in

w

Reference (5):
I = 1600 in.4

Noting from Figure 4.1 that

L =40 ft. -
& = 0.14 '
a = 0.18
and that _
wo= 28X 40 -9 62k pe.
1000

the deflecticn is:

4 ' '
A = 5 x 1.92 x(40)% x 1728 (1 - %g x 0.14 x {l _ 0118})

384 x 29000 x 160C

(Eq. 4.57)
0.413 in. |

G

"Since this is less than the limiting value of:

L _ 40 x 12
240 240

= 2.0 in.

the section is satisfactory. : ’ >

151
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4.8.2 Camber Requirements

Damaée to the roofing membrane can also occur‘at mid-
span if the total deflections are such é%at rainwatér drainage
éannot fake'place'and ponding of water occurs. In this cacse tbhe
membrane is subiected- tc an accelerated rate of detericration,
resulting in a decrease in adbesive ané FloQ properties(SB).
Partly to reduce the possibii%ty of this E?pe of damage, and
partly for appearance, Refe;ence (1) recommencds that long spen

ioists and trusces be cambered upwards sc as to be approximately

flat uhcder dead loads.

The extra fabrication costs associated with camberina
of joiste and trusses are.usually smell sirnce a jig must be made
for .fabrication whether or not camber 4s required. Cambering of
girders can become expensive, however, since an extra step is
‘required during the fabrication process. Cambering is*usually not
necessary for girders in light industrial buildings where the

~.

spans are moderate.
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4.9 Web Crippling ™

Large vertical compressive stresses occur in the web oﬁ .
a girder in the vicinity of concentrated loads and reactions. If
these forces are too large they can cause local yielding to occﬁr,
followed by web crippling. Web crippling should not‘bé cénfused
with web bu¢kling. While over-all web buckling is also a possi-
‘bility in some situations, it is usually associated with the slen-
der web of a deep plate girder rather than with a rolled wide

e

flange girder.

The following formulas are recommended in Reference (1)

4

to determine the factored bearihg resistance, By, of an
unstiffened girder web:

2

1. for interior loads,

>

By = 1.25 gw (N + 2k) Fy' . | (4.58)
2. for end react}ons, \

Br =.1.25 gw (N + k) Fy (4.59)
where N = length of bearing, but not less than k for end reactions

and

=~
LI}

distance from-outer face of flange to web toe of

flange-to-web fillet.

Equations (4.58) and (4.59) are based on a series of



six tests reported in Reference (55). In these tesfs the bearing
lengths N varied from approximately 3-1/2 to 11 inches. A similar
series of tests are :epérted in Reference‘(59),'hoﬁever in these
tests a much smaller bearing length was used (1/2 inch). 1In this
latter reference it is concluded that the load is resisted by a
length of web equal to N + 5k instead of ﬁ + 2k. This has caused
some designers to feel that the N + 2k recommendation may be

overly conservative.

* In fact, the N + 2k recommendation appears to be
conservative only because it does not account for "the bearing
length—tp-web slenderness ratio. Therefore, it is not valid for

all values of tnis ratio.

To illustrate this, cénsider the following\;wo

»

equations:

4

1. for }nterior loads, . &?

By = ¢ (15 +3.25 /N2 25 poy2 ~ (1.60)

2. for end reactions,

_ N + K
By = ¢ (15 + 3.25 / —) wa2 . (4.61)

Equation (4.60) is used with a k distance of zero in the design of

cold formed steel girders to prevent web crippling(42). A com-

154
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parison of _Equation (4.60) w1thout the . effect cf the performance
factor and the test results of References (55) and (56) 1s glven
in Figure 4.1s6. Agreement is generally good, with both sets of
test results falling on the same straight line. Equatlon (4.48)
Plots as a perabola on this Figure and therefore cannot predict

both sets of test results well.

4.10 Shear £ Rolled wige Flange Girder Webs -

A

s

Shear in the web of a rolled wide flange section used
as a girder does not normally control design. It should be
checked, however, espacially for short spans and heavy loads
As:umlng.elastlc behaviour, the shear stress dlstrloutlon in the

web 1is parabolic(37). The maximum shear stress, fy, occurs at

mid-depth, and can be approxlmated closely by:

£y = XE

A,

(4.62)

~Vhere Vy

A'v!

factored shear resistance

web area, d x w
&
Since the bending stress is 2ero at this location, the maximum

octahedral shear stress theory indicates that yleldlng occurs

when(57)

fy = (4.63)

Fy
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® Graham et al. | /

FIGURE 4.16 SUMMARY OF WEB CRIPPLING TEST
) RESULTS
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Equating the right hand sides of Equations (4.62) and (4.63), and

inco;porating a performance fécfor ¢ leads to:

F..-
Ve = ¢4y X
r el

0.58 ¢AGFy : {4.64) v
Equation (4.64) indicates the shear. force at which plastic flow
begins, not that causing collapse of the girder. - Iﬁ Reference (l)

this is assumed to be:

Vp = 0.66 9AR, (4.65)

to account for the beneficial effects-of strain-hardening.

Equation (4.65) is 5ase6'on.the.aSsumption that failure
does not occur.firstiby‘web buckling. Buckling of an unstiffened
girder web does ngt'oécur'before it has coﬁplefely yielded
prov}ding(l); |

| . 386 |
W/ Fy ’ (4.68)
'The web slenderness ratios of most rolled wide flange shapés_are

less than the limiting value given by Equation-(4.66).

[}

-~

ﬁxample“416 '

Given

-

The maximum shear force caused by the factored loads
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acting on the W21x55-link beam in Figure 4.1 is 70.5 kips. Check
this member for shear. Use G40.21 44W steel (F, = 44 ksi).

) 4
‘Solution

The cross section dimensions of a W21x55 section are

listed in Reference (5):

d = 20.8 in.
t = 0.522 in. ' G
w o=

0.375 in.
) ¢
First the possibility of web buckling is investigated.

The clear web depth-to~thickness ratio ic:
d - 2t _ 20.8 - 2 x 0.522

. _ )
w T T T 0.375 = 527

Since this is less than the limiting value given by:

A \

(Bq. 4.66)

Yo

S _ S e
premature web buckling does not occur. . Therefore the factb{ed

shear resistance is: N

e

<
]

r = 0.66 gAF I (Bg. 4.65)

0.66 x 0.9 'x 20.8 x 0,375 x 44

204 kips.
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"

Since the actual shear force is only 70.5 kips the member is

.

adequate in shear.

4.11 Summary

_In Ehis chépter the design of lateraliy braced and
unbraced girders is reviewed. Next the various stability problems
encountered in the design of 1liaht industrial buildinags are con-
sidered, followed by a discussion of bracing and deflection re-
quirements for fienural members. Finally, web criopling and shear
resistaéce of girder webs are examined.

2



CHAPTER V

COMPRESSION MEMBERS

5.1 Introduction

Compression members can be broadly classified as either-
interior compression members or exterior compression members.
These in turn can be classified as either columns orwsbeam-
columns. Columns are those members in a structure that are
required to resist only compressive forces. Beam-columns, in

addition, must resist bending moments.

Interior compfeesion members must resist axial. forces,
anq‘with some framing schemes, end moments, but are generally not
subjected to transverse forces. (An egception'to this is if these
membere support a travelling overhead crane.) Interior cémpfes—
sion memoers are classified as columne if tﬁe connections at the
upper , ends and the base pla;e connections behave as pins. Other-
wise, these members are capable of developing moments from frame
action and should be designed as-beam;column;. An example of an

. LY
interior column is shown in Figure 5.1. .

Exterior compression members may be subjected to a

‘large number of different load combinations. Although the framing
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scheme and method of wall construction may be such that some of
these members behave as columns, usually they must also resist

bending moments.

1f the flexural members are connected to the fianges of
the compression members they are subjected to end moments due to
the load eccentricities. An example of this is the exterlor
beam-column shown in Flgure 5.1 and again in Figure 5.2. If these
members participate in rigid or seml—rlg1d frame action they are
also subjected to end moments from lateral loads and sway effeets,

It the siding consists of girts and metal wall clad-
ding, as illustrated in Figure 572, wind loads are transferred to
the exterior beam—colnmns as a series of transverse point forces
‘at the girt locations. TIf precast concrete wall panels are used
as siding, the exterior compression members do not resist trans-
verse forces. In this situation it is usually assumed that the
panels act as one-way slabs, transferring wind loads directly to
the roof and foundation. If the siding consists of masonry
in-filled panels, the force distribution along the lengths of the
beam-columns can be approximated on the basis of the areas tribu-

tary to the members consigered:

Interior compression members are usualiy unsuppor ted
along their lengths. Their effective lengths depend on the fixity

of the bases and on the restraint prov1ded at their tops: by the

flexural members. ‘ ' %
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FIGURE 5.2 - EXAMPLE OF AN EXTERIOR
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Exterior compression members may be restrained (or
partially festrqined) along their lengths by the wall cladding.
Their eéfective lengths depeQd on the type of siding and on the
method of connection. For gJample, if the siding consists of
girts cohnected into the webs of the compréésion members, and
metal wall cladding, failures mag be either by instabiliﬂyvbetween
girts or by strong axis bending. On the other hand, mésonry

connected directly into the webs .prevents weak axis bending, and

failures mugt be aé&ompanied by strong axis bending only.

N {n this cRapter the dés&gn of interior pin-ended
columns 1is é;nsidered first. After a discussion of pin;ended
columns, the effect of end restraint is then considered, followed

by a discussion of the design of interior beémicolumnsf Design .
procedures for exteri%?‘columns and heam-columns are considered

next, followed by a discussion of bracing requirements. Finally,

LI . :
design procedures for base plates and cap plates are reviewed.

¥

~

;.2 Interior Columns - T : Q . 4

3

.+ 5.2.1 Axially Loaded Columns . T

J

/

/F ' The strength of a steel column depends on its length,
crst¥sectionalﬂp;;pefties, the -amount of initial crookedness, the
yield stress of the steel ahd the magnitude and distribution of
residual st;esses. A load‘deflection"curve for a perfectly

straight, pin-ended and concentrically loaded column is shown in
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Figure 5.3. 1Initially the column compresses axially. Lateral
deflections do not occur until the tangent buckling load Cp is
reached, at which point the column suddenly snaps into a deflected
(buckled) ¢fonfiguration. The column continues to bend with in-
quasing load until a maximum value, Cmax, 1S reaéhed, after

which unloading occurs (2], Cr, however, is a sufficiently

accurate prediction of the strength Cyax, and can be easily

determined from buckling theory.

Behaviour of a real column is more difficult to deter-
mine, Figure 5.3 alsd;illustrates the behaviour of a column with
an initial crookedneés 8§/L. Lateral deflections are present
throughout the loading history so that the possibility of buckling A
- that is, a sudden snap from a perfectly straight to a deflected
contiguration - is precluded. The maximum load, Cmax, must be
determined by sophisticated computational methods,loften requiring
the use of a digital qompufer. The column strength found in this
waf is close to Cp if-S/L is small, but can be significantly

less for large valdes of §/L. : ' 2

kY

L4

Reéiduel streéSes, caused by uneven cooling of thé
member after rolliig, can also have a majorfinﬁiéence on the
‘strength oL ° cteel.coluﬁn. Figure 5.4 shows»measurements_of
ayerage residual stresses a9r0s5'the platé elements.for‘wishapes
ahd hot rolled HSS sectioné(sa), After.r%%ling, those pbrtions

of the cross section that have higher surface area to mass ratios

(flange tips and center portion. of thevweb!of W shapés and outside
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faces of HSS sections) cool and contract more }apidly, and solidi-
fy first. These portions tend to resist further contraction of
the still plastic portions (flange to web junctions of W shapes,
inside face of HSS sections) and thefefore develop compressive
residual stresses. Those portions of the cross section that cool
last develop tensile residual stresses. Thué the maximum compres-
sive residual stress, averaged across the fhickness of a HSS
section (approximatel§ 5 ksi in Figure 5.4), is much smaller than
the maximum compressive residual stress averaged éc;oss the flange
tip of a W section (approximately 15 ksi in-Figure 5.4). The
magnitude and distribution of the re;idual stresses ¢ cend pri-
mafily on the shape of the cross section, the rolling temperature
and the cooling conditions. The magnitude and distribution are
relatively independent of the yield stress level(58),

'

The effects of both residual stresses and initial)
, . :
crookedness have been considered in developing the three c&lumn

strength curves grop sed in Reference (2). Curve 2 has been

y

. JE S :
adopted as tﬁ? basic design curve for Limit States de51gn(l).

A & A
This curve 1S'31v;ded into four parts:
‘o

BN
. dl

} .

oqﬁ*o Cr = ¢AFy (1.035 - 0.202 - 0.22202) .  (5.1a)
| ,1 0<x<z 0 C; = ¢ary (0. Klll + 0. 636371 + 0.08M72) * (5.1b)
‘ 2&@&)\ .6 Cr = AFy ‘(Zx 009 +0.877)72) . (5.1c)
QU E ~\ ‘
| 3,6@ Yo = ¢>AFy)\— = A 286000 . S (5.14)
/%\\)‘”



where

>\=}_(_% / E%_ (5.2) a

Cr = factored compre551on resistance,

¢ = 0.9 performance factor discussed in Section 2.2
A = cross section area \
» = non-dimensional slenderness ratio

L = column length

r = radius of gyfation of the cross section about the
" ixis of bending, and | ‘

\g k = che effective length factor,

Equation (5.1) is apé}opriate for the design of W shape columns of

the type normally rolled and fabricated in Canada, and for other-

doubly symmetric Class 1, 2 and 3 sections(l), Although it is 

recomﬁended in Reference (1) tnat it not be eséd for design of

cold formea non Stresqirelieved hollow structufal steel sections,

recént résearch repq:ted in Reference (59) indicates that this

restriction'may not be Bpprop;iate.

The effective length factor of a column is equal to the

ratio of the effective length, kL, to Eie actual length, L. The
" effective léngth, in turn, is defined as the length of a Ficti-
tious pin—ended celﬁmn wifh the same buckling load as the actual

column - that is,-

169
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Co = (5.3)
¢ kw2 o

where ’ ‘ :

(@]
1]

e the buckling load and

—
1]

the moment of inertia about the axis of buckling.

As illustrated in Figure (5.5), the effective length factor

depends on whether or not buckiing is accompanied by sidesway, and

'on the conditions of restraint atlthe ends of the mdmber(z).

The restraint parameter G, at the upper end of tbﬁ—ceiﬂﬁﬁ/is

Gy = £1o/Lg

S (5:4)
L1g/Lg

where the subscripts "¢" and "g" are for column and girder,

respectively,’ and the summation signé'éxtendvover the members
. o< N
For- single storey structures the
) ’
restraint parameter G at the lower end of the column depends on

framing intd the joints.

.

the base plate and ﬁoetingidimensions and on thé soil conditions,

170

. . . .- . %
as discussed in the next section. Use of these-nomog;aphs will be

o,

illustrated in Example 5.1.

. * .
L ) . . N o
' kil -
- . [

Although it is conservative to use Equation (5.1) fop .
the design of cg}pmns of square ér circular hollow structyral

steel sections in CSA G40.21 Clas®H steel, and for all stress

S
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-

relieved bisymmetric shapes regardless of steel grade, Curve 1 in

Reference (2) may be more appropriafe. This curve,- which reflects

the increased carrying capacity of these columns, ‘is defined by:

0 ¢x<0.15 C, = ¢AF,

0.15 €A<1.2 C, = $AF, (0.990 + 0.122% - 0.367)%)

y

. ~r
s 1.2 <18 Cp = 0AF, (0.051 + 0.0801r~2)

.¢AF

1.8 <A<2.8 Cp = ¢AF, (0.008 + 0.942x72)
L - _ 2 286000
2.8 <A Cr = 0AF A2 = ¢ K2
' r

MY

<

4

Since the width of the band of ‘column curves that forms the;basis

for Curve 1 'is smaller than that for Curve 2, a perfqrmance factor

A
]

of 0.9 is conservative when applied to these columns (2) | To
indicate the difference in the load carrying capability of W and
not-rolled HSS sections a comparison .is made in Figure 5.4 of the

v

: , N
predicted strengths and observed Pest results(98)

5.2.2 Effect of Foundation Restraint

An example dfva“commonly accepted "pinned" colhmﬁ base
connection is shown in Figure 5.6(a). Theoretically, the re-
strgint.parameter G, is infinify. .To account fo% the efféct of
partial restraint offered by the fouddation;~hdwever, ft.ig rec6m—
mended in Reference (2) that Gy, be taken as 10.0. Simibarl?,

the restraint parameter for a fixed base column is theoretically
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zero, but to allow for a small amount of foundation rotation it is

recommended that Gy, be feken as 1.0.

- The results of researéh reporte& in Reference (60)
indicate'that use of G, equal to l0,0tfor the base'piate detail
of Figufe 5.6 (a) may"be far too eonservative; iﬁ this ;eference
it is shown. that the rotational restreint‘effeFed“by'a pinned
connection is often sufficient‘to.ihcfease the buckling leaa of
the’column to appreximaﬁely that ef.the'fixeé—end case. Thel

structure under consideration is assumed to be sidesway prevented.

The restraint parameter for the foundation is definedl

g (31,

2E1 6 -

M= (5.6)
GLL. ’ :

o

[

where M is the'restraieing moment resulting from a small rotation
8 of the lower end of the column. This rotation is assunedlto be
composed of an angle 6y, the slope of the footing relatlve to the
undisturbed 5011, and 05, the slope of the base plate rela*1ve to

the footlng
6= 96, + 6 ~ | o (5:7)

The footlng is treated as a r1g1d beam on an elastic

foundatlon, as showﬂ\ln Figure 5.6(b). The reaction of the soil
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] a” )
on an . elemental area gdx of the footing is-gqydx;VWhere g is Ehel

footing width, gq iS'ﬁhe "modulus of subgrade reaction", and x and

.y are as defined in Figure 5.6(b). Values of q for several types =

" of soils are given in Referencé‘(65). Summing moments. about point .

-~

o by infegrating over the length f of the fdotihg and noting that
; - :

N ‘. ~—
’
e L 12

L : N (5.8)

y = 61X leads to:

The rotation 63 is fouhd from the initial slope to the

. moment rotation curve for the base plate connection. . As

-

,ilLustréted in Figuré 5,6 (b), the base plate .is in full contact

with the underlying concrete and the anchor bolts are unloaded. for

applied’ moments up to:

e m

7 M = CB

6

(@]

(5.9)

-

. where B-is the base plate width. The angle 6 can be estimated by

assuming that the depth to which the strains are transmitted is

equal to the base plate length B:

W

. 2Ct
K EBC

P . . ¥
e .. -

o (5.10)

14

*where Ec is Young's hoddlus for’théiconcrete. Thus
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Equatlons“£5 8L and (5.11) into ‘Equation (5 7)

1 1 - . Bt o
( + ) M o S (5.12)
gaf3  BZCE. o : _ -

and, Gg; is found b substitut&né Equation (5.12)- into Equation

5,

Y (5.6):

- LSSk sy
N L ggr-- - B4CE; - R

*Since this is buckllng analy51s, the base plate
rotatlonal restraint is based on small values of .rotation.: Thus

the base plate is assumed to. be in full contact with _the concrete
Jfooting._ The number ana location of the anchor bolts,’and the
} -

thlckness of the base plate do not appear in the above derlvatlon ‘
As 1llustrated in tne follow1ng example,‘GL de?érmlned from

Equatlon (5 13) is usually much less than the value of 10. 0

recommendeo in Reference 2).

! A Se® o ; B
Example 5 l ! |
\leen .

e . ;

Select a column to resist the 196 k1p force shown in.

B Flgure 4. 3 f;§§$§§ﬁ?a5e platewdlmensions‘B‘igd,c-equal-ll”1né&es”
S~ . o= REERAETE SR :
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. . -

and that the length £ oﬁ,the footing .is 4 feet. Assume that
Young's modulus fopr the concrete is 3000 ksi and that £he,soil is

vreIaﬂiVely poor, with a.subgradé modulus of only 30'1bs./in,2.

‘The'length of the column measured from thevuhﬂerside of the base

plate to the top lof the cap pléte is 19'=5",

SolutioF‘ o .

TfY'a WBX40_l‘ = SRR 4

-

: _ : ' : £
\ The selction properties for the W8x40 section are listed
. . - : AR

in Reference (5)4

A =11.8 in.?

"
1

= 2.04 in.

=
1]

'49}1 in.4
|
R ) 1
The restraint parameter is:

. BI, 1 1
G 24 == ( +

L L 'gqf3 = BC2E.
24x29x106x49.1 - 1 SV R
233 '50x30x(50)3  1ix(11)Zx3x14®

0.82

Assuming G, is equal to infinity, from Eigure 5.5(a) the effective



1 ‘. » . ~ 5 n“ AN
length factor is X =~0.86.‘~Thus: .
Ao kL /R, ~ (Eq. -5.2)
=T r '—2 . ,,fﬁ
‘ o - T4E “ ,
0.86.x 233 44 v B
2.04 12 x 29000 °
- 1.22 ; ¥

and

Fa co AN

[ Cp = 9AF, (-0.111 + 0. 636A 4 0.0870 72 (pq. s, 1)v

219 Xips

0.9x11. 8x44 (~0. lll+O 636X(l 22)_l+0 087x(1.22) _2)

,Slnce this exeeeds the factored ‘load of 196 klps the h8x40 se"tloq is

fadequate.‘ It is also the llghtest section that can be selected

The analy51s d

crlbed above does not glve any 1nforma—'

ﬂtlon on tne requ1red strength (1e , moment - capac1ty) of the base

Sa e

plate connectlon. Although a stlff base plate connectlon usuallv

also has 1nherent strength

For the colamn .base to be

¥

the two terms ‘are not 1ntercnangeable.

flxed or partlally flxed it mustAbe'both

adequately Stlff and strong

Since the:analy

" the column 1s assumed to r

sis is based on buckllng con51deratlon°

emaln perfectly straight’ until the
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buckling load is reached. This implies that the base‘moment'ls
zero for loads less than the buckling load and undeflned‘at the
buckllng load An upper bound estimate -equal to the plastic
moment capac1ty of the cross sectlon is - recommended in Reference-
(6l), however thlS is considered to be unnecessarlly high for
de51gn purposes by some englneers(sz) “In fact, the base moment

gy

cannot exceed the reduced plastlc moment, Apc(3l).

A rlgorous ana1151s to determlne a strength requlrement
must be based on an 1n1t1ally 1mperfect column, and- should also
1nclude the effectt of residnal stress and progress1ve yleldlng of
the column cross sectlon, as well as the effects of non- linear
behaviour' ih the concrete footing and in-the 5011 underneath the
vfootlng Such ‘an analys1s is con51dered to be beyond the SCope of
.thlS report " 'In order to 1nd1cate the relatlonship between some
} of the more 1mportant guantities 1nvolved however, an.approx1mate

i

analysis is presented below.

As illustrated in Flgure S 7 the column 1s assumed to

'be 1n1t1ally crooked an amount 6\\ 0 OOl L(Z) The connection

.« at the top of the column is assumed to act as a pin. The

’ restralnt prov1ded by the base plate ‘\and footlng is reoresented by

a rotatlonal sprlng_wlth a EQStralnt par eter Gy, The column

/ _
is therefore stat1cally 1ndeterm1nate. Selecting the restralnlng B !

5
moment M at the column base as the redundancy, - from Equation (5.6)'

the angle change 6 is:
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 FIGURE 57 DERIVATION OF A STRENGTH
REQUIREMENT



0= 2L (5.14)
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To énsurelcompatability the“loﬁer end of the column must ,

also undergo'this'angle change. In Referencé (39) it'ié'shown that
: ' vy

the slope deflecfion'equatiqn'for thejmembér,‘modified fd include
the effect of axial force, is: -

g = M4 1 _ 1

. 'l, ]
2E10 20~ tanzo! -t

" where

A /éEfi IR o (5.16)
. : \\ N

in which Ce is the Euler'buékling load givén by Equation (5.3) with
: - ; . ,

k = 1.0.

Equating the right hand sideS;of Equations (5.14) and

(5.15) and.solving for M leads to:

i Sy e S
M _ - ‘gU)‘ -1 | . - (5.7

55'- tan2u

~Example S;iJ
~ .Given :

Compute'the,momént that,must-bé'resisfed by~{he:ba$e

[

1



Plate. and foundatlon descrlbed in Example 5. I. The restraint
9 Y

parameter - for the lower end of the column is 0.82. S .

§ Soldtion

The moment,of inettia of the W8x40 section is listed in .

Reference . (5):
I =49.1 in.4

. The Eulervbuckling'load’is:

L m2Er L T
Ce =777 _ S (m3. 5.3
W _ 12 x 29000 x 49.% . - oot
s (233)2 ‘ . R
= 259 kips
‘thus - - o o - T o
ou =4 / CF P . (B3 5.16)
. Ce ) ; ) . . ) . ,
_n/ 196 |
, 256 .
= 2.73 H - .

-Substituﬁion of thlS value of 2U and GL = 0. 82 1nto the rlght hand

51de of Equatlon (5. l7) glves-

182
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On

o715 . (Eq. 5.17)
- or

A - N o o o R :
M ="0.715 x 259 x (0.001 x 233) ' R OO

43.2 inch-kips.

Thls is a very Small moment and can be re51sted w1tnout
' lnduc1ng calculaole a11al forces in the anchor bolts since they are

u%}oaded for. applled noments up to:.d

-

M=C - T (Eq. 5.9)
6 . ‘ _ TR ,
196 x 11
SR 2L

.

359 inch-kips.

® e

To . summarlze, 1t apoears that” the detall shown in Flgure; Arb
i5 6, usually tnought of as a plnned base connectlon, 1s ln fatt a

't1xed base connectJon, even if ‘the. 5011 is a relatlvely low

strength soil. For'the spec1f1c case cons1dered 1n'Examoles‘5”l

ané 5.2 the ‘restraint parameter GL was found to. be lower than the

'valde of unlty usuallv used for fixed bases(z) At the same time |

the moment that must be re51sted oy the base is very small, and\\n
',fact can be r051sted w1thout stralnlng the anchor bolts. Addl—i‘,”

tlonal analyt1ca1 and experlmental research is requrred however,

to determ;ne the effect of.non-llnear benavrourvln_the‘steel,



Y
d .

'_concrete and the 5011 as well as the effect of dlfferent sofl

-

types.. Spec1frcvrecommendat10ns cannot be made ‘at th1s t1me,
_ﬂ"‘ . . - B A

»
-

>

5.2.3 Restrainthrovided By Girders With Semi-Rigid Connections

Wnen re51stance to lateral loads "and sway effects 1s

fprov1ded by ‘a su1table system of bra01ng, advantage can be taken of

the restralnlng effect of sem1 rlgld glrder to—column connectlons
to reduce the effectlve lengths of the columns to values less than
- the actual lengths If, 1nstead the structure is de51gned to
resist grav1ty loads on the ba51s of slmple constructlon and is
proportloned to re51st lateral loads on the basis ot rlgld frame-
'actlon, the fle21b111ty of the connect1ons must be consldered in’

wassess1ng the stab111ty of the structure(l) Procedures for

-

accountlng tor the restralnt prov1ded by seml—r;gld connectionsware

presented below.'

Figure f 8(a) shows a "51desway prevented" plnned base
:_frame 1n wh1ch the glrders are sem1 rlgldly connecteg to the
columns It may be assumed that under grav1ty loads, before‘ _
»appllcatlon of lateral loads, the connectlons are loaded well 1nto’
the 1nelast1c ranges of the moment—rotatlon curves, 1nd1cated 1n
'3Flgure 5. 8(b) by p01nt p(63) Plastlc h1nges are therefore shown

‘schematlcally ln the glrders at each connectlon. As the. vertlcal

'loads are 1ncreased the frame will suddenly snap 1nto a deflected '

;(buckled) conflguratlon. If the 301nts are riqgid, these addltlonal'

-1deflect1ons are as shown 1n Flgure 5 8(c)

-

P )
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The connections on girders such as Bc; therefofe, tend
to follow thé.;oading path PQ in Figure 5.8(b), apd the plastic
hinges act as real hinges during the bdckling motion. The
conﬁeétions on‘girders,suchvas AB unload during the buckling
ﬁo;ion, and behave as elastic, semi-rigid connections. Thus column
BD.is resFrained only by girder AB, as illustrated in Figure

5.8(d). .

The restraint parameter Gd can be determined from the
.Slope-deflection equation for a girder of length Ly and moment of
ihertia‘Ig(64):

ML - (5.18)

b=M + 79
. 71,

where .C is the'flexigility Qf the cdnnedtion,'defined as the
inverse of the slope of £hé momenthotation curve as shown in
Figure 5.8(b). Values of connection flexibilities are tabuléted in
kRefgrences (64) and (65). For example, the flexibility of a double
- web angle connection‘is given in Figure 5.9, adapted from Reference

(64).

Solving Equatioh‘(S;lS) for M, -

M= %EI ) 2Elg ¢ - (5.19)
L
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T
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C- 366 X ]O-4d-2.41-_l.8lgO.l5

FIGURE 59 EXPRESSION FOR THE FLEXIBILITY
\ "C" OF A DOUBLE ANGLE CONNECTION
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For a'tigid connection C = 0 and the term in brackets is unity.
‘Therefore .it is seen that the effect of the semi-rigid connection
can be accounted for in assessing the girder restraint by using a

reduced grider moment of inertia Igr:

Igr = (—) Ig . ] (5-20)

Thus' the restraint parameter for the upper end of the column is:

A

o = Xc/Le S (5.21]
u ————e >
Elgr/Lyg |

Since only one girder frames into the joint the summation sign in

-the denominator can be omitted.

Example 5.3»

Given . . i —

In simply supported. roof framing schemes the restraint
provided to the columns by the nominally pinfenéed‘girders is
often sufficient to almést completeiy tix them at their upper
- ends. Ag an example, compute the restraint parameter G, for weak.

axis bending'éf a 20 ft. long W8x28 column if W21x62 girders 40
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N
N

ft. long frame into the column web. The connection detail is the

AN

double clip angle connection shown in Figure 5.9 in which

rt Qr
1] ]
O [ and
. [N
(9%}
=
N =)
U1 .
e
3
S
//
e

Q
]
(98]
~I
[%2]
-
o

t
The frame is braced.
.Solution

The moménts'of'ineftia of the column and girder are

listed in Reference (5):

Ic = 21.6 in.4

Ig = 1330 in.4 | o

The connection flexibility constangic is, from Figure 5.9:

¢ = 3.66 x 10-43-2-4¢~1.8140.15
= 3.66 x 107412-2.4,3125-1.813 950,15

= 9.42 x 1076 radians/inch-kip.

o

Thus:

) Ié‘ | - (Eq. 5.20)
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[

” 1 L ) x 1330
4 2% 29000 x 1330 x 9.42 % 10-6
40 x 12

529 in.4

Gy = g ». 1 » \ (Bq. 5.21)

i
o
[}
s}
N

v
From Figure 5.5(a) it is seen that the restrdint provided is
almost sufficient to completely fix the column at its upper end.
A WS _ |

'

5.2.4 Interior Beah—Columns

>

[

A bean—columﬂ is a member subjected to both ax1al force
anc bending moments. Beam columns occur in the interior of a
" braced structure if tue vertical forces are. eccentric, iand in an
unbraced structure 1f 1ateral loads. and sway effects are re51sted - )
tby rlgld or semi- rlgld frame actlon

“

' The carryingfcapacity'of‘an interior beam-column depends.
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" *on the cross section of the member, the.memher.length, degree of
~end restralnt - grade of steel and~the‘ratio of the end moments._//
Assumlng that premature plate buckllﬁg is avoxded by keeping the .
width—thickness ratios of the plate elements less than the
limiting values spec1f1ed in Referente (l),vthe'member oapaeity is
limited eitner by a strength failure.at one of Fhe membetvends, or
by a stabillty failure, o |

L

Exact methods for the analy51s of beam-columns of w1de

\ r

flange or square hollow structural steel sectlons are

avallahle , however these.approaches are_too 1nvolved for the-
design oftice and use .is made instead of empirical interaction- )
equations. A detailed discussion of the behav1our of beam—columns
and the developmcnt of 1nteract1on equatlons may be found in

“Reference (2).

S For the purposes of this report 1t w1ll ‘be assumed that

-

the beam columﬂs are subjected only to compression and strong axis

EN

: Den01ng4 The 1nteract1on equations recommended in Reference (1)

7~

" fdr either Clase 1 Oo Class 2 I- snaped members become:

) ) ‘ . - . " (- - ‘

B P WY R . ©(5.22)

L eMp SR ', S K
“Ero8s M <10 o (5,23

. ¢Cy.' [ S ¢Mp S T B R

. and
CEa WME O o 0 - oL (s.24)
C T P B A g o
ompoa-SE

Cex- -
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Equatlons (5.22) and (5.23) are strength equatlons- their purpose:

is to prevent the occurrence of a plastlc hinge at e1ther the

upper or lower end of the beam—column.“ In these equatlons:

Mg =

Mp

_Equation (5.24)

failure between

strength
’ b

A

;_~cf, + ~Mf
¢Cy p

. and

;X ax1s in. the absence of an ax1al force, but

maximum moment resulting rom the factored loads,

plastic momeng of the cross section about its

strong axis.

<)

is a stability equation; its purposa is to prevent

‘the ends of the beam-column. In this\equatioh<

¢ ' - \ .
o \
a coefficient used to determine an equivalent '
uniform bending effect when the:end_moments re not
equal and oop951te, .. \\
SN _ . .
Euler buckllng load about the X axis, \\

factored moment re51stance of the member about the \

\\
N
\
\

v

‘con31der1ng the possxolllty of lateral tor51onal

1nstab111ty.

¢

' For ‘Class 3 I-shaped members it is recommended that the

equations be replaced by(lfr

< 1.0 | | (5.25)
oMy : o




where My_is the yield moment of the cross section about its strong

_axis but that the stability equation remain unchanged.

For Class l oreﬁpass 2 square hollow structural steel
sectlons eltner hot rolled or dold rolled and stress relleved

such that’ the(resrdual stresses do not exceed 0.3 Fy, Equations

-(5.22) to (5.24) may he used directly(66).

Until recently, frames were either classified as
sidesway prevented (braced) or 51aesway permltted (unbracec) and
the effectlve length factors were determlned from the approprlate

g

nomograph. However the lateral stiffnesses of both braced and

[

unbraced frames are approximately the'same,_sincerthey are

o

designed to the same deflection limitation'for lateral loads.
Sidesway is therefore not prevented in a braced frame any more

'3

than it is in an unbraced frame.

. Thisﬁconsideratioh led to a{newen approach to
éesign(67). ‘With' thlS approach both oraced and unbraced
structures are analyzed u51ng a method that lncludes the sway
effects, a "second order analysis. Then, atvthe design stage,
the effective lenéth factors are deter;zged fromvthe nomograph in

Figure 5.5(a).

193



_ Since the sway'effects are included'in the analysis,‘ﬁhey‘arefnot
considered again during tne de31gn by using effect!ve qplumn
length factors greater than unlty Procedures for pefformlng a

" second order analy51s are  discussed in Sedtlon 6.3. PR

If the analysis includes the sway effects, fhé

equivalent uhifdrm-bending coefficients can be computed

from(57) :
w = 0.6 + 0 4 Mg1/Mgy for members bent in (5.26)
51ﬁgle curvature
w = 0.6 - 0.4 Mg1/Mry for members bent in .'Y5.27)

double cUrvature,lbut\noﬁ lesé‘fhan 0.4
j ,
VWhere,Mfl/Mfz‘é;ratioiof tﬁg émaller moment to the largé; moment |
at opposité.ends of'tbe'ﬁnbraced léngth,jin the‘pléne'of bending

P

_considered;

Otherwise,

e
"

0.85 for members bent in double eurvature (5.28)

, or subjept to moment at one ‘end
w = l 0 for members vent in 31ngle curvature (5.29)

g
due to moments at bothﬁends

!

qure are no 1nter10r beam~columns in the building

~selected for thn 111ustrat1ve examples ‘in this report. However
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the 1nteract10n equatrons dlSCUSSGd 1n this section are also used

\

! for des1gn1ng exterior beam—columns, therefore examples

,;llustrating théir use will be g1ven‘after'de51gn of_these members

is disCussed\(Sectlon 5.3.3).

N
N

\\\\ L _'
5.3 Exterior Compression Members:
. /

5.3.1 gui{/sracing” S

Design cf exterior compression members differs from the

L]

design of interior cOmDression members in that they are usdally.

braced, or partl%lly braced, along thelr lengths by the wall

'Acladdlng. Full brac1ngrof a compre551on member 1s deflned as.
bracrng such that any 1ncrease 1n stlffness or strength does not
'51gn1f1cantly 1ncrease the carrylng capac1ty of the. member.g For«'
»examole,ian elght 1nch thick masonry. wall connected 1nto the web

- of an. exterlor colunn is suff1c1ent to prevent weak axis

. 1nstab111ty, and to force fallure to occur through strong ax1s'

:1nstab111ty 1nstead.‘ Increa51ng the thlckne iS of the masonry wail
to twelve inchesidoes not cause“a proportionate increase in the
‘column strength. The colUmn is fully bracedlby_the eight inch

thick wall. = . o

For simplicity, and because it has been found that it
'1s usually not econOmlcal to. prov1de anythlng less than full
brac1ng(68),'only'the design of fullyrbraced compre581on~members

are;conSidered in this réport.. Aftér thé design procedures are
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;L

3

presented for these members,. bracing requirements will be

discussed. ° ' v o

. e

vOnly exterior compression members in "sidesway T

- prevented" frames are examined. If the frame under consideration

is unbraced,,it is assumed that the PA effects are included at the

analysis, rather than at the design stage(67), . =~ .=

5.3.2 Exterior Column

The strength of an exterlor column can also ‘be

.uetermlned from Equatlon (5. l), dlscusseo in connectlon w1th

,behav1our.0r interior columns; Procedures for determlnlng th‘=

non-dimensional slenderness ratio, -, for four dlfferent‘types of

wall construction are given below.

1. Columns Braced in the Weak Direction By»Metal Siding

It the wall con51sts of - glrts w1th metal wall cla001ng,._'ff~~

, connected SO as to brace the columns in the weak dlrectlon, as.

.

‘shown in Flgure 5. lO(a),‘column fallure may occur either by strong

ax1s 1nsta0111ty, or -by weak axis 1nstab111ty between glrts, as

shown «in. Flgure 5. lO(b) ‘ o o _ o ‘ S

If tallure occurs through strong ax1s 1nstab111ty the

ieffectlve length is determlned as for an 1nterlor column, by

'aasse551ng the condltlons of restraint at . the ends of the member T

It is usually conservatlvely assumed that the flexural stlffness’

/

;
./A
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ofvthe wall cladding does nottinhibit-strong'axis bending.,';n
this respect it'should be noted.that, as illustratedfin Figure‘
;5 8(d), an exterlor column is not restrained at 1ts upper end by a.
girder with a semi- rlgld connectlon. In ‘this 51tuat10n the . -7
connectlon, whlch was. shown to act as a plastlc hlnge under
vertical loads, acts as a real hlnge durlng the ouckllng motion.

A procedure for, asse351ng the restralnt at the base of the column-

s dlsCUssed in Sectlon 5 2.3.

-

CIf failure occurs through weak axis lnStabllltv between
glrts the effectlve length deDends on the condltlons of end
restralnt and on the number of girts. Rather than attempting a

: rlgorous ana1y31s, it is assumed for - 51mp11c1ty that the effectlve.
. |

length is equal to the glrt spac1ng

Atter the effectlve lengths for both fallune modes are

determined the non-olmens1onal slenderness ratlos are computed

a

u51ng Equatlon (5. 2) Theﬂlargest slenderness_ratlo so,computeq

‘governsg the de51gn. Theffactored;compreSSive resistance of. the -

column is then:determined.fromlEquation‘(5.1). o S | fm e

2. ColumnsvBraced:Ab0utuTheirf0utsidevFlanges By

Metal Siding'
If the wall con51sts of glrts connected to tHe flanges .i
of the columns, as shown in Flgure 5. ll(a), the wall claddlng is

unable to functlon as ‘a shear- re31stant dlaphragm (see Sectlon f

5 3. 4) "The columns are unsupported aiong the;r‘lengths.andj

2 -

- . . Yo
o s .
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~ FIGURE 511 COLUMNS BRACED ABOUT THEIR OUTSIDE
EE FLANGES BY METAL SIDING



failure occurs by weak axis instability of all the columns as a
unit, as illustrated in Figure 5.11(b). It should be noted that

in this situation the axial stiffnesses of the 'girts alone cannot

be developed to brace the columns.

The effective length,factor of a particular column is
" determined by assessing the conditions of end restraint. The
column is restrained at the top by the périmeter roof peams

connecting into it. The amount of restraint depends on the

flexibility of the semi-rigid connection, and can be determined as

‘described in Section 5.2.4. The column is restrained at its base -
by ‘the foundation, as discussed in Section 5.2.3. The factored
compressive resistance of the column is then determined from

Equations (5.1) and (5.2).

However, if one or more wall panels consist of masonry

in-fill, as shown in Figure 5.11(c), the axial stiffnesées of . the

.200

girts can be developed and failure of the column may occur either

by strong axis instability, or by weak axis 1nstab111ty between

glrts.. The longest ‘effective” length is used to compute the “

factored compresblve re51stance.

3. Columns Braced in the.Weak:Directionbby Mésonry.

If the wall consists of masonry connected into the webs
~of the columns, as shown in Flgure 5.12, fallure can occur only

through strong axis- 1nstab111ty. -As.dlscussed.for the.case ofn
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girts connected into the column web ‘the effective length of a
partlcular column can be determlned by as;e551ng the condltlons of
restraint at the ends of the member, assuming that the wall does
not inhibit strong axis bendingfv The factored'oompressive
resistance is then determined using Equations (S.l)_and (5}2).
Tests are required to determine if it is overly conservative tol

~

neglect the flexural stiffness of the masonrv wall.

4. "Columns Braced.About Their Outside Flanges

By Masonry

If the maaonry is connected into the outside flange of
the column instead, failure may’ occur either through strong axis.
instability, as discussed above, or by a twisting motion abodut the
restrained outside flange as Shown in Figdre 5.13 ‘ The effective
lengths for both farlure modes should be ﬁomputed, and the longer:-

used for de51gn w1th Equatlons (5 l) and"(5;2).

ey el
(4

"Tne crltlcal load for tho torsion buckllng moue‘,.”.v.

(08 63 70) e e
- TEYy |, 263 _ ; : (5.30)
L2 42
where
G = éhearing-modulUSV ,
J = St. Venant?s torsion‘constant{ ana'; ]
d = depth of4wiae flange section.
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Mode

ANV
/ \ Masonry Anchor

Mcsonry

FIGURE 5 l3 COLUMNS BRACED ABOUT THEIR

OUTSIDE FLANGES BY MASONRY
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The first term invKuation'(5.30) is the Euler buckling load for

the column for weak axis instability.. The second term is the

additional load that can bF resisted as a result-of the restraint .

‘ t
along the lengtn of the member . The etfectlve length is

determined by equatlng the rlght hand syges of Equatlons (5 3) and

(5.30):
TEL, _ anIY 4 26 - (5.31)
(kL) 2 2 ¢
or -
R T (5.32)
L 4 _2GILZ
mEI,d2

Tne. efrectlve lengths for poth failure modes should he computed, and

the longer used for design with Equations (5.1) and (5.2).

Example 5.4

~ Given

Although the exterionﬁcompression member shown in
Figure 5.2 does: not act as’ an ax1ally loaoed column, the factored
'eompresslve re51stance is st111 required for use w1th the more
general beam-column 1nteract10n equation. Compute the factbred

compressive resistance of this member using a W8x24 shape as: a:'. «: "

trial section.' Use G40 2l 44W steel (Fy 44 ksi).

.

R - - . e e s . :A‘~“),’,v""_"""‘_‘"”'>~_- L e e




~ Solution
, o
LN N AT : . o S
The section properties for the W8x24 section are listed -

'in-Referencek(S)é_f

x = 3.42 in.

r =
ry = 1.61 in.
A =

7.06 in.2

- ResUlts of.?reliminary;eal¢U1ationshknot;shonnid?hdi};}irrfh:a'
.cate that the W8x24 section is a Class 2 section in 44W'Steelr
therefore the factored compre551ve_re51stance can. be computed
using Equatlon (5.1). As dlsoussed in the text, the governlng'
non dlmen51onal slenderness ratlo is the 1argestlof those corres-
pondlng to strong axis 1nstab111ty over the length or the colunn,

hd

and weax ax1c 1nstab111ty between q1rt=

--,. y -

i

The non—dimensionai.slenderness ratio for strong axis
instabiiity can be determined by assessing the conditions of
restraint at the ends’of the member. Assuning a restraint para—
meter ‘f 10 at the lower end of the"column (a "pinnedt base) and a
restralnt parameter of 1nf1n1ty ‘at the upperfend;'the effective t;‘..
‘length factor can be determlned from.Figure S.S(a) as 0#97.

“lAssumlng that the actual colum1 length measured from the ba

'“_'plate to the centr01dal axis oﬁ the bolt group in the g;rder to~ﬁ.rif“riv: :

R ,,‘,

Vf:column header conn%ctlon 1s 20 feet; the non‘dlmen51onal slend

'ness ratlo 1s-7"""" ‘
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P/
2 0.97 x 20 x 12 ///;;_;_;gg_;_ |
3.42. 12 x 29000

0.842

'Aiéé éé'aiséuééad in the text, it wili e asSJmed that -
the - effeptlve 1ength for weak aXlS 1nstab111ty between glrts is

"equal to- the glrt speclng of, 7 fcet The non- dlmen51onal slendpr—‘

__ne:s ratlo 1s, tnprefore:jf ff E.
,‘,{MX;_KEHT?//TFH‘f_#A . :  . ' (Eg,“S.?)
o BV o 2pe L »
PRI ~n2‘x.29000
= 0.648

-Using'the'90verning‘sléhderness'ratio of 0.842, the

factored comptessive resistance is:

Cp = 0AF, (1.035-0.202% -0.22212) (E3. 5.1)
= 0.9%7.06x44 (1.035-0.202x0.648-0.222x (0. 648) 2)
=198 kips:
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&

5.3.3 Exterior Beam-Columns

‘The interaction equations”discussed in Section 5.2;5 y
for an interior beam—cOIUmn'can alSo be'dsed*forsthe design~of an
exteriorbbeam*coinmn.‘ However, 51nce thls member may be suojected
‘to transverse forces 1n addltlon to end moments, the maximum
factored bendwng moment docs not necessarllv occur ‘at one of the
ends of the member.“‘ o | . ’“» B j';

; Tne.max1mum factored bendlng‘moment 1S multlolled by an

equlvalent unlform bendlng coeff1c1ert, w, to obtaln a uniform

”" bendlng effect(l). If the beam column 1s subjected to a com—:b

-preSs1ve forcenand'end-moments;'the:equ1valentvunlform bendlng’
coefficient can be determlnec as for an interior beam—column.»;If
the beam-column is cubjectec to a compressive force and transverse

o,

»_forceSfbbut nct to end moments, the equ1valent unlform bendlng
coeff1c1ent is 0 85 for one transverse force and unlty for tworor S
more (1) If the beam—column is sub]ected to a compre551ve

force, end moments and to any number of transverse forces, the

equ1valent uniform bendlng coefflcrent is unity(l).

Astdiscussed in..Section 5.3.2, the factored compressive
re51stance depends on the type of wall constructlon. The factored
moment re51stance also depends on the type of wall constructlon..

. Thls w1ll be explalned below'for the four types of wall construc— ,

tLOD consmdered earller.
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: 1. Columns Braced in the Weathirectioany

-bMetal'Siding~

: An approx1mate procedure to determine the. factored
moment res1stance of tne member is to’ assume tha each segment of .
‘- he“beam—column between glrts behaves as as 51mpl 'supported
‘ member'subjectedvto end moments The factored moment‘resistance,.l
LSS then that of- the: most heav1ly 1oaded segment oomputed;using“’

bquations (4.3) and either (4.9) or (4.10).

ln‘combutlng theﬂelastio 1ateral;torSlonal'buohllng
';moment Mu, the equ1valent unlform bendlng coeff1c1ent is oeter—
,imlneo u51ng the moments at the end of the segment, not at the endc
of tde member } Tais will usually not be equal to the eqnlvalent
uniform bending ooefficient used invthe numerator of'the stability
lnteraction equation-to obtain a uniform bendlng,effect;i"

L

' ’2 Columns Braced About lhelr Out81de Flanges

By Metal Sldlng

o T',.. Ifloneborfmore panels of the wall cOnslst‘of masonry‘
rlntlll, as - shown in Flgure 5 ll(c), 1t w1ll ‘be assumed that thp
factored moment resistance can be determlned by analy51ng the most
heav1ly loaded”segment between glrts, as‘dlscussed above. Other-

wise, it will be. assumeo that the member ‘is” completely unbraced

along its length

This is obviously an approkimation since,some:rota- -
tional'restraint‘willfbe provided by resistance of the girts to

Sy
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bending. The amount however,.will depend,on the flexibility of
the glrt to—column connect1ons and on the unsupported lengths of -
pthe glrts . An exact a1a1131s of thlS 1s con81dered tolbe beyond

the scope of thlS report

- 31:FColumnsiBraced'In The_Weak“DirectioniBy“MasonEXj o

~Since the member is completely laterally supported .

o along 1ts length the factored mOment re51stanéf_can be based on .

the tull 1n-plane strength of the . cr ection.

ﬁ4;"Columns Braced About %heirbOutside Flanges
' By Masonry

As dlscussed 1n Sectlon 4 3, the'equimalent unlformif‘
bendlng coeff1c1ent used to determlne the elastlc lateral—'jug “'A
' ‘_tor51onal bucxllng moment depends on the loadlng and support conht;

Hgoltlons, and also on the non—dlmen51onal parameter LZGJ/ECw ’;In*
:..the tollow1ng studles it'is. aSsumed tnat the~memoer ‘is: pln-enued
and that the ‘tension llange 1s restralned 1n such a‘way that
. __translat1on;~out'not rotatlon,v1slprevented,.uanee d1fferent~ 5
,loading cases'Will'be.examined;:'end'moments only, transverse.

forces only, .and end moments with transVerse;forces,‘

=

(a) Member,éubjectedFto’End'MomentshOnly

Cons1der a p1n-ended member subjected to" end moments

- Mfl and: Mfz, where . Mfz 1s numerlcally larger than Mfl ’Eor'
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convenience -in later algebralc manlpulatlon, the equ1va1ent

,unlform bendlng coeff1c1ent for end moments is denoted wl

-

The relatlonshlp between the equ1valent unlform bending

t--coefflc1ent and the end moment ratlo, determlned w1th an elastlc
'flnlte element computer program is shown by the SOlld llnes in .
:Flgure 5 l4 for two! dlfferent LZGJ/ECw ratlo§ The LZGJ/EC
"‘bratlos of lO and 35 correspond to the . extremes llkely to be
:encountered in llght 1ndustrlel bulldlngs For examble for‘a

_w8x24 member 21 feet long thls ratio 'is 33.

g . ..
, .

"The procedu re used to construct these curves is as

follows' For.-a member W1th given. LZGJ/ECW and Mfl/b £2 ratlos, the_>
'-crltlcal value of Mfz 1s determ;ned u51ng the Elnlte\element T
jicomputer program , The elastlc lateral tor51onal bucxllng moment
'-'Q of a member Nlth the Same cross sectlon, unrestralned along its
,length, and sub]ected to unlform bendlng 1s then comouted from |

‘nquatlon_(4 l3). The equlvalent unlform bendlng coeff1c1ent 15,'

.'tnen, by deflnltlon, L "';A:'_p;?'_irk_m1:v~r‘; fL:‘§1Q”
‘ h - S o S o -
‘”l : _ - . . (5.33)
o Nf2 ’ ,

As 1nd1cated by the broken llnes 1n Flgure 5 14 a-

"f_close e°t1mate of the equlvalent unlform bending coefflclent 1s

. 210 _
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for members bent in single curvature, and

] = 0.5 - 0.4 Mgy Mgy (5.35)

for members bent in cdouble” curvature, but not less: than 0 3.

These equatlons may be compared with the equatlons recommended in

Reference (l) for. laterally unbraced members. The dlfference re—

flects the effect of the restraint along the column. If this re-

straint 1s present, the lower value of omega given above may be

used.

(b). ~ Members Subjected to Transverse Forces Only

Slmllar studles wete done for the loadlng cases shown

l'1n Flgure 5 15. Denotlng the equlvalent unltorm bendlng coeffl—'-

.cient for transverse forces as uQ, 1t can be seen that a close and”

'lgenerally conservatlve approx1matlon 1s w2 0.4\ 'As dlscuseed

aoove, the dlfference between thlS value and the value of 1.0

recommended in Reference.(l) reflects the effect of the restralnt

&
i

' (c) Members Subﬁected to End'Moments and Transverse Forces
. - 7 ) T ¢ .

Con51der next a member subjected to . both end moments

‘5a1d transverse forces, as 1llustrated in Flgure s;l6. The'maximum'

moment, whlch may elther occur at one of the ends of the member,

'or at some p01nt along the member length, 1s denoted M3. The max-

\ _
imum moment caused bylend moment alone is denoted M1, and the|max-

.. imum moment caused by the transverse forces alone 1s denoted ﬁ?

The elastlc lateral- torsxonal ouckllng moment of a 51mply suppogt—_

Y

.ed unbraced beam w1th the same length and Cross sectlonal proper—

t;es is denoted Mo.

)
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In Reference (71) it is shown that if the buckled
_ shapes for both loadings acting separately are identical, then Ehe

buckling condition when both loading occur at the same time is:

o
g

WMy o+ WMy = M - o (5.36)

If the buckled shapes are similar, but not identical, this

relationship is approximate.

Denoting wy as the equivalent uniform bending coeffi-

cient for the combhined loading case,

(“le+ M2y vy o=mg O (5.37)
13
or

UJ3M3 = I"’lo . (5.38)
where

I, + Wl | ’
wy = ‘”lPl\ld waklp (5.39)
3

Ekample 5.5 .
Given o o0

Select a wide flange section for the exterior beam-

21570
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column shown in Figures 5.1 and 5.2. The length of the member,
measured from the underside of the base plate to the centroid of

the girder connection is 20 feet. Use G40.21 44W steel (F, = 44

4
ksi).
Solution
. Try a W8x28
The section properties for the W8x28 section are listed
in Reference (5): o ]

Iy = 82.5 in.% " Cy = 258 in.b
I, = 18.2 in.d 72 = 23.1 in.3
J = 0.343 in.4 A = 7.06 in.2

The factored compressive resistance for this member was shown in

Example 5.4 to be 198 Kkips.

Twd> different load combinations must be investigated:

1. dead load plus snow load, and

- 2. dead load plus snow load and wind load.

With the first load combination the member is subjected to an
eccentric load equal to the 80 kip reaction from the exterior.

cantilever girder (see Figure 4.8). Assuming, as illustrated in



seooar
Figure 5.2, that the distance from the centroid of the girder
connection to'the column face is 2-1/4 inches, the eccentricity is
equal to this amount plus the half depth of the section, or 6 1/4
1ncnes Thus the member can be de81gned for a concentrlc ax1al

'loao of 80 kips and ‘an ‘end’ moment of 80 X 6 25 = 500 1nch kips, as

illustrated in Figure 5.17(a).

i

The second load combination is illustrated in Figure

~N
5.17(db). 1In this Figure the axial load and end moment from the
first load case are multiplied byrthe ratio of the factored dead

load and reduced snow load to the factored dead load and full snow

loaa:

1.25 x 31.5 + 0.7 x 1.5 x 48
1.25 x 31.5 + 1.5 x 438

= 0.806

v ~re 31.5 psf is the specifiea dead load (ﬁxample 2.1), 48 psf is
the specified snow load, 0.7 is the load combination factor for
snow load and wind.load acting together, and 1.25 and l.5~are the
dead and live load factors, respectively; The wind forces are
equal to the specified wind load of 16.4 psf (Example 2. 4)
multiplied by the live load combination fe;tor of 0.7, the live(
load factor of 1.5 and the trloutary area of one girt,~7 x 20
square feet |

The Euler buckling load for strong axis 1nstab111tx¥

requ1red for use with the stabillty interaction equatlon is;

v
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*L2

- 1 x 29000 x 82.5
| (20 x 12)2 B

410 klps. h

S N

 1he equ1valent unlform bendlng coeff101ent used to

reduce the maximum bending moment, is:

cr

w = 0. f'+ 0.4 _ﬁl - (Eq. 5.26)
: I\xfz . : B n

-r“_fofiloading"gaSe i, and 1.0 for loading case. 2.

Loading Case 1

The factored moment reSistancé is cOmputed by assuming

that the most heavily loadéd beam-column segment (ie., rthe upper
third) acts as a. 51mply‘supported laterally unoraced member

subjected to the end moments

500 inch-kips -

£ x 500 inch-kips

‘f2

[}

Iifl

»
%

'_Therefore the equ1valent unlform bendlng coeff1c1ent used to
compute the elastlc lateral tor51onal buckling moment of the

segment is:



ST ’ _‘ - 'Tbh;ZQO}f

T 150 6 + 0.4 Mer o L (B9S2

' The”bucklingfmoment is

e 84¢ 29000x18.2x11500x0. 343+(l§33999)2 18.2x258

3745 inch- klps

/o

Results of calculations (hot shown) ihdibate that the flange
width-to-thickness ratib and (for the 80 xlp ax1al load) that the
web helght to thlckness ratio meet the requlrements of a Class 2
Sectlon (i). Thus tne factored moment re51stance can be computed

-using Equatlons (4.8) and (4;9),
" The plastic moment capacity is:

M, = ZF, B o ~ (Eq. 4.1)
23.1 x 44

1016 inch-Kkips

The'facto;ed moment resistance is then determined as:



=
o
i

- 1.15 ¢Mp a - 1 0.28 p) o e 49)
| o | 1016
1.15 x 0.9 x l_~01§ :(l —0.28 X m)

972 inch-kips

1}

however this must not exceed.

M,

 ¢Mé

0. 9 x 1016

]

914 1nch klps ( overns)

The strength and stahility eguations can now be

D

checked:

’ Hf < 1.0 : ’ . | (Eg. 5.22)

Cf 4+ o0.85 M ¢1.0 | (Eq. 5.23)

80 , 0.85 x 500 )
0.9 x 7.06 x 44 T 0.9 x 1016 € *°

0

0.29 + 0.46 € 1.0

0.75 ¢ 1.0° (OK)

221
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- Cex
80 _ __ 0.6 x 500 o ;4
P a1 - 4 |

1 0.40 + 0.41¢ 1.0
0.81 ¢ 1.0 (OK)

- therefore the member can satisfactorily resist loading case.l.

Loading Case 2
Proceeding in a manner similar to that described above,

it can be easily shown that the factored moment resistance for

this loading case is also 914 inch-kips. Checking‘thé strength

‘and stability interation equ%Fions:

Me g | ‘ ‘ (BEq. 5.22)
: 470 ~
5.9 x 1016 ¢ 0 o

0.51¢ 1.0 . (OK)

Ct +0.85 Mg < 1.0 . - (Eg. 5.23)
¢Cy M '

- 64 + 0.85 x 470 1.0
0.9 x 7.06 x 44 0.9 x 1016 ¢ -

0.23 + 0.44 ¢ 1.0

0.67 ¢ 1.0 (OK)



Ct +  wMg

1.0 e . (Bg. 5.24)
CI - Cr N
oo Mp (1 - =) : =
ex ;

o ~
64 . 1.0x470 o
98 " 314 (1 - 69,

p- 242 =97y
0.32 + 0.60 ¢ 1.0

10.92. ¢ 1.0¢  (OK)

Therefore the member is also satisfactory under this loading
. condition. Similar calculations for other sections indicate that

‘the W8x24 section is the lightest section that,can be selected.

Use a W8x24

"
X

5.3.4 Braéing Requirements For Exterior Columns

- o

‘the design of "fully braced" columns and beam-columns.  In this -

section bracing requirements are discussed.

Cnly bracing requirements for columns will be consider-

" ed, even though most exterior compression memﬁers;act as beam-
columns. It is assumed that the requirements for colﬁmhs are con-
servative WhegAapplied to beém—coldmng since both flanges.bf the |
columns are loaded in comprgssidn,;whéreas fof’begm—columns the
outside flanéeé;a:e ﬁsually less ﬁéavily'loaded:in.COmpiession

than the inside flanges.’

In the last two sections'proéedutésIWete dévéloped for"

223



u-"expreo51on for the ideal stlffness Qld requ1red for "full btacing"
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N ColumnS‘Bracea'Ih‘Tne Weék”Direction By

‘Metal Siding .

"As'diScussed in Section 4.6, a metai wall diaphragm is

characterlzeo by 1ts :tlffness Q and its strength d. .An - - ' 5

’1s given in Reference~(68) however it is somewhat lengthy and
will not be repeated here. 1 A simpllflcatlon of this expre551onbis
ip0551ble for a column -in-a llght 1ndustr1al bu1ld1ng if it 1s
‘noted that the bending stlffnesses of the girts are usually much

greateruthan tne tgtsional.stiffness-of the column:

0ia - %%9 | I -,“(5'40)
where :Cfb.='"fUllY braced” factored eompressiQe_resistance,
.K2t = a CéhStant giveh,in Table 5.1 that aepends upon -

o the'number“bf girts alohg‘the'length,df the

" The strength requlrement given in Reference (68) can also be

- simplified 1f the bending ctlffnesses are .muchn greater than the
’ﬂtor51onal stiffnessz:

2K4Q (;——l———) : _ . : (5.41)

9T T K20
Cep
- where K4 = a constant given in Table 5.1,
6 =

initial crookedness of column, approximately‘
1,/480(68) . and C

, S . (- .
- .a,b = girt spacing and span as shown fh Figure 4.11.
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L
/ g
0“
No. of £] kK TR,
Girts - N -~ Egn. (5.40) - Eqn. . (5.41)
1 1 © 0.810 H.810 1.0
2 - 0.97 = . . 0.684 - 0.912° . . 0.866
3 .. 70.89 , . 0.810 " 0.950" N Q.70'7
e i TABLE 5.1  CONSTANTS fy, K, AND K,
c ‘ Cladding Fastened in E‘ve_ry .
Corrugation . "Alternate Third . - Fourth
, : Corrugation __Corrugation. - Corrugation
0.99 - 13.4 178 . 19.6
" - TABLE 5.2 SHEE'I‘ING CONSTANT K
o | / )
AN
N . .
j / -
/
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Although the stlffness and strength provided cduld be
determlned from the results of ‘a shear test on the assembly shown
in Flgure 4. ll ensurlng that the claddlng proflle and the method
of attachment used in the test‘are the same as those used 1n the =
structureé, it is usually not economlcallj fea51ble to do thlS.‘~
Another optlon is to use emplrlcal expresqlons for the stlffness
and strength(72) Howeyer, the expressxons given in Reference
(72) are based on only 51x test results, and therefore are not'
© generally applicable. A tnlrd?p0551b111ty, perhaps the most fa-
vourable, is to compute these‘quantities analyticall§(47,48), _ .
,In'Reference (47) a detalled ana1151s 1s glven ‘to do
:: this. . Con51derat10n 1s given to the effects of:
E
1. ,warplng at the panel ends,
‘é. shear straln in the pafel,
3.“ax1al strain in the ‘'girts
4, ‘oeformatlon of the claddlng to girt fasteners, f s,
5;‘:deformat10n of the seam fasteners, andg -

L
6. deformation of the edge fasteners.

il

of these, only items l 5 and 6 appear to have ‘a maﬂofueffect, the ,
L

other 1tems be1ng of lesser 1mportance. Based on thlS analy51s,

and considering only the three major 1tems,~the stiffness prOVided/

Id

is:
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,%E (5.42)
Q= C'® = 57744 ba%E1K , (ngp - 1)Sg . 25g
Et3L0 . Ng Ne
where |
- d = pitch of corrugatiéns,
t = cladding thickness, S R
_Ngp = number of sheets per panel,
. ns‘.= number of seam faétenershper side lap,
Sg = slip per seam fastener pér unit load,
N =~ number of edgé‘fasfgners per column,
S, = slip per edge fastener per unit loa,
. £, = a constant given in Table 5.1, and *
K = a'sheeting constant given in Table 5.2 for the

specific profile shown in Figure 5.18.

Many of these quantltles are illustrated. in Figure 5. 18 The
gquantities sS and Sc depend on the types of fasteners and on the
thicknéss of the cladding. * For 1/4 inch diameter Barber Colman
Teks self-drillingy/tapping screws and for 3/16 inch diameter Monel

pop rivets with cladding thicknesses from 0.0180 inches to 0.050

inches:
Sg = Sg = 0.060 inches/kip.

In order to determine the cladding strength, three

different failure modes are considered(47).
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1. .failure of the seam fasteners,
2. failure of the sheet to girt fasteners, and

3. failure of the edge fasteners. o ~

A fourth failure mode, sheet buckling, is considered in Reference
" (73), however it appears %hat thisAmode is not likely for panels
with usual cladding thicknesses and girt spacings. For these
diaphragms the first of the three failure moaeé above generally

governs, and(47) ..

ngfy
L

9%9¢

(5.43)

where F, is the ultimate strength of one fastener. Fo /4 inch
diameter Barber Colman Teks'Self—drilling{Egppiﬁé screws (47) ;

g

/

Fy 0.34 kips—fOr each O.Ql inch (5.44)

_—thickness of cladding,

/gné/fgg/;;;;/;nch diemeter Monel pop rivetg(47).
' Fy = 0.14 kins for each 0.01 inch (5.45)

thickness of cladding.

The quantity ¢ is a peformahce factor which, for illustration -
purposes, will 'be assumed to equal 0.75. Additional research is
required to determine a more rational performance factor. This is

considered to be beyond the scope of this dissertation.




Example 5.6

Given

Determine whether the Vi8x24 section selected in Example
5.5 is "fully braced" by'the wall cladding. The factored

compressive resistance was shown to be 198 kips.

Thg exterior wall construction is shown’in Figure 5.10.

The cladding, selected to resist wind load aéting normal to the
wall, is 0.018 inches thick with the profile shown in Figure 5.18.
The sheets are fastened to the girts with 1/4 inch diameter Barber
Colmén Teks self—dfilling/tapping screws in alternate corrﬁgations
and to each other along the vertical seams with 3/16 inch diaﬁeter

Monel pop rivets spaced 18 inches apart.

o

Solution

Notation:

L = panel iength = 252 in.

a = girt spacing = 84 in.

b = panel width = 240 in.

d = pitch of corfugations = 6 in.

t = cladding thickness = 0.018 in.

ngy = number of sheets per panel = %ig = 10

230°



Py = 0.34 x

- number of seam fasteners per Side_lap:

4 self—drilling/tapping‘screws and

252

185 + 1 = 15 pop rivets

slip per seam fastener per unitrload = 0.060 in./kip
number of edge fasteners ber column = Ng

slip per edge fastener per unit load = Sq

"a constant = 0.97 (Table 5.1)

constants (Table 5.1):
0.684 for Equation (5.40)
0.912 for Equation (5.41)

a constant = 0.866 (Table 5.1)

sheeting constant = 13.4 (Table 5.2)

‘ultimate fastener strehgths in shear:

"For the screws,

0.018

and for the pop rivets

Py = 0.14 x 32038 = 0,25 kips ‘ (Eq.

The stiffness provided by the cladding is:

-
. b2 (Eq.
Q = L
0.144 bd%£1K | (ngy - 1)Sg s 25¢
Et313 Ng ne ¢
(240) 2 .
- 252

0.010 = 0.61 kips (Eq.

0.144x240x(6)4x0.97x13.4 , 9x0.060 _ 2x0.060

+
29000x(0.018) 3x (252) 3 19 )

896 kips

5.44)

5.45)

5.42)

231
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The cladding strength is:

ar

_  hePF . (Eq. 5.43) - »
q =, sLu - A

’

0.75 « {4 X 0.61 + 15 x 0.25)
T 21

x 1000

221 1bs./ft.

.

The reguired stiffness is:

;g = Cfbd : (Eq. 5.40)

it

283 kips.

Since the Stiffness provided, 896 kips, exceeds this, the wall

cladding may be satisfactory.

The strength required is:

- 2K40 1

. s.
L o i (Eq. 5.41)
Tfo ' o

.21 x 12° '
= 2 x 0.866 x 896 x =180 (0 9.121 55¢ ) x12000
: 7 x 21 x 142 222e X -1 . :

198"

148 1bs./f¢t.
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*

Since the strength prOV1ded 221 1bs. /ft., exceeds
thlS, the wall claddlng is satlsfactory to provide "full
bracing". It should be noted, however, that the performance
factor of 0.75 is an assumed value, not a rationally derived
value. This example should therefore be regarded oniy as an

example to illustrate the basrc theory and general conCIUslons

about diaphragm requirements should not be made.

2. Columns Braced About Their Outside Flanges

By Metal Siding

In the previous case the diaphragm and the flanges of
the columns and girts were in the same plane. In this case, as

shown in Figure 5.11(a), this is not true.

For the wall cladding-girt-column assembly tc be able
to function as a diaphragm,‘a:path must be provided/for transfer
of the‘shear flow g, acting along tne'edges of the panel parallel
to the columns as shown in Figure 5. l9(a), down .to the columns
Usually the girt-to- column connections are .too flexible angd. weak
to do this, and 1t_;s assumed for the purposes'of this disserta-
tion that the panel stiffness‘and strength cennot be developed.

Tests are required on typicgl connections before a less conserva-

tive approach can be suggested.

Ianeference (47) it is recommended that in designing

new structures shear transfer elements be used between girts to .



' Cladding

Column

(a) A Flexible Diaphragm

-

Shear Transfer Element

(b) Improved Behaviour

-

FIGURE 5.19 ' INDIRECT SHEAR TRANSFER
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provide this load path, as 1llustrated in Flgure 5 1 (b). 'These
connectors may also serve anoth%@ purpose, &? prevent premature
.fallure of - the wall claddlng by buckling. If connectors are used
the stiffness and strength can be computed as if the q1rts were
connected 1nto the web instead of the flange(47),h¢£t shouli pe

noted that an’ 1dent1cal 51tuatlon occurs in design” of“roof”&eck

-
i ,«)"

dlaohragms(29)

-

If the%@alls of the structure are insulated, it is
usual practice to attachi the cladding to sub—girts, which in turn
are fastened to the structugal girts as shown in Figure 5.20. The-
insulation is then positioned as shown. Additienal research 1s
raquired before it‘éan be known if this wall system is capable ofih
functioning as a diaphragm, even if thepstructural girts are
connected into the webs.of the columns,’unless shear connectors
are used. ” \ | | | ' - 4

. LA '

If one or more bays are infilled, as shown in Figure
5.11(c):, bracing is provided by the axiel stiffnesses and
strengths of the girts. In this situation the girt$ and the
connection to the masonry infilled bay should be designed for one
pereent of the sum of the forces in the.columns(l).

(W

3. Columns Braced In The Weak Direction By Masonry

With this type of wall construction (see Figure 5.12)

it is assumed that either the column bears ‘directly against the

Y

b

<
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FIGURE 5.20 INSULATED WALL CLADDING



237
masonry wall from the onset of loading, or that it bends about its

weak axis a small amount until contact is established. Bracing ‘is

therefore provided by bearing, and masbpry anchors are not

L

required for this purpose:

Masonry anc¢hors are, however, requlred to re51st wind

load acting ndgmal to the wall. = Reference (7) is very spec1f1c

o

about the type of anchorage that should be used. .They must De
fabricated from corrosion-resistant steel straps at least 1-1/2.
inches wide and 1/4 1nches thlck and must not be spacedevertical—

ly more tnan 1' 4" on centers. The masonry anchors must be of a

-

length at least twice the thickness of the masonry, and have 2
incn right angle bend at one end completely embedded in mortar.

The other end, al: 0 with a 2 inch right angle bend, is welded to

the column. As discussed in Reference (74), however, these
empirical scandards represent only guesses rather than rigorous

rational performance criteria; a search of the literature reveals

‘almost no supporting test evidence.

4. Columns Braced About Their Outside Flanges

By i\’_,mry

This type of wallvconstrUCti n is illustrated..in Figure
5.13. The _asenry_anchors must be capa. e of resisting the wind
forces act g normal to the wall, and r.st be capable of resisting
the shear _orces needed .to ptevent trsxslationvof the outside
flange of the celumn. -Thié ahear i- approximately one perceat\df

the axial force in the column:.



5.4 Base Plates
i - -

A

Steel columns or beam—coiumns supported by concrete footings
or foundatidns are provided with base plates to”a?oid overloading
" the supporting material. If lateral loags and sway effects are
resisted by a direct acting bracing‘system, thé-base‘plates‘éf
interior columnstare SUbjecteq to compression forces and shear
forces due to column ou&—onplnmb: and building sway. The.base
plate of an exterior gpmpression member in a bra?ed bay mayibe
subjected to shear and to coméression or tension, depending on
whether or'nqt the:veréical component of the fgrce in the bracing
system-exceeas the compression'force caused by column,aétion.
Base plates of exterior compression members may also Be subjected
to shear caused by.transvetse forcesJactiné along the lengths of
these meﬁbers.‘ In this section ﬁhe;design of base plates |

“subjected to compression or .tension and to shear is discussed.

5.4.1 Base Plates Subjected to Compression

A satisfactory bearing surface is defined as one for
which 75 percent of the entire contact area is in fu;l bearing,
and separaﬁion of £he remaining portion does not exceéd 0.01
1nché§, except adjacent to toes of flanges where a localized sepa-

ration of 0.25 inches is pe:m1551ble(1). In order to obtain a

satisfactbry bearing surface both the column end and the base plafe

must be adequately flat. These'flatness'requirements can be met‘ifv

the column is sawn to length, y&ht usually will not be if it is

#

-

¥
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torch cut w1thout mllllng. A base plate cut from a rolled"steelv
‘plate less than two 1nches thick (the usual cese for llght
industrial buildings) is suff1c1ently flat to met these
reguirgmehts, and may be used without mllllng(l)."./” :
When the'column end is*sufficiently flat the compfes—
sion force in the column is transferred dlrectly through bearlng
'%o tne hase plate, The column to base. plate connectlon must .
therefore be designed only to resist the shear force caused by the
column out- of—plumb and building sway. In the case of a lightly
loaded column some fabrlcators ‘may cons1der it more economlcal to
torcn cut instead of saw1ng the column to length and weld the base.
plate»directly‘to'bhe.unprepared column end. In this case the
column to base plate connection.must also be designed to‘resist

the compression force in the column.

rJ

L4

The compression force is transferred from the underside

PR
L ‘4..

of the hase plate to the concrete foundatlon by bearlng. The

factorec bearing re31stance ver unlt of bearing area,\Br, .

1s(73):

- agsE

r = 0.85% F'c e T (5.46)

b LA

. . -2 ’
‘where ¢~ = 0.63 is the performance factor for concrete in bearing,
and F'c is the unconfined compressive strength of the concrete.

Thus . the base plate area A must be such that:h

"BrA > Cf - S (5.47)
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'Under certain conditions, if the concrete in the
_1mmed1ate v1c1n1ty of the base plate is confined by the unloaded

concrete further away from the base plate, the factored bearing

d(gslstance may be increased. However; when ‘the column base is

grouted as shown in Flgure 5.21(a}, 1t is doubtful that advantage
Ce .

can be taxen of thlS confining action since the bearlng resistance

-

’

of the grout alone is given by Eguation (5.46).

Example 5.7

Given

v
1]

The interior 18x40 column of Example 5.1 is subjected
to a factored‘axial load of 196 kips, caused”by dead load and full

< C k.

snow load. The unconfined compre551ve strength of the grout is

-«

3000 psi. Determine the base:* plate,dlmen51ons ‘required.

V4
Solutl

The dimensions of the W8x40 sectionfare_listéd in -

Reference (5):

8.08 in. . : S

Neod
]

@ =8.25 in.

The minimum size base plate, based on fabrication
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considerations, is assumed to equal the actual b x d of the column
plus one half inch, rounded up to the nearest one hal: ‘nch. Thus

trial base plate dimensions of 9 in. x 9 in. are selected.

The 'factored bearing resistance of the group per unit of bearing

-area is:

to
al
il

0.85 ¢o F's | 7 (Eq. 5.46)
0.85 x 0.63 x 3000 |

It

1600 psi
The minimum base plate dimensions selected are adequate providing:

BrA 3 Cr ' (Eq. 5.47)

or i
10020309 x 9 5 196
or
130 3 19%

A larger bhase plate is therefore required.

Try an 11 in. x 11 in. base plate

As before, this base plate is adequate’ providing:

BrA »Cs B ‘ " (Eq. 5.47)
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or
160203011 x 11 5 196
or
194 [ 196

This is a very small amount of underdesign and will be considered

to Dpe acéeptable.

Use a 11 in. x 11 in. pase plate

T following method is recommended in Reference (75Y
to aetermine the thickness, t, of a base Dlate that is nc-
subjecteé to bending moment, shear, or tension forces. 1t is

assumeq tnart (see Fighre 5.21(2)):

1. the factored axial force is uniformly distributed over the

base plate of dimensions B x C,

to

the base plate exerts a uniform pressure upon the foundétion;
and
3. the base plate strip projecting beyond the assumed dotted

- rectangle shown in Figure 5.21(b) acts as a cantilever

~subjected to the uniform pressure.

The requireﬁ»base Plate thickness is determined by equating the

Lactored moment acting on that portion of the plate taken as a
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cantilever to the factored moment resistance of the plate and

solving for the plate thickness:

: 2 2
t,j//ggg_ﬂ__' or 2Cg n° (5.48)
BC 4 Fy / BC 4 Fy ;

whichever ia greater.

i

Both m and n and therefore t approach zero if the
* “ F

column base plate is approximately the same size as the column, az

shown in Figure 5.21(c). 1In tnis case the base plate thickness

can be determined by yield line analysis(76). It is assumed

that:

1. thé base plate exerts a uniform pressure upon the foundation,

2. the edges of thé base plafe under the column fi@ngés are
simply supported, and

3. vyield liheé form along the broken lines shown in Figure

5.21(c).

The required base plate thickness is:
.4

t = 0.43 b/// Cf (5.49)
$Fy (1 ~ g9 BC E
where - . ~
- P S §
e;-v//g.75 + 2D J
y = 24/b .

However, the failure mode shown in Figure 5.21(c) is also possible

for the column base 'plate shown in Figure 5.21(b). Therefore the



more severe of Equations'(5.48) and (5.49) should govern design.

’

Example 5.8

Given

Determihe the required thickness of the 11 in. x 1l in.

base plate selected in“Example 5.7. The factored axial force in

the column is 196 kips.' Use G40.21 44W steel (Fy = 44 ksi).
Solution

" The dimensions of the W8x40 section are listed in

‘ g
Reference (5):
;
b = 8.08 in.
d =

8.25 in. e

The failure mode shown in Figure 5.21(b) will Dbe
considered first. Form the base plate geometry shown in this
figure,

C - 0.954 _ 11 - 0.95 x 8.25

m = > = 5 = 1.58 in.

and

SB-0.800 _1l- 0.80 x 8.08 - .27 in.

245



Therefore

¢ - /2cg n? | (Bq. 5.48)
BC ¢ Fy ' )
2 x 196 x (2.27)%
11 x 11 x 0.9 x 44

0.650 in.

Next, the failure mode shown in Figure 5.21(c) will be

investigated:

26 _ . _ 8.25 _ .-
A= S =2 x g = 2.04 o (B4, 5.49)
5 _ 11
//0.75 + v

1]

/0.75 + 1 5 - = 1
| 4 x (2.04) 2 x 2.04

0.655"

therefore

(.,.

H

o

L[]

N

w

O

™

)

Hh

196
.9%44x% (1-(0.655) %) x11x11

0.43 x 8.08 x 0.655¢/;

0.610

Since this does not exceed the 0.650 inch thickness

,computed earlier, it does not govern. The actual base plate

246
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thickness will be this computed vaiue, roundad up to the nearest

one quarter of .an inch. Although the thickness could hLave been

rounded up to one sixteenth or one eighth of an inch instead, one -
quartér of an inch was chosen since fabricaﬁors are more likely to

have this plate in stock. However, this is strictly a matter of

judgement.

Use an 11 in. x 11 in. x 3/& in. plate

5.4.2 Base Plates Subjected to Shear

The base plate of an interior column is subjected to a
shear force caused by possible column out-of-plumbness and

puilding sway. The base plate of an exterior cdhpression member,

" in addition, is subjected to shear caused by wind forces acting

along the member length. If the member is at a braced bay the

pase pldte is also subjected to a shear‘equal to the horizontal

component of the force in the bracing member.

These shear forces are transferred from the end of the
compression member to the base plate thiough the welds, and from
the base plate to the anchor bolts by bearing. The welds must be -
able to transfer these shears, and the base plate ;hickness must |
be such that a bearing failure does not occur. «
The shear resistance of a‘filiet weld is taken as the :

smaller of that corresponding to failure of the base metal(l):

V\r'= $Ap x (0.66 Fy) | (5.50)



248

where

area of the fusion face N

-

El

nomirial weld size x weld length

0.66 Fy = shear yield stress, approximately Fy// 3

or that corresponding to failure of the weld itself (1) :

Vo= 0.50 $ByXy S (5.51)
wnerae
A, = throat area of weld
= 0.707 x nominal weld size x weld length
Xu = ultimate tensile strength of the electrode, given

by the electrode classification numoer.

- The base shear on an4interior coldmn is usually very'

small and the column to base plate connection often COR%lStS of
“the four minimum size tillet welds shown in Figure 5.21(b). Wlth
this welo lay-out the base plate can be connected to the end of

the column uélng down hand welding, without turning the column,
‘thereby resulting in economies in Qibrication. Minimum fillet \
weld sizes are 3/16 inch for base plate thicknesses up to 1/2

inch, inclusive, 1/4 inch. for base plate thicknesses over-1/2 inch

and up to 3/4 inch, inclusive(77) . The over-all length of each

fillet weld should not be less than four times the nominal

sizel77),
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The bearing resistance of the base plate is(1):

By = ¢tneF, g 3¢tdnF,

AN

(5.52)

£
oy
]
~
(1]
jo]
n

numober of anchor bolg} -

(4]
1]

edge distance measured from the center of the bolt
hole to the edge of the plate iﬁ the direction.of
the applied load,
F, = ultimate Gegiile streﬁgth of the plate

= 65 ksi for G40721 44i steel, and

d = anchor bolt diameter.
y -

aAs discussed earlier, the base plate of an.interior
column is subjected to a shear force caused by the column
out-of-plumb and building sway. 1In order to determine the

magnitude of this shear, considar the free-body diagram of an -
. L2

interior column of height h in the middle of the structure, as

snown in Figure 5.22. Sumning moments about the top'of the

column, the base shear H is

H = Cg ﬁ \  (5.53)

A

were is the column sway, equal to the sum of the column out-of-

plur ness, which must not exceed h/SOO(l), and\the maximum

bui dina s-ay due to lateral loads and second order effects.. One

way to determine the building sway would be to gimpute it
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T

FIGURE '5.22 SHEAR CAUSED BY COLUMN
( SWAY

N
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ZSi

. \‘ | .‘q
directly, using the procedures developed in CHAPTER VI. As an
apprqximatioh, hgwever, it can be estimated by multiplying the
maximum recommended sway of h/éOO for industrial buildings (20)
oy the ratio of the reference wind pressures used for strength and
deflection calculations, approximately 1.3, by the live load
factor of 1.5, by the load combination factor"gf 0.7, and py an
assumed factor of 1.2 to account for second order effécts.- Thus
an estimate of the shear is: |

~

il o= __l = ___l .
ti = C¢ (500 500 X l.3 x 1.5 x 0.7 x 1.2)

u
[92]
regn

J.01 C¢ » (5.

. or 1 percent of the axial torce in the column.

4

Example. 5.9

Given ' &?

As shown in Figuré 5.23, the base plate of a compres-
sion member at a braced bay is éubjected to a factored éﬂear of.
26.3 kips acting in the plane of the wall. In addition, it is
s@bjected to a factored shear of 3.45 kips.due to the transverée
wind forces at the girt locations (see Figure 5.17(b)). The base
plate is 1/2 inch ihick and the edge distanqe is 1-1/2 inchés.

Determine the weld requirements and check the base plate for

!
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FIGURE 5.23 DETAIL OF BRACED BAY o ‘.
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" adequacy in bearing. Use G40.21 44W steel (Fy = 44 ksi, Fy = 65 -
L 4 .

ksi) and E70 electrodes (X, = 70 ksi).
Solution

The total factored shear that must be resisted is:

<
[}

/(26.3)2 + (3.45)2

26.5 kips

A weld thickneés of 1/4 inch will be selected. -Based dn faflure

of the base metal the factored shear resistance is:

o

oAm (0.66 Fy) © (Eq. 5.50)
.

0.9 x y x 1 x 0.66 x 44

Vr

il

6.53 kips/inch
© and based on failure in the weld material it is:

Vr

"

0.50 6AXy : © (Eq. 5.51)

0.50 x 0.9 x 0.707 x % x 1 x 70

5.57 kips/inch (governs)

Therefore the required weld length is 25.7/5.57 = 4.61 inches.
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-

Use four welds 1-1/2 inches long as shown in Figure 5.27(b).

&

"The Tactored bearing resistance of the base plate is:

Bp = ¢tneF, | ' | (Eq. 5.52) ©

0.67 x x4 x 1.5 x 65

[T

130 kips (governs) . " o 1lf“i

However, this must not exceed

Br = 3¢tdnF, : (Bq. 5.53)
= 3 x 0.67 x‘%‘x % X4 x 65 )
= 196 kips - - - * , .

Since 130 kips'ekceeds the factored shear of 26.5 kips the| base

plate is adequateé in bearing.

-

5;4.3 Base Plates Subjected to Tension

— \

A compression member, by definition, is a member

subjected to an axial compressive force. Nevertheless, the base
plate of an exterlor compre331on member at a braced bay will De

subjected to tension if the vertlcal component of the force in the

bracing aember exceeds the compre551on force. This is most lakely



to occur in the summer when there is no snow load on the roof.

py Denoting the net tension force per anchor bolt as F,
the required base plate thickness:t can be deterﬁined by yield
line theory. ASsumin? the yield line pattefn shown in Figure

. 5.21(c) the internal work D is sthn in Reference (76) to bé:,

D = d¢¥, (61r +8 +%) | (5.55)

=

The ekternal work W, assygming two anchor bolts arranged as shownj

iz

Wwo=2F (1 -%) . _ | (5.56)

where e is the g@ge distance parallel to the flanges. Setting D =

W and solving for My,

e lp 1 - 28 | (5.57)
ia A '
-2 ¢ (BM-S +3)
v "“

P

Differentiating with respect to g, and setting de/dB =0 lead§\go

the requirement that B eqpil unity. Thus' the assumed yield line’

pattern shown in Figure 5.21(c) .is valid providing & is greater

A
S

255
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than or egqual to b(>which is always true for wide flange sections
used as columns. .Substituting B equal to wpity in Equation 5.57

and setting the result equal to Mp = Fyt2/4 leads to:

2e '
t=,/2F(l—b_) ‘ (5.58)
by By ~ |

A detail of‘a cap plate connection for an interior
column in a building with a cantilever roof framing scheme is
shown in Figure S.EM; The main pufpoée of the cap plate is té
facilitate erections.. The minimum cap plate iength is approximate-
ly equal to the column depth pius a 2-3/4 inch ovgrhang on either
.side to provide sﬁffiéient space for boltihg. The minimum cap
plate width is equal to the flange width of the column, plus 1

inch, and the minimum cap plate thickness is approximately 1/2

inch. These dimensions are shown in Figure 5.24,

The hofizontal force to be trar-ferred at the top of
the column is equal to that at the botﬁom‘of the column, épproxi-
mately 1 percent of tﬁé factored axial load in the column. Since
this fofce is small, the column to cap plate welds are nominal, as
for thé'bqsekplate connectién discussed in Section 5.4.2, and the
bolts are selected to be qompatible Qith the thickness of the cap

plate and the girder‘flange.
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FIGURE 5.24 CAP PLATE DETAIL
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5.6 Des_, i of Bearing Stiffeners

n

Bearing stiffeners are required to prevent web
cr}ppling wherever the concehtrated loads or reactipns exceed the
factofed bearing resistance of the girder web. As discussed in
Section 4.9, the factored bearing resistance of the girder web

shown in Figure 5.32 is given by
Br = 1.25¢w (N + 2k) Fy (Eq._5.58)

wnere K can now be interpreted as the "effective" k distance shown

in Figure 5.24, which includes the cap plate tbickngss. The

Yo

- Dt ’,Hy}}”‘"t‘l -,;,' '. R
bearing length N is the column depth rather than§§§§ é@?ﬂbiate‘
length, since the cap plate is not designed to distribute the load

over the overhanging portions. ' ' -

If the column is oriented at ninety degrees to the
pozition snown in Figure 5.24, so that the column and girder webs’

are at right angl§§ to each other, the length N should -be taken as

LT

the thickness of the column web. If the column is fabricated from
a hollow structural steel section instead of a wide flange sectféa;
the length N should be taken as twice the wall thickhéSé. In both
these ‘situations, since the .bearing lengths éfe short, Equation
(4.58) will be overly Consgfgatiﬁé: ‘As discussed in Section 4.9,

. / N N .
use of a bearing %gngtﬁ of N + 5k may be more appropriate in these.

o

. //,/ . B
cases. -
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Example 5.10

Given

Check to see it the factored bearing resistance of the
W24x84 girder web shown in Figure 5.24 is exceeded by the l9é‘kip
column load. The cap plate thickness t is- 0.50 inches and the
bearing lengtn N is 8.25 inches, the depth of the W8x40 column. .

/
Use G40.21 44w steel (Fy = 44 ksi).

N

Sclution

The relevant properties ®©f the W24x86 section area

listad in Reference (5):

2 v
"

0.470 ir.

-
tcd

=
il

1.56 in.

The "effective istarce is:

ke = k + t ' ..

[}

1.56 + 0.50

i
I

= 2.00 in._



_ therefore the factored bearing resistance is:

L]

1.25¢w (N + 2k) Fy (Eq. 5.58)

B

1.25 x 0.9 x 0.470 (8.25 + 2 x 2.6§) x 44

288 kips

-

o

Since- this exceeds the factored load of 196 kips web crippling is

¢ A
not a probdlem.

pr e
8

If the girder web Had been slender, bearing 5§iffeners'
would have been used aé shown in Figure S.25(a) to "extend" the
column flanges thereby allowing the load to be distributed into
the girder web less abruptly; eliminéting the possibil£t§ of web
crippliqg. Bearing stiffeners are alsé required ;t unframed ends

ot single-web girders (Figure 5.25(p)) having web slendernéss

ratios greater than 402/VFY(1).

Bearing stiffeners must bear againstathe flanges

through which they receive their loads. They extend épproximately )

to the edges of the.flange plates. Sufficient contact area must
be provided between the stiffeners and the flanges so that the

loads can be transferred by beargng. The stiffeners must not fail
. = 3
prematurely either by.column-type buckling or by local bucxkling.

In addition, the connections between the stiffeners and the girder
S . ‘ .

o s :{' ) . . )
web must“by) adequate to transfer the loads. : : TR

.
L 131%.,
. S
A\“. < ‘b};(;\
< L . -

T : , ' ‘ - oY
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' FIGURE 5.25 BEARING STIFFENERS'



In order to clear the web to flange fillets, the cor-
ners of the stiffeners are cut, so that the comolete stiffener
area is not effective in bearing. The factored bearlng resis-

. \ .

tance, B,, on’ the cantact area A is(1).

v

B, = 1.50 $AF, ’ (5.59)

Since the load is transferred from the stiffeners to the girder
web through the welds, stiffeners need not bear against the

unloaded flanges.

In order t¢ ensure that premature failure of the bear-
ing stiffeners by local buckling does aot occur, the etiffener 
plates should be stocky enough so that they are'capable of reach-
ing the yield load. The required width—thicknees limitation
PRI - | \

b ¢ 100 _ _ | : (5.60)
t 4

<

The gtlffenera and a portion oflthe glrder web, are

assumed to act as a column in resisting the compressive loads or

reactions. :Because the ends of a stiffener are not completely

free to rotate ard becauee ‘the loads are n%t applied at opposite
. ends of the stiffener, as in a column, the assumption is ‘made that
the effectl«e column length is three—quarters of the stlffener'
length(l). In addition; a portlon of the web plate equal to 25

times the web thickness, at'interior locations, or 12 times ;he

] ' |
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«
web thickness, at the end of the girder, is assumed to act with

the stiffeners in resisting the loads or reactions by column

action.

5.7 ySummar !
B
. i
In this Chapter the design of interior, pin-ended

columns is considered first, followed by analyses of;various forms
of end restraints. The design cf interior beam—coldmns is then

. |
reviewed briefly. The design of exterior columns_aﬁd beam-columns

and bracing requirements<20r metal wall cladding aré then

. . | L
esign of base plates, cap plates, ana

/

discussed. Finally, the

bearing stiffeners are considered.
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RESISTANGE TO LATERAL LOADS

-

6.1 Introduction

Lateral loads on a structure may bhe caused by wind,
earthguake or other agents. 1In a tall building or tower the
lateral loads ére usuadly dominant in the design. In a single
storey structdré, howévér, these effects are of lesser importance,
- and it is the vertical 10ads that tend to govern the weight of
steel in the structure. Neverthélessﬁ_it is-important to ensuré
tnat paths exist for lateral loads to 5e transterred from the
walls to the roof, in the plane of the-roof to the ené walis{ and
finally down to the foundation. 1In this section variols methods

of transferring lateral loads are examined.

- : N
\

6.2 ‘Transfer of Wind Loads From the Walls to thé,Ron

\
\
oy
\

As discussec in Section 2.3.4hhwiﬁd acts as a pressufe‘
on the windward wall and a suction on the leeward wall. If the.
walls consist of girts and metal wall cladding, these loads are
- transferred from the ciédding to the girts, fromlghe girts to the
columns, anhd from the. columns to the roof as.a series of point
fores. Instead of compuﬁihg’the effects of préssure and suction
separately; it is convenient invdésigning the iateral load

resisting system to consider only their combined effect.

€

P , ) ' ) . ' '
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If the walls of the building consist of pfecast con-
crete wall panels, the sheathing functions as a series of
uniformly loaded slabs, simply eupported_at the foundation and at
the roof level. Under this condition the roof edge is subjected

to a uniformly distributed load instead of point'forces.

If the walls consist of masonry block, the roof edge is
subjected to both point forces ana a uniformly distributed load.
- .
The portion of the.load transferred directly to the roof edge and

the portion transferred indirectly through the columns can be

determined using the tributary area concept (7),

6.3 Sway EBffects

.3.1 Detailed Derivation

After the lateral loads on the structure are c\hputed,
o

an estimate of the building Geflection can be made by per forming a
first order:ahalygds - lie., one that does not consider the effect

of the verfﬁoaijloaﬁ. In fact, as the structure sways laterally

the verticel'load acting through this sidesway causes an over-

turnlng moment thgt is not predlcted by a flrst order analy51s.

“T&

~In a braced fra;é this 1s respon31ole for an 1ncrease in the roof
A’\.; \a .

de:lectldn, an’. 1ncrease 1n the shiers in the roof deckpy . and an
'., ) - g

increase rﬂﬁ%hg ax1al forces the brac1ng members. In the case

n_\V .‘.

: A
of a rlgld frame»ﬁﬁ 1s respon51ble for an increase in the axial

loaos and moments in the beam:ogéumns.
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Consider the braced frame of length L depth d and
heigh£ h shown in Figure 6.lt Lateral loads and sway effects are
- assumed to be'fesisted by a direct acting bracing system. The o
structure is subjected to a uniformly distributed load w acting at
roof level, and to a uniform roof load of intensity p. The roof

is assumed to be capable of functioning as a shear diaphragm. -

-The deflected shape of the roof of the structure in

- Figure 6.1 approaches a straight liné only if the stiffness of the
roof diaphragm is very large relativé to the stiffnesses of the .
ena wallg.“.lf,.oh the other hand, the end walls,afe very.stlff
_relative to the roof, tﬁe deﬁgected shape is approximataly
’sihd§oidal. | '

<
¢

Due to the eftect of lateral load alone the maximum |

roof deflecticn A is assumed to betgivén by (29) .

A= Ay +'Af.b+wa . . (6.1)
wher; ‘ .
A= the component of deflection due tb the dé%ormation
of'éhe bracing;members in the end bays,
Af =\the¢maximum flexural déflection of the roof due to
| dgformatiOn of the@perimeter members, and
. A, = the maximum shear deflection of the roof due to

Geformation of the roof deck diaphragm.

.
-
>
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Under the combined effects of vertical loéd and lateral load it is
assumed that the above deflections are amplified by an

amplification "A" so that the maximum deflection § is:

§=A (8 + Af‘+ 4, ' : o (6.2)

An ‘expression for this ampli#fication factor is .derived below.
& . . .

fo

: ~ . T
The XY coordinate system is selected as shown in' Figure

6.1. The roof -deflection y at any distance x less than % is N

assumed to given by: - - o e

vy = A (& + & sin %5“+ Aw'ﬁﬁ) I (6.3)
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where I is the moment of inertia of the diaphragm flange members
about the centroidal axis of the diaphragm and F is the "flexibility
/ ] ‘ ’
factor" for the roof deck in units of micro-inches per pound.
Methods of computing the flexibility factor are discussed in Section :_
6.4.
wr
o .
'The amplification factor A can be determined by,
formulating the expression for the total potential V,
differentiating it with respect to A, and setting the result. equal
. . . N
to zero. From symmetry, only half of the structure neec be
analysed. Thus: '
: L/2
v=3i @42+ 1 77 erabe sin P2
o
1 2 x'106¢ 2
4+ = ==
> TFL (A 4y)
75 :
- 2 X ., 4 Xy2
5h AT (4 + G osin o+ By $9)° dx
e ~
L/2 X 2x
- A +4 sin I= == )
i wA (4 AtalnL+AdL_)c}x (6.7 ‘
Qo @

The first term in Equation (6.7) is the strain energy stored in the
bracing system. The second term is the strain energy stored in the
diaphragm flanges. The third term is the strain energy stored in tho

diaphragm web. The fourth and fifth terms are the losses in

potential due to the vertical and lateral loédé, respectively,



Performing the required integration and setting the

derivative of V with respectffo A equal to zero leads to:

. .
@bl 5q Aen, | AL
4 8 x 384 8

wh 8 12 m 4 2
AOL + &L + AVL (6 8)

_ 5 .1 (6.9)

the sum of the three terms in the outside set of brackets ( ) on

the left hand side is approximately equal to the sum of the three

terms on the right hand side. Thus dividing both sides of "

Equation (6.8) by this amount, multiplying and dividing the second

term in brackets by:

%

ana then solving for A gives:

N 1
S ] (6.10)
wLh

270
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N where 1 + 1 (Af)2 + ..1_12'. (Aw)2 + i (_gg) 4 %éﬁ\_ﬂ_ + _% AfAW
™ .
a = 5 — L) - bAf LY (6.11)
o1 £ - 1 - W .
@ *aanteg) L+t
L ™
Since the total vertical load P is .
- ¢
P = pdL (6.12)
and the total lateral load H is
H = wlL . ¢ (6.13)
. . &
Equation (6.10) can be simplified to
A = ’ (6.14)
1\—

o~

Sway effects are also ééferred to as PA effects, because of the PA

term appearing in the denominator of Equation (6.14).

Limits on & can be set. 1If the end walls are very stiff

and the roof deflection is caused mainly by shear deformation in
the deck
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If the end walls are very stiff and the roof deflection is .caused

mainly by flexural deformation of the perimeteryroof members:
, _ -

’ (6.16)

= 1.0 - (6.17)

Thus aaﬁuSt always be between the limiting values of O.67Iandvl.0.
% Since the shear in the diaphragm web, the axial forces
in the diaohragm flanges, and the axial'ﬁdrces fh the erd well -
brac1ng members are all pronortlonal to the roof deflection, which
in turn is proportional to the lateral load, sway effects can be
conveniently accounted for in design by multiplying the lateral
gload by'the~am§lificaﬁion factor A. This approach, which can also
be shown to be valid for sindle storey rigid or semi-rfgid frames,

i

is fq}lowed in the illustrative .examples in this chapter.



a '6.3.5:;Simplification'Fd} Preliminary Design . _‘v%

N . - a
» o " .
”

3

'+ The amplification factor cannot be computed .from

Equatid%@(6: 4) until after the breeing\members and the‘foof
'dieohtegm are designed and their'properties arerinown. Tﬁerefore
for prellmlnary deSLgn it is neces:ary to be able to account for
the :way effects approx1mate1y. i“ o yf ;

-

As discussea fabove, the amplification‘factor is usedeto.
miltiply the lateral loads,_which maywbe causedipy eiEhe£ wind or
eaﬁthquake.' The fifst assumption that wiii'be made is that,the
 ;[00£ dlaphragn is rigid o that the quantlty(1 used in computing

the amplification factor is 1. O~ This assumptlon is conserveative

since a must alwavs he between 0.67 and 1.0 as shown earlier.

The quantlty A is the sway due to the lateral l1oad ?; 

‘and 1s usually g;t llkelj to exceed aoprox1maﬁelyﬂh/200 at the

I .
spec1f1ed load level for wind or earthquake. . At the factpred 1sad

_ level, when snow load is not considered to act in combination with

|
-1

lateral 1»oAad,

200

Cfiny . [ . v v
' } PR ; ’ o 3
. . . .

A=1.5 50 | T (e.dB)
If snow load is eopsidered,
B =0.7 x 1.5 52 ST (6.19)




Example 6.1

|

1

I
I

Given

\ el . .
Estimate|the factored, amplified lateral loads on the

\ structure shown in Eigure‘6.l due to:

N\ |

\%. wind in the summer, and

¢

-

2. wind in the winter.

/

' The specified_loafs were ‘shéwn to be:

!

‘D = 31.5 psf (Example 2.1)

L = 48 psf (Example 2.2)

0 = 18.7 psf (Example 2.{) |
- Solution ‘. s

|
1

1. IWing in the Summer |
| | *X

- The ‘factored vertical load is:

P =1.25D = 1.25.x 31:5 x 200 x 120

1000

The factored, but unamplified lateral load is:

e

= 945 kips

/

=

v



3
| SR Ty
: - ~ : v 200 x 21 ; . L
.f H ;.5 Q'— llf‘x 18f7 X 572?1555 58:? kips
~ -
The estiméted‘defleétion at the factjrqd;load-ievel is:ﬁ; *
| . . o .
. A
A lfS 500 1.5 x 550 1.82 in. . (dg. 6.18)
q: ) (c ) . ‘ _-’._.a.
. — . N
v f" N -
& ne amplifica“ion factor is: ‘\-n '
. \ Y
1 Y P
AT By T TTTI.0 x 945 % 1.89 (Eq. 6.14)
-1 =%Hh 1-7358.9x ¢1 x 12
7‘/ 1.14

‘ o, ' . 1
Therefore the factored, amplified latera% load is:

H ='58.9 x 1.14 = 7.2 kips

2. Wind in the Vinter

~
2~y

" I

The factored VGrtiCai load is:

P=1.25D+ 0.7 x 1.5L .
= (25 x3L5+0.7 x 1.5 x 48) x S
| = 2155 kips. ; N
| - h
B / ™
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~ The factored‘butvunamplified lateral load is:

jas}
1}

0.7 x 1.5 Q - - ‘

200 x 120
07)(15)’187){-—2——}(—1-60—0—

A
[t}

41.2 kips

The ‘estimated deflection at the factored load level is:

.

_h

A= ' (Pa. '
0.7 x 1. 5200 , | (q. 6.19)
S N e | | .
= 1.32 in.
The amplification factor is: . ‘ ' _ A

a = 1 = P 1. i
: PA ' :1.0 x 2155 x 1.32
1 -agh 1 - "31.2 x 21 x 12

(Eg. 6.14)

= 1.38
Therefore the factored, amplified lateral load is}

H = 41.2 x 1.38 = 56.9 kips.
| '

Wi

The most severe lateral load occurs auring the summer.
Although the sway eﬁfect is smaller than in the winter (an
amollflcatlon factor of 1.14 versus one of 1.38) the lateral load’

is not subject to a reduction by the load combination factor.
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Similar calculations (not shown) -indicate that the design of the
o | \ - )
lateral load resisting system is not governed\by earthquake

1nading. ‘ -

6.3.2 Effect of Column Out-of-Plumbs

” In‘Example 6.1 only the -effects of aead load with full —
iateral‘load and the effédts of aead load with reduced snow load.
‘and lateral load were considered. A third combination, dead loacr
“with full snow load ard a small-iaté;al ioad to'simhlate‘columh

out-of-plumbi should also be considered.

The ﬁékimum out—of—élumb permitted in Reference (1) for
a ‘column is 1/500 of t;he-}:élufnn'height. If the distribution of -
othOEFplembness'of columns 1in anbuilding is measured, it would‘be
found fhat some columhs may be out—qf—plumb in varyihg amounﬁs‘in
one direction, while others would be éut—of—pluhb jo}% vérYing
amounts in the other direction, as illustrated in Figure 6.2(a).
Although the actual out-of-plumbs should in most caéeé be less
than the maximum bermittéd value given above, it is possible that

some columns may be out-of-plumb by more than this.

Based on a study of column out—-of-plumbs in
’buildings(78)_it may fealﬂE;icélly bé'assuméd that aftef‘
erection there is an‘equalvpfobability of a particular out-of~
‘plumbness §; occurring in oﬁe direction or the other diréction‘.

J
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(@) A series of n - out-of-plul¥i§

J = One Standard Dévicﬂ{)n_

\ - Design Value -

Y
. h

@

| Bo
I B

1
~

(b)  Frequency diagram of oyt-of-plumbs

'FIGURE 62 BRACING FORCE REQUIRED TO RESIST
- ) - THE EFFECT OF COLUMN OUT-OF-PLUMB
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i

The probability density function of §i/h thus will be symmetric,
as illustrated in Figu:e'6.2(b), With.a mean close to zero, and in

the' analysis in Reference (78) it is therefore assumed that §i/h

vfollowsAa normal probablity law. Since § 1is a random variable,

the out-of-straightness §j/h also will ba random. Since h is a
deterministic parameter,. the statistiCal characteristics of (8i/h) ,
_thus will be directly proportional to those of §j.-

Based on these assumptions it can be shown that the
effect of "n" out-of-=plumb columns can oe simulated witﬁ a

.ficticious lateral force given by(78);

'F=gs /¢ Ci2 : o (6.20)°

‘whers  Cj = factored axial load in column "i"
§ = 0.0017 = sgandafd'deviation of measured. out-of-
o . .. o ' 2
plumbs (see Figure 5.2 (b)),
B = 3.5 = a "safety ihdexﬁAsuch"that there is aa = ¢
acceptably small prdbabiiitY'of a given §3/h eXceediﬁg Bo

Y

Use of Equation k6.20) is illustrated ih £he following éxample.

.Example 6.2

- Given:

Estimate the ficticious iateral load to simulate the
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effect of out-of-plumb columns in the structure shown in Figure

’
B

6.1. A plan view of. the’ column lay-out is shown in Figure 5.1.°
TheAspecified dead load is 31.5 pSf and the specified'snow'load‘is,

48 psf.

- Solution

-

The fFactored ron load is first determihedt o

1.25 D + 1.5 L = 1.25 x 31.5 + 1.5 x 48 = 111 psE.

3

. By éqtual count, the number ©f columns and.-their assog&ated

tributary areas and,locads are:

No. of Columns : Trib.}Area,-(ft.z) C (kips)
8 S w00 - 178
20 “g00. ., 44 77
8 s | S350 -390 o
4 100 S

thereforé‘thé'Iatefal force used to siﬁulate column out-of-plumbs .

is:

RNORS
0
[V h

»n

H =g (Eq. 6.20)

S 1=l

3.5%0.0017x /8% (178) 2+20x (44) 2+8% (39) 2+4x (11) 2

3.3 kips
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‘Since this ig much smaller than the lateral loadg~

\,

conputed in Example 6.1 the effects of - this loadlng case are o

{

~(' negllglble. A systematlc study is requlred, u51ng the approach in

-

.-

th1s example,vto determlne if thlS is generally true - that’ 1s, to

determlne if the effect of column out-of-plumbs can be 1gnored for

13

s1ngle storey ‘buildings.

6.4" Load Transfer in the Plane of the Roof -

&
In Section 6.2 methods of lateral 1oad transfer from :
the walls to the roof were dlscussed, and in ectlon 6.3 it was _ i Q
shown how sway effects can be accounted for b ampllfylng thesef
loads. “In thlS sect1on ‘transfer of ‘these (amollfled) lateral

loads in the plane of ‘the roof to the braced end walls is ‘

dlscussed

Lateral loads can be" transferred in the plane of the

_ roof by elther dlaphragm action of the roof deck- o} bj a dlrect

€7

actlng brac1ng system de51gned for th1s-purpose. As shown in

: CHAPTER III, 51gn1flcant cost sav1ngs are. oern p0551ble 1f

diaphragm actlon 1s used 51nce ‘the roof deck is required in any

event to res1st the vertlcal loads. Nevertheless, in some ‘j'"ﬂ‘ . {a
51tuat10ns the engLneer may wish to employ a d1rect actlng bracing -
scheme." Both.mecnanlsmS‘ofiload transfer.are dlscussed in this

sectron.
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6.4.1 Diaphragm Action

Whed diaphragm action is used, the roof is designed to
act as a large horizontal plate girder of length L andxdepth_d, a§‘
shown in Figure 6.3(a). As illustrateé in.Figure 6.3(b), £he
flénges of the girder consist of trimmer angles, required on all

L

four sides of the diaphragm. The web of the girder consists of

the roof deck. The supports are the braced end walls.

To simplify the design it is assumed that the flanges
resist only flexural forces and that the web resists only shear
forces(?g). Thus the maximum axial force C in either the top or

. bottom flange is:

‘

© _ M _ wLZ ‘
Cc =2 8o a . ,(5-21).

where M is the mid-span bending moment due to the lateral load w.

The maximum shear flow, g, in the web is: = =
R wL
q=3° 33 (6.22)

o
T

where R is the girder reaction. The maximum roof deflection AT
is determined as.the sum of a flexural component and a shear

component:
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(c) Shear Connéétor

FIGURE 6.3 DIAPHRAGM ACTION
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. p - Swhd | wLeF
T 7384 EI g x 106 4

(6.23)

where 1 is the moment of inertia of the trimmer ahgles #Bout the
centrodial axis of the girder, and F is the "flexibility factor"
of the root deck, in units of micro-inches per pound. This is

illustrateu schematically in Figure 6.3(3)

In Equations (©.21) to (6.23) it is assumed that the.
lateral load acts as a uniformly distributed load. Although this
is valid for an earthquake load when the roof is subjected to full -
snow load, since the earthquake load is proportional to the roof
load, it is clearly a simplification.for wind load if the walls
consist of girts and claddihg. For this latter case a more de-
tailed analysis could be made by'éssuming the lateral load acts
as a series of point forces at each column location, as discussed in

Section 6.2, however, for simplicity this will not be done here.

As illustrdted in Figure 6.3(b), trimmer angies are
usually required along the roof perimeter if the walls consist of
girts and cladding; these members can also function as the girder

flanges, thus resulting in a cost saving. If the wall construc- .

“~-~, tion is such that trimmer angles are not or@jinarily required, for
. N !

1) e

example with masonry block, a cost saving may be possible if the
perimeter roof beams and joists are designed to act as the .flanges
instead. 1In this dase, however, tests are required to determine.

if the joist Seats are able to transfer the shear adequately.
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The ability of the roof deck to resist“yeb shear de-
pends -on a number of factors including deck thickness, deck pro-
.tlle, fastener pattern, span, and length of deck unit supplied,
but, as illustrated in Figure 6.3(a), not on the orlentatlon of
'the units relative.to the direction of the applied loads(29)
Dlaphragm strengths and flexibility tactors for a common roof deck
profile and various fastener patterns have'been published in"Ref—-
erence (29), and are reproduced in Tab}e 6.1. Other deck profiles
have been‘included in'the literature of different companies sup-
Plying these products, and in techoical reports. (79,80,81) e
.Untorthnately nmuch of'thé/test‘}nformation summarized in the

literature of the roof deck suppliers is proprietary and is not

readily available. \\\_

The values listed in Table 6.1 are alowable values, =~ O
extrapolated from various large scale test results in which a
factor of safety of 3.0 has been incorporated. At the time of
writing they have not been converted to a limit- states format
therefore in the example that follows the dlaphragm shear computed
u51ng the factored loads is divided by the live load factor of 1.5
and is then compared with the allowable shear. Additional
research is reguired before an appgop:iate performance factor can

be determined.
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Example 6.3

Given
In Example 6.1 the factored, amplified lateral load on
the structure of Figure 6.1 was shown to be 67.2 kips, iel, w =
67;2/200 = 0.336 kips/ft. This load is to be transferred 'in the
, f :

plane of the roof to the end Wails”by diaphragm action. Select:

1. the girder flanges (trimmer angles) using an'anglé section in.
G40.21 44W steel (Fy = 44 ksi.),

2, th% ﬁumber of Fransvérse aré spot-ﬁelds per deck umit and the
spading of the’ side lap button punch connections; and

3. coﬁpute the maximum roof deflection at service léad-level,
using,a spécifiedﬂwind pressﬁre of 14.9 psft, as computed in |
Example- 2.4 for a probability of occurrence of ane‘in ten

years.

r

@

Assﬁme that the roof deck units até 1.5 incﬁés deep, 0.030 inches

'lﬁglék, 2 fee£ wide, 21 feet long, .and Wiﬁh flutes atpﬁ inches on
centers,‘as shown in the inserts to Table 6.1. The buildind

- dimensions L, 4 and h are 200, 120 and 20 feet,"respectiveiy, and
the roof joists are evehly‘spaéed on 6'-8" centers.

Solution. : ' » o

1. Design of the Trimmer Anglés
. . Y ’/( YL ' !

R

,

As illustrated in Figure 6.3(b), the roof deck is.
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welded to the trimmer angle. The weld spacing must not exceed 48
inches, as discussed'later.f It is assumed, therefore, that wind
loads actlng on the cladding are transferred d1rectly 1nto the

roof deck, and that th1s angle do s not_ have to resrst a local
bending moment. The size of the angle will be_deterhined by assum-~
ing thattit behaVes as‘'a c;lumn with a length equal to the distahce
between roof joists. Conservatlvely, 1oad transfer through the
jOlSt seats to the perlmeter roof beams can be 1gnored Instabll-

1ty will be assumed to occur about the weak (z-2) axis of the angle.

1]
o

Try a 3 x 3 x 5/16 angle -

The ¢ross sectlon properties for a 3 x 3 x 5/16 angle

“are given in Reference (5):

—_0.59'in.

. Ly =
& A =1.78 in.2
g “o '
, b =3 in.
-t = 0.3125 in.

Qe
ﬁi

The non-dimensional slenderness ratio is

KL /F | o . . |
=KL / Fy L | (E s

an

_ 1.0 x 8 x 12 13
0.59 Y a2k 29000:

2.02°

b
>



|/

i,' / o . 289
|

S
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Since 2.0 gh< 31@ the factored compressive resistance is given by

Cr = ¢AFy (0.009 + 0.877 A~2) ~ (Eq. 5.1)

0.9 x1.78 x 44 (0.009 + 0.877 x (2.02)72)

'15.8 kips ‘ o

| a
‘The maximum compressive force is

- |

. 20002 - ‘ .
= 0336 x (200)° © (Eq. 6.21)

14.0 kips S
Since this is_less than Cp- = 15.8 kips, the 3 x .3 x 5/16 angle is-
satisfactory. Similar calculations also indicate that it is also

the lightest member that can be selected.

2. Design of Shear Diaphragm

As indicated above, the diaphfagm.strengths in Table
6.l are allowable values.Q Therefo;e;-in computing the maximum
ha diaphragm shear the séecified, not factored,‘lategalﬂload mﬁst be
\usedb. This is done by dividing thg factored latéral load by the

live load'factor of 1.5

pey

©_ 0:336
S P -

S

=.0.224 kips/ft. o _ -

LI g,

s
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The maximum diaphragm shear is

- WL.
47723
_0.22 x TP 1000 - (Bq. 6.22)

2% 120

187 lbs./ft.
't
which, from Table 6.1, can’be safelyiresisted if there are 3.
transverse welds per unit and the side lap connectlons are at 24
1nches.center—tofCenter. Interpolating linearly between the
.tabdlated Qalues of 240 and 212 lbs,/ft. for deck sgens ‘of 6 and 7
“feet, respectively, the allowable diaphragm shear for‘a-spén of

6'-8" is 221 1bs./ft.

F. Calculation of Roof Deflection

¥

The lateral load is found by multlplylng the w1nd

pressure by one half of the height of the bulldlng

= 14.9 x %l = 156 1bs./ft.

The moment,of_inertia of the trimmer angles about the

centroidal axis of the roof diaphragm is.

I =IA (%)2
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120 x 12)2 .
2 C e

2 x 1.78 x (

1.85 x 100 in.4

n -

The‘flexibilitysfactor must also be obtained'by
interpolation from Table 6.1
= 25.1 + 167 R
where R is the ratio of the deck span‘to the length of unit supplied, .

so that

.67

F=25.l+‘lo7x—2]—_—

= 78.1 micro inches per pound.

The roof gieflection can now be computed as

R '_ ‘5wL4 'KWLZF - _ .
AT " 384 EI + 8 x loGd o ) tEg. 6.23)
_ 5 x 156 x (200)% x 1728 156 x (200)2% 76.1
384 x 29 x 106 x 1.85 x 106 8 x 106 x/lQO
= 0.11 + 0.51 | o s

e

//

0.62 inches.
Note. that thlS is the roof deflectlon relatlve tq/the end walls,

"~ and 1s not the maximum column sway In gfample 6.6 this roof deflec—,”x
/

tion will be adoed to the end wall" def ectleh and the sum will be

compared to recommended values of ma 1muﬁ/column sway
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The strengths and flex1b111ty factors given in Table‘
6.1 appear to be derived, in part at 1east, from empirical
equations given in Reference (82). For 1.5 inch deep galvanized
‘deck.units’2°feeh‘wide,'flutes of 6 inches.center-to-center,.and
buthen punched side 1lap EOnnectiqns some sinplification of Ehese

equations is possible. The strength equation can be written:

q=(q +qp 3 - S (6.24)
q3 - .
. ' 6 .
. but not greater than g + g3 or 3.25 x 10 _t
" . T : 2~LV‘2
where - , _ ' B , | ' R
S 92 tK N - . , T
= o : . : 6.25
/gy = Iy 1 | e
42 /ql (0.31 + ClL t) I (6.26)
q3 = 3602 t (6.27)
oL+ (G2)4 o
L t
t = deck thlckness 1n 1nches,
Ly = deck span in feet,"
Ci = 4 for 3 transverse'welds/nnit

= 5 for 5 transverse welds/unit

T

3 Cp = 0.043 for 3 t;ansvetse-welds/unit,..
= 0.038 for 5 transverse-welds/unit, and
aé = spacing of the button punch connections, in feet.
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. Similarly, the equation for the flexibility factor can be written:
) . . : . ’ :

v ’.,\«\\-’
F = Fp-+ Fz + F3 : v . . (6..29)
'>where . | \

, oy | | f | | _

F1 = 13¢ S . (6.30)

o 1” - o .

Fp = 2V (0.31 + y 91 T (6.31)

2 80 ( ‘ ClLvt qy + 92 ' ‘ '
F3 = —R | (6.32)

- C3 = 33 for 3.transverse.welds/un1t
| 133 fof 5 transverse_Qelds/unit,
) .
lSubstitusion of numerieal values into'ﬁhese‘equatioﬁs produces
values of g and F that ere-almost identical to those given in
Table'G.l. Unfortunately the thebreticaL backgroundifor the gen-
eral fdrm of»these equations is not:g;ven'in‘Reference (82),‘hor‘

- are these expressiohs compared with test results.

It is standard practice in Caneda7£o'fastenvindividuel~
deck units to the'suppdrtingffiamewerk with’a:cdspet ("puddle")

;,welds. Depending .on the;r-iocations, arc spot welds are divided

-1nto two groups, transvegse welds and long1tud1na1 welds. As'shown

.in Flgures 6.3(b) and- (c), trangverse welds are - perpendlcular to

~ the deck flutes while longltudlnal welds are parallel to the deck

‘ﬁlutes. In Reference (29) it is recommended that the longltudlnal

weld«spac1ng, aw, not_exceed the maximum distances given in Table

. —_— T

A
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6.2, or 4 feet. Since roof joists are spaced, typically, 5 or.

more feet apart, specral shear transfer elements are therefore

‘usually requ1red on all 1nter10r girders between joists.  This is

1llustrated in Figure 6.3(c).

For. lightly loaded roofs it may be more economlcal to -
om1t the shear connectors. However, add1t10nal research 1s

requ1red before appropr1ate dlaphragm strengths and flex1b111ty

!
factors can be determ1ned.‘ Although some: work has been done in

3

thlS area(17,48) it js more appllcable to screw . connected metal
wall dlaphragn(/(see Sectlon 5.3.4) 51nce the fasteners are
assumed td//e elastlc - perfectly plastlc. This 1s not a val1d,?

.
assumption for arc spot welds.

- 6.4.2 4Direct Acting Bracing Schemes
o ‘ ‘ — .

Lh

It is-usually more economical toxtransfer'loads~in the

plane of the roof by dlaphragm actlon of the roof deck rather than

through a dlrect actlng bracing system. Howeverrln some_srtua—

‘tlons,qfor example when mechanlcal requ1rements dictate a large

'number of: roof openxngs, it may be 1nadv1sable to rely on dia~

phragm actlon. Only a small amount of research has focussed on

‘the behav1our of diaphragms w1th openlngs(83)

’

Q

Bracing members are usualgy flat plates, angles -or

rods. Use of thin flat plates may at flrst glance appear to be

particularly attractive since they can be fleld weldedlto the top

P
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Deck Gauge  Nominal CérewThickneSs " Factor*
22 o .030 in. . 1380
20 . ..036 . © 1650
18 -~ .048 22000
6 - .060 - . ® . 2150
2020 :.036/.036 T 2750
20-18 S .036/.048 L 3120

*Divid@e factor-in: this Table by. the specified diaphragm shear to
~get spacing of welds in feet to framing members parallel to .

flute;, -Thg spacing in no case should exceed 4 ft.. 0 
/ | | TABLE 6.? ,LON(;iTUDINAL WELD _spAic/:mG-. FACTORS "
~
EN



"surfaces of the top chords of the roof joists while angles or rods
are usually attached to the underside of the top chords in order

to allow proper connection of the roof deck. Erection is less
costly since there is no interference with the top cbord bridging.
However, flat plates are susceptible to bending or kinking durimg
shipment to and storage at the job-site. Their use, therefore,

may not be ad;isable unless precautions are taken to avoid this

type of damage.

A typical roof bracing scheme is illustrated in Figure
~6.4(a). It is apparent that bracing sohemes can be highly
indeterminant, even with a simpleéburldiqg lay-out such as this
one. However, the bracing members are usually so slender that
they ere ineffective in resisting compression and the simplifying
" assumption can be made that all ‘compression diagonals are buckled
and only the tension diagonals are effective. Thus the staticaily
indeterminant bracing scheme shown in Figure 6.4(a) can be reduced
to the statically determinant system shown in Figure 6.4 (b).

Often calculated bracing forces may be so small that the
design of the bracing members is goverped by an arbitary decision on
the maximum slenderness ratio that should be permitted for these mem-
bers. 1In Reference (1) a maximum value of 200 is recommended for
members designed to resist compression, and 300 for tedsion members.
It is suggested however that this latter requ1rement could be walved
1f 1t is sbbwn that’ flex1b111ty,'sag, vibration or slack w111 not be'

detrlméntal to the pekformance of the structure. For-llght :

296



Lay-out

(@) Actual

(b) _.S,imp_lifie“‘d vStotichIy Determinont Lay-out

FIGURE 64 DIRECT ACTING BRACING SYSTEM
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industrial buildings without overhead travelling cranes the

slenderness requirement for tension members can usually be waived.

6.5 Load Transfer in the Planes of the End Walls

Lateral loads are transmitted from the roof to the
- foundation through the end walls. These loads may be transferred
in the plane of the end walls by diaphragm action, a direct acting

bracing system, or a combination of these mechanisms.

Diaphragm action of the wall cladding was discussed in
Section 5.3.4. Ag discussed in that section, it is assumed that
the girts are connected into the column;mebs, If theigirts are
connected into the column flanges, or if the girts are connected
1nto the webs but the walls contaln a large number of door and
window openlngs, it may not be possible to develop dlaphragm

actlon and a dlrect actlng bra01ng ‘scheme may have to be. used

1nstead.

Several dlfferent types of braolng systems are shown in
rFlgure 6. 5.v Although the "rlght ~-left” and "X" brac1ng systems are
perhaps more common, "K" and "A" bracing systems are often used

for framlng around wall openlngs These b;aC1ng systems may be .
designed as either "tension only" or "tension—compression",bracing'

systems.

One question that sometimes atiSes'with the tension-
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- FIGURE-65 VARIOUS TYPES OF BRACING SYSTEMS -
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compression & brac1ng system concerns the effective length of
the compressive brace if it 1is connected to the ten51on brace at
_ir's mid—éoint. To analyze this problem, consider the braced bent
shown in Figure 6.6(a). The applied shear iS-denoted*R, and the
resulting forces in each brace are denoted C, one of wh1ch is a
'compression force and the other a tension force. The length of
each brace is denoted ¢ . ‘The'buckled shaée.of the system‘is as

shown.

' The tension brace acts as a spring. ~The spr(ing
stiffness k includes the bending stiffness of the -brace, plus a

' stiffness term due to the tension force(39);

48EL , 4C C (6.33)

"where I is:the moment'of inertia for out-of-plane bending. The
compression brace can therefore be idealized as shown in Figure
6.6(b), for which the critical elastic load is(39) .

Cor = (L+ 2 gé) Ce (6.34)

whereyce is the Euler buckling load

Ce = légl o , (Eq. 5.5)
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C (tension)

- C (compression)

«—FR
s
'(a) BUCKLED SHAPE -
| Kf" |

| ]
| — ]

(b) EFFECTIVE LENGTH OF COMPRESSION
- BRACE ' .

FIGURE 66 ANALYSIS OF "X" BRACE
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where

K = Ll “ S  (6.36) -

‘ - L SR '
‘is'thefeffectiVe 1ength~factor. U51ng Equatlon (6 36) 1t is seen
that K must. always be less than 0 725 thus use of K equal té

-'unlty may be overly conservatlve. After K is computed the member"'"'

~ can be de51gned as.a column using Equatlons (5. 1) and (5 2) | The
dlscuss1on of max1mum slenderness ratlos 1n Sectlon 6 4 2 for

brac1ng members in the plane of the roof applles GQUally well forhd"t.

- bracing members in the planes’ of the end walls.

If a "tenslon only".direct acting bracing system is
,coubled with d1aphragm action, the ultlmate shear load R that can
be resisted is equal to the. shear capacity of the wall claddlng
added to the horlzontal component of the factored yleld load of

lthe tension brace, prov1d1ng the brace is fabr1cated from hot
rolled steel This approach is poss;ble because it has been
'demonstrated that both have sufficient ductility for the complete
system to develop its ultlmate strength(84) ‘Initial tightness
of the brace betwen 0 and 20 percent of the yield load‘dees'not ‘

‘significantly reduce this ultimate strength(84),

Example 6.4 - - ..

- Glven . ) . T‘ ‘, — '_f, s .o d ‘f_" “‘ ‘ ;‘..‘

In Example 6’3 dlaphragm actlon of the rbof deck was

used to transfer the factored lateral load of 0 336 kaps/ft. ;-’:.‘Ah

s



acting at roof level on the structure shown in Figure 6.1 to the
end walls. As indicated, the_structure is_ZQOVft.'lohg, 120 ft.
rbw1de and 21 ft high. The exterior columns‘are spaced 20 ft.
Hapart, In thls example a combination: of d1aphragm actlon of the
1:wall claddlng and a‘"tens1on-only rlght left" direct actlng
“bracing system w1ll be used to transfer the ficticious "plate ‘
’vglrder reactlons of R = 0.336 x 100 = 33.6 klps down to the

. foundations.

' In Example 5 6 the factored dlaohragm strength was
f,shown to be 221 1bs. /ft., however of thls avallable strength 148

1lbs. /ft.vlS requlred to brace the exterior columns, leav1ng 221 -

148Aé 73 lbs./ft. to resist the lateral loads. The braces will be

fabricated from G40.21 44W steel (Fy = 44 ksi).
Solution

The portion of the reaction that can be resisted by

diaphragm action, denoted Ry, is:

Rl=qd,‘

13
7000 -

X 120

8.76- kips % .- -

therefore the portlon R2 that must be re51sted by “the brac1ng

- system is: "

303
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Ry =R + Ry

33 6 - 8. 76

24.8~k1ps.
k2

The axial force in the tension brace is:

_ /[51)2 + (20)2

0 X 24, 8 o

,36;o'kips,
and the required area of steel is:

'¢Fy _
- 36.0 °
0.9 x 44

0.91 in.?

ThlS will be prov1ded by using 3-1/2 1n. x 1/4 1n.”flat plates, as
- illustrated in Flgure 6.7(a). Two additional p01nts should be

noted, hpwever:

1. as illustrated in Figure 6.7 (b), the girts in the braced ‘bays
msst be slotted to‘provide clearance for the bracing.membérs,
and | ‘ |

,é, since flat plates are susceptible to bending and kinking a

 pre—tens1on detail must be p59v1ded, such as that shown in

. Figure 6.7(c) .
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(a) S BRACtNG LAY-OU,T:,' L »

o (.1:! Slot for Bracing:

T

—

(b)  DETAIL THROUGH GIRTS

il _
+2-3 A325 Bolts
A}

(c)  PRE-TENSION DETAIL

FIGURE 67 DETAILS OF BRACING SCHEME SELECTED
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6.6 Load Transfer From the End Walls:to the. Foundation

A'tYPicalldetall’at'the 1owerfénd of an exterior beam-
column 1s shown 1n Flgure 5.23¢ The horlzontal component of the ..

‘ axlal force in the bracing member and ‘the shear re51sted by dia-
'phragm actlon "of the wall cladding 1s transferred from the lower .

end of the column into the foundatlon through the anchor bolts.

Although the column, by deflnltlon, is fu@jected to a compre351on

~v-force, the column base will ‘be subjected to a'ten51le force if the

vert1ca1 component of the force in the brace exceeds: the compres—

sive force in the column.

- Anchor bolts used in.light industrial buildings are
\usually fabrlcated from 3/4 or 7/8 inch dlameter steel ro@s w1th a -’
minimum spe01f1ed y1eld stress of 36 k51. The bolts are threaded

at one. end and bent at the other to form a right angle, as shown
_1n Flgure 5. 23 _The d1men51ons shown are representatlve of‘those .

‘ used in pract1ce, however actual dlmen51ons may vary from those

1nd1cated.

‘In heavy industrial buildings anchor bolts may consist
instead of 1-1/4 to 3 inch diameter rods with a nut and washer
anchorage instead of a right angle bend " The strength of thlS

i type of connection is con51dered elsewhere(as)

Very ‘little information is available to assist the

designer in determining the number of anchor'bolts required, which‘e‘



3. strength of anchor bolt steel,'

.7. concrete strength,

3 .

s

B ' . _ ,307

) depends~on3a“number offvariables;:including:

.+ 1. the type ‘of loading, -

‘12.Avanchor'bolt configuration and dimensions,

4. dlmen51ons of the foundatlon,_v;,“4*1ii; S e

5. ‘method of relnforcement,‘

6. dlstance from the anchor bolts to the edge of the concrete,

8. grout strength, and ‘ S ‘ i
9. vquality of the grouting operation.

B

In- Appendlx B a serles of teSt results 1s summarlzed tg/determlne ¥

the effect of the flrst of the varlables llsted above.' The

"_remalnlng varlables were held flxed at values typical of those
encountered 1n practlce. ‘ForTexaﬁple}'the‘toundation‘Simulated

"fwas'a ten 1nch thlck wall using’ concrete w1th a compreSs1ve

-“strength F'c of 3000 p51, and the anchor bolts were fabrlcated a

from steel .with-a-specified m1n1mum y1eld strength oﬁ 36 k31. The;)

anchor bolt dlameter d was 3/4 1nch. ~Most anchor bolts used in
this type ofnconstructlon are,.1n fact, 3/4 inch in diameter.

Four addltlonal tests were then performed to determlne the effects

lﬁof over51ze holes 1n the base plates ‘and the ‘effects of 1ncomp1ete

grouting.



‘Since -the effects of the remaining variables were*not.
studied, the.results_are_strictly speaking'of very limited use.
In particular, the anchor bolt’diameter must be 3/4'inch and the

concrete strength 3000 p51. Nevertheless, the results are

non-dlmen51onallzed so that these two varlables appear in the

. strength equation. In the absence of any other experlmental data,v

thislequation'should provide at least some guidance for the
4deSigner.‘ However, the effect of these and the other variables
should be studied. This is considered to be beyond the scope of

the dissertation.

Tests were performed on column stubs for variaus. ratlos

"{of ‘P/F,- ‘where P 1s the shear force per anchor bolt and F 1s the

-

net vertlcal force per anchor bolt. For experlmental convenlence

the column stubs were connected ‘to the foundatlon walls us1ng only

'"two anchor bolts per connectlon - 1t 1s 1mp11ed that the strength

"

of a four bolt connectlon would be tw1ce as’ great. rTyplcal

» »
results are shown in Flgure 6.8.in wh1ch P-is plotted agalnst the

_,shear sllprmovement,-‘

In all of the tests 1nvolv1ng shear the ultlmate
strengths were reached only after large shear slips had occurred,
caUsed by crushlng of the concrete in front of the anchor bolts.
Connection fallures are therefore deflned as the Jloads
Lcorrespondlng to bearlng fallures in the concrete rather than
/

‘fallure of the anchor bolts themselves. In general, these loads

~corresponded to sllps'of.approx1mately 3/8 inch. For the pure

308
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_tension tests connection failures are defined as the ultimate
strengths of the bolts. The test results are summarized in Figure
“6.9. Also shown in Figure 6.9 is the empiricadl equation

o

P=0.85F'cA+,F (6.37)

.¥or combined shear and compression, where A is an assumed
reétangular bearing area of concrete in front of each anchor bolt
eguai in width to d and In length to 5d, and y is the coefficient
of friction between the underside of the steel base plate and the
grout, assumed to be 0.65. For combined shear and tension, the
magnitude of the tension force.F does not appear fo affect thé

bearing strength, so that

P =10.85F'c A (6.38)
% : .
For the purpose of this rg‘frt a performance factor of
0.9 will be used with Equations (6.37) and (6.38) since, as
indicated in Figure 6,8; there is a considerable reserve strength
over the load causing bearing failure in the concrete. A differ-—
ent approach, which will not be pursued further‘here, would be to

base the connection strength on fracture of the anchor bolts,

rather than on a bearing failure, as is currently done with headed

studs used in composite beam design(31). In this case an appro-

pfiate performance factor would have to be detéﬁniﬁedv $
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Example 6.5

Given

Aé showﬁ in éxample'G.z, the lateral loads are trans- =
ferred into  the fbundation partly by diaphragm action and partly
by a direct acting bracing system. The resulting forces acting on
the base of a. column at'a bfaced bay are shown in Figure 5.23.

Tﬁe compreséion force shown in the column is that resulting from
factored dead load only. Determine the number of 3/4 inch
diameter anchor bolts required. Assume a specified concrete -

étrength of 3000 psi.
Solution

Assume 4 anchor bolts are required

Since the vertical component of the force in the brace ‘
does not exceed the compressive force in the column the base plate
connection is subjected to combined shear and compression. The

shear capacity of one anchor bolt is therefore given by:

el
1

0.85 F'c A + uF ~ (Bq. 6.37)

wheré

>
"

(5d) x d

5 x 0.75 x 0.75

2,81 in.2
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'Thus

0.65

P =0.85x 3 x 2.81 + 3

(26.6 - 22.4)

7.88 kips.
This is reduced by the performance factor of 0.9 to 7.09 Kips.

The number of "anchor bolts required is found by dividing the total

shear by the capacity of one bolt:

- 24.8 + 1.46

7,00 = 3.70

n

Use 4 anchor bolts

6.7 Column Sidesway

If the exterior walls of a structure consist of
hasonry, the maximum column ;way is equal to the maximum roof
deflection relative to the end walls. 1In this case it is assumed
that the end walls are so stiff that they do not deform
appreciably. If the walls consist of girts and éladding and/or a
direct acting bracing system, the deflections of the end walls
‘should be computed and added to the maximum roof deflection to

obtain the maximum column sway.



Consider the end wall shown in Figure 6.7(a) in which
the lateral load is resisted by a combination of diaphragm action

of the wall cladding and.a direct acting brgéing system. . As’

discqssed-%n;Seq;ion 5.3.4, the sgifgnegs;peq_Unitﬂwidth‘of;aj,gyjf“]j* I

- metal diaphragm is denoted G'. ﬁe—writing'Equation (4.19), and-
allowing for a change in notation, the stiffness kj of the

diaphragm-cladded wall is defined by:

[ ) .
F = kyfp = Qb = __Ghd Ag 4 (6.39)

thus

ky = 22 S o o (6.40)

»

The stiffness kp of the tension brace of area A, length £ and

I

angle of inclination 9 is easily determined as:
ko =‘%?cosz 8 : . (6.41)

It is assumed that since the bracing is "tension-éhly" bracing the
_ o

compression brace has buckled and is ineffective in resisting

lateral loads. The fqrce—defétmation relationship for the end

wall is,‘therefore,

= (G'd | AE ‘
R= (2= + = co§2e) & - (6.42)

314
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A limitgtibn must be imposed‘oh the sway of an indhstrial
structure-sﬁbjected to-wind ibgds for‘ééVe#ai réasons;:,(lﬁ
. aesthetic or visqal~con$idéra£ioﬁs, (2) Ser&;ceabiiitY'of fhé.a
iééide%u?é}féhd?(§)Féémégef;b non-structural’ components.. . For: = .
industrial structures without ;ravelling overhead cranes,
recommended values of maximum column sway.at‘specified load
'iiévéIS"aﬁdfa“l:io'wihd pressure vary from 1/400 to 1/200 of the .
column heights, depending on tﬁe type of wall cénst:gctiohfzo).

- Aesthetic or visual limitatibdéléf;“ié;geiy';Tﬁétféf of
personal opinion, however there is some evidencé that_buildihg
sway can be- easily seen if it amounts to about 1/250 of>the_

i

height‘86).

Deflection limitations bgsed'on serviceability

requirements are also difficult to quantify,

analyzed in a systematic manner. 1In order to\\ € doors,

folding partitions, etc. from jamming, a deflection limitation of

1/240 has been suggested(87) - (

Deflection limitations relatéd to damage of
non-structural components suéh'as'exterior walls are more easily"
determined. For example, consider a masonry wall of dimensions L
X h x t, as shown in Figure 6.10, and wind load acting normal to
‘the side L. va the maximum pblumn sway at midspan is too large,

damage may occur at the base of the wall due to out-of-plane

bending.
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FIGURE 6.10 DEFORMED SHAPE OF MASONRY WALL
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To- analyze thls, a unit w1dth of the wall at midspan of
thickness t (the thlckness of ‘the masonry ‘units) and hglght is
1solated and treated as. a vertlcal cantllever beam sub]ected to a -

p01nt force P-at its end "The tip’ deflectlon is given by(5):

;é = §%%1' | }(éﬁ43i
wheie.llds the moment of inertia given by:
I =§§—' ' o R L (6.44)
and E is Young's modulug, given_by(7);
E = 1000~f',ﬁ ) | _» : (6.45

in which f'y is the compressive strength of the masonry. 1In this
analysis the compressive strength is assumed to be less than 3000‘
QSi,'and the mortar is aséumed'to be either type M of S. However,
the approach can be used for other stréngéhs and-mortar'types
equally well. Limiting the b