2 02

i

National Library ‘
of Canada

Canadian Theses Division

60425

L
- Ottawa, Tanada
« “K1A ON4.

3

PERMISSION TO MICROFILM — AUTORISATION DE MICROFILMER

Bibliotheque nationale
du Canada g

e ARSI~

Division des theses canadiennes

W

e Please print or type — Ecrire en lettres moulées ou dactylographier

Full Name of Author — Nom complet de | auteur

LornA e

ok Biens

Date of Birth — Date dga naissance

- a [oq [ 58

Country of BTr;\ — Lieu de naissance

CAnADA

. Permanent Address — Reésidence fixe

. KR +3
SAINT

Rep

Jown, N.B

€E20

HEAD

Title of Thesis — Titre de la these

AN D
WALL

ANALYS 1S
SHEAR

DESIG N

SYSTEMS

University — Universite

 UNivEr= Ty

OF A LBERTA

Degree for which thesis was presemeb — Grade pobr lequel cette these fut presentée

NCE - i

__MasTep 0o ey

Year this degree cor‘ferred — Annee d obtention de ce grade

,,_,,,v,,FAlA.:“ 282 v

Name of Supervisor — Nom du directeur de these

Py
Permission 1s hereby gramed‘to the NATIONAL LIBRARY OF

CANADA to microfilm this thesis and to lend or sell copies of
the film

The author reserves other publication rights. and neither the
thesis nor extensive extracts from it may be printed or other-
wise reproduced without the author's written permission

L autorisation est. par la présente. accordee a la BIBLIOTHE-
QUE NATIONALE DU CANADA de microfilmer cette these et de
préter ou de vendre des exemplaires du film

L auteur se réserve les autres droits de publicatiog. ni la these
nt de longs extraits de celle-ci ne doivent étre imprimeés ou
autrement reprodutts sans l'autorisation ecrite de l'auteur

Date

Signature

A G et b,

/ﬁuyq ‘?4/92‘

NL-91 (4/77)

[T e e



CANADIAN THESES ON MICROFIGHE -

THESES CANADIENNES SUR MICROFICHE \

i

'* National Library of Canada

Collections Development Branch

Canadian Tigeses on

Microfiche Service sur microfiche

Ottawa, Canada
K1A ON4

NOTICE

‘. 3
The quality of this microfiche is heavily dependent
gpon the quality of the original thesis supmitted for
‘microfilming. Every effort has been made to ensure
the highest quality of gproduction possible.

If pages are missing, contact the university which
granted the degree. ’

Some pages may have indistinct print especially
it the original pages were typed with a poor typewriter
ribbon or if the university sent us a poor photocopy.

Previously copyrightad materials (journal articles,
pubm“%g tests, etc.) are not filmed.

Reproduction in full or in part of this film is gov-
erned by the Canadian Copyright Act, R.S.C. 1970,
c. C-30. Please read the authorization formis which
accompany this thesis.

THIS DISSERTATION
HAS BEEN MICROFILMED
EXACTLY AS RECEIVED

NL-339 {v. 82/N8)

I.S.B.N. '

Bibliotheque nationale du Canada
Direction du développement des collections

Service des théses canadiennes

AVIS

La qualité de cette microfiche dépend grandement de
la qualité de la thése soumise au microfilmage. Nous
avons tout fait pour assurer une qualité supérieure
de reproduction.

Sl manque des pages, veuilléz communiquer
avec !'université qui.a conféré le grade.

La qualité d'impression de certaines pages peut
laisser a désirer, surtout si les p!ges originales ont éte
dactylographiées a I'aide d’'un ruban usé ou si l'urtiver
sité nous a fait parvenir une photocopie de mauvaise
qualité.

2

Les «documents qui font déja I'objet d'un droit *

d’auteur (articles de revue, examens publiés, etc.}) ne
sont pas microfilmes.

La reproduction, méme partielle, de ce microfilm
est soumise a la Loi canadienne sur le droit dauteur,
SRC 1970, c. C30. Veuillez prendre connaissance des
formules d'autorisation qui accompagnent cette these.

LA THESE A ETE
MICROFILMEE TELLE QUE
NOUS L'AVONS RECUE

’ Canadi



THE UNIVERSITY OF ALBERTA

ANALYSIS E&g DESIGN OF STEEL SHEAR WALL SYSTEMS

by ‘

5
A, L]
’ ((iii:> L. UANE THORBURN

. [ A THESIS
SUBMITTED 70 THE FACULTY OF GRADUATE STUDIES AND RESEARCH
IN PARTIA%’FULFILMENT OF ‘THE REQUIREMENTS FOR THE DEGREE
' OF MASTER OF SCIENCE
IN
CIVIL ENGINEERING

EDMONTON, ALBERTA
Fall 1982

o~
p



THE UNIVERSITY OF ALBERTA

RELEASE FORM )
NAME OF AUTHOR L. JANE THORBURN
TITLE OF THESIS ANALYSIS AND DESIGN OF STEEL SHEAR WALL
> ' SYSTEMS

DEGREE FOR WHICH THESIS WAS PRESENTED MASTER OF SCIENCE
YEAR THIS DEGREE GRANTED Fall 1982
Permission is hereby granted to THE UNIVERSITY OF
ALBERTA LIBRARY to reproduce single copies.bf this
thesis and to lend &r sell such qopiés for private,
scholarly or scientific research purpo§es only.
The author reserves o:her publication rights, aﬁd
'hneithef tﬁe thesis nor extensive extracts from it may

be printed or otherwise reproduced without the adthor’s

writtern permission.

_ u .
» ! - (SIGNED) .5*?.%2?&4¢.$v4¢#2. I
.

”~




. 2

THE UNIVERSITY OF ALBERTA Ie
FACULTY OF GRADUATE STUDIES AND RESEARCH

The undersigned certify that they have read, and
recommend to the Faculty of Graduate Studies and Research,
for éécep}ance, a thesis entitled ANALYSIS AND DESIGN OF
STEEL SHEAR WALL SYSTEMS submitted by L. JANE THORBURN in

partial fulfilment of the requirements for the degree of

MASTER OF SCIENCE in CIVIL ENGINEERING.




Abstract

In the last 15 years a few highrise structures have
been successfully completed which employ steel walls to
resist lateral loads. These shear walls are formed from thin
steel plates which in turn are framed by the beams and
columns of the structural system. However, uncertainty still
exists as to how the walls should be designed, as very
little technical information has been published dea]iﬁg with
suitable methods of analysis. A study was therefore
under taken to review the existiag steel shear wall systems
and to develop an analytical technique suitable for studying
the force transfer in a storey-size steel panel subject to
shear . ]

The existing steel shear cores generally employ a
“Zseries of heavily-reinforced steel pane]§,proportioned to
ensure that buckling does not occur in the working load
range. This approach is overly conservatlve for panels not(
subject to cyclic loads, as it compretely neglects the \\
post-buckling strength of a steel panel. An analytical \
theory which recognizes the contribution of fﬁe
post-buckling strength of a web to the overall shear\
resistance has been developed in this report..

A model was developed to represent analytically the
resistance provided.by the tension zone which arises in a
buckled web. The tension zone in the model was represented
as a series of inclined truss members, orientated at the

4

same inclination as the diagonal tension stress. Using this

iv



model, a series of parametric cgmputer studies were done to
examine the‘influence of various factors on the strength and
stiffness characteristics of a shear wall panel. The panel
stiffness was found to be uniquely related to panel height,
panel length, web thickness, and column .stiffness.
The stress distribution is not uniform throughout the web
and is primarily a function of the column stiffness. The
study also showed that the stiffness limits, and not the
strength, will usually govern the design of'a sﬁear wall
panel,

The conclusions drawn from the analytical study should
be compared with experimental studies of shear wall webs.
Further research is needed to develop a procedure to predict

the stress distribution in a given web.
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1. INTRODUCTION

1.1 Introduction

Shear wall systems in highrise buildings have
conventionally been built almost exclusively of reinforced
concrete. In the last ten years several structures have been
success;ully completed which break this tradition. These
innovative structures employ a series of steel plates,
framed by columns and girders, to transfer the lateral
loads.

The investigation presented herein deals with the use
of steel plates framed by structural beams and columns to
form a shear wall system. The main drawback deterring
Canadian engineers from using this framing scheme is
uncertainty as to how the walls should be analyzed. Very
little technical information has been published describing
suitable analysis techniques and such design requirements as
connection and stiffening details. There have been
descriptive articles written about the structures that have
been buillt using steel shear walls but these contain only
vague references to methods of analysis. The purpose of the
following study is to briefly review the steel shear wall
systems currently in use and to develop an analysis
technique suitable for studying the transfer of forces in a

steel wall subjected to shear.
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1.2 Lateral Load Resisting Systems

A building’'s structural system must be designed to
resist two types of loads, gravity loads and lateral loads.
Gravity loads include the self-weight of the structure and
its contents, while lateral loads result from the action of
wind, seismic, and blast forces on the structure. The latter
type become of prime importance in the design of structures
having a large ratio of height to width, in which case the
wind loads are significant, and also for those structures
built in areas of high seismic risk.

Each of these load types require different
considerations in design. vity loads normally dictate the
size of structural frémihg components such as beams and
célumns. To absorb the lateral lcads to which a structure is
subjected, resistive elements must be built into the |
structure in conjunction with the framing system designed to
withstand the vertical forces.

Traditionally, one of four lateral load resisting
systems has been used in the structural design of buildings.
These commonly used systems are:

a. moment-resisting frames

b. braced frames

C. so-called "tubular” structures
d. shear walls

Moment resisting frames have full continuity provided
at the beam-to-column connections to resist the lateral

loads. These frames usually require very large member sizes



at the lower levels of the building to limit horizonta)
deflections. The economy of the rigid framing system
decreases gradually after the structure reaches about 20
storeys.

Braced frames commonly gonsist of a system of diagonal
members between the columns Jﬁd beams or a K-brace system,
in which the horizontal member is supported at midspan.
These two types of bracing systems are illustrated in
Fig 1.1. Each forms a vertical truss to carry the lateral
loads. They have proven to be efficient for structu}es up to
about 40 storeys high. One disadvantage.of this system is
the difficulty of penetrating the braced walls, as required
for mechanical services and doorways. Control of drift may
also be a problem.

For buildings over about 40 storeys in height, the
optimum bracing system consists of a series of closely
spaced perimeter columns that act together as a cantilevered
box.

Shear wall systems are the most common form of lateral
bracing used for structures in Canada having about 15 to 40
storeys. A shear wall system consists of a series of plane
walls, often surrounding an interior service area, to form a
central core. Lateral forces acting on the outside walls of
a building are normally transferred through the floor,
acting as a'horizontal diaphragm, to the shear core. The
loads are then delivered to the ground through the shear

core.



The shear core of a highrise building subjected to wind
loads can be idealized as a vertical cantilever beam loaded
uniformly, as shown in Fig 1.2. Structural engineers are
fémi]iar with the concept that a member which carries load
ﬁerpendicular to its longitudinal axis will do so most
efficiently when the largest proportion of the cross-section
is concentrated ét the extreme fibre of the section. Thus,
it would be reasonable to expect that the shear core in a
building would act most efficiently when a large proportion
of it% mass was placed at the extremities. Based on this
conclu%ion,'shear corés built up from thin steel plates,
with the building’s columns and beams acting as flanges and
stiffners, respectivély, seems to be an attractive system to
investigate for use in highrise buildings.

A shear core constructed of steel plates has certain
advantages over more conventional lateral load resisting
systems. The following is a brief look at some of the
factors that are important to a structural designer
considering the use of a steel shear wall system.

Comparing the steel shear walls first to a moment
resisting frame, the total steel cost can be substantially
reduced using the former system. Steel savings have been cut
by as much as 50% in structures employing a steel shear wall
system rather than a comparable moment-resisting frame (1).

When the alternative is a reinforced concrete shear

core, the steel system offers reduced foundation costs, as

it is a much lighter system. This feature makes steel plate



pé}ticularly adaptable for upgrading the lateral load
resistance of an existing building while not overstressing
its foundation. Reinforced concrete shear walls for use in
seismic zones must be heavily reinforced and/>even then, in
the event of strong cyclic loading, thgiivgﬁctility and
capacity to absorb energy is limited. In addition, due to
their high stiffness, reinforced concrete walls designed by
a static analysis can occasionally result in inadequate
sizes when compared to a dynamic analysis (2). The streng%b
and ductility of steel plates make them a suitable
alternative for resisting cyclic loads. For this
application, the steel plates should be stiffened to prevent
buckling.

Increased speed of erection is another advantage of
steel plate shear walls. Connection angles or fish plates
can be shop-welded to the columns and beams framing the
walls and then bolted or welded to the steel plates in the
field. Elimination of trade interdependence is another bonus
of the all-steel system. No longer does the rate of
construction of a concrete core control the rate of
construction of the steel frame. Greater fliexibility of the
core arrangement can also be achieved through use of a steel
core.

A feature that is of prime importance to the building’s
owner is the increase in usable floor space that results
from the use of steel shear walls. Concrete walls or steel

f bracing would often result in much thicker walls to provide



the required strength.

Steel shear cores also have some disadvantages which
preclude their use under certain circumstances. These
factors must be considered when judging the system’s
suitability for a particular project and include:

a. possible vibration problems, particularly if the
wall encloses an elevator system.

b. fireproofing requirements.

1.3 Steel Shear Wall Systems Currently in Use
In the last ten years a significant number of
structures have been designed employing steel plate shear
_wa]ls as the lateral load resisting system. The design for
the first structure of this type was started in the Japan in
the late 1960's. By the close of the seventies the method
had been used in the design of a significant number of
structures.

North American reviews have been published documenting
four structures in the U.S. and one in Japan that have been
built using steel shear walls. There is evidence that many
more steel plate shear wall structures have been built in
’dapan in the last decade, but little information about their
design has been published in English. The purpose of the
following section is to briefly examine some of the existing
buildings which have steel plate shear walls as part of

their structural system. These structures cover a wide



variety of structural needs, ranging from a hospital in a
very high seismic zone te a 53 storey office building. They
will be reviewed paying particular attention to the reasons
the designers gave for choosing this particular system to
resist lateral loads. In addition, some of the unique
features of the analysis, design, and assembly procedure
will be discussed, where available, for each structure.

It is believed that the first structure built using a
system of steel plates to resist lateral loads was the Shin
Nittetsu Building, commonly referred to as the Nippon Steel
Building, after the company who owns and occupies it. It was
completed in Tokyo, Japan in 1370 (3). A typical floor plan
of this 20 storey office tower is shown in Fig. 1.3 (4.

The main factor controlling the choice of steel shear
walls for this 20 storey office tower was the owner's desire
to create a prototype highrise building which would promote
the use of Nippon Steel Co. products in new and promising
ways.

Built in an area of high seismic risk, earthquake
motions produced the controlling lateral forces for which
the structure had to be designed. There were two ma jor
structural systems used simultaneously to resist these
lateral loads. For a typical floor, as shown in Fig. 1.3,
there were 42 perimeter H-columns. These columns were
designed to act, in conjunction with the girders, as rigid
frames to resist wind in the longitudinal direction. Seismic

forces in the transverse direction were to be absorbed by
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the five continuous H-shaped steel plate shear walls.

The plate thickness of the steel walls ranged from 4.5
mm, in the longitudinal walls in the upper 10 storeys, to 12
mm, in the lower transverse walls. The 2.75 m x 3.70 m steel
plates were stiffened horizontally and vertically with steel
channels to prevent shear buckling at loads less than the
design load. A typical stiffened panel is detailed in Fig.
1.4. To give the steel panels the required fire rating, the
plates were encased with drywall material, which had a
maximum thickness of 50 mm.

To calculate the bending strength in the longitudinal
direction, the structure was considered to be an ear thquake
resistant wall composed of five H-shaped beams running the
full height of the structure (5. To simplify the analysis,
it was assumed that the shear walls did not carry any
vertical gravity load. Steel beams were designed to carry
all the gravity loads on each floor., in addition to
laterally induced axial forces. The model used to
analytically describe the shear core can be described as
follows. The plates which were orientated longitudinally.
(AB, BC, DE, and EF in Fig. 1.5), were replaced with a set
of diagonal braces resistant to simultaneous tension and
compression. The aregs of these braces were calculated to
give the same stiffness characteristics as an unbuckled
steel plate when subjected to a shearing force. This was
done by assuming that the shear deflection of a plate is

equivalent to the extension of a single diagonal brace in a



truss having the same dimensions as the plate. The resulting
brace model for one of the "flanges” of the H-shaped wall is
shown in Fig. 1.6.

A computer program, using the stiffness method, was
used to analyze this model for the member forces and
deformations resulting from the applied quasi-static design
wind and earthquake loads. In addition, a dynamic analysis
of the structure’'s elastic and elasto-plastic response to
four earthquake time histories was carried out (6). The
structure was designed on the basis of these analyses,
ensuring that its deformations were within the given
tolerances and that the material behaviour remained in the
elastic range. Experiments were done on scaled models of
steel shear walls at the University of Tokyo to test the
assumptions on which the design was based (4),

Japan’'s second structure employing steel shear walls in
the core was the Shinjuku Nomura Tower . Work on this 53
storey office tower began in 1375, five years after
completion of the Nippon Steel Building. The designers
decided to use steel walls because a patent conflict arose
over the right to use reinforced concrete walls in Tokyo
highrises and because the cost of a steel braced core was
found to be prohibitive (7).

The structural steel frame of this highrise has three
ma jor components; a main frame resisting longitudinal
lateral forces, a sub-frame to support vertical loads, and

steel shear walls in the core area to resist horizontal



loads 1n the short direction. A typical floor plan is given
in Fig. 1.7 (7). The 32 square box columns are rigidly
framed to large girders to form the main frame. Sixty-four
wide flange columns, joined to smaller girders with simple
shear connections, resist the gravity floor loads. the eight
T-shaped continuous steel shear walls in the core f#rea.
surrounding elevators, stairways, and the mechanical shaft .
provide transverse lateral resistance.

Steel plates, 3 m by 5 m, were bolted to the steel
framing members to form the continuous shear wall. Plate
thicknesses ranged from 6 to 12 mm. In Fig. 1.8, a
plaﬁe-to-column connection detail is shown. The number of
high-strength bolts per panel varied from 200 to 500
depending on the load in the panel. The connection plates
were shop-welded to the columns and field-bolted to the wall
panel. This erection process required very precise drilling
and alignment techniques and created many delays in the
field. Both the contractor and the designer agreed that a
completely welded connection would have been a better
alternative. Despite this shortcoming. frame erection was
rapid, requiring less than 3.5 days per floor, on average
To achieve the recommended fire rating, sprayed-on fire
protection was applied to the plates. A wire mesh was first
attached to the panels to provide an anchor for the sprayed
on material. The result was a shear wall made of steel
plate, as thin as 6mm, with sprayed-on fire protection up to

50 mm thick.
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The analysis‘uf this structure was similar to that for
the Nippon Steel Building, i.e. , the steel shear walls were
modelled with an equivalent strut system having the same
‘force‘deformat1on characteristics.

In about 1976, the steel shear wall concept was used 1n
the design of three structures 'n the United States. Two of
these were hospitals in California. the first to be designed
under the very strict building codes that resulted from the
destructive San Fernando tarthquake of 1971,

The Olive View Hosprtal. just outside Los Angeles, was
one of these first hospitals to use steel shear walls. [t
was built on the same site as a former hospital that was
destroyed by seismic forces in '37!. New structures at this
site had to be designed for ground accelerations up to 0.69g
(8). To resist such large forces. reinforced concrete shear
walls would have to be extremely thick, requiring elaborate
reinforcing layouts around windows and other openings. Such
thicknesses would have taken valuable floor space. As well,
concrete walls would have resulted in a greater mass than
steel walls having equivalent strength. Since the seismic
force to which a structure is subjected, for a given ground
acceleration, is proportional to the structure s mass, a
heavier structure must be designed to withstand a larger
seismic force than a comparable but lighter structure. Based
on these considerations. the designers opted to use steel
plate shear walls in the upper four storeys and reinforced

concrete walls in the first two stories. The use of the
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steel walls accounted for substantial savings in steel
weight over the other alternative of using a
moment-resisting frame. Although more fabrication was
required for the former system, the net result was a more
economical design.

The structural system consists of a steel space frame
to carry the vertical loads and a combination of steel and
reinforced concrete walls to carry the horizontal seismic
loads. The roof and floors act as horizontal diaphragms to
transfer the siesmic forces to the walls.

The steel walls used in this structure consisted of
steel panels one storey high and one bay wide. The top two
storeys contained 16 mm steel plate and the lower two had 19
mm plate. The panels were stiffened horizontally and
vertically with steel channel sections (9). These channels
were joined to the plate with toe welds and were located
around the window openings. Channels were also shop-welded
to each side of the plate at the floor line for reinforcing.
The inside channel also carried the metal deck for each
floor.

On site. the panels were connected to the framing
columns and to each other with high-strength bolts Lt their
bases, the walls were bolted to a 760 mm deep steel girder
which rested on the 360 mm reinforced concrete walls used to
stiffen the lower two storeys of the building.

The same structural engineering firm that was

responsible for the design of the Ulive View Hospital was.
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at the same time, involved in another project emp loying
steel shear walls. This was the 30 storey Dallas Hyatt
Regency Hotel, completed in Dallas, Texas in 1978 (1).

The lateral load resisting system in this highrise
consisted of steel braced frames in the long direction and
steel plate shear walls, which were also bearing walls, in
the short direction. Since these walls took some of the
vertical loads, as well as the lateral loads, steel was
saved by reducing the column and beam dimensions. The
diagonal bracing system was not used in the shert direction
because it would have resulted in the loss of considerable
interior space. The cross-braced frame system was feasible,
however , for wind in the opposite direction where it could
be encased by corridor walls (10!, Diagonal bracing was also
used in the lower two storeys to allow for convenience in
providing architectural openings. Use of a moment resisting
frame was rejected by the designer as it would have used
more steel and very large member sizes. Concrete shear walls
would have added to the construction time of this
predominately steel structure and, because of the
structure’'s complex shape. Tt would have been difficult to
use a concrete frame.

The walls were built up from ASTM A36 stee] plates
having thicknesses from 13 to 29 mm. Depending on the stress
n the wall. two or three T-sections were welded to the wall
to act as stiffeners to resist buckling. The panels were

further strengthened against torsion by welding steel
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channel sections to each plate below the floor line (1),

The engineering consultant responsible for the
structural design described the shear wall system as a
“vertical plate girder” and compared it to the use of steel
plates in the ship building industry to form steel bulkheads
{11). The same stiffened plate concepts as are used in ship
design were used to design the plates subject to shearing
forces in the Olive View Hospital and the Dallas Hya}t
Regency Hotel. References on plate stability derive methods
of calculating the buckling stress and the ultimate stress
of plates subjected to shear (12,13). Plates having
longitudinal and transverse stiffeners are also discussed.
Although the designers do not state it directly, it is
assumed that the steel plates are proportioned so that under
service loads the stresses in the plate will be less than
the buckling stress. Most stress and deflection calculations
for the walls were done by hand using these plate buckling
theories, eliminating the need for a finite element
analysis. The computer program SAPIV provided a computer
check of the calculations (14}, The shear wall system was
mode 1l led for this computer analysis using plane stress
elements for the steel plates and beam elements for the
columns, beams, and stiffeners. Under the top design wind
loads, the 82 m high tower deflected only 200 mm.

The first highrise hospital to be built under
California's strict 1873 building code was the Moffitt

Hospital (15). Work on this 16 storey structure commenced in



1977 in San Francisco, at a site just four miles away from
the epicentre of the disastrous 1971 earthquake.

Thé designer decided to use steel plate walls rather
than reinforced concrete in this instance because the latter
would have had to be up to 1.2 m thick to resist the strong
seismic forces, pre-empting too much floor space. Acting in
conjunction with the main framing system of five steel shear
walls, arranged as shown in Fig. 1.9, there is a reinforced
concrete shear wall. This wall was placed around the
elevator core where a steel wall could possibly have led to
vibration problems. These two components were designed to
resist 100% of the lateral forces. The structure had an
additional safety feature built in; a ductile steel
moment-resisting frame. This frame was able to resist up to
25% of the applied lateral load.

The contractor erected the steel panels, which ranged
in thickness from 10 mm to 32 mm, in two-storey tiers (167 .
In the field, the panels were first connected to the framing
members with high-strength bolts. After final alignment., the
panels were fillet welded to the steel columns and plate
girders.

To give the walls the required rigidity, and to meet
fireproofing requirements. the steel panels were covered on
both sides with 250 mm of reinforced concrete. Steel
reinforcing ties were spaced 610 mm centre-to-centre and
were continuous through both the steel and concrete. Due to

difficulties that would have arisen trying to construct
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forms for these concrete additions, shotcrete was used.

Although no details are given concerning the analysis
procedure, the walls were most likely designed on the basis
that the actual shear stress must be kept less than the
shear buckling stress, in a similar manner to that used for
the plates stiffened with steel sections.

The most recent use of steel shear walls in the United
States was in upgrading an existing seven storey hospital in
Fresno, California to meet the most recent seismic codes
(17). The designers used a combination of steel bracing,
steel plate and reinforced concrete shear walls to increase
the structure’'s resistance to lateral loads by five times.
The controlling factor in the decision L0 include a system
of steel walls in this instance was the considerable savings
in weight that could be realized over using only reinforced
concrete walls. Choosing the lightest alternative was
extremely important for this structure because the designers
wanted to avoid overloading the existing spread footings or
overstressing the floor slabs.

A random pattern of stiffening elements was developed,
by a trial-and-error procedure, through a ser.ies of
three-dimensional computer analyses. An important
consideration in the placing of the bracing elements was the
need to Keep critical hospital functions in operation. Steel
K-bracing was the most common form of bracing used. but
where the position of openings eliminated its use, stee]

plates were used. These plates were typically 10 mm thick



and stiffened by attaching 4-gage, 115 mm deep steel
decking. Over doorway openings 20 mm thick plates replaced
the thinner plate used elsewhere. Reinforced concrete walls,

280 mm thick, were used only to brace the elevator core.

1.4 Current Design Philosophy

It éppears that most of the research that has been dbne
to date on steel shear wall systems, both analytically and
experimentally, can be credited to the Japanese. The results
of these studies are primarily available only in Japanese,
limiting their use as a resource to North American
engineers. One of the few exceptions is a paper describing
an experimental program conducted on steel shear walls by
the research division of a large Japanese contﬁacting‘firm
in the early 1970's (2). This research established the basic
principles for the method of analysis that has been used.
almost exclusively, for the stiffened plates used in
existing steel shear wall systems. A brief look at the
program, and the conclusions drawn from it, will provide
insight into the current design approach.

The aim of this research was to test the response of a
stiffened plate to alternating horizontal loads, a major
concern in Japanese structures., since Japan is located in an
active seismic zone. The testing was carried out in two
phases. First, twelve panels, 2100 mm by 900 mm, having

various plate thicknesses and different stiffener sizes and



18

arrangements, were tested. All used boundaries (the columns
and beams in a real structurel) that could be characterized
as infinitely stiff. From the results of these tests, the
strength and stiffness characteristics of steel shear walls
subjected to several load reversals were studied and the
following conclusions drawn:

a. Steel plates having stiffeners on both sides exhibit
more stable behaviour than those reinforced on one
side only.

b. The stiffener arrangement did not affect the shape
of the hysteresis loop.

c. The plate thicknesses and stiffener sizes that were
tested all proved to provide sufficient ductility.

The test results also provided the basis for establishing
design criteria for the stiffeners.

Utilizing the experience gained from the first series
of tests, stiffened steel shear walls for a 32 storey
building were designed. Two full-scale models of one-bay,
two-storey sections of this shear core were tested in the
laboratory as the second phase of the experimental program.
One of these specimens had openings in the panel and the
other one did not.

The test results from phase 1 provided the basis for
designing the stiffeners in these panels. They were
proportioned so that the shear walls would not buckle until
the yield stress of the material had been exceeded. This was

achieved by ensuring that the calculated plate buckling



stress was above the proportional l1imit of the material. The
second desired conditon was that the panel would buckle
between the ribs, with the latter remaining unbent, rather
than overall buckling of the panel and stiffeners together.
To achieve this buckling mode the ribs were designed to be
adequately stiff, based on the theory of plate stability.

The results of phase 2 were compared with an
elasto-plastic finite element analysis, based on the
assumption that the wall does not buckle in the elastic
range. There was good agreement between the experimentally
measured and the theoretically obtained load-deflection
curves. From this, it was concluded that the stiffeners
could be suitably designed on the basis of the conclusions
drawn from the results of the first series of tests, and,
for these stiffened panels, the strength and rigidity could
be calculated by shear theory.

A1l of the panels, both in the test program and in the
structures discussed in the previous section, use stiffened
steel plates. In each case, it appears that these panels
were designed to resist the applied shearing forces without
buckling under working stress conditions. The critical
buckling stresses were determined from the theory of plate
stability, accounting for the additional rigidity
contributed by the stiffening elements. This approach
neglects completely the benefit of any strength contributed
by the panel after buckling hasvoccurred and bases strength

calculations on shear theory only.
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For many years, the post-buckling strength has been
recognized as a significant contribution to the overall
resistance of a panel to a shearing force. In fact, it has
been deemed unduly conservative to overlook this
post-buckling strength both in the design of steel plate
girders for buildings or bridges and in the design of
aluminum shear webs for the aircraft industry. These
observations lead to the design approach proposed in the
following study: i.e. to use a thin, unstiffened steel
panel, for which it is assumed that buckling can take place
at working stress levels, and make use of the strength
inherent in the subsequent buckled configuration. One fact
that should be recognized at the onset of the study, is that
this method is not intended for use in circumstances where
load reversals are significant, such as would occur under
earthquake loading. The load-carrying capacity of a buckled
plate may not be satisfactory under such load reversal.

As an introduction to this design philosophy for a
steel shear wall system, the next chapter briefly examines
the origins of this post-buckling strength. Also to be
discussed are the theories that have been developed to
predict the influence of post-buckling strength on the

overall strength of a member subjected to shear.
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2. Post-Buckling of Thin Plates Subject to Shear

2.1 Ba§is of Post-Buckling Shear Strength

For a member subjected to compressive load. there are
two distinct criteria normally used to define the failure
load:. the first is the load which causes the local stresses
somewhere on the cross-section to exceed the elastic limit
of the material, and the second is that load which causes
the member to become unstable, resulting in a premature
failure of the member. For very thin members subjected to
edge compression, elastic instability commonly occurs before
the stresses reach the yield stress. Therefore, in the
design of a web plate to resist shear, stability becomes of
prime concern.

Elastic instability of plates subjected to shear is
marked by out-of-plane movement followed by the formation of
inclined waves or buckles. In this case, the instability
does not mark the end of the member’'s usefulness: for
although the load-carrying mechanism changes, significant
post-buckling strength is available.

Prior ;; buckling, a web plate subjected to pure shear
stresses resists load by so-called "beam-action". defined by
the small deformation theory established by Navier and St.
Venant (18). In regions where shear predominates. the
bending stresses can be neglected and the shear transfer

mechanism idealized as shown in Fig. 2.1 When the panel is
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acted upon by a shearing force, V., the resulting shear
stresses on any element of the web are Og,- Because this is
a state of pure shear, the shear stresses are equivalent to
two principal stresses of equal magnitude, one in tension
and one in compression, inclined at 45" to the shear
stresses. As the load., V, is increased. the shear ing
stresses, g,. continue to increase correspondingly until the
shear buckling stress of the panel has been exceeded. At
this point the panel buckles, as evidenced by out-of-plane
movement of the plate. The stress at which buckling occurs
in a flat plate can be predicted by an equation relating the
edge forces to the displacement of the plate (191, This
equatijon takes the form of a fourth-order differential
equation, dependent on the support conditions at the piate
boundary, the loading conditions., and the plate geometry.
The resisting mechanism developed in the plate is
changed by the buckling action. After buchling. the
compressive principal stress cannot increase any further.
The tensile principal stress, however, is limited only by
" the yield stress of the material, and it will continue to
increase in response to the load after the web has buck ied.
up to the yield stress level. Lfter the buckling stress has
been exceeded, buckles will form in the plate in the
direction of the diagonal tension. These folds function as a
series of tension diagonals which tend to stabilize the
panel, giving it significant post-buckling strength. This

shear transfer mechanism, composed of inc!lined tensile
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membrane stresses,is referred to by Wagner as "tensijon field
action" (201.

In addition to the primary stress in the web,
researchers have identified secondary stresses that occur as
a result of post-buckling action (211, Upon development of a
tension field in the panel, equilibrium is maintained by a
transfer of stress from the tension field to the boundary
members. Because the tension field forces create additional
reactions in the members bounding the panel, a uniform
tension field will develop only if the boundary members are
infinitely stiff. The horizontal and vertical components of
the inclined web stresses must be completely resolved by the
boundary members if the force carrying capability of the
tension field is to be fully utilized.

The vertical components of the web stresses act on the
horizontal members bounding the panel. [f these members are
not sufficiently rigid to resist the additional forces. they
will bend inward between the uprights that support the
plate, as shown in Fig 2.2.a. The tension field forces will
be redistributed as a result. If the bending stiffness of
the horizontal boundary members is very small. the
deflections will be sufficient to relieve the diagonal
tension stress in the web that is attached to the
horizontals near fhe middle of the panel. Figure 2.2.b shows
this redistribution of web stress by showing tension
diagonals only near the uprights.



33

Similarly, the horizontal components of‘the tension
field cause secondary bending moments in the uprights
located at the panel’'s extremities. Again, if these members
are not adequate to resist these additional forces. they
will bend into the plate and cause a redistribution of the
inclined membrane forces.

As the load increases, the angle of the tension field
alters to allow the maximum shear carrying capacity to
develop in the panel. The optimum angle of 45°, based on the
inclination of the principal stresses in a pure stress
field, is seldom achieved. due to the difficulty of
providing infinitely rigid supports at the panel boundary.
Thus, the post-buckled shear capacity of an actual panel is

usually somewhat less than the theoretical maximum.

2.2 Shear Capacity of Aluminum Webs

With the increasing importance of aeronautical
engineering in the early 1930's, the need for light membrane
shear -supporting structures became apparent. Wagnher., in
1931, representing the National Advisory Committee for
Aeronautics, was the first to present a theory utilizing the
post-buckling strength which develops in thin webs subjected
to a shearing force (20'. Wagner utilized the fact that a
thin web does not "fail"” when 1t buckles: it merely forms
inclined folds which serve as a series of tension diagonals,

with the stiffeners acting as compression posts. The



web-stiffener system thus behaves as a truss and is capable
of carrying loads that may be many times greater than those
which cause buckling of the web.

Aluminum alloys. used almost exclusively for aircraft
nwembranes, have a very low modulus of elasticity. and.

ce, a low buckling stress. Aluminum alloy webs often
buckle at Joads considerably less than the design load. Thig
led Wagner to completely neglect the shear resistance of the
web before it buckled, assuming the limiting case of a web
that forms buckles when subjected to an infinitesimally
small load. He called this a "pure diagonal tensior” wet:.

Wagner considered a web in pure diagonal tension
physically as a series of strips of unit width. 1nclined at
an angle a. and under a uniform stress, Uv, as shown in fig.
2.3. L consideration of the internal work done by a panel
subjected to a shearing force Jled to expressions for a, the
angle of diagonal tension. the web stress. UV, and the
stresses in the uprights and the flanges. as a result of the
diagonal tension. The derivation and the resulting
expressions are detailed in Ref. 21.

As a result of wagner s work, designers placed a shea
web 1n one of two categories and calculated its ultimate
strength accordingly. Webs were either considered as 'shear
resistant” . in which case no buckling was allowed. or they
were classified as "pure diagonal tension’ webs, completely
neglecting the shear capacity of the web prior to buckling.

Steel plate girders at that time were in the former category



and aluminum webs were commonly in the latter. Kuhn, et al,
expanded upon Wagner’'s study of aluminum webs and developed
a theory of "incomplete diagonal tension” (211. They studied
the intermediate case of webs falling between the two
extremes of pure diagonal tension and shear resistant webs
Their work involved empiricism, and was based on the results
of a series of aluminum test webs. Their solution reverted
to a triat-and-error procedure if the flanges were not
infinitely stiff. This limited application of their theory

to specific cases.

2.3 Plate Girder Design

Prior to 1951, the shear buckling stress was taken as
the upper 1limit of the allowable shear stress when designing
a plate girder web. It was required that intermediate
stiffeners be spaced'sufficiently close together so that
shear buckling of the web could not occur before the bending
strength of the section was reached. The shear stresses were
assumed to be resisted completely by beam action. with the
post-buckling shear strength compietely neglected. It was
recognized that shear buckling did not really represent the
l'mit of the girder to carry load. Intuition and the
experience of those in the aircraft industry led engineers
to the conclusion that, after shear buckling had taken
place, a plate girder will also be able to carry additional

load. This will occur in a manner similar to a Pratt truss,
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with the web acting analogously to the tension diagonals and
the stiffeners acting as the compression posts. This
Qualitative theory of post-buckling strength was reflected

in the use of less conservative factors of safety against

web buckling than those required to prevent other stability
failures. but the stiffeners were still designed to prevent
instability due to shear.

The work done in evaluating the shear-carrying capacity
of thin plates for the aeronautics industry created interest
N the civil engineering profession to evaluate
quantitatively the beneficial effect of membrane forces in
the web of plate girders. Certain conditions inherent in the
design of a steel plate girder make its design quite
different than the design of a thin aluminum web for use in
aircraft design. Wagner studied the case of a membrane which
buckled almost 1mmediately upon being loaded 20 . Thus. he
neglected any shear that was carried by beam action and
considered the web as a membrane which resisted odnly tension
forces. This hypothesis is more apt for the case of aluminum
webs than for steel webs:. the former having a much lower
modu lus of elasticity and. hence. a lower buckling stress
than the latter. for steel webs. 1t 1s unduly conservat:ve
to neglect the shear resistance developed in the web prior
to buckling. Also., as mentioned previously, the development
of the membrane forces in the web is dependent on the
stiffness of the boundary members. the flanges and

intermediate stiffeners in the case of a plate girder web.



I'f the bending stiffness of the flanges is small, the
deflection of the flanges into the web between two
stiffeners is sufficient to relieve the diagonal tension
stress 1n the areas of the web that are attached to the
flanges., thus preventing complete tension-field action In
addition, aluminum girders do not generally fail in the same
manner as steel plate girders. fFailure of aluminum girder
webs usual1y.occurs when cracks form in the web as a result
of diagonal tension. This type of failure does not usually
occur in steel plate girders because of their greater
ductility.

Basler. 1n 13961, was the first person to consider the
post-buckling strength of the steel plates normally used in
plate girders 1221, Flanges of plate girders. conventionally
designed to carry the girder’'s bending moment, would be
subjected to a load resulting directly fhgg the tension
field if the post-buckling action was allowed to develop.
The horizontal Comeonent of the inclined tension field would
have to be resisted by transverse forces in the flanges.
Basler reasoned that the flanges would have to be
specifically designed to resist this force. 7o avoid this,
he hypothesized that 1f no resistance to the membrane action
was offered by a girder flange. that a tension band would
still form, but would be of the form shown in Fig. 2 4.

In Basler's model. the flanges do not anchor the
tension field stresses, but the stiffeners must resolve the

axial forces that are a result of the vertical components of
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the 1nclined tension stresses

The inclination, B, and the width, s, of the tension
band were chosen to maximize the contribution of the tension
field to the web' s total shear strength.

From this post-buckling model. Basler developed a
theory to evaluate the ultimate shear capacity of a steel
plate girder web by superimposing the state of stress up to
the point of buckling and the post-buckling benef:it. The
former stress being transferred by beam action., and the
latter contributed by the tension field action

Basler's work was incorporated into the American and
Canadian steel codes for buildings in 1961 and it stil]
forms the basis of stiffened plate girder design 1n the
current codes 123,24 . Since 1961, the total shear strength
has been considered to consist of both buckling and
post-buckling contributions. Stiffeners are not required
when the flexural strength of the section can be achieved
without diagonal buckling due to shear. Tension field action
1s expected when stiffeners are used and buckling occurs
before shear yielding.

Many variations of the post-buckling tension field
theory for plate girders have been developed since Basler s
solution was published. The most important contributions are
summar ized 1n Ref. 25. The theories all have at least one
thing in common: 1n each., the web s contribution to the
panel shear strength was found by superimposing the shear

buckling strength and the vertical component of the tension
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field The theories ditter basically in the assumptions made
as to the configuration of assumed tension field and the
type of failure mechanism used [n addition, some
researchers attempted to include the influence of flange
flexibrlity in their models. But., for various reasons,
including limited agreement with test results and the use of
complicated formulas requiring trial and error solutions,
the most widely accepted approach to evaluating the ultimate
shear strength of a plate girder has remained that proposed

by Basler in 1961,
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3. Analytical Model to Study a Steel Shear Wall System

3.1 Post-Buckling Strength of Steel Wall Panel

The presence of the thin web in the steel shear wall
system immediately implies stability problems, and buckling
can be expected to occur at relatively low loads in the very
thin plates present in a steel shear wall system. As was
recognized very early by structural designers, a plate does
not lose its load-carrying capacity when it buckles. When

subjected to a shearing force in excess of that which will

cause buckling, a tension zone will develop in the panel
which is capable of resisting additional shear up until the
tension yield stress of the material 1s attained.

This shear-resisting process 1s similar to that
initiated subsequent to buckling in the web of a plate
girder. as described 1n the preceding chapter. However,
unlike plate girders., for which the total shear strength has
two components., the shear carried by beam action prior *'..
buckling and that carried by the tension zone after the
critical buckling stress has been exceeded., the panel’ s
shear strength is assumed tc derive only from the tension
field. It s expected that the thin, storey-size panels wil]
buckle almost immediately upon being loaded. More likely.
the fabricated web will have initial out-of-straightness

that puts 1t very close to incipient buckling. Thus. the

shear resistance that 1s attributed to the unbuckled panel
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will be neglected.

As pointed out in Chap. 2, there is another important
dissimilarity between the tension field that is assumed to
develop in a plate girder web and that assumed for the
cantilevered shear wall. Basler's partial tension field, as
hypothesized for plate girders, neglects completely the
portion of the tension field in the area of the flanges,
considering the tension zone to develop only between
adjacent transverse stiffeners (221. This assumption is
based on the fact that the the girder flanges are not
considered to be sufficiently rigid to be effective in
resisting the additional forces that would be imposed on
them by the vertical components of the tension field. For a
shear wall panel that has structural members as its
"flanges” and "stiffeners", this assumption will be overly
conservative. The "flanges" in the shear wall case are the
building columns., and the "stiffeners' are the floor beams.
Together they provide a frame for the panel that is rigid
enough to allow a more complete tension field t¢ develop.
similar to that observed in aeronautic structures., and first
nvestigated by Wagner 201. If the beams and columns are
sufficiently rigid. the entire panel will carry the inc ined

tensile forces.
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3.2 Strip Model Representation of Shear Wall Panel

Once the critical buckling load is attained, the web
buckles. These buckles develop in a regular pattern of
inclined folds which follow the lines of the diagonal
tensi?% stress. The angle between the columns and the
inclined tensile stress in a steel wall panel, a, can be
derived in a manner analagous to that used by Wagner in his
investigation of aluminum webs for aeronautical applications
t207. The derivation, based on the principle of least work,
evolved as follows. first, an expression is written for the
total internal work done in one panel of the wall, '1i.e. a
section framed by columns on each side and by beams top and
bottom/, when acted upon by a shearing force. The expression
for the total work is then minimized by differentiating with
respect to a. The result is an expression for the angle of
inclination of the tension field as a function of the column
and beam areas, the panel dimensions, and the thickness of
the plate used in the shear web. This derivation is
presented in Ref. 21, and is adapted to the case of a shear
wall panel in Appendix A4 of this report. The resulting
expression for the inclination of the tension stresses that

will develop in a buckled shear wall panel ¢

rY

tant a = [ ' + 1 x w! Lc | P+ i h x W AbY L 131

where
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a = angle between the column and the diagonal tension

field, degrees

L = length of panel., mm

w = plate thickness, mm

Ac = column area, mm?
h = height of panel, mm
Ab = beam area. m@?

To investigate the distribution of tensile forces 1in
the buckled plate, it was found to be advantageous to
represent physically the action of the tension zone as a
series of inclined tensile bars. "o do this., the area of the
plate is divided 1nto a series of strips of equal width,
each having the same inclination as the tension field that
would arise in the buckled plate. Each strip is modelled as
an inclined truss member, capable of transmitting axial
forces only, and having an area equa! to the product of the
strip width and the plate thickness. These bars are joined
with pinned connections to the surrounding frame. The beams
and c~lumns are modelled as beam elements. Ls developed 1n
this report. the beam-to-column connection consists ¢ a
hinge at the end of the beam. joining 't to a continuous
column. This detail ensures that no moment 1s transferred
from the rigid joint to the beam. However, K if a
moment-resisting connection exists at this location in the
actual structure. the model can be made to conform by

imposing a fixed end condition.
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To determine how finely a panel need be subdivided to
optain accurate deflection values., the number of strips per
panel was varied for a range of panel dimensions. The
deflections that resulted are shown in Table 3 1. Based on
this comparison, it was concluded that 10 strips per panel
would adequately represent the tension field action for all
subseguent shear wall webs to be investigated.

A plane frame computer program was employed to analyze
the response of a panel to an applied shearing force u;ing
the strip model. By means of this strip representation of
the plate, the distribution of tension forces in a given
shear panel can be established. The force distribution is
valuable in two respects; first, to establish a strength
limit for the plate., and second. to design the connection
between the plate and the frame.

Initially a one-story panel was examined. considering
1t to be a typica'! panel of a highrise core. Certain
conditions had to be ‘mposed on the one storey panel so that
1t cou'd be considerec as a representative ‘slice” from the
multi-storey case.

Une of these conditions concerns the intermediate beams
which are loaded by the vertical components of the tension
freld. Since the tension field forces for any two adjacent
storevs will differ very little for the column sizes
normally required ir a multi-storey shear core! and will
oppose one another, the net vertical deflection of the beam

was considered to be negligible. To represent this aspect of
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a multi-layer system in thevone'storey computer model, the
interior beams were considered to be infinitely «tiff. [t
should be noted that 1f an incomplete tension field did
arise 1n the web the vertical components from the fields
above and below a particular beam would be concentrated at
opposite ends of the member. A small amount of bending would
then take place near the ends of the member as a result
Also, special precautions would have to be made 1n an actual
shear wall stack at the extreme top and bottom panels and 1n
a panel adjacent to openings to ensure that a ten<ion field
would develop. Provision of a rigid element at these
locations would be necessary to anchor the vertical
components of the inclined tensile stresses in the adjacent
panels in order for the tension zone to be developed.

Lctual column sizes had to be used 1n modelling the
one-storey panel to account for the influence of cclumn
bending in response to the horizontal components f the
tension field stresses. The effect of axial forces 1n the
columns was not included 1n the one storey investigation. as
! was the response of the panel tc the lateral load wh- ch
was being 1nvestigated. In an actua' shear core. there would
be axial forces and moments in the columns. causing
additional bending. This bending would cause add:!ional
stresses in the panel but these were considered to bhe
negligible and did not form a part of the present study
However , the contribution of this column bending tc overal!

lateral deflection was recognized in the mult:-storey truss
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system, as will be discussed below.

Ina multi storey structure, having simple
beam to-column connections, the joints at both ends of the
beams at each storey will rotate as the structure 1s loaded
For the hypothetical case of infinitely staff beams and
columne . this rotation would be equal to the total lateral
deflection divided by the height of the <tructure Consider
a beam-to column connection 1n a steel shear wall stack for
which the adjacent steel plates above and below the joint
have buckled and are functioning as a series of tensile
bars. Because the variation in shearing forces acting on any
two adjacent storeys will be small. the forces acting on the
columns above and below the beam at a particular joint will
be approximately equal. [n addition. as mentioned
previously, the beams act as though 'nfinitely st1¢f  &lso
as a result of the tension field action These two
influences lead to joint rotations in a multi-storey steel
shear wall system that approximate 2’4, as occur 1n the
hypothetical case of infinitely stiff beams and columns  To
represent this phenomena in the single storey mode! the
joint rotations at the beam to ~olumn onnections at the tor
and bottom corners Hf the panel were spec:fied to conform to
the 1deal slope expected 1n a highrise structure. i e
equal to 'ne panel deflection divided by 1ts height.

The lateral load applied to the one-storey mode! at the
top beam-to-column joints was the storey shear that ~esulted

from the applied service load. for the storey under



51

consideration.

Fig. 3.1 1llustrates the model used to represent any
'‘vpical storey.

This single storey case was expanded to model a
multy storey stack of panels, as would exist in a highrise
steel shear core., with only minor modifications. tach pane)l
1s assumed to torm an independent tension zome, 1nclined at
an angle, a, as 1t was for the single storey. for the
multi-storey case, the joint loads are the actual lateral
loads 1mposed on the structure, not the storey shears. as
were used in/modelling a specific storey. unlike the
one-storey case. the joint rotations were not specified. but
rather, the joints are free to rotate under the applied

loads and the 1nfluence of the tension zone.

3.3 Equivalent Truss Model

3.3.1 Introduction

Model!i1ng eacr panel as a series of tensile strips. as
previousiy described. although necessary from a researcher s
point of view, would be a prohibitively time-consuming
procedure for use 1n a design office Simplifications are
desirable which will enable a designer to more easily
determine’the stiffness characteristics of a given wall The
approach adopted 1s to replace the tension zone of the stee!l

sheet with an equivalent truss element having the same



storey stitfness. A similar approximation was used
previously by the Japanese to calculate the bending
stiffness of a reintorced steel plate wall (5 The Storey
displacements can be readily calculated for the steel plate
shear wall 1dealized as an equivalent truss system. as sShown
mnobig. 3.2 The size of the equivalent truss member 1< a
function of the extent to which a tension freld forms and
the 1nclination of thhs tension zone., both Of which depend
on the plate geometry and the stiffness characteriotoo of
the perimeter members .

The method of determining the area Of a truss e lement .
such that 1ts storey stiffness 1s the same as that for the
tension zone 1n a shear panel. 15 as follows. first.
consider a Pratt truss with infinitely stiff beams ang
columns on the boundaries and with one interior dragonal
member . as shown 1n fi1g 2. 2. A expression for the
equivalent storey st:ffness of the diagonal brace element 1n
terms of 1ts area. modulus of elasticity. and 'he truss
geometry 1s found by considering the force ir ‘he fragonal
that results from an applied shearing force .1 a steel
shear wall panel having the same geometry as the truss. the
work done by the web plate when subjected tec, ‘he same
shearing force is determined. (Jnly the work done by the web
was considered, as the deformations caused by the
flexibility of the cciumns and beams w11l be accounted for
later in the multi-storey truss model used to calculate the

lateral deflections.! By equating the external work done by



the shearing torce to the resulting mmternal work 1n the
web, a relatiyonship bhetween the shearaing torce and the
characteraistics of the tension tireld that s expected to
develop can be establiatied The Storey statfness ot the web
panel 15 then equated 1o the storey staittness of the trgse
dragonal, and 'he expression rearranged to give an equdt ron
to thind the equivalent brace dred that would detorm
1dentically to a welby plate

There are two lTimiting tension sones that can be
tdentifred 1n relatiron tio d shedr well paned Thes oot
these 15 the ultimate case «t 4 fully developed tension zone
occurrang unttormly throughout the entrre webh  Such a
complete tension zone will form 1n panels that are bounded
by infinitely stiff columng  The second ectreme @ dse 16
typical of panels bounded by columns that dare ~oncidered o
be completely flexible for this - ase. no anchorage 15
provided to the inclined tensile stresses by the columns Ls
a result. the tengron sone forms -, an that sec tiron of the
panel bounded by the beams "he naracter sthrg f these tw
tensiorn zones correspona ! Thoase hypalhes1zeo Hy wagnes

-

< and bBasler (. . respe tivel, foropoate girders  he

derivations «f the areas of "ne egquivaien’ truss members
which are necessary to represent the post bHuck i1ng 40t o '
each tensyon field are developed '1n Appendi: B

Although the actual! column stiféness wi'' fall between

the Timits imposed by tnese two cases. they were

1nvestigated first 1n an attempt to determine whe'tner v oot
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one of these models would constitute an acceptable solution.
In the event that neither extreme proved adequate to
describe the actual tension zone., a solution employing the

actual column stiffnesses would have to be adopted

3.3.2 Brace Area for Panels'with Rigid Boundar ies

A shear web bodnded by columns having a bending
stiffness very much greater than that of the web will be
considered 1in this section. The equation developed in
Appéndix B to determine the area of an equivalert truss

member for this case is:

A= tw x L / 21 sin? 2a / sin ¢ sin Z¢ 3.2
where:
L = area of equivalent truss member, mm?
tan ¢ = L / h
tan4e = 11 « L s w!/2A4c] - h x w oAb

L sertes of amalytical tests was carried out o examine
the validity of the relationship expressed '1n fg 3.7 “hese
tests consist of a comparisor of the deflection obtained
from the strip model of a pane! wr‘r that of a
geometrically-similar truss having a single diagona’' member
The area of this diagona! member was calculated fram fq

3.2.
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The hypothetical lTimiting case is that in which the
beams and columns bounding the panel are infinitely rigid.
In this case, the panel develops a complete tension zone,
inclined at 45° . Under these conditions. the deflections
obtained from the "wo models are essentially equal. Table
3.2 presents the resulting deflections for each model for

various panel geometries. Based or ese results, two

conclusions can be drawn. The deflections for the one-storey

shear panel with stiff members on its perimeter can be
determined using the truss representation. Also, the close
agreement of the two sets of deflections provided evidence
that the strip model could adequately depict the behaviour
of a shear panel. However, only a comparison with actual
test results can positively substantiate the analytical
mode 1.

Having ensured that an equivalent truss mode! could
represent the hypothetical case. attention was turned to
mode11ing a panel having more realistic column proportions.
It 1s 'mportant to note that the rigidity of the beams
empinyed 1n this case does nct change ‘hey are considered

taoremain infinitely stiff to account for the opposing. an

essenttaily equal. tension field forces t wh:.h the beams ’

1rioan actua’ shear wall would be subjected ihe following

analysis was carried out for a range of column szes similar

to that which could reasonably be expected 1n a highrise
structure T“he area of the tension diagoral was calculated

using the relation developed for infinitely stiff

N
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boundaries, toc investigate its effectiveness with the actual
column sizes. The change of inclination of the tension field
stresses, which results from altering the co!lumn
stiffnesses. is included in the equation for the equivalent
brace area. However, the reduction in the extent to which
the tension field deveiops. as a résult of the greater

co Tumn fnexiﬁllity, vs not ac2ounted for. The equation was
deve]lﬁgﬁ on the basis that the web forms a tension zone
over ;%ﬁ entire area. which may not be the the case in an
actual shear wall panel if adequate anchorage for the
tension field forces is not provided at the panel

extremities.

The deflections obtained from the analysis of the tngﬁ'

models can be seen in Table = 3. It is evident from a ¥
comparison of these results that the reduced column
stiffness does significantly affect the usefulness of the
equation for the eqguivalent ;- ace area derived or the basis
of infinitely rigid columns. Only in the lower levels of a
shear core, where the columns are massive, are the truss
mode ! deflections comparable tc those obtained from the
strip representation. for the more flexible columns. found
in the pénels located 1n the upper storeys. the truss mode'
pred:. ts a deflection that is several times smaller tnan
that obtained from the strip model. This trend .an be
explained as follows. The more rigid are the columns, the
more efficient is the tension field. Therefore. when the

columns become more flexible, the shear resistance of the
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web decreases and larger lateral deflections result. As a
result, it 1s concluded that the development of an
equivalent brace area based on rigid boundaries is not wvalid
for most panels in an actual shear waﬁ] in a highrisg
buiding.
3.3.3 Brace Area Derived for Panel with Completely Flexible
Columns

The second case examined is the other extreme; a pane]
framed by completely flexible columns. Assuming no bending
resistance is provided by the columns, a partial tension
field will develop in the wgqlarea anchored by the beams, as
shown in Fig. 3.3. This configuration »s analogous to the
tension zone assumed to form in a plate girder, as first
postulated by Basler (22'. The formula to determine the
diagonal brace area that is required 'n a truss to provide
the same lateral stiffness as this partially buckled plate,

as derived in Appendix B, is:

A = tw x L/2) tanB . sin 4. .

O

where:

tan 28 = . / h

In contrast to the equation that defines the equivalent
brace area for a web with infinitely stiff columns, Eqg.

3.2), this relation for ‘re equivalent brace area depends
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only on the panel geometry and the web thickness. The sizes

of the bounding beams and columns do not influence the brace
area. Therefore, for a given panel size., only one brace area
is obtained using this equation.

The area of the diagonal truss member was calculated
using Egn 3.3. and the truss deflection was compared with
the deflection of a panel for which the assumed tension zone
was modelled as a series of tension bars. For the column
sizes normally used in a highrise, the truss mode]
deflection was greater than that obtained from the strip
representation. |

By considering the columns as completely flexible., the
she%gdresistance of a large portion of the web is ignored.
Accorakngly, the brace area formulated on this basis is
smaller than it would be if the whole web were taken into
account. Without this adjustment, the truss model is
expected to be more flexible than the actual panel. This

conclusion sustantiates the analytical results.

3.3.4 Truss Model Based on Strip Model Deflections

From the foregoing analyses, "t is evident that the web
panels for an actual shear wall system fall somewhere
between the two limiting cases that were developed for the
design of plate girders. The Wagner theory. with infinitely
stiff "flanges”. {the columns in the steel plate shear wal
system! ., overestimates the shear strength. Conversely, by

completely neglecting any bending resistance provided by the
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columns, as Basler suggests, the deflection predictions are
overly conservative. Based on these conclusions, the method
of determining the size of a diagonal member was altered. so
that the truss representation could adequately predict the
deflection characteristics of the shear wall.

The excellent agreement between the strip model and the
truss model deflections for a hypothetical panel bounded by
infinitely stiff columns and beams implies that the strip
mode | does accurately describe the response of a panel to
shear . In addition. when the column flexibility
significantly reduces the effectiveness of the tension
field. the trend is reflected in the redistribution of
forces in the inclined bars. Justification for this last
statement is provided by a comparison of the force
distribution that results in the strips of a panel bounded
by infinitely stiff columns and beams with that which
results in a panel with more flexible columns. For the
infinitely stiff frame, the forces that arise in the
inclined members are uniform across the panel and are all
tensile. But. when column flexibility is introduced. the
forces 1n the strips decrease symmetrically. from a maximum
value in the centre of the panel. In the ertreme case.
panels having very flerible supporting columns, the corner
strips may be subjected to compressive stresses. This trend
is illustrated 1n f1g 3.4, in which the stresses that arise
in the strips are plotted for three panels with a range of

column stiffnesses. The same shearing force is applied in
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each case. This reflection of the extent to which a tension
zone develops 1N a given panel is another advantage of the
strip representation.

Based on the above arguments, the concept of
representing the tension zone as a series of str i«
retained to facilitate the analysis of the plate she
system, at least at the research stage.

In order to use an equivalent truss to predict the
lateral deflection of a shear wall stack bordered by
realistically proportioned columns, the strip model
deflection was employed. Assuming the strip model deflection
to be the amount the equivalent truss should deflect,
back-calculation was used to determine the necessary
diagonal brace area. Knowing the strip model deflection, a
virtual work analysis of the truss was used to compute the
brace area required in the truss to give 1t the same latera)
stiffness as the strip model.

This indirect method results in a truss system which
can be used to predict the stiffness characteristics of a
stee! shear core. However . in order for this truss model to
be an eftficient tool for the designer. 1t 1s advantageous to
repl&te the preliminary stage of wo}King with the strap
model w' th a more direct method for arriving at the correct
diagona! area. A deta- investigation of the factors wnich
influence the panel stre gth and stiffness characteristics
s presented in Chapter 4. The aim of this investigation 1is

to correlate these factors with an equivalent brace area.
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thereby, developing a systematic approach for the designer
to use when proportioning the diagonal member for the truss

representation

3.4 Application of the Strip Model to a Multi-Storey System

3.4.1 Reason for Studying a Multi-Storey Wall

Up to this point. the discussion has been limited to a
single panel, framed by the storey floor beams and columns
However ., the practical case of a shear core 1n a
multi-storey structure consists of several of these one
storey systems joined vertically to form one unit. To
examine the validity of considering a one-storey strip model
as a representative "slice" of a highrise building, it was
necessary to expand the mode! from a single storey and to
analyze a multi-storey stack of panels. In the event that
the forces and deflections obtained from an analysis of a
series of single storey panels proved sufficient Opredict
those occurring in a multi-storey structure. each panel in a
shear core could then be analyzed individually. The tota!
core deflection could then be calculated as merely the
cumulative effect of all the individua)l panels. The main
advantage of this simplification applies '  (ases where the
column sizes and plate thicknesses are common to severa)

adjacent storeys. affording a means of mass production.



3.4.2 Computer Program to Generate Member And Nodal Data

for a multy storey strip model, the time involved in
the manual preparation of the nodal and member data
necessary to describe the structural geometry and load
chardacteristics becomes prohibitive  Therefore., to
systematize this preliminary step. a computer progran was
wratten which 1s capable of generating the nodal and member
data for a specific panel. or series of panels. "he input
required in order for the program to generate this
in‘ormation is:

a. the panel geometry; length, height., and thickness,

b the angle of inclination of the tensile bars. a,
C. the number of storeys,
d. the member properties; the area. moment of 1nertia

and modulus of elasticity of the beams and columns.
Detarls of the loading and boundary conditions are added to
the output from this program. This then constitutes the
input data required to describe the structure for the plane
frame program used in the analysis. Thus. making use of the
program to generate the 1nput data, multi-storey stachks of
panels can be investigated readily. without undue *1me spe—-
N preparat orn The program also facilitated the paramet!ric

studies that will be discussed 1n the next section.



3.4.3 Analysis of a Ten Storey Shear Core

The arm of this 1nvestigation was to compdre the ctorey
deflectirons that result from an dnalysis of a multy storey
unmit ot strap models with the sum of the lateral detlectirons
obtained when each of the panels was analyzed individual iy
as a one storey strap mode!  The deflections «aléuldted
heretn are only those due tr the presence ot the shear wall
web Ttselt . Uf course. a complete descraiption ot detlections
would tnclude the eftect of column shortening The ten
storey shear wall system whach forms the basis tor the
comparison 1s shown in Fig 2.5 The applied load was an
unfactored wind load., typical of the Canadian ¢limate. "tig
structure 1s a somewhat hypothetical case. as the column
moment of 1nertia was chosen to be constant throughout the
heigh' of the structure in order to simpl:fy the analysis.
L1though the model was not intended to represent an actual
highrise structure, 1n which the column si1ze would vary
throughout the height., the findings of th's analysis are
nevertneless equally appiitcab = to the more -~alistic case

beg'n., eacr storey pdnei was tahkerr d4s a single un:!

and modellec according to the requirements given previous 'y
f2- a single storey strip model. Each storey was lgaded with
the shear torce that would result at that storey due to the
applied wind load and the structure was analyzed storey by
storey. The deflections obtained from this ana'ysis are the
storey drifts between the storey under consideration and the

one immediately below 1t Adding the storey uraifts for eacn



storey consecutively produ es the sway def lections for the
shear wall web of the total structure  The resulting
detlectrons for the ten storey shear core are shown 1 lable
T4

Nex ., the ten one storey sUrap mode s wer e combined and
dandlyzed as a mult)r storey unit subjected to the actual wind
loads  The resulting storey deflections are also presented
o Tahle -4

Locomparison ot the two sets of deflections shows tha!
by analyzing the structure one storey at a time. the
predircted deflectrons are. at most. 2% less than the
deflecthirons obtained from the actual multy storey strip
node | The primary difference hetween the 'wo Cases 1s 10
the joirnt rotatiyons at the beam to column connections  Batn
mode ls assume a hinge at the end of the beam at this
location. However . the joints in the one-storey case are set
equa! to the rotathion which would occur 1tv a multy -storey
structure ¥ the beams and columns were infinitely stift
6 ho clockwise . For the qFlt*"storey case. the jJoints
connecting the beams to the cclumns are permitted to rotate
freely under the 1nfluence of the app 'ed loads L5 was
explained earlier. 1if tne tension field “oHroes acting on a
column above and below a particular Joint were eract!ly
equal. the joint would rotate as 1f the beams and columns
were 1nfinitely stiff e s ho ir the ten storey structu «
analyzed, the variation of the tension freld forces from

storey to storey was less than 15%. causing the joint
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rotathions to deviate only slightly from the assumed value of
AN

With this small discrepancy explained, it is conc luded
that the approach to modelling a structure one panel at a
time wil! adequately predict the storey detftlections of a
highr ise shear core. Working with a one-story model can
signiticantly reduce the analysis when beam and column sizes

-
are common to several storeys.
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PANEL ASPECT
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Table 3.3 Deflections for Strip Model and Truss Model,

One-Storey Panel with Actual-size Columns

COLUMN MOMENT OF STF YIDEL TRUSS M
INERTIA, x106mm? DEF N, mm DEFLECTION., mm
17 .2 0.4 0.19
70.6 0.31 .15
502.0 0.15 g.10
1100.0 0.1 0.09
3070.0 0.10 0.0=
43390.0 0.11 0.10
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Table 3.4 Defliections of Ten Storey Steel Shear Core

STOREY

W

(B &

s O O

'S

r

N

DEFLECTIONS, mm

Une-storey Multi-storey Equivalent
strip model strip model Pratt truss
storey total storey Storey
drift, sway deflections deflections
0. 10.68 10.74 1¢.70
L35 10.57 10.62 10.59
v.55 024 10.29 10.26
0.76 9.69 9.75 9.72
0.93 8.93 8.99 g.96
1.18 8.00 8.03 7.99
.38 6.82 6.85 6. .81
©. 60 5.43 5.47 5.4c
1.F 83 . 3.87 3.82

~N
[N

02 - 2.07
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Figure 2.5 a. Multi-storey Shear wall System
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4. STRENGTH AND STIFFNESS CHARACTERISTICS OF A STEEL SHEAR

WALL PANEL

4.1 Introduction

The extent to which a tension field forms 1n a given
panel and the distribution of the forces 1n this zone has
been shown 1n Chap. 3 to be infiuenced by several tftactors.
The most important of these are: panel geometry i length and

height ., column stiffness, web thickness. and the angle of

inclination cf the tension field. ‘This last factor. defined
in Egn. 3.1, 1s dependent upon the panel length. height,
plate thickness, and the column and beam areas.' [n this

Chapter ., the strength and cti1ffness characteristics ot a
shear wall web subsequent to buckling will be evaluated in
terms of these parameters. The strip model representation
will be used as the basis of the examination.

The basic procedure followeduwas to look at the
influence of each -f tne above-mentioned parameters
individually. The parame'er to be considered was altered
successively for several trials, Keeping all other
characteristics of the panel constant. This provides a
direct evlluation of each parameter s contribution to the
panel ch@racteristics. For each trial. a one-storey nanel
was modelleg and analyzed as a series of strips. according

to the method describec  Chap. 3.
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From this analysis, the area of a diagonal truss
element was calculated such that a Pratt truss containing
this element would have the same stiffness characteristics
ds a geomelrically similar strip model  The truss mode] was
rmportant an the calculation of storey drifts, as explained
N Chap. 3. The area of this "equivalent’ truss element
provaides a direct indicathion of the contribution of the
buckled web to the lateral raigidity of the panel. As the
tension field becomes more effect .o in resisting shear, the
area of the truss element which 15 required to exhibit the
same stiffness characteristics increases accordingly  In the
foliowing analysis., "pane' stiffness” and equivalent member
area” will be used interchangeably.

The following ‘wo sections present the results of the
parametric studies as they relate to the strength and

stiffness of a steel shear wall pane’ .

4.2 Parameters that Influence the Web St ffness

4.2.1 Plate Thickness

The first param-'er which was "5 ated was the
thickness of the steel plate which ronstitutes the web of
the panel. The characteristics of the six series of panels
that were analyzed are shown in Tatle 4

For a given panel geometry and column size, a series of

plate thicknesses in the range of 6 to 20 mm were chosen.
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and the panel was tirst analyzed to determine 1ty sttt fnes:
caracterastics tor o each thickness Fig 4 1 presents the
results of the study for Seraes T an graphical torm  The
results show that the pane! staitfness v g Tinear +functiop
of the thichness of the plate used for the web o thig
SEr Ve S
Next | turther test (ases were examined to see whelher
ar not thiis relationship remained valid 14 erther the pane
geometlry or the column moment of 1nertira was var red
heeping the panei geometry fixed, 1. e a 4. (( m by
<66 m plate . the infiuence of a change 11 columm moment ~f
nertia was investigated. for this constant geometry. twe

~
)

addrtional column sizes were exam'ned. Series 2 and I3

For each case. the plate thickness was repeatedly varied and
the necessary equivalen! member area found. The graph given
N fig. 4 2 shows the relationship between plate thi hness
and panel stiffness for the three column sizes il three
Ccases can be described as exhibiting linear relationships
between piate thickness and equivalent member aregd.

'ndrcating that as plate thrchkness s 1ncreased, pane’

stiffness increases proportionally For the two series ¢

“panels bounded by "elatively r1gid columrs. Series 7' ¢ =

280C x 0f mm* and Segies Tz Ic - 4480 » 10 mm‘ . the
relationship between the plate thickness ana the panel
stiffness is essentially the same. However,K comparing this
relationship to that for the panel with very flexible

columns, ‘Series T3, Ic = 177 x 10¢mm¢: . a difference 1n



Slope 1 observed. For the latter | the same 1ncredse in
plate thickness results i a smal ler ancrease 1n panel
stittness than 1t does tor the same panel bounded by the
more roagrd oo lumie
oltumn ragadity anfluences the lateral ragidity ot g

pdane 10 two distinct ways  tairst o o the dateral deflection of
the odumn ctselt  which as g component ot the total paneld
detlectron. 1 a functron ot the column stiffness Second
and a more complex ettect ta evaludle 15 the influence of
the column bending 1nwards as a result of the horizontal
components of the tension fileld stresses. "has colume
bending., alsc a fun thion of the column sthitfness  causes a
cedistrabution of the forces 1 the tension field. This dua!
it luence of the column stiffness on the def lection
characteraistics ~f a panel, alters the relationship between
plate thickness c¢nd panel stiffness tor any change 1n column
fleaabiiaty

Ls a second part of the study to determine the
nf ouence f plate thickness on the resu'ting panel
stiffness. the pane geometry was varied. ~or a fourth
series. - Series "4 n Table 4 ' the panel length and
height  and the cclumn moment of 'nertia were changed. These
changes were made such that the panel aspect ratio, . h. and
the column stiffrpess parameter, ic/h, remained the same as
they had been for Series T1. The relationship obtained for
plate thickness versus equivalent member area in this case

remained linear. However, the equation of the line d:ffered

v



trom that obtained previcusly tor the same L h and ¢ h
ratios The pilots tor Seraes T and Sertes 14 are compared
oty A4

Ay examingtion ot these resulls shows that the panel
geometry 1o a controlling tegture of the panel stiffness.
For the same aspect rati. but dirfterent physical
dimensions . the panel stittness 1s not the same  'his s
1lustrated 'n tag 4 5 Therefore, the influence of panel
length and heaght must apparently be onsidered on an
individual basas

"o further test this hypothesis, the relationship
between the steel plate thickneos and the resulting

equivailent member area was nvestigated for a f1fth and a

siath seres of plates, (Series "% and 76 1n Table 4

These last tw series consisted of two additio: ' plate

geometries " he panels had dimensions of 3.6t 356 m,
Sroand v o mby 9.0 m. cT6 . In addrtion to the aspect

ratio for each panel being the same. the column stiffnesses
were the same for each panel. The results of these two
series are compared 1n Fig. 4 4 The slopes of the lines are
drfferent. substantiating the observation that the near
relationship that exists between plate thickness and panel

stiffness 1s different for different panel geomet: ies.



4. 2.2 Panel Height

Panel height was the next parameter investigated Five
groups of panels were examined. each with a unique
combination of panel length. plate thickness. and column
moment of 1nertia. 'he characteristics of the panels are
shown 1n Table 4.2. The procedure followed was similar to
that presented in the preceding section, 1e for each set of
panel characteristics the panel height was changed
successively, while the other variables were kept constant.

Three of the five series of panels studied had the same
length: 9.0 m. for the first seri1es of 9.0 m panels. Series
H1 1n Table 1.2 | the plate thickness was '0 mm. and the
columns supporting the panel were very rigid, éﬁb = 4390 x
106 mm*i. The panel height was varied several times and the
panel reanalyzed after each iteration. A linear relationship
was shown to exist bétween these variables when a semi-log
plot of height versus equivalent member area was used. The
results are presented graphically in Fig 4.5. This figure
shows that as the panel height increases. the panel loses
lateral st:ffness, i.e. the required "equivalent” member

area decreases.

Increasing the column height. with no c esponding

increase in its moment of inertia. decreases the Tumn
stiffness, (a function of Ic/h). Therefore, the loss
panel rigidity with an increase in panel height can be

explained by the fact that the extent to which a tension

field forms is influenced by the rigidity of the bounding



members. 4 tully developed tireld will resglt only 1t the
beams and columns bounding the panel have an extremely large
bending stiffness. As the columns take on greater
tlexibility, they will bend 1mmto the panel as a result ot
the horizontal components of the 1nc tined 'engile forces
"his results 1n a red:'<!' hution of the wet, torces . and a
decrease 1n the latera! stiffness of the pane

Por the second series of panels . et e . o lable
421, the 4.0 m length and the ' mm steel plate web used 1n
Series H' were retained, but the the cOlumn s1ze wds
changed. "he statf columns used previously were replaced
with more flexible columns coom 30 st mm "he
purpose of studying this second\serwes of panels was to
determine the effect that a change 1r column si1ze would have
on the relationship between the panel hewghr'and the overal!
web stiffness.

The relatidnship between the panel height anc the
equivalent member area remained linear on the sem:i-log plnt,
'see Fig. 4.5 However, the slopes of the lines for the two
series were not the same. For the more flexible column
tSerijes HZ' . the overall panel stiffness decreased more
rapid!y as the height was i1ncreased than 1t did for the
stiffer column size., (Series ~'

In order to explain this diftference in the relationship
between panel height and equivalent member size for the two
column sizes, the dual nature of the column's influence on

the overall stiffness of the plate is again examined. Tﬁe



,.,r82' |
system's lateral stiffness derivesifrom two principalv
sources; namely the lateral colﬁmn resistance and the
‘resistance provided by the tension field. A ch;nge in column
stiffness affects both of these components. Reduzxng the
column stiffness not only increases thé‘lateral deflection
due to the column sway, but also induces a less efficientl
distribution of forces in the tapsion zone. A change'in
column size alters the relative importance of both of these
contributions. As column flexibility is increased, the loss
of efficiency of the tension zone as a result of column
bgnding becomes more significant. Therfore, the relationship
between panel height and equivalent member area is changed
due to a variation in the column size.

Next, the panel thickness was increased and a third
series of panels were examined. These panels have the same
length, {39.0 m!, and column size, (Ic = 4330 x 106 mm*), as
Series H1. Thus, the effect of changing the plate thickness
can be determined.

The trend of panel height versus the area of an
equivalent member area was again found to be linear on a
sem‘-]og plot. Referring to Fig 4.5 and comparing the line
for a 14 mm plate thickness, (Series H3!, with that for a
10 mm plate, (Series H1), the slopes of the two 11nes‘are
seen to be essentially the same. Therefore, it,can be
concluded that by increasing the plate thickness a stiffer
panel results, and the direct dependency of equivalent

member area on the logarithm of panel height remains the



same. '
The next two series of analytical tests were done for a
panel 6.0 m in length, having a 10 mm thick plate. Series H4

had flexible colums, (Ic = 308 x 108 mm*), and Series HS

.\

had stiff columns. (Ic ¢ 4390 x 106 mm|. Both of these
1nve§t{gations again show a linear trend between the log éf
the panel height and the equivalent member area. The results
are ‘shown in Fig. 4.5,

The result of changing the column size for the 6.0 m
panel was similar to the trend observed for the 9.0 m
panelg. The slope of the line of log height versus
equivalent member area is less for a smaller column size,
with all other parameters being equal.

The shorter panels aré found generally to be more
flexible than the longer pahel;. However, due to the comp lex
interrelationship of all (he parameters, the relationship
between the two panel lengths can not b; dniquely d@fjpéd.
The panel geometry was found to contribute significantly to
the panel stiffness characteristics, as was observed éacl?er
in the investigation of different plate thicknesses.

There are two trends that remain constant for the five
series of panels used to test the influence of a change of
panel height on the resulting panel stiffness:

1. As the heyzght of a panel is increased, the lateral
stiffness of the panel is reduced.
2. The relationships between panel height and panel

stiffness are all linear on a semi-log scale.
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4.2.3 Panel Length
The relationship between the panel length and the
stiffness was examined for four different panel heights,
keeping plate thickness and column size constant. The panel
characteristics for each of the four series are shown in
Tamg‘?‘%.&

:-,A”graph of'panel 1en§th versus equivalent member area
{s{shown in Fig 4.6 on a 1og-}og scale. For a given column
stiffness, a similar trend is observed in all fouq/égbies.
Up to a certain limiting value, the panel stiffné;s
decreases as the panel is lengthened. After a minimum value
of panel stiffness has been reached, an increase in the
pang} length results in an increase in panel stiffness. The
extreme left point on each curve represents the least
efficient pané] configuration. |

For the cases examined in Section 4.2.2, i.e. varying
the, panel height while Keeping all other paramegers
constant, a change in column stiffness was the dominant
factor which controlled the panel stiffness. This change in
column stiffness was a result of altering the hejght of the
panel. However, for the current series of panels, for which
the panel length is the variable,vthe column stiffness
remains constant. Therefore, the factors which influence the
change in panel stiffness are: |

a. the change in panel geometry,

b. a change in the angle,a, the angle of inclination of

the tension field.
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(It must be noted that « is a variable which is dependent
dbon the values chosen for panel léngth and’height, web
thickness, and the beam and column areas.) The panel
configurations for which the minimum panel stiffnessvoccurs
mus t reéult from an unfavourable combination of panel
geometry and inclination of diagonal tension stresses.

For all of the panels tested in each of the four series
of Table 4.4 the angle o is less than 45" and, for a given
height, its value inéreasés as the panel {; lengthened. The
most efficient tension zone cbhfiguration occurs for a
completely developed tension field and a = 45°. Consider an
iﬁstance in which ;he pahel geometry is Kepf constant and «
is varied by altering the other panel characleristics, (i.e.
web thickness and beam and column areas). Neglecting the
" influence of panel geometry and dealing only with the effect
of a on the panel stiffness, the panel stiffness wbuld
increase due to an increase in the’panel length as the angle
« approaches 45°. However, it can be ;een from Fig. 4.6
%hat, for a certain range of péne]s, the result of d;
inﬁrease in panel length is a de;réhse in panel stiffness.
This effect must, therefore, be due to the influence!of the
panel geometry.-

Considering the angle of the panel diagonal, &, to be
representative of the panel geometry, (length or height, per
se, also have an effect), combinations of é and « were

examined. Panel stiffness was found to decrease due to an

increase in length for the following combtnations of panel
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geometry and the tension field inclination:
(P - a) + (457 - a) C 0. . v (4.1)

Panel stiffness begins to increase as panel lehgth increases

for the following values:
(6 - a) + (45°- o) > 0.......... R (4.2)

For & > 457, the panel length is linearly related to the
resulting panel stiffness for each series. The influence of
the inclination of the tension field dimiﬁishes for panels
in this range, i.e. with L/h > 1.0. Agove this 1imit, as the
panel lengthens, its rigidity increases as Height remaiﬁs

constant.

4.2.4 Column Stiffness

For five sets of panel geometries the column moment of
‘inertia was vafied to investigate the relationship between
the column stiffness and the panel stiffness. The
characteristics of the five series of '‘panels analyzed are
given in Table 4.4,

The results show that a {inear relationship exists
between the log of the column sYiffness (qs represented by
Ic/h) and equivalent member area (Fig 4.7). Fig. 4.7 shows
that as ‘the logarithm of the column stiffness parameter

increases, the panel stiffness increases proportionately for



each of the five geometries examined. The slopes of the'
three ‘1ines which result for the 9.0 m panels, (C1, C2, énd
C3), differ By only 8%. Similarly, the two lines for the 6.0
m panels, (C4 and C5), have approximately equal slopes.

The influence of the co!umn stiffness is important to
the panel stiffness overall for the reasons that were
“discussed earlier in the section pertaining to panel height,
tHat is, cblumn sway increases as a result of an increase in
column flexibility, and a more flexibie column wiil
experience more inwara bending as a result of the horizontal
components of the tension field forces. The latter effect
results in a less efficient distribution of the stresses in

the tension field, thus contributing to panel flexibility.

4.3 Strength Considerations:

A strength requirﬁment must also be consjdered i order
that the system be safé\ (i.e. the maximum stfzfs must be
below a certain permissible stress), as well as\gerviceable,
(i.e. deflections less than the allowable Qalue). To define
a strength limit for a steel shear wall, the state of stress
which exists within the buckled web needs first to be
examined.

The approach taken by Basler to establish tMe failure
condition for a‘buckled plate girder web will first be
examined (22). For the w?b proportions commonly used in

plate girders, the shear carried by the web prior to

RN
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buckling is significant.‘Therefore, to define the failure
criterion for a plate girder web, two stress components must
be recognized. These two components are the critical shear
buckling stress and the inclined stress which arises
- subsequent to buckling. The stresses are combined according
to the "energy of distortion" failure condition for plane
stresg in order to establish a strength 1imit for the plate
girder web. In contrast, an anelogous definition for the
ultimate stress in a steel shear wall web is not considered
to be necessary. For plate thicknesses in the range proposed
for use in steel shear wafis. the thin plates can be
expected to buckle almost immediately upon being loaded.
Thus, the stresses which exist prior to buckling are
considered to be negligible in comparison to the diagonal
tension stresses which arise in the post-buckled web. This,
therefore, precludes the need to define the ultimate stress
in terms of an interaction betwken the critical shear
bucK]ing stress and the tension field stress. Rather, the
stress field in a shear wall web at the ultimate load will
be assumed to be one of uniaxial tension. iys.‘the tension
yield stress of the steel plate can‘bi,u;g’ﬁo define the
failure condition of the buckled sémh’i‘fmel ;

The strength effectiveness of the steel‘leb has been
examined, considering both the magnitude and the
distribution of stresses in the web. The distributign of

tension forces in a shear wall panel can be obtained from

the member forces provided by a strip model analysis of the

)
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panel. From these forces, the corresponding stresses are
calculated by dividing by the strip width and the plate
thickness. The strength Timit for the web can be stated by
defining the tensile yield stress of the steel to be the
maximum usable strength of the web. Finally, to ensure a
safe design the factored web stresses must be less than thg
factored tensile wield stress of the steel.

The influence of the column stiffness on the stress
distribution within the shear wall web was studied. The web
stresses were calculated from the strip model forces for the
inclined truss members. The panels used in this study were
Series C1, C2, and C3, described in Table 4.4. The stress in
;ach strip was calculated for each panel and column size.

An indication of the effectiveness of the tension field
that arises in a shear web was obtained by calculating the
average tensile stress in the web. To find the average web
stress, the total force resisted by the inclined tensile
members in the web was found, and this value was divided by
the cumulative strip area for the portion of the web
resisting tension. Fig 4.8 shows the éverage stress resisted
by the tension zone of the buckled web as a function of the
column stiffness. The figure shows that the total stress
taken by the tension field increases as the column stiffness
parameter becomes larger. The stresses shown are those that
would result at the bottom storey of a ten storey buikaﬁat,ﬁ_

{45 m by 27 m and having a storey height of 3.66 m), in* ¥~

Edmonton, Alberta, when the structure was subjected to wind
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in the longitudinal dirgction. No indication of the
magni tude of the individual stresses that occur in each
strip has heen provided at this point.

Another way of judging the strength effectiveness of
the web is to examine the effectiveness éf the various
strips in the web model. Figure 4.9 shows the stress
distribution in three panels with the same geometry as the
column moment of inertia is reduced. It is evident from the
figure that the stiffer tHe column, the more uniform is the
stress distribution in the web.

For the most flexible column, Fig 4.9(c}), the column
bending causes compressive stress in the corne‘kstrgps where
column curvature is the greatest. The occurrence of
compression within the assumed "tension zone" reduces the
overall effectiveness of the post-buckled web. In order to
be consistent with the assumption that the stress resisted
by the web before buckling occurs is negligible, the forces
in the compressiqn areas are neglected. Thus, the force
resisted by the web is calculated as the sum of the tensile
strip forces.

A graph showiqg the variation in the tension field
stresses as a function of the column stiffness is given in
Fig. 4.10. In this figure, the variation in tension field
forces is plotted as a function of the column stiffness
parameter, Ic/h. The negative values which result for the
most flexible columns again indicate that compressive

stresses are occurring in the web. In the negative region of
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the graph, as the column stiffness increases. the
compressive stresses decrease rapidly, while the tension
stresses increase more slowly. The result of this is an
increase in the ratio of 0 (max)/ gtmin), due to an increase
in column stiffness. This trend continues only as long as
there are compressive stresses odturring in the web.

The pfincipal impor tance of Fig 4.10 relates to the
positive region of the graph. This region depicts webs that
have tensile stresses only. for each of the three geometries
that were investigated, an increase in the column stiffness e
results in less variation in the tension field stresses. Ls
the columns bounding the web become stiffer. {hey are able
to offer more resistance to the horizontal componentsvof the
inclined stresses. The maximum stresses at the centre of the
panel decrease and the stresses in the strips anchored by
the colgmns increase. This trend is gradual in the lower
range of\ column stiffnesses, but, there is a certain
"critical: column stiffness for each of the three pané]
geometries. Once the column stiffness exceeds this value.
the variation in tension field forces remafns virtually
constant, that is, once a certain column stiffness has been
reached, the stress distribution in the panel remains
unaffected by any further increase in column rigidity. The

members are sufficiently rigid to anchor the tension field

forces.
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4.4 Panel Design to Satisfy Strength and Stiffness
Tolerances b

In order to produce an acceptable design. both the
strength and stiffness requirements-must be met. (It must be
noted that the former relates to factored loads, and the
latter to specified loads). To achieve this, one approach is
to satisfy the stiffness requirements. as outlined in the
previous sections, and td then simply accept the resulting
stress field in the web. The stress in the most highly
loaded strip would be compared to the factored yield
strength of the material to ensure that the stresses are
within the acceptable range. Alternatively, the designer’'s
main objective could be to make optimum use of the web
material, that is, stress as much of ;He web as possible to
the permissible, 1imit. As a final step in this approach. the
resulting structure would have to be exam{ned to see if it
satiisfies the drift limita;ions.

Although there is no general way of- deciding which of
these two sequences in preferable, experience does indicate
that the design of cores in highrise buildings is usually
controlled by drift. In addition, defining a strength limit
for the plate 15 complicated by the fact that both the
magnitude and the distribution of the web stresses are
influenced by a change in any of the panel characteristics.
A re-examination of the‘panels investigated herein when
considering the panel stiffness, revealed no satisfactory

way of predicting the maximum web stress for a given wal]
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panel. The drift versus strength examination is frrther
complicated by the fact that drift is composed of at least
two components, that due to column shortening and that due
to the action of the steel plate shear wall web. As a severe
test, all of the total drift l'mitation of h/500 as
prescribed by CSA $S16.1 1241 can be assigned to the web.
Applying this criterion to the panels in this study it was
found that the stresses were well below the permissible
value. The most critical stress arising in a panel which met
the given serviceability requirement was 25% below the
permissible tension stress. Specific examples for some of
the most flexible panels that were examined in the previous

sections are presented in Table 4.5.

4.5 Summary

The éim of the parametric studies was to investigate
the factors which influence the strength and stiffness
charécteristics‘of a buckled steel wall panel! The results
of the study show that the four parameters which influence
the effectiveness of the resulting tension zone are
inter-related and complex. The following section will
briefly summarize the findings of the foregoing parametric
studies. It will be shown how the information gained for
each parameter can be employed in the design of a specific
shear wall panel in order to comply with the established

strength and stiffness requirements.
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Based on the results obtained from the wall panels
exaimned in the preceding sections, 'a total of 250
individual panels . 1t 1s concluded that the design of any
-
specific shear wall panel will likely be governed by the
»

serviceability condit‘oq; 1f, for a given panel, the drift
's w%thin the allowable toleran(esl then the web stresses
for that panel will be below the permissible values.

It was shown that the trend between each parameter and
the resulting panel stiffness can be defined for a given set
of panel characteristics Thus. 1t should be possible to
extend the parametric studies and develop a set of graphs or
other design aids to show the equivalent brace area as a
function of each parameter. These studies could be done for
a variety of panel characteristics and encompass the entire
range of panel dimensions. plate thicknesses. and column
stiffnesses that would be expected for use in a steel shear
wall core. A set of such design curves would enable the
degigner, having a pre-determined bay size.ﬁ}o choose the
required column stiffness and plate thickness so that the
panel will meet the drift requirement An equivalent truss
system. for which the area of the diagonal! member is
obtained from the design curves, would facilitate the drift
calculations. as explained in Chap. 3.

To develop a complete set of design curves for the
range of all possible parel characteristics is beyond the
scope of this report and will be left for future research.

However, an example of the use of a set of such curves to
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examine the stiffness characteristics of a sample shear wall
will be provided. This example is based on the information
provided by the curves reférred to earlier in Chap 4. To
conclude the example, a3 comparison will be made of the
estimated deflections with an actual strip model analysis of
the panel.

The example will déal with the design of the shear
walls at the first storey level of a 25 storey high building
located in Edmonton, Alberta. The width of the structure
perpendicular to the wind direction is 45 m and the storey
height is 3.66 m. For the first storey, the storey shear due
to the applied wind load is 5760 «N and the factored shear
load is 8640 KN. The former value will be used for the
deflection calculations and the latter for strength
calculations. The first storey has two identical shear
walls, each resisting one-half of the tota. applied load.
The panel size to be investigated is 3.0 mby 3.66 m. (.t is
common for the bay size to be dictated by architectura)
considerations and therefore is not considered as a part of
the panel design in this example.! The aim is to choose a
suitable column size and plate thickness for the web. such
that the panels will meet the given drift requirement of
h/500 per storey. According to the work done previously for
the strength requirements, if the deflection tolerances are
met, it is probable that the stress values will fall below
the permissible levels. The actual stresses obtained from a

strip model analysis will be compared with the permissible



strength 1imit to show that this assumption is valid.

The influence of column size on the effectiveness of
the tension zone can be examined with the aid of Fig. 4.8,
Series C1. For a panel 3.66 m x 9.0 m, this curve shows that
for a stiffness parameter greater than about 500, the
average stress taken by the tension field remains
approximately constant. The corresponding minimum column
moment of inertia for this panel height 1s 1850 x 10% mm*.
Based on axial loads only, columns in the first storey of a
25 storey building would be in this range. The column size
chosen for the panel design was a WWF 500 x 381,
(Tc = 2250 x 10%mm* and Ac = 48 600 mm2).

For this estimated column size, a virtual work analysis
was carried out for the Pratt truss that i1s pictured in
Fig. 4.11 in order to calculate the area of the equivalent
diagonal member. The actual column area was used in the
Pratt truss model in order to include the contribution of
column lengthening and shortening to the panel deflection.
The applied load was one-half the unfactored wind shear of
5760 KN and the deflection was the maximum allowable to
satisfy the drift requirements. The required member area
obtained from this analysis is 22 850 mm?.

From the graph of the plate thickness versus the member
area for this geometry and a stiff column, (Fig. 4.3,
Series T1), the predicted thickness is 3.1 mm. It should be
noted at this point that although these plates are predicted

to have the adequate rigidity and strength, handling



97

considerations would preclude.the use of any plate thinner
than about 4.5 mm.

To check the preliminary design, a panel with a 3.5 mm
thick web plate was modelled as a series of strips and
analyzed. The resulting drift was 6.80 mm and the maximum
stress in the tension field due to the factored shear force,
. was 220 MPa. Since the permissible stiffness and strength
limits are 7.32 mm and 270 Mpa, respectively, the panel
- meets the given tolerancés and the predicted panel design

based on the design curves is satisfactory.
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Table 4.1 Panels Analyzed to Examine the Relationship

Between Plate Thickness and Panel Stiffness

Series

T1
T2
T3
T4
15
16

O w OO W W W

Length
(x103mm)
.00
.00
.00
.00
.66
.00

w N W w W

Height

(x103mm)
.66
.66
.66
.40
.66

9.00

L/h Column Moment
of Inertia
(x106mm*)

2.46 4390

2.46 2800

2.46 177 Y

2.50 2927

1.00 1138

1.00 2800
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Table 4.2 Panels Analyzed to Examine the Relationship

Between Panel Height and Panel Stiffness

Series Plate Panel Column Moment

Thickness Length of Inertia

(mm) {(x103mm) (x106mm* )
H1 10 3.0 4330
H2 10 9.0 308
H3 14 8.0 43390
Ha \jo 6.0 308
HS N 6.0 4390
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Table 4.3 Panels Analyzed to Examine the Influence of Panel

Length on Panel Stiffness

Series Plate Panel Column Moment
ickness Height of Inertia
(mm) (x103mm) (Xx106mm* )

L1 10 6.00 4390

L2 10 4 .50 3233

L3 10 3.66 2678

L4 10 -~ 2.50 1829 v
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Table 4.4 Panels Analyzed to Examine the Effect of Column

Series

CH
c2
ca
cs

Panel

Length
{x103mm)
9.
g.
9.
6.

.00

Stiffness on Panel Rigidity

00
00
00
00

Panel
Height
(x103mm)

(o2 BN S (e N N A )

.66
.00
.00
.00
.00

L/h

1.50
1.00
1.50

Plate
Thickness
(mm)

10
10
10
10
10
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Table 4.5 Deflections and Stresses for Various Panels

Ic L h w Omax Lcalc. Lallow
(x106mm*) (m) (m) {(mm) (Mpa) mm ) (mm)
177 9.0 3.66 4.5 205 8.6 7.3
177 9.0 3.66 6.0 172 6.4 7.3
177 ‘ 9.0 3.66 10.0 110 4 1 7.3
)
308 8.0 10.00 10.0 207 34 .9 20.0
308 9.0 9.00 10.0 191 21.7 20.0
308 9.0 7.50 10.0 167 12.6 20.0
308 9.0 5.00 10.0 115 5.8 20.0
4390 2.0 3.66 10.0 370 14 .9 7.3
4330 3.0 3.66 10.0 257 9.6 7.3
4390 4.0 3.66 10.0 191 7.1 7.3
4390 6.0 3.66 10.0 126 4.6 7.3
177 9.0 8.00 10.0 217 37.8 18.0
308 g.0 9.00 10.0 92 21.7 T 18.0
1100 8.0 8.00 10.0 148 13.6 18.0
2660 9.0 9.00 10.0 125 11.5 18.0
where:
(O) allowable = & Fy

270 MPa
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Figure 4.9 Distribution of Forces in the Tension Zone
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Equivalent member area

2880 kN

—).

3660

- 9000 —>

Figure 4.11 Equivalent Truss Model of Panel



5. Related Design Considerat ions
' Ay

5.1 Introduction

Thus far, the report has dealt with only two design
considerations; the strength and stiffness characteristics
of the panel. Inherent in the design of a steel shear wall
core are certain other features which must also be
recognized and qualified. Chapter 5 will outline the most
important of these characteristics and discuss briefly the
considerations relating to their design. The focus in each
case will be on providing general information as to the
impor tance of the particular feature, its cause, and the
related design provisions. No attempt will be madé to

quantify a design procedure for each of the specific

¢
elements.

5.2 Influence of the Tension Field Action on the Bounding
Members

In conjunction with the inclined tensile forces that
arise in the web subsequent to buckling, which have been the
main emphasis of the previous chapters, additional forces
are induced in the beams and columns which surround the
panel. These added forceshare necessary in order that
equilibrium with the, tension field forces is maintained and
are over and above the forces that result ffom the applied

gravity loads for which the columns and beams are normally

114
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designed.

The horizontal and vertical components of the inclined
we?/forces are shown in Fig. 5.1. The columns must resist
the horizontal and vertical components of the tensile forces
in the "strips” whjch are attached to the columns.
Similarly, the beams are loaded with the horizontal and
vertical components of the tensile forces that arise in the
web adjacent to the beams.

As discussed earlier, the vertical compohents of the
tension fields from the storeys above and below a given beam
are nearly equal and act in opposite éirections. Hence,
their net effect on the beams is negligible. However, the
beams must be designed for an axial compressive force that
is a result of the lateral load that is applied to the
structure. The compressive force can be obtained directly
from a strip model analysis. The beam must be designed as a
beam-column as this force acts in addition to the usual
gravity load effects.

The addition of axial compressive force in the beam
could lead to stability problems if sufficient lateral
support is not provided. For the most common structural
arrangements, this lateral support would be provided by a
floor diaphragm attached to the beams. If this is not the
case, Kuhn et al (21) hypothesized that the tension field
action will provide the necessary restraint. The following
explanation provides the basis for this theory as it applies

to a steel shear wall panel. If a beam began to buckle out

\
A
i
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of the plane of the web, the tension diagonals adjacent to
the beam would also move laterally where they were joined to
the beam, thus causing the tensile forces to develop
components normal to the web. These transverse components
would tend to force the beam back into the plane of the web.
This creates a distributed load on the beam that is
proportional to the out-of-plane displacement of the beam.
The solution for the critical buckling load of such a member
is a problem in elastic stability (26).

The columns must resist the components of the tension
field forces, as shown in Fig. 5.1. The magnitude and
distribution of these forces can be obtained from the
results of a strip model analysis. The components cause
additional axial forces, shears, and moments in the columns
which can be calculated directly using the information
provided by the strip model. In lieu of this detailed
analysis, a general semi-empirical method could be developed
analogous to that described by Kuhn et al (21) which
accounts for the secondary bending effects due to tension
field action on a girder flange.

In summary, the design of the beams and columns
adjoining a shear wall web must recognize the additional
forces imposed upon them by the tension field action. The
column must be designed for additional axial compression and
bending, which result from the vertical and the horizontal
components of the web forces, respectively, including any

secondary effects. The beam design must be altered to
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acconmodate an additional axial compression.

5.3 Anchor Panels

At the extreme top and bottom panels in a multi-storey
shear wall system, the vertical components of the tension
field forces which act on the beams are not balanced by
equal and opposite forces in an adjacent panel. Thus, the
vertical components of the tension field forces must be
taken into consideration when designing the exterior beams
for these panels.

The vertical components of the tension field at the end
of a shear wall stack must either be taken out of the core
or resisted internally. The former can be accomplished by
nroviding a rigid element at the extreme top and bottom of
the core in order to anchor the inclined stresses in the
adjacent panels. At the bottom level of a steel shear core
this rigid element could be a large girder, such as is
commonly used to connect the superstructure to the
foundation. For the top panel, the resisting element could
be provided in the form of a vertical truss or a deep
girder.

If it is not feasible to include such a rigid element,
large distortions will occur in the end panel and the
tension field may not develop adequately. Thus. the
resistance of the panel would be limited to its buckling

strength. This leads to an alternate solution for the design
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of these end panels, and that is to proportion the web in
such a way that the shear stresses will not e*ceed the
critical buckling stress for the panel. To ensure that
buckling will not occur in these "anchor panels” a
restriction must be imposed on the panel dimensions. This is
the approach most commonly taken in the design of a plate

girder (22]).

5.4 Connection Details

No matter what the connection detail, the function of
the connection remains the same; to transfer the web forces
from the plate to the surrounding beams and columns. The web
forces can be obtained directly from the member forces in
the inclined bars given in a strip model analysis. The
member forces obtained from the analytical model act over a
finite length of the plate. This length of plate is equal to
the "strip width", which is defined when the plate is
mode l led for the analysis. In order to design the
connection, the inclined forces can be resolved into their
horizontal and vertical components. The connection must then
be designed to resist a component of force parallel to the
beam or column and a force component normal to the member.
The conventional methods for designing a bolt or weld in
shear and in tension can then be applied directly.

A variety of combinations of welded and bolted

connections can be used to join a shear wall panel to the
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adjoining beams and columns. The following section will
describe two possible connection details.

The first connection detail to be described consists of
connection (or fish) plates, or angles, shop-welded to the
columns and field-bolted to the wall panels. The bolts used
in such a system must be designed to provide a friction-type
Joint, as the formation of the tension field requires that
no slip takes place at the connection.

A connection of the type described above was used in
one of the Japanese highrises employing a steel shear core
that was described earlier (3). A typical connection detail
for this structure was shown in Fig. 1.8. Fabrication and
construction experience gained during this project showed
that there are many problems with the method. The great
number of bolts. (200 to 500 per panel, depending on the
stress in the panel) required very precise drilling and
alignment techniques which resulted in undue time and

Q
expense.

A more practical approach is to use all-welded
connection, such as is depicted in Fig 5.2. In this system,
fish plates are shop-welded to the framing members. In the
field, the panel is first connected to the fish plates with
a few erection bolts. After final alignment., the panels are

field-welded to the fish plates.
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5.5 Stiffening Requirements

The method of analysis presented in this report is
based on the use of an unstiffened panel. and recognizes the
post-buckled strength of the panel. At the present time, it
1s not recommended for applications where significant load
reversals are expected, such as for use in seismic zones.
However . the strength and ductility inherent in the steel
plates make them suitable for resisting cyclic loads. Under
such a circumstance, the plat? should be designed to prevent
buckling. There are two approaches that can be used to
restrict the shear stresses in a steel plate to values less
than the critical shear buckling stress. The foundationg of
these approaches will be outlined in this section.

All of the existing steel shear wall systems that are
discussed in Chap. 1 consist of steel plates reinforced with
stiffeners. The stiffeners consist of structural members.
tchannels, T-sections, or angles/, we}ded or bolted to the
plates. The stiffeners may be either longitudinal or
transverse but their function is the same; to increase the
rigidity of the plate. The stiffeners are used to increase
the moment of inertia of the section to ensure that buckling
does not occur in the service load range. The critical shear
buckling stress of the stiffened plate is calculated
according to plate stability theory, including the
contributions of the stiffeners. The details of such
stability problems for horizontally and vertically stiffened

plates are discussed by Timoshenko and Wang, respectively
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(26,13).

Two considerations that are of prime importance in
producing an economically designed steel shear wall web are
the efficient use of materials and labour The method
discussed above, advocating the use of a thin plate
stiffened with welded ribs, minimizes the amount of material
used 1n the web to carry a given shear stress. However. the
design is very labour intensive, as the connection of
stiffeners to the plate adds significantly to the time
required to fabricate the panel. This aspect of the design
becomes of paramount importance in the North American market
where labour costs are high. Under such circumstances, the
use of an thicker unstiffened plate may be a more desirable

- -~

alternative. . -

For applications where. Ee buckling is deemed
undesirable, the two mrthunjisgscribed above to increase the
shear resistance for a given panel geometry should be

evaluated in order to determine the most economical design.
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6. Summary, Conclusions and Recommendations

6.1 Summary

The steel shear wall panels that are currently in use
in highrise structures have all been designed as stiffened
plates, ensuring that the shear stresses developed in the
plate are less than the critical shear buckling stress. This
approach completely neglects the strength which is known to
aevelop subsequent to buckling. The study reported herein
presents a theoretical approach to this problem which
recognizes the post-buckled strength inherent in a steel
plate and develops a complementar; method of analysis for
steel shear walls on this basis.

An analytical model was developed to study the shear
resistance provided by a buckled web functioning as a
tension *i1eid. The tension zone was represented as a series
of inclined tensile bars, orientated at the same inclination
as the diagonal tension stress in the web. This model
provided a means to study the transfer of forces and the
resulting stress distribution in a thin steel web. [t does
not account for any shear carried by the web prior to
buckling. In addition, because of the stiff boundaries
surrounding the web 1t 1s also assumed that a more complete
tension field will develop in a shear wall panel than the
partial tension field that is assumed toc occur only between

®
the stiffeners 1n plate girder design.



Using the analytical model, parametric studies were
under taken to determine the influence of the following
factors on the strength and stiffness characteristics of a
shear wall panel:

a. column stiffness
b. web thickness
c. panel dimensions

The results of the investigation show that column
stiffness influences the strength and stiffness
characteristics of a shear wall panél in two ways. An
increase in column flexibility causes additional lateral
column deflection as well as more pronounced bending of the
column into the web. It was also found. for given pane]
dimensions, that the load-carrying capacity of the panel
could either be increased by using a thicker web plate or by
increasing the column stiffness. In addition, panel height
and length were found to have individual influences on the
panel characteristics which could not be expressed in terms
of a panel aspect ratio.

General information pertaining to certain other
features which relate specifically to the design of steel
shear wall panels, such as stiffening requirements and

connection details, is provided in Chap.5.



6.2 Conclusions

1.

5.

It is overly conservative to neglect the post-buckling
strength of a shear wall web bounded by columns and
beams. An unstiffened steel panel of usual dimensions’
for building construction will buckle almost immediately
upon being loaded. The study showed that strength of the
post-buckled tension field is the primary’
stress-resisting mechanism, and that the shear
resistance prior to buckling can be neglected.

An investigation of the post-buckling capacity of a
panel intended for use in circumstances where load
reversals are significant. such as would occur under
ear thquake loading, did not constitute part of this
study. Under such cyclic loads, the performance of a
buckled plate hay not be satisfactory.

The angle of inclination of the diagonal tension forces
in a shear wall web is a function of the column and beam
areas., the panel dimensions. and the web thickness.
The'tension field that develops in a buckled shear wall
can be modelled analytically by dividing the web into a
series of strips of equal width. Each strip is then
treated as a planar truss member., capable of
transmitting only axial loads.

Jdhe overall stiffness of a shear wall panel bounded by
columns in the size range 'hat is normal for a
multi-storey structure falls between two limiting

theories, namely that for plates bounded by flexible
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columns and that for plates bounded by infinitely stiff

columns. These theories are based on studies of

post-buckled webs for aircraft structures and steel

plate girders, respectively. To effectively model the

shear wall panel, the effect of the column flexibility

must be included.

6. fAJPratt truss model can be developed in order to

simplify the stiffness calculations. The diagonal member

in this equivalent truss model represents the stiffness

characteristics of the tension field in the web and its

area is a function of the panel geometry and the

stiffness of the perimeter members.

7. A one-storey model is representative of a typical storey

in a multi-storey core if certain constraints are

imposed. The beams in the one-storey model must be

considered as infinitely rigid, joint rotations must be

set at the beam-to-column connections, and the applied

lateral 1oad is the storey shear.

8. For a given panel, panel stiffness is uniquely related

to certain parameters.. The relationships are:

a.

An increase in plate thickness results in a
proportionate increase in panel stiffness.

As panel height i1s increased, lateral stiffness of
the panel is reduced. There is a linear relationship
between the log of the panel height and panel
stiffness.

Panel stiffness increases linearly as panel length



10.

6.

3

increases for values of tan L/h > 45° .
d. An increase in the logarithm of column rigidity
results in a linear increase in panel stiffness.
The stress distribution within the tension field is
uniform only for the hypothetical case of infinitely
stiff columns. As column flexibility increases, the
variation in tensile forces across the web increases.
Maximum stress occurs at mid-panel and the stress
decreases toward the panel edges. for very flexible
columns, compressive stresses will arise in the region
of the panel corners, further reducing the effectiveness
of the web.
For the assumed uniaxial state of stress in the web, the
usable strength of the web is a function of the tensile
strength of the steel. For a panel that meets the drift
requirements, the maximum stress in the panel will most

likely be less than the permissible stress.

Recommendat ions
The results obtained from the analytical study should be

compared with deflection and stress values obtained

kexperimentally. A testing program should also be

employed to investigate the validity of neglecting the
shear resistance that is provided prior to buckling and
examine the effect of load reversals on the tension

field action.
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~ Additional verification of the stress field that exists
in the plate should be obtained by a comparison with a
finite element analysis of the web and the surrounding
boundaries.

The parametric studies should be extended in order to
prepare a set of design curves which would enable a

. designer to proportion a shear wall panel and the
bounding columns to meet the drift requirements.

More study is required to develop a method for
predicting the magnitude and distribution of the web
stresses for a given set of panel characteristics. This
would eliminate the need for using a "strip” model
analysis when designing the connection between the plate
and the surrounding members.

As discussed in Chap. 5, the tension field stresses
cause additional forces and moments in the surrounding .
members. In addition, column flexibility causes
secondary bending moments. This effect should be
quantified.

More complex three-dimensional core arrangements, such
as channels, T-sections, and I-sections, should be
investigated, as should coupled steel shear cores and

panels with holes.
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APPENDIX A--Derivation of Angle of Inclination of Diagonal

Tension Stress

The aim of the following investigation is to develop a
relationship for the angle of inclination af the diragonall
tension stress in a buckled steel plate shear wall. The
angle. a, is shown in the following diagram as the angle
between the columns and the line of action of the inclined

tensile forces that result from an applied shearing force,

Beam\ — Tension field
Vv

vy
,//A///’

V.

////<w——CMUmn
e

Buckled steel plate

Figure 4.1 Analytical Mode! of a Buckled Steel Shear Wall

Web
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A one-storey steel wall panel, one-bay wide, framed by
beams and columns was considered. [t is assumed that the
steel plate buckles immediately upon being loaded.
Therefore, any shear resisted prior to web buckling is
ignored. The axial flexibirlity of the beams and columns 1s
taken into account. However, as was the case in the original
Jerivation (211, the development presented herein does not‘
account for the bending stiffness of the bounding members.
Thus, it is not strictly valid for any web that is not
bounded by completely rigid beams and columns.

First, an expression for the total internal work done
in the system when acted upon by an external shearing force.
V., ts written. Using the principle of least work, the
expression for the internal work is then differentiated with
respect to o« and the result set equal to zero to find the
critical value of a. The internal wo&t done on one storey 1s
the total work done by the web, the beams, and the columns.
tach of theie three work components will be evaluated
separately, and then the results will be summed to find the
total work done.

Consider the work done by the web. For analysis
purposes., the web i1s divided into a series of strips,
inclined at the same angle as the diagonal tension. and the

stress in each strip is found as follows.
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|» 1 unit width

Figure A.2 Strip Representation of a Shear Web

N

’ 7 (1 unit) sin a

Figure A.3 Geometry of a Unit Strip

Strip area = w x (1 unit)(sin a)

Force in each strip = stress in strip x area of strip

O xw {1 unitilsin a)



Horhvzontal length of one strag CTounma bt o vgan a LN

Number ot straps an length [ g

ot ounitst /0 unit o x sin a COs a

= x "cos a / sin al

«

Resultant force for a1l the strips n length |

R = (T » w » 11 a (L cos a S a

R = 0 +«w « . x» cos a

Horizontal component of R

R cos a

R sin a

Figure &L .4 Components of Total web Force

The horizontal component of the 1nclined web force 15 1N
equilibrium with the applied horizontal shearing force. V.

Equating these two forces:

VRsina= (0 xwx_ xcos a' x sin a.. . A



)
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Rearranging the equation gives an expression for the stress
in each strip:

g =V /' (L x wXx cos a x sin a!

The general expression for the internal work can be written

as:

W 1/2 O x ¢ dv

=J.1/2 x 0 x area x ¢ x length
v
=Z:le / 2B x area x length......... . ... . L L

Consider an unit area of the web., having a thichness w. as
shown below:

<

o \

(1 an sSin a

1 Jnn \\

-

7
i \ ~
: " N
I /\
\\ (1 unit) cos o
Figur « Geometry of Unit Lrea
unttt area = {1 unit sin a x [T umit Ccos a

Work for unit area of the welb is
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W= g? /2B x 11 unity sin @ » 11 unit’ cose » w

wWork for unit area = (@ ? / 2F: » w
wWork for the entire web is:

W= 0.2 xwx L xhi /28 .. . PL3

w0

Next consider the work done by the a»ial forces in the
two columns that form the vertical boundaries to the panel
on each side. Assuming that the vertical component of the
tension field resultant force 'F1g. L4 will be resisted

equally by the two columns. the force 1n each column e

Fo= v 7 K cos ¢
Lsing v = K s1n a, from ¢ L., this becomes:
i L
Pz oV cos a J sin a

It should be noted that these column forces are approximale
values only as the vertical component of the web force which
acts along the columns has been neglected 1f these forces
were taken into account the arial forces in the columng
would not be constant but would vary from Vb o to Vvhooo+ oy

tana !

The corresponding stress in the columns 1«

q:: v COSs a 2 2 AC o iy o
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fwhere Ac is the area of one column!

Substituting this value for stress into thé general equation
for internal work, (Eq. A.11, results irﬁ!\e the following

expression for the work done by the columns:

W

F0.%2 / 2E) x Ac x h x 2 columns

"
Q

N
m
I>
0O
>
>

Lastly. the contribution of the beams to the total work
Is evaluated. Consider the free body diagram of the web

shown 1n the following diagram:

Figure L.t Free Body Diagram of Portion of web

"he resultant of the inclined strap forces acting on the

vertical cut L-L is computed as follows:
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-n
1]

stress in a strip x strip area x number of strips

[V/IL x w x cosa x sinallx wil unitisina x h/(1 unit)

n

(V x h) / {L x cosal

The horizontal component of the force is:

Fh = [V x h x sinail / ‘L cosal

The horizontal component of the strip forces acting on the

horizontal cut B-B is the same as that developed in Eqg. 4.1,

i.e.,

Rh = R sinmn a = V

Writing an equation for equilibrium of the horizontal forces

the force in the beam, H., can be obtained:

H =V - Rh + Fh
= v -V + LV xh r sin a' / I cos a-

V. x h x sin at / (L cos al

(It should be noted that if the variation in the axial

forces 1n the columns had been included then the axial force

in the top beam would also vary. In this case the axial

force in the beam would vary }l§§3t2y from V + Vhtana/2L at
SN

the left end to Vhtana/2L at the right end. |

&



Axial stress in beam:
OL= (Vh sin a) / (L cos a) Ab

fwhere Ab is the cross-sectional area of one beam!
Work done by the beam = 1/2 052 x Ab x L

Adding the three work components, (Egs. 4.3, L.4. and A5,
gives the total work done by the panel:
Total Work = | PO, /2B xw o x Lox oh
+ [ 0.2/ Bl x hc x h ]

+[ 102/ 261 x &b x L]

In terms of forces. the work equation can be written as:

W = 1/2E [ (VI / (L x w x cosa simall2x L » b » w
+1/28 [ 1V x cosal / (2 x AC x sinmal]ix Ac x h » 2
*1/2E [(V x h x sina) / © Ab x L x cosa'l<» Ab » L. 'L €

?

Further simplification of Eq. 4.6 results 1n:

W= [ 1VZ x h] / (2F x L x w x cos’a sin‘ag! ]
+[ (V2 x h x cos?al / 14E x Ac X sin‘a ]

+[ (V2 x h? x sin22a) / (2E x L x Ab x cos?a ]

Setting the derivative of the work expression with
respect to a« equal to zero and solving, resu1t¥ in the

following relationship for «a:
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tan* « = [1 + (L xw) / 2 Ac] / [1 + (h x wi / Ab]



APPENDIX B-- Derivation of Equivalent Storey Stiffness

I. Equivalent Storey Stiffness of a Diagonal Brace Element

The purpose of the following section is to develop the
relationship between an applied shearing force, V, and the
stiffness of a panel of a Pratt truss. Consider a panel, as
shown in Fig B.1, having horizontal and vertical members
that are infinitely stiff to ensure that the total lateral
deflection of the panel accrues from the extension of the

diagonal brace.

NS

>

1

Figure B. 1 Equivalent Truss Model of Wall Panel

When a horizontal shearing force, V, is applied to the
structure, the resulting force in the inclined member is

V./ sin &é. Therefore, the stress in the brace is:

143
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O =V / Asin ... (B.1)
where A represents the brace area.
Rearranging the expression:

Vo= O A sin ... (B.2)

For a storey displacement, &, the bar extension can be

expressed as:

POTOA SIN D (B.3!
A
< —L - —
|
sl
AN p
h L/
‘\\\ sin ¢
ol

Figure B.2 Bar Extension due to Storey Displacement

Noting that e p / length = p sin ¢ / L and substituting
for p from Eq. B.3:

€ = (sin2 & x A / (L) .. (B.4)

Substituting this result into the relationship between

stress and strain (0= E x €):



/

14%

O = [(E x sin?2 ¢ x &) / (L] e BBy

Substituting this relationship for stress into Eg. B.2:

Vs (AE /L) sin3 @ x A . (B.6 a'

1o .
Since sin & = L / (L2 + h?2) "this can be written as:

Vo= (A E /LML /Lo« Y s w B e
\_ _J/

. A
Equivalent storey stiffness for the brace

[§)

)
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[l. Equivalent Storey Stiffness of a Fully Developed Tension

Field

By developing an expression for the equivalent storey
stiffness of a fully developed tension field and equating it
to the storey stiffness of a diagonal brace element, as was
derived in Part [, (refer to Eq. B.6). the area of a truss
element having the same storey stiffness as a truss element
can be found.

For a fully developed tension zon- to develop. as shown
in the following diagram, the beams and columns bounding the

web plate must be infinitely rigid.

Vg 79
1 N ay
h ///
Y y
a\
- L - -

Figure B.3 Analytical Model of Shear Wall Web

Only the storey stiffness of the tension zone in the web

will be considered.



Work done by the force., V, = (1 ~ 20 x V x &, B 7
work done by the steel plate in the web is given by the
first term of Eq. A.6:

W = (V2 x h! /7 I2F » | x w x sin’ a ros’ a o R~

Equating Eqs. B.7 and B.8 and solving for V results in:

m

G

Vo [l xw x E x sin? a cos? ot / th' | x & i
“ Y

‘ Y _
Equivalent storey stiffness of the temsion field

Equating Eqs. B.6:a' and B.G gives:

A x B/ L sind @9 L o x o w o x E oy oein? a cosd a h

Solving for the area of the equivalent truss element and

using the following relationships:

tan ¢ = sin ¢ . cos & = L. h

sin © cos o 1/2 sin 2¢

sin“a cos?a = 1/4 sin? 2a

[ o]

L= tw x L x sin? 2a) / 12 sin ¢ sin 2¢'. ... .  _iB.

(In using Eq. B. 10, the angle a can be obtained from Fq.
A.B. I
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IT1. tquivalent Storey Staiffness of a Partially Developed

Tension fField

For a web panel bounded by flex>ible columns and
infinitely stif beams, the tension zone will assume the

configuration shown in fFig. B.4.

El =0 \ ) Ve / B

Figure B.4 Tension Zone for Web with Flexible Columns

The tension zone develops only in the region of the web
bounded by the beams. This distance, s, is obtained by

considering the geometry:
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Figure B.5 Geometry of FPartial Tension Jone

From this:

S = L cos B - h sin 8

The resultant force in the direction of the inclined stress

15

™
"

g x w x s

Q

w x L cos B -hsinB:. ... .. .. . . . .. B

The horizontal component of this inclined force is equated
to the applied horizontal force, V.

V= 0 xw (L cos 8 -hsinB8) sin8....... . ... B 12

By the principle of least work, the most efficient

orientation of B8 occurs when dV/d8 = 0.



Pertorming this calculation gives
tan 268 = L / k.. . : . SRR
substituting this value of 6 into tg. B 12 above, us 1Ny

various trigonometric i1dentities, and stmplifying the

result, gives the relationship between V and stress

Ve lw L tang 0 Boa

The relationship between strain and drspla ement can be

obtained with reference to Fig F %

Figure B. 6 Geometry of a unit Strap

p = ¢ x h / cos B

Therefore:

€ =.cos B x o / oho



L 4
’ /) \

-

h \(P
g

\“1 unit

Figure B.7 Resulting Bar Extension
But:
p = 4 s$In B

Substituting this value of p into Eq. B.15 results in the
following expression for «:

sin B cos B8 + ¢t / h

it

€

sin 268 x & r

Substituting this relationship for strain into the usual
stress-strain relationship gives:

o= It i sin 26 x a1 / (2 h)

\
Substituting this expression into Eq. B. 14 gives:

V= (wx L xE x ax tan 8 x sin 28) / (& h .. . B. o1&



Since & = tan™' L/h, and tan 28 = L,h (Eq. B.16', therefore

28 = & and Eg. B.15 can be further simplified to:

v:= [ftw x E x tan B8 sin? ¢) / l4cos &) x &
1\ e p— S
equivalent storey stiffness for the tension zone

’
'
o

Equating the storey stitfness for the temsion zone with the

stiffness for the diagonal brace (Eq. B.6 a' results in:

AE /L sint 9= (w€E x tan 8 sin® &' / (4 cos g;

which simplifies to:

F o



