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Abstract

The use of steel plate shear walls to resist lateral
forces in multi-storey structures is a new and innovative
design technique. Although a significant number of buildings
have been constructed using the method, design has tended to
be conservative, reflecting the lack of physical testing of
the system. The basis of current design methods is that
shear buckling of the panel be precluded in brder that the
shear yield stress level be reached. The result is that ei-
ther the panels are relatively thick, or that frequent
stiffeners are required.

A study which reviewed existing steel shear wall sys-
tems and developed a new analytical approach for their de-
sign was reported in 1982 by Thorburn, Kulak, and Montgomery
(1). Their proposal considers that the resistance of the
steel panel consists of.post-buckling strength alone, at-
tained by the development of a tension field within the
plate. The model treats the tension.field as a series of in-
clined bars, each acting under uniaxial tension. The method
identifies the post-buckling strength in a similar, but not
identical, way to that used in plate girder design.

In order to substantiate the proposed analytical method
of Thorburn, et al., it was necessary to undertake physical
testing of the system. The results and evaluation of that
testing program are the subject of this report. A large

scale, single storey specimen was tested under;
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1) a cyclic loading to the serviceability limit,

2) loading to failure,
in order to examine the adequacy of the proposed post-buck-
ling model. The framing scheme used reasonably-sized struc-
tural components and was fabricated in accordance with nor-
mal shop procedures. Good agreement was obtained between the
actual and predicted stresses in the various components and
in the load-deflection response of the frame. This good
agreement implies that the proposed design approach is sat-
isfactory. Of equal importance was the evaluation of system
per formance under worKing loads. The test showed that the
buckles which formed in the web under application of a load
equal to that corresponding to the storey drift limit, dis-
appeared entirely when the load was removed. Valuable infor-
mation was also obtained on the performance of connection

details.
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1. Introduction

1.1 Statement of Probilem

Of the many schemes used for resisting lateral load in
the design of high rise structures, one of the newest and
most innovative is the steel plate shear wall core. Shear
walls have proven to be an effective bracing system for
buildings in the fifteen to forty storey range where they
usually surround the interior service area of the structure.
Lateral forces applied on the exterior walls of the building
ére transmitted to the core by means of diaphragm action.
Until recently, shear cores have been constructed almost ex-
clusively of reinforced concrete, regardless of whether the
main structural frame was concrete or steel.

The design approach that has been used for steel shear
wajls has been to provide the lateral restraint required
through the shéar resistance of the web plate located in the
core. This shear resistance is ca1culated on the basis ei-
ther of attainment of shear yield in the plate or the stress
that will produce shear buckling of the plate. Any addition-
al strength that may be present after the web has buckled is
neglected.

A number of buildings have been constructed using steel
p]ate shear walls, most notably in the United States and
Japan (1). Although the design basis appears to be the same
in-each area, fabrication practice differs. In Japan design-

ers have extensively employed longitudinal and transverse



stiffeners of various cross-sectional shapes on both sides
of the steel plate. This ensures that the yield stress limit
of the web material would be reached prior to any lateral
buckling of the plate. The approach favoured by the American
designers consists of fewer (or no) stiffeners; however this
requires a thicker web plate in order to meet the buckling
stress limitation. In both instances, the web plate is, of
course, enclosed by a beam and column framework to complete
the shear wall panel. While both of these design techniques
have proven in many cases to be competitive with moment re-
sisting frames and concrete shear cores, the strength provi-

sions are apparently conservative.

Since Basler’s work on plate girders published in 1961

(2), it has generally been acknowledged in civil engineering
practice that a thin web can have considerable post-buckling
.strength. The additional strength exists as a result of the
development of a tension field within the web plate as it
deforms. The magnitude of the post-buckling strength is
largely dependent on the effective anchoring of the tension
field. This, in turn, is a function of the bounding elements
- of the panel, which are the flanges and transverse stiffen-
ers in the case of a plate girder. The largest contribution
of this secondary strength effect occurs when the perimeter
"of the web exhibits infinitely stiff characteristics.

An obvious analogy exists between the plate girder and
a shear wall core subjected to a lateral load. Realizing

that a steel plate shear wall core, framed by columns and



girders is essentially the same as the web of a plate girder
panel bounded by flanges and transverse stiffeners, it has
been proposed (1) that the post-buckling resistance be uti-
lized in calculating the strength provided by a steel plate
core.

Like plate girder webs, the out-of-flatness of a steel
plate in a shear core is unlikely to constitute a strength
Timit since the web is, inevitably, initially out-of-flat.
This is expected to arise from the fabrication and handling
of steel shear wall tiers when relatively thin plates are
used. Therefore a buckled condition may be assumed to exist
prior to loading and any loading applied to the frame can
only be carried as the result of the immediate development
of a tension field. However, if the web buckles or is ini-
tially buckled under service loads, it is imperative to know
the magnitude of deformation in order to evaluate its ef-
fects on the bonding between the web plate and fireproofing
materials. Consideration must also be given to the clearance
tolerances between mechanical or electrical services located
within the core and the shear wall. Furthermore, the behav-
ior of the buckled plate when subjected to load reversals is
unknown.

The analytical approach recently presented by Thorburn,
et al. (1) is an attempt to account for this post-buckling
strength. FoT]owing upon this work, an éxperimenta] program
was undertakén to verify that unstiffened, thin-webbed steel

plates are effective as a lateral load resisting scheme.



1.2 Objectives
The objectives of this investigation are:

1) To observe the actual tension field present with-
in a large scale shear wall test specimen subjec-
ted to shear.

2) To compare actual test data with results obtained
from the proposed analytical method.

3) To recommend additional design considerations and
fabrication techniques.

4) To indicate areas of interest for future investi-

gation.




2. Literature Survey

2.1 Origins of Tension Field Theory

Wagner was the first to recognize that the load-carry-
ihg capacity of thin-webbed structural members was not 1lim-
ited to the load which corresponded to web buckling (3).
From his experimental investigation of flat sheet metal
girders subjected to shear, he demonstrated that a diagonal
tension field forms during buckling. Upon attainment of
buckling, the load-carrying mechanism performs much like a
Pratt truss wherein the inclined folds behave as a series of
tension diagonals anchored to the stiffeners. By showing
that loads many times greater than those which produce buck-
ling could still be carried by the web-stiffener arrange-
ment, the traditional structural design approach then used
in the aviation industry was improved.

Because the webs used in aeronautical design are so
thin, the force required to produce the theoretical web
buckling load is relatively small; it is customary to ignore
this contribution when calculating the total capacity. Fur-
thermore, since the surrounding framing members are much
stiffer than the web itself, a complete tension fieid devel-
ops throughout. Wagner proposed a unique strip model repre-
sentation encompaésing both of these concepts for the
strength prediction of thin-webbed aircraft membrane.

Following Wagner’s study, designers considered the ul-

timate strength of a shear web as being in either of two



categories. Webs could be deemed as "shear resistant’,
wherein instability was not permitted prior to yield, or as
"pure diagonal tension webs", in which case the shear car-
ried by the web before buckling was disregarded. Kuhn et al.
{4), elaborated on the theory brought forth by Wagner by in-
troducing the idea of incomplete diagonal tension and pro-
posed a method of interpolating between the two extremes
postulated by Wagner. The proposed solution involved a trial
and error procedure if the flanges bounding the shear panel

were not infinitely stiff, thus limiting its application.

2.2 Diagonal Tension in Plate Girders
Basler applied the developments of Wagner and Kuhn,

made with particular reference to the aircraft industry, to

civil engineering structures (2). He judged that, because of

the relatively lTow bending strength in the flanges of a
plate girder, the tension field would develop only partial-
ly. Basler alsa considered the ultimate strength of the web-
plate girder as the contributions of two parts; the shear
capacity of the web due to beam action and the additional
resistance of the web from the formation of the tension di-
agonals following buckling.

Although many variations of tension field theory have
since been introduced for plate girders (5,6), their differ-
ences lie largely in the configuration of the assumed ten-
sion band and the type of failure mechanism used to define

it. Most provide solutions which are marginally better than

ames ey
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Basler’s but since they tend to be more complicated,
Basler’s approach is still favoured. This is reflected
through its incorporation in the major North American steel

codes.

2.3 Proposed Steel Plate Shear Wall Design

As previously noted, a steel plate shear wall core,
consisting of relatively thin steel plates bounded by col-
umns and beams, bears an obvious resemblance to a conven-
tional plate girder. The columns in the shear wall core play
the same role as the plate girder flanges, the beams or
girders in the frame act as stiffeners, and the steel plate
behaves as the web. Thorburn, et al. (1), developed an ana-
lytical procedure for this case. Recognizing that the col-

umns are relatively stiff as compared to the flanges of a

‘plate girder, they used the original approach developed by

Wagner and Kuhn rather than that proposed by Basler. On the
assumption that the steel plate shear wall webs are either
already buckled upon completion of fabrication or are so
thin as to buckle under low loads, only post-buckling
strength was considered.

The angle of inclination of the tension field, a, was
developed by Thorburn, et al. on the basis of least energy
absorbed by the panel when subjected to shear. It has been
recognized subsequently that the potential energy develop-
ment used did not include the bending effects in the col-

umns. This discrepancy is examined in Appendix A of this



report.

A strip model representation of inclined tension mem-
bers, again similar to that of Wagner, was introduced by
Thorburn, et al. The model, shown in Figure 2.1, uses a se-
ries of tension struts oriented at an angle a to represent
the web. They are assumed to be pin-connected to the adjoin-
ing framing members. A plane frame program based on the
stiffness approach is used to analyze this model. Further -
more, a time-saving design technigue of replacing the ten-
sion zone of the steel plate with an equivalent truss ele-
ment having the same storey stiffness was suggested for the
design stage of a multi-1ift stack of shear wall elements.
The size of the equivalent truss member was shown to be de-
pendent upon the extent of tension field formation and its
angle of inclination. This was similar to reported Japanese
approaches for calculating the bending stiffness of a rein-
forced steel plate, as will be discussed in the following

section.

2.4 Current Design Approaches

It appears that structures using steel plate shear
-walls have been constructed only in Japan and the United
States. There is evidence, however, that increasing interest
is developing in other parts of the world, notably Australia
and Canada.

Limitation of local buckling stresses during transfer

of the lateral loads through the shear wall element has been




of premium importance to the Japanese designers. The web
plates are assumed to carry no gravity load and are exten-
sively stiffened both laterally and transversely to prevent
shear buckling. In the analysis of the structure as a whole,
the shear resistance of the plates has been idealized as a
series of diagonal tension and compression braces, both able
to perform simultaneously. By assuming the extension of a
single diagonal brace to be equivalent to the shear deflec-
tion of an unbuckled web plate, the areas of the braces can
be calculated. Sway effects of the structures can then be
examined using analyses founded on the stiffness approach.
The final designs were based on the resulting restrictions
of the deflection tolerances and assurance that material be-
havior remained within the elastic range.

Similarily, the method used by the American engineers
in the design of steel shear wall buildings also restricts
the out-of-plane buckling of the plates. It is implied (7,8)
that proportioning of the steel plate ensures that the
stresses are maintained below the critical buckling stress
under service load conditions. This is achieved through the
use of the same stiffened plate concepts as practiced in
naval architecture for the design of steel bulkheads. Al-
though a finite element analysis was used to check the re-
sults of the hand calculations, excellent agreement between
the two approaches verified that the simplistic manual me-

thod was satisfactory for design purposes.
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A recent publication (9), presents a design example for
a typical shear panel in the Veterans Administration Medical
Center in Charleston, South Carolina. The method offered was
intended for steel shear wall design in existing buildings
in order to provide a stiffer structure. A dynamic modal
analysis was used to obtain the appropriate forces for the
shear walls. A simple finite-element model was then used to
calculate the membrane stresses. This analysis treated the
steel shear panel as being independent of the concrete frame
to which the steel plate was attached, an obviously conser-
vative approach. Once the internal plate stresses were
known, each panel was checked for either of the following
conditions; plate buckling for shear only, or, plate buck-
ling due to both in-plane shear forces and bi-axial compres-
sive forces. The plate thickness was adjusted accordingly to
meet the stress limitations. Both the vertical and horizon-
tal stiffeners between the panels were designed as columns,
similar to the way in which a bearing stiffener is designed.

At least one major difference exists between the Japa-
nese and American hypotheses on load trensfer through the
structure. The latter examines some shear walls as gravity
load bearing walls, that is, at least a portion of the ver-
tical loads are transferred by the plate. This accounts for
the extra plate thickness exhibited in the webs of North
American steel shear wall structures.

Recent work in Australia (10,11) has produced an ana-

lytical procedure that differs somewhat from the methods

L.
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used by either the American or Japanese designers. A twenty

storey building was studied by Angelidis and Mansell (10) in
order to examine the behavior of a steel shear core subjec-

ted to lateral forces.

Under a wind loading, the core was analysed as a planar
wall in each orthogonal direction using simple flexural the-
ory. Where web openings such as corridors existed, a manual
analysis of the structural interaction using the method pro-
posed by Coull and Choudhury (12) for shear walls was used.
Consideration for the shear‘lag effect, composed of the
shear deformations in the coupling beams and the local de-
formations at the beam-to-wall junction, was made by reduc-
ing the moment of inertia of the coupling beam by published
recommended amounts (13,14). Since geometric orthotropy of
the stiffened steel plate was modellied by material orthotro-
py, different elastic moduli in the two principal directions
idealized the stiffeners as being smeared throughout the
panel width.

Based on the compressive loads obtained from the analy-
sis, an average thickness was determfned for the stiffened
plate. When deflection and shear limitations had been
achieved with this smeared plate thickhess, the appropriate
stiffener afrangement and plate thickness was then chosen
from a stock of sizes previously designed and based on per-
formance criteria obtained from box-girder research. It is
notlknown whether any structures have been designed using

this method, nor does there appear to have been any physical
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testing conducted.

2.5 Previous Teéting

Although many tests related to tension field behavior
have been carried out over the last fifty years, only one
ma jor experimental program has been performed with the spe-
cific intent of modelling a steel shear core for structural
consideration. Investigators for a large Japanese contract-
ing firm, conducted a two-phase testing pbogram on thin
steel shear walls subjected to alternating horizontal loads
(15). Several steel shear wall structures in Japan were sub-
sequently designed based on methods of analysis derived from
the basic principles established in this research.

Because Japan is located in a region of high seismic
activity, the structural response and ductility relative to
horizontal load reversals was of prime interest to the re-
searchers. The first phase of the program encompassed the
testing of twelve individual panels with overall dimensions
of 2100 mm by 900 mm. Combinations of different stiffener
arrangements with the various web plate thicknesses (2.3 mm
to 4.5 mm) provided no duplication of test specimens. Real
column and beam sizes were chosen to frame the panels, and
members were pin-connected at the jéints. The framing mem-
bers were further stiffened to approximate an infinitely
stiff boundary surrounding the web plate. The conclusions
drawn regarding the strength and stiffness characteristics

of steel shear walls after_severa] load reversals were
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applied to each test panel were as follows:

1) Superior buckling stability is obtained by
stiffening both sides of the web as opposed to
reinforcing one side only.

2) The hysteresis loop exhibited by the framing
scheme is not altered by varying the stiffener
orientation.

3) Sufficient ductility was provided by all the
plate and stiffener arrangements tested.

Phase two of the program focused on the testing of two full
scale prototypes of single bay, double storey lifts repre-
senting the-tiers of a 32 storey shear core building being
designed concurrent with the testing program. The test mod-
els differed from one another in that only one had openings
in the web. The stiffeners were designed for these specimens
using the results obtained in the first series of tests. The
design criterion ensured that the elastic limit of the web
plate was achieved prior to plate instability. However, once
this 1imit had been exceeded, only a local buckling of the
web was allowed between the reinforcing. This implies that
the overall framework of beams, columns and stiffeners had
to remain in-plane. These conditions were met easily by uti-
lizing plate stability concepts in the design of the
strengthening ribs.

An elasto-plastic finite element method was used under
two assumptions to verify the results of the second series

of tests. The stipulations were that the entire steel wall
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would never buckle and that the material exhibit a bi-linear
stress-strain relationship under the von Mises’' criterion of
yielding. Because of good agreement between the test results
and the predicted load deflection curves it was concluded
that the stiffeners could be designed based on the findings
of the first phase. Furthermore, shear theory, wherein the
shear transfer mechanism is displayed by beam action alone,
could be used to establish the strength and rigidity of the
stiffened plates provided the stresses are maintained below

the critical shear buckling stress.
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3. Experimental Program

3.1 Scope

In order to substantiate the analytical proposal of
Thorburn, et al. (1), a single full scale specimen was fab-
ricated and tested. The major areas of interest of the test-
ing program were the examination of the tension field devel-
opment within the web plate and the deformation behavior of
the plate under service load reversals.

Figure 3.1 shows the symmetric specimen tested. It rep-
resents two single storey, one bay steel shear wall ele-
ments. The members oriented vertically in the test specimen
correspond to the beams in the prototype; the horizontal
members in the test specimen represent the columns. The use
of a symmetric model provided a condition of infinite stiff-
ness at the interior beam located vertically at the center
of the specimen. By having equal and opposing transverse
(horizontal) components of the tensile forces present within
both web plates acting on either side of the interior beam,
a situation of no bending exists for this member. This is
consistent with the usual design assumption for interior
beams located in shear wall stacks (1).

The usﬁal approach to modelling a framing network with-
in a core considers beam-to-column connections as pin-joint-
ed. This results from the fact that in actual construction.
practice, bolted web framing angles are most oftenly used to

provide the connection detail. It was initially hoped that a

16
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severe test of the practical pinned frame surrounding the

steel panel could be made by utilizing true pin-connections
at all the beam-to-column junctions. However, since the ex-
pected frame deflections from such a test specimen were rel-
atively large (even at service load levels) with respect to
practical festing limits, continuous connections were incor-
porated at the interior beam-to-column centerline junctions
while true pin-connections were placed at the remaining (ex-
terior) connections. This greatly reduced the panel deflec-

tion, thereby allowing for an uncomplicated test set-up.

3.2 Coupons

The web of the specimen was made from material supplied
to CSA Specification G40.21 300W (16) (minimum specified
yield strength of 300 MPa). In order to determine the actual
static yield stress, a series of three coupon tests were
performed on material cut from the same stock as subsequent -

ly used for the web panels.
3.3 Full Scale Test Specimen

3.3.1 Description

The full size test specimen, as shown in Figure 3.1,
presented a dual test of two single shear wall panels each
with dimensions corresponding to the centerlines of the
framing members, that is, a bay width of 3750 mm and a sto-

rey height of 2500 mm. The columns, located horizontally,
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were built-up sections approximately equivalent to a
W310X129. The vertically oriented members, the beams in the
.prototype, were also built-up sections. They were approxi-
mately equivalent to W460X144 sections. These dimensions and
framing sizes were chosen as representing reasonablé struc-
tural proportions. Although the beam size chosen is probably
somewhat larger than that expected in actual construction
practice with respect to the column size, its cross-section-
al properties were necessary in order that the tension field
in the steel plate web have a satisfactory boundary.

Since the purpose of the experimental program was to
test a thin-webbed steel shear wall, the thinnest hot-rolled
plate readily available was obtained. A 5 mm web plate was
selected. It was connected to the adjacent framing members
by means of the fish plate arrangement depicted in Section
A-A of Figure 3.1. The web plate was aligned such that its
plane coincided with the planes of the webs of the beams and
columns. The eccentricity introduced by the one-sided fish
plate connection would have a subsequent effect on the final
failure.

The beam-to-column connections at the centerline of the
test specimen were continuous. Complete penetration groove
welds were used and stiffeners were provided between the
flanges of the interior beam in line with the flanges of the
connecting columns.

Thé web regions surrounding the four pin-connections

required doubler plates in order to provide sufficient

O



19

bearing'area for the pin loads. The lower pins also func-
tioned as reaction locations for bqth portions of the load
cycle. The loading tongue located at the top of the central
beam was designed to accommodate the service load reversals.
It was required that all steel except that used for the
pins meet CSA Specification G40.21 300W. The pins were fab-
ricated from steel with a minimum specified yield strength

of 700 MPa.

3.3.2 Test Set-Up

The fabricated structure was tested as a simply sup-
ported deep beam. Because of the symmetry, two shear panels
were thereby tested. This is shown in the overall test set-
up of Figure 3.2. The loading was app]ied vertically at mid-
span with reactions to the floor being transferred at the
ends. A pin-connected clevis delivered the loads from the
crosshead of the 6700 KN capacity MTS testing machine to the
top 6f the interior beam.

A frame was erected which surrounded the specimen and
provided the lateral bracing for the exterior (vertical)

beams. Two articulating braces per beam were used, as seen

-in Figure 3.2, (one at the top, the other at the center of

the beam) to restrict any out-of-plane movement. These brac-
es also served to correct the slight twist that was present
initially in the specimen, probably induced by the welding
stresses from fabrication and by the transport procedure.

Lateral restraint for the bottom of the exterior beams was
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provided by wedging the specimen against the reaction
tongues at the lower pin-connections as shown in Figure 3.3.

Although restraint would be provided by the testing ma-
chine specimen connection at the top of the central beam, a
precautionary measure was taken by providing additional re-
straint using HSS sections as braces on either side of the
web of the beam, shown in Figure 3.2. A further brace point
was provided at the bottom of the interior beam.

A complete description of the étrain and deflection

measurement systems used is discussed in Section 3.3.4.

3.3.3 Test Procedure

Two loading sequences were used during the testing of
the specimen; a cyclic loading to the allowable serviceabi-
lity deflection limitation, and a final loading excursion
until failure of the structural system was reached.

During the load reversals carried out within the first
loading procedure, both tensile and compressive forces were
applied. This was accommodated by the yoke and tongue ar-
rangement previously mentioned in Section 3.3.2. The speci-
men was cycled three times such that the maximum permissible
drift 1imit according to CSA S16.1 (h/400) was reached dur-
ing each excursion (16). This corresponded to a deflection
at the centerline of the test specimen of 6.25 mm, and it
was attained by application of a 2104 KN load. Both strain
and deflection readings (in-plane and out-of-plane) were be-

ing recorded at the end of each loading step.

st
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Because the compressive loads expected to be attained
during the second phase of testing were much greater than
the capacity of the loading yoke, it was removed and replac-
ed by the compression head of the testing machine following
the completion of the load reversal excursions. The specimen
was then gradually loaded in compression until the ultimate
load of the framework was attained. Data were recorded at

discrete intervals.

3.3.4 Data Acquisition

Four types of data acquisition were used during the en-
tire testing program to fully describe any strain and de-
flection activity. These comprised rosette strain gauges,
uni-axial strain gauges, dial gauges along with transducers,
and, finally, out-of-plane deflection monitoring of the pan-
el web.

Rosette strain gauges were mounted extensively, partic-
ularly on one of the two identical panels, in order that
principal strains and their associated directions could be
obtained within the web plate. Figure 3.4 shows the gauging
locations as well as some of the in-plane deflection instru-
mentation. The circled gauges on the left panel indicate
that rosettes were placed on the backéide of the plate di-
rectly opposite those on the front side. This duplication of
gauges was done in order to account for the bending stresses
expected to occur within the plate as a result of buckling.

A much smaller number of rosettes were placed on the other
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panel, primarily for the use as a check on the assumed equal
distribution of the strains throughout the symmetrical spec-
imen. Four additional strain gauges, two on either side of
the right hand panel, were added to the lower interior cor-
ner prior to the final testing of the specimen. They were
placed there to examine better the yield band developing in
an unbuckled region.

Uni-axial strain gauges were placed on various cross-
sections of the beams and columns in order to monitor their
loads. A comparison between the predicted load distribution
and those achieved experimentally would eventually be ob-
tained from these results. The five cross-sections with
gauging locations shown are also indicated in Figure 3.4.

Dial gauges numbered 1 through 4 (Figure 3.4) were used
to record the settlement and axial deformation of the exte-
rior beams. During tension loading, the uplift of the base
plates was also recorded. Additional dial gauges were placed
perpendicular to the hold-down reaction points during higher
load increments to observe any lateral movement of the reac-
tion tongues. Similarily a dial gauge was placed at the cen-
ter of the interior beam, transverse to the web, to monitor
any lateral instability. Transducers were placed at the top
and bottom of the central column to record the axial defor-
mation and absolute deflection of the frame. The stroke as
obtained from the ram of the testing machine was also moni-

tored as a check.

[ N
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A web deflection measurement device was constructed to
maintain a continuous record of the profile of the buckled
web plate perpendicular to the inclination of the folds
formed. This device, shown in Figures 3.5 and 3.6, consisted
of a modified transducer mounted on a buggy which ran along
a rail system. The tip of the transducer was equipped with a
ball bearing to eliminate any friction when travelling along
the surface of the plate. The transducer was located at
right angles to the web, and constant contact with the plate
surface was provided by a coil spring located on its shaft.
The buggy to which the transducer was attached traversed the
rail through power supplied to a motor and cabie arrange-
ment. Continuous recording of the position of the buggy
along the track was obtained through voltage readings re-
ceived from a potentiometer connected to the cable system.
Simultaneously, immediate data was recorded on an X-Y plot-
ter dﬁring testing as well as being stored on a mini-compu-
ter.

Prior to testing, most of the specimen was whitewasﬁed

to aid in the visual identification of yielding regions.
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Figure 3.6 Close-Up of Web Deflection
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4. Test Results

4.1 Introduction

The results presented in this chapter reflect the find-
ings of the experimental procedure previously described. A
brief outline of the testing history of the program is lis-
ted in Table 4.1. Strain gauge results from Test #1 are
omitted from this report because of problems with the elec-

trical strain data acquistion at that time.

4.2 Coupon Tests

The averéged results of three static yield stress de-
terminations per coupon test are summarized in Table 4.2.
Each test exhibited a stress-strain relationship character-
istic of a cold-worked plate. The value of 271 MPa is some-
what lower than fhe specified minimum yield strength of 300

MPa.
4.3 Full Scale Test to Service Loads

4.3.1 Web Plate Stresses

An examination of the surface stresses in each panel
was made to determine whether the load distribution through
the web plates was symmetric. Figure 4.1 indicates the mag-
nitude and direction of the web plate principal surface
stresses at the rosette strain gauge locations taken from a

typical loading excursion to the serviceability deflection

28
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limit. The stresses shown take into account the axial ten-
sion within the plate as well as the bending effects due to
local plate buckling. At a few locations, where it is be-
lieved erroneous results were obtained because of faulty
electrical equipment or poor bonding of the strain gauge,
readings have been omitted.

By direct comparison between the stresses at identical
locations on the other panels, it is seen that the general
distribution of stresses between the two web panels is in
agreement. The difference in direction between some of the
principal stresses located on the centerline of Panel #1 as
compared with the same gauge located on the back side of the
plate (Panel #4), is explainable after examination of the
locations of the buckles. Stresses are expected to be of
contradictive sense, perpendicular to the formation of a
buckle, on opposing sides of the plate. On one surface, the
crest of a buckle creates a positively stressed region,
whereas on the reverse face, a negatively stressed region is
located in the trough.

To eliminate the bending stresses associated with the
buckling of the web panels, the strains as obtained from
both sides of the plate were averaged. The results, of the
centerline gauges of.Panel #1 were averaged with the gauges
of Panel #4 and are presented in Figures 4.2 through 4.5 for
Test #3.

One continuous hysteresis loading of the specimen to

its serviceability deflection 1imit was performed two times
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during this test. Because of the self weight of the speci-
men, approximately 41 KN, adjustment to the applied service-
ability load (2104 kN) was madeée for both directions of load-
ing. During the compression excursion, a service load limit
of 2063 KN was used; in tension, a load of 2145 kN was ap-
plied.

Figures 4.2 and 4.4 represent the in-plane principal
stresses within the web plate achieved upon application of
the compressive serviceability load. The stresses reached
during the tension service cycles are shown in Figures 4.3
and 4.5. Except for the second and third uppermost gauges,
all the rosette locations exhibit agreement as to the gener-
al direction of the major (tensile in this case) principal
stress. Furthermore, the overall trend appears to indicate
that the tensile stresses are of thelsame magnitude. Compar-
ison of Figures 4.2 and 4.4 shows that approximately the
same level of stress is achieved for the first and second
compression cycle loadings. Similarily, duplicate results
were attained for the first and second tensile loadings as
shown in Figures 4.3 and 4.5.

Figures 4.2 and 4.3, wherein the application of load is
in the opposite sense, show that there is a region in the
lower third of the panel where the major principal stresées
differ somewhat in both magnitude and orientation for these
two cases. The tensile web plate stresses present during the
upward application of load were slightly larger and occurred

at some lesser angle (with respect to the horizontal) than
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those tensile stresses appearing during downward loading. In
a similar fashion, there are larger tensile stresses in the
upper region of the plate during downward application of
load (Figure 4.2) than are present during upward loading.
The angle of inclination of the tensile field as derived
from the strain readings ranges between 44° and 56°. These

values bound the predicted angle of 51.0° quite well.

4.3.2 Strains in Framing Members

The framing member strains for selected cross-sectional
locations (see Figure 3.4) are presented for Tests #2 and #3
in Figures 4.6 through 4.9.

The strains as obtained from the tests were separated
into their axial and bending components using the appropri-
ate relationships. Examination of typical axial and bending
strains (Figures 4.6 to 4.8) show that the strains were
quite reproducible during the opposing cycles of loading of
Test #3. Only a small amount of drift was apparent in the
strain readings. For the most part, all the strains display
a linear relationship with the applied load through to the
serviceability load limit. For all cross-section locations,
the slopes of the strains between compression and tension
loadings are only marginally different. Strains obtained

during the tensile portion of the cycled load for cross-sec-

~tions 1, 2, 3 and 5 indicate that they are smaller than

those achieved during compression loading. For cross-section

3 however, where the member is in tension during the
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compression portion of the hysteresis, the strains are
smaller.

Cross-sections 2 and 5 are identical locations on the
two exterior bepresentative floor beam members. With refer-
ence to Figures 4.6 and 4.8, there appear to be several dif-.
ferences between the strain results. During compression
loading, the bending strains of cross-section 2 are smaller
than the axial strains, whereas the opposite is true of
cross-section 5. Furthermore, both the axial and bending
strains are of greater magnitude at cross-section 5 than at
cross-section 2. Examination of the tensile cycle portion of
the bending strains at cross-section 2 indicates that the
member bends inward, as it has for the compression cycle.
From the strain readings at cross-section 5, however, the
member bends outwards during tension loading. A small amount
of bending is also present in the central beam member, as
shown in Figure 4.7. Both of these effects seem to suggest a
slight unbalance in the assumed equal load distribution be-
tween the two test panels.

Examination of the measured strains at the various lo-
cations generally showed good correlation between the re-
sults obtained during Test #2 and those from the primary cy-
cle of loading of Test #3. (Both of these cycles were com-
pression tests.) Figure 4.9 shows typical results. Correla-
tion was not satisfactory at cross-section 3 where only four
strain gauges were used as compared to six at all other lo-

cations.
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4.3.3 Frame Deflection

The load-deflection histories of Tests #2 and #3 are
presented in Figure 4.10. The hysteresis behavior of Test #3
demonstrates that the slope between identical load excur-
»sions is the same. The results as obtained from Test #2
agree well enough with the load-deflection slope of Test #3
during the compression loading. There is a larger frame dis-
placement at the service load 1imit during the tension cycle
loadings of Test #3 than experienced in all the compression
test cycles. The increased deformation is a result of the
elongation of the floor bolts under tension. A check of the
uplift of the base plates at the service load limit verified
that the difference between the deflection of opposing cy-
cles was due to this effect. For all load applications,
there is definite elastic behavior throughout the service-
ability range. Upon unloading, some residual deflection is
noted in each test. This was most likely the result of small
deformations acquired in the reaction tongues during both

cycles of loading.

4.3.4 Web Plate Deflection

Information was gathered on all out-of-plane web de-
flections, as measured on a cross-section perpendicular to
the expected direction of the tension field formation. The
maximum relative out-of-plane deflection of the web plate at
servicé loads for Tests #1, #2 and #3 are summarized in Ta-

ble 4.3. A1l measured deflections are reported with respect
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to a hypothetical perfectly flat web plate.

Figure 4.11 shows the complete behavior of the web
plate during the entire tensile load history of Test #1.
There was a gradual progression in magnitude of the buckles
as the loading was increased. When unloaded, the web plate
returned almost identically to its original state, thereby
indicating no permanent set or deformation. This is shown by
the dashed curve superimposed on the zero loading state.

Figure 4.12 shows the zero and maximum service load de-
flections for Test #2, a compression test. The initial pro-
file of the plate is different from that shown in Figure
4.11 for the tensile test because the cross-section here is
perpendicular to that of Test #1. Again it is noticed that
the plate returns to its original position upon unloading.
During this test, a small amount of flaking of whitewash oc-
curred at the service load limit near the upper exterior
corner of the web plate of Panel #3. Measurements taken of
the yielded portion indicated that the angle it had formed
at was about 44°. This yielding probably occurred as a re-
sult of the poor detailing at the web plate to fish plate
junction in the corners. Stiffening of the corner connec-
tions was made prior to proceeding with the next test.

In Test #3, the web deflections were examined only dur-
ing the compression cycles. As shown in Figure 4.13, nearly
identical behavior between the two loadihg cycles was
achieved. The maximum relative displacement during the sec-

ond cycle is only marginally greater than that experienced

e
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during the first. It is apparent that there is elastic be-
havior of the plate in all the tests.

It was noted that the buckles that had formed over a
wide area of the plate, at both extremes of the load limit,
were barely discernible to an observer standing only a short

distance away from the specimen.

4.4 Full Scale Test to Ultimate Load

4.4.1 Definition of Limits

Both web stresses and framing member strains at two
limits are examined in the following sections. These limits
are the load corresponding to the end of linear frame behav-
ior and the ultimate load. The linear load limit described
in this report constitutes the calculated load that termi-
nates the linear load-deflection behavior within the struc-
ture. This corresponds to first yield in the web plate. Once
the plate begins to yield, non-linear deflection of the
frame commences. The ultimate load of a framing scheme is
defined as the highest load attainable prior to the eventual
system collapse. For the frame tested, loading was applied
incrementally until failure in a connection occurred, re-

sulting in a subsequent load drop-off.

4.4.2 Web Plate Stresses
The averaged stress results from Test #4 for Panel #1

at a load close to the expected linear limit are presented
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in Figure 4.14. The results obtained from the additional ro-
settes placed ét the lower interior corner of Panels #2 and
#3 were not considered reliable and they are therefore not
included in this examination.

As before, many of the gauges agree-as to the general
direction of the principal stresses. The overall magnitude
and distribution of stresses with respect to each other ap-
pear to be the same as experienced at the compressive ser-
vice load levels of Test #3, that is, the stress distribu-
tion is generally uniform throughout the plate’s gauged cen-
terline. The stresses taper off to slightly lower levels
near the ends. The direction of the principal stress asso-
ciated with each gauge location does not change appreciably
except for a few instances, and then only slightly, as com-
pared to those angles attained at service load levels. Only
the second and fourth rosette locations from the top give
guestionable results as they show both principal stresses as
being positive. Many of the tensile stresses within the
plate are in the range of 271 MPa, the yield strength of the
material.

With reference to Figure 4.15, the web plate stresses
achieved at ultimate load, the same pattern of stress dis-
tribution is again experienced. However, at this load
stresses much higher than the yield stress are indicated in
the web plate. Greater compressive stresses also occur in
the central region of the plate. (In this report, the mate-

rial response has been idealized to be that corresponding to
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a tension test and only elastic, perfectly plastic regions
are assumed. In reality, the plate material has some com-
pressive stress perpendicular to the tensile stress, and
also has a strain-hardening component.) Questionable results
are agafn obtained in the upper portion of the plate where

the stresses are quite high.

4.4.3 Strains in Framing Members

Figures 4.16 through 4.20 present the framing member
strains for Test #4 at the five cross-sectioﬁs located
throughout the frame. The linear behavior of cross-sections
1, 2 and 3 (Figures 4.16, 4.17, 4.18) is bounded by Toads
moderately above the serviceability load limit. However ,
cross-sections 4 and 5 exhibit a much higher limit to the
linear behavior, as shown by Figures 4.19 and 4.20. For
cross-sections 1, 2 and 3, the bending strains increase much
more rapidly than the axial strains following attainment of
the linear limit.

The same inconsistencies between the identical cross-
sections 2 and 5 that were observed in Tests #2 and #3 are
also apparent throughout most bf Test #4. Again, both the
magnitude of the strains is smaller, while showing the axial
strains to be greater than the bending strains at cross-sec-
tion 2 as compared to cross-section 5. Very low bending

strains occurred at cross-section 4, as was expected.
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4.4.4 Frame Deflection
The overall frame behavior for the final loading test
to failure is shown in Figure 4.21. The linear portion of
the curve presents much the same slope as shown in the com-
pression cycles of Test #3. The load corresponding to the
limit of linear behavior is approximately 3400 KN. This is
well above the serviceability load (2063 KN) for this frame.
A gradual decrease in the stiffness was experienced beyond
the linear load limit with very ductile behavior shown until
the ultimate load of 5395 KN was achieved. The ultimate load
‘was reached when a weld tear occurred at the web plate to
fish plate connection located at the top pin-connection of
Panel #2 (Figure 4.22). This was followed by buckling of the
doubler plates at the same location and further weld tearing
at a load of 5395 kKN. It is likely that the ultimate load
attained in this test, as governed by the failure of the de-
tail, did not constitute the true ultimate load of the frame

(web plate and bounding members) .

4.4.5 Web Plate Deflection

The out-of-plane web deflections recorded for Test #4
are shown in Figure 4.23. The maximum relative out-of-plane
displacement recorded was approximately 41 mm, attaiﬁed at a
load of 4968 KN. Loading during Test #4 was increased until
this load was reached, at which point the stroke of the MTS
testing machine loading ram was exhausted. (The specimen was

then unloaded and a web deflection reading at zero load was
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taken to assess the permanent deformation. It was decided
not to place the web deflection measurement device back on
the specimen for additional load increments since the ulti-
mate load was close and a sudden failure could have damaged
the equipment. )

Measurements taken along the crests of the ma jor buck-
les that had formed on the south face of Panels #1 and #2
gave values of a between 46° and 53°. A large yield band had
formed in each of the troughs of the buckles (north face)
commencing at the top outside corners of Panels #3 and #4.
These bands were inclined at about 44°. It must be recog-
nized that considerable judgement was involved in measuring

the angles of the buckles and yield bands.



Table 4.1 Full Scale Specimen Test History

Test # Test Description

0 Preliminary tension test to
check strain gauge response.
(max. load=1100 KN)

1 First tension loading to full
service limit.
(max. load=2145 KN)

2 First compression loading to
full service limit.
(max. load=2063 kN)

3 Double hysteresis loading to
full service lTimits.
(max. loads=2145 kKN and 2063 kN)

4 First attempt to ultimate load
in compression.
(max. load=4968 kN)

5 Continuation of ultimate test in

compression.
(max. load=5395 kN)

i |




Table 4.2 Coupon Test Results

Avg. Static Total Avg.

Coupon Static Yield Per Static
Test # Yield Test Yield

(MPa) (MPa) (MPa)

260.5

268.4 269.3

278.9

271.1

275.0 273.3 270.8

273.7

264.5

271.6 269.9

273.7

Table 4.3 Web Deflection Summary at Service Loads

Initial Over a * Max.
Test # | Loading Out-of- Length Relative
Type Flatness of Appox. Def1l.
(mm) (mm) (mm)
1 tens. 9.4 2000 15.8
2 comp. 8.8 1550 19.8
3 comp. 8.8 1275 19.8
comp. 9.2 1275 19.8

* Maximum relative deflection with respect to a

perfectly flat web plate.
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Figure 4.14 Averaged Principal Stresses, First Yield,

Test #4
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Figure 4.22 Weld Tear of Fish Plate Connection at 5200 kN
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5. Comparison of Analytical and Experimental Results

5.1 Introduction

In this chapter, a comparison is made between the actu-
al behavior of the frame and its predicted behavior. Framing
member strains, web plate stresses, and overall frame de-

flections are examined.

5.2 Web Plate Streéses at Predicted First Yield

In Figure 5.1, the predicted versus experimental web
plate stresses are shown for the load corresponding to first
yield for the centerline gauges of Panel #1. Using the re-
sults of the coupon tests, a value of yield load (3352 kN)
was calculated and the corresponding web stresses were de-
rived from this value. At a load very close to the calculat-
ed yield, 3450 KN, strain readings were taken and the prin-
cipal stresses were obtained. Figure 5.1 shows the compari-
son between the experimental and predicted results. Apart
from the poor experimental results obtained at the second
and fourth gauges from the top (both principal stresses are
positive here), the general distribution agrees fairly well
with that predicted by the model. The major difference be-
tween the two is that some of the experimental principal
stresses tend to be inclined at a slightly steeper angle
than do the calculated stresses. However, the central region
of the plate shows that actual yielding (271 MPa) is occur-

ring within the vicinity of this load. It is worth noting
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that the calculated critical web buckling stress for a web
plate having the dimensions of the test specimen is only 12
MPa.

In the lower two-thirds of the plate, the angle of in-
clination of the tension field, a, as obtained from the
strain gauge readings varied between 46.6° and 53.2°. The
predicted value of a was 51.0°.

5.3 Strains to Failure in Framing Members

A comparison between the calculated and actual strains
in selected framing members is shown in Figures 5.2 through
5.4. To generalize, acceptable results are obtained when the
sources of error involved with strain gauge response are un-
derstood. These are covered separately in Section 5.6.1.
Measured strains at cross-sections 1 and 2 are at most vari-
ance with the predicted strains. The results from the re-
maining three gauged locations indicate good agreement be-
tween the modelled behavior of the frame and the measured
values.

Figure 5.2 shows that there is good agreement between
measured axial strains and the calculated axial strains for
cross-section 2. It also shows that the measured bending
strains for a given load are much lower than those predicted
by the plane frame analysis. The magnitude of bending
strains ultimately exceeds that of the axial, but only at

the highest loads.
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Good correlation between predicted and measured strains
for both axial and bending effects at cross-section 4 is in-
dicated in Figure 5.5. The measured axial strains are
slightly larger than the calculated strains. Very little
bending was present in the member, indicating consistency
with the expected zero bending state.

Good agreement between experimental and predicted
strains is present at cross-section 5 as well (see Figure
5.4). There is excellent agreement for axial strains
throughout the loading. The measured bending strains are
slightly less than predicted, but correlation improved as
the test proceeded. In the case of cross-section 2, the twin
cross-section, it is only the bending strains that vary sig-
nificantly during the test (Figure 5.2).

In general, it appears that the calculated axial re-
sponse agrees well with the measured valueé, whereas the ac-
tual bending behavior is less than that predicted. This im-
plies that the moments are less than those predicted. The
geometrical dissimilarities between the actual test frame
and the analytical model may be partly the reason. This ef-

fect is examined in Section 5.6.2.

5.4 Frame Deflection to Failure

The load versus deflection curves for both the test and
predicted response of the framing scheme are shown in Figure
5.5. There is remarkably good agreement between the two. The

linear load limit of the test frame is approximately 3400
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“KN. When compared to the predicted linear load 1limit value
. of 3352 KN, an underestimate of only 1.4% is indicated. The
error is 10.0% when comparing the predicted deflection of
9.00 mm to the 10.00 mm observed.

In the analysis, an incremental loading was used to
develop the inelastic portion of the predicted curve. As
each increment of load was applied, the frame was examined
to see whether either portions of the web (the inclined
bars) had yielded or whether the cross-section of a boundary
member showed yielding. The analysis was done using a plane
frame program founded on the stiffness approach. It used the
framing idealization of the web plate as suggested by
Thorburn, et al. (1) (see Figure 2.1). After yield (271 MPa)
had been reached in a web tension member, that bar was mod-
elled as being unable to carry any additional load. When a
boundary member started to yield (under combined axial and
bending loads), an effective softening was introduced into
the frame. The critical cross-section of the element was
modified by trial until it was in equilibrium with the ap-
plied forces.

The portion of the curve just beyond the yield load
(linear load limit) shows that, at a .given load, the experi-
mental deflection is marginally greater than the correspon-
ding calculated value. This occurs up to a load level of
about 4725 KN. Following this, predicted deflections are

greater than experimental values.
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The post-elastic model used contains a number of sim-
plifications that should be noted. Strain-hardening charac-
teristics for both the web plate and framing members were
not incorporated into the analytical technique. This no
doubt results in an overestimate of the frame deflection in
the inelastic range. Residual stresses, which would be pre-
sent in the fabricated framing members, were neglected, and
any yield affecting a cross-section was assumed to spread
uniformly and parallel to the strong axis in bending. In ad-
dition, as has already been noted, the yielding was asso-
ciated with the entire element, not just with the cross-sec-
tion. Although the actual yield strength of the web material
was used in the analysis, the minimum specified yield
strength (300 MPa) had to be assumed for the boundary mem-
bers.

It should also be recognized that the angle of inclina-
tion of the tension field was derived on the basis that the
web plate behavior remains within the elastic range and that
the stress field within the plate is uniform. The stress
field is known to be non-uniform (1), and by definition por-
tions of the web plate become inelastic after the linear
load is exceeded. Finally, the effects of axial shortening
of the columns have been neglected.

Figure 5.6 shows predicted load versus deflection
curves for otherwise identical frames to that discussed here
except that thinner web plates are substituted. What was de-

sired was to examine hypothetical cases in which more, or
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possibiy all, of the tension diagonals of the web would
yield prior to yié]d occurring in the framing members. For
the case of a 3 mm thick web, only two tension members of
ten yield prior to the first yield of surrounding boundary
elements. For the 2 mm thick web, four ténsion meémbers yield
while for the last example (1 mm thick web), eight of the
ten struts yield before any boundary elements yield. Thus,
in this example, there is no case in which the web is en-
tirely yielded prior to the first yielding of the framing
members. (The remaining portion of the curves are not com-
pleted to ultimate load as the procedure is extremely time
consuming and the required information has already been ob-
tained.)

From the examination of the case where a 1 mm web plate
is used, it is seen that successive deterioration of the
tension diagonals leads to rapid decay of the structure’s
stiffness. It is also noted that a modest increase in the
web plate thickness, can produce a substantial increase in
framing stiffness. For practical applications, wherein web
plates no thinner than 4 mm would be used, successive and
widespread yielding will not occur throughout the plate at
high loads for the geometry examined gnd framing members

used herein.
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5.5 Factors Affecting Failure

The sequence of events that led to the failure of the
specimen was summarized in Section 4.4.4, As noted there,
the ultimate load attained in the test was not governed by
the frame itself, but resulted from a local failure. From
examination of the actual load versus deflection history of
the test specimen in Figure 4.21, it is seen that the s lope
of the curve during the final load increment is fairly flat.
This would indicate that the maximum load achieved, 5395 kN,
was probably close to the ultimate load that the frame might
have attained.

It was noted earlier that the detail used to provide
load transfer between the web plate and the framing members
introduced an eccentricity. A misalignment of the fish plate
(probably induced by the welding stresses) and a slight bend
in both of the doubler plates of the pin-connection at the
location of failure were also noticed prior to testing. The
latter probably occurred during transportation of the speci-
men.

Because of the eccentricity, moments were present in
the web plate connection and the welds were stressed trans-
versely, that is, out-of-plane with respect to the connec-
tion alignment. Failure 6ccurred as a result of a weld tear
in the direction of the eccentricity. Further loading accen-
tuated both the weld tear and tendancy for out-of-plane

movement of the doubler plates.
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5.6 Sources of Errors

Although great care was taken during all stages of
preparation, set-up and testing, it is inevitable that the
results are affected by errors in various parts of the load-
ing and instrumentation systems and as a result of geometri-

cal differences between actual and idealized values.

5.6.1 Instrumentation Errors

Strain gauges respond linearly only within a set volt-
age range. Balancing of the gauges (zeroing) prior to test-
ing, in order that the gauge may respond equally well
whether in tension or compression, was carried out for all
strain gauges. Some difficulty was experienced in this oper-
ation where for some gauges the potentiometer on the signal
conditioners reached its limit prior to initializing. The
full elastic response range was therefore unavailable for
these gauges.

Proper placement of the strain gauge onto the specimen
is of prime importance. It is essential that linear strain
gauges be placed parallel to the expected in-plane strain
response. Bonding gauges to the specimen in a skew manner
will give smaller strain results. Poor bonding between the
gauge and the material to be tested will result in drift of
strain readings. These effects are present to some extent in
all experimental tests.

Additional resistance between the actual strain gauge

resistor and the signal conditioner to which it is connected

e s
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may be acquired through the electrical resistance of the
circuit lead wires. A three wire lead system for each gauge
alleviates this problem. This is especially important where
long leads are used. It is suggested that a three rather
than two wire system be used when the leads exceed 30 me-
ters. Since the lead lengths for this test were no greater
than approximately 10 meters, their associated resistance
contribution was probably insignificant.

There is 1% variation in the strain gauge factor used
in transforming the change in voltage of the gauge to actual
strain response. Deviation from a constant voltage supply
from the power source to the strain circuit will obviously

also induce unreliable readings.

5.6.2 Geometrical Differences

| To account for the observed general trend of actual mo-
ments smaller than the predicted moments at all cross-sec-
tions examined, the dissimilarities between the test frame
and the analytical model were examined. Greater stiffnesses
than modelled exist in the pin-connection regions because of
the web bearing plates provided. The stiffeners between the
central beam and adjoining columns do not identically repre-
sent the continuation of column flanges. The plate thick-
nesses of the fish plate and the webs of the framing members
are greater than the web panel itself. In the model, the web
panel thickness is assumed to be effective to the center-

lines of the framing members in the shear panel. Since the
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actual plate thicknesses enclosed by these same dimensions
in the specimen are greater at the boundaries (because of
the fish plate and framing member webs), a stiffer exterior
edge exists within the web plate than modelled. Furthermore,
the actual fish plate connections at the pinned connection
regions may not effectively anchor the tension field within
the plate to the exterior frame. Although their influences
are probably small, these factors may account for some minor
redistribution of loads.

The above, however, do not offer justification for the
bending strain discrepancies between cross-sections 2 and 5.
What may have occurred was a small unbalance in load distri-
bution between the east and west test panels. A minor amount
of bending would therefore be expected to exist in the cen-
tral framing member, as was in fact observed. Larger moments
would be exhibited by one exterior beam than the other, also
apparent from the test results. A check of the geometric
properties of the two built-up beams revealed that the actu-
al dimensions of section 5 were extremely close to the ide-
alized dimensions. The linear dimensions at cross-section 2
were 1% to 2% smaller than specified. Although these differ-
ences are very minor they may account for a small amount of
load unbalance. Furthermore, if simultaneous seating of the
reaction points during the final compression test did not

occur, some additional load unbalance would result.
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6. Summary, Conclusions and Recommendations

6.1 Summary and Conclusions

The study reported herein describes the large-scale

test of a steel plate shear wall subassemblage. The test

specimen consisted of realistically sized components and was
fabricated using standard shop practices. The analytical me-
thod developed by Thorburn, et al. (1), was used both to de-
sign the test specimen and to provide the basis for the test

evaluation. Some shortcomings of the analytical method of

- Thorburn were noted and modifications have been suggested

(Appendix A). The test also allowed for observations to be
made about the fabrication details used.

Loading of the specimen was done in an incremental
fashion to two distinct levels; service and ultimate. A cy-
clical load application to the permissible deflection 1limit
in each direction was performed three times. Following this,

a final test to the ultimate capacity of the test frame was

~conducted. The test specimen was subjected to lateral loads

much greater than those expected in the lower levels of a
typical shear core. Although column loads were not explicit-
ly applied in the test set-up, induced axial compressive
stresses were of course, present. Measured compressive loads
in the columns at the service load level were approximately
11% of the column yield load. Column axial loads in proto-
type structures are generally in the order of 30% to 50% of

the yield load.
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The following descriptions summarize the findings of
the steel shear wall test.

Good correlation between predicted and actual web plate
sfresses was apparent. The angle of inclination of the prin-
cipal stresses was in the order of -9% to +4% of that pre-
dicted, whereas the averaged measured orientation of buckle
and yield band formation were between 3% and 14% less.

The measured axial framing member strains showed good
to excellent correlation as compared to the predicted val-
ues. Poorer correlation was bbtained between measured bend-
ing strains and calculated bending strains; in each case,
the measured strains were lower than those predicted.

Accurate prediction of the entire load versus deflec-
tion response was obtained using a quasi-elastic approach.
Based on load, modelling of the location of the end of the
linear range was underestimated by only 1.4%. The frame
showed good ductility when loaded to its ultimate capacity.

The discrepancies found in the original derivation of
the angle of inclination (1) were of minor significance. The
revised formula, presented in AppendiX A, should be used for
a more accurate description of the angle of the tension
field.

From the results obtained and analysed during the test
life of the single full scale specimen, it is concluded that
the simplified analytical method for thin-webbed steel shear
walls, as offered by Thorburn, et al., is a satisfactory ap-

proach.

e
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6.2 Recommendat ions

6.2.1 Fabrication Techniques

Several suggestions as to fabricatién techniques are
made with particular reference to multi-storey steel shear
wall tiers fo]lowing the observations made during this sin-
gle study.

Special attention must be paid to the corner connection
details to ensure that a continuous stiff boundary is pro-
vided for the proper anchéring of the tension field within
the ptate. Unnecessary out-of-flatness of the plate can be
avoided by supporting the plate in the center, thereby mini-
mizing its sag, if shop welding is done in the horizontal
position. Although the one-sided fish plate connection re-
sults in an eccentricity of load, problems as a result of
this occurred only at extremely high loads. Satisfactory
per formance was displayed at service load levels. Fabrica-
tors can best judge whether the substitution of a two-plate
connection with intermittent welds is economically justi-
fied. |

With regard to fireproofing of the web plate, the test
showed that the buckles formed were not steep in profile and
therefore should not present any undue difficulty in either
attaching or maintaining the integrity of fireproofing mate-

rials throughout at least the serviceability range.
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6.2.2 Future Testing

Although the test reported is not considered to present
any serious shortcomings, more tests are always desirable.
The multi-storey response of this framing method should be
examined in order to verify additional basic assumptions
made in the analysis. A three storey segment wherein realis-
tic gravity loads, applied to the columns, and transverse
shears applied at floor levels, is suggested for testing at

both a cyclic service load level and to ultimate.
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A.1 Formula Derivation

A derivation for the angle of inclination of the ten-
sile field within the web plate of a shear panel subjected
to transverse loading was first presented by Wagner follow-
ing his study on flat aluminum sheet metal girders (3). Re-
lating the boundary conditions surrounding the web panel
studied by Wagner to those of a shear core panel within a
structure, Thorburn, et al. (1), concluded that the formula-
tion for this case did not differ from that derived by
Wagner. Specifically, the work expression involved consid-
ered the energy absorbed only by the axial forces within the
system as a result of an assumed uniform tension field with-
in the plate. Several additional postulations were made in
the modelling to simplify the formulation. The web energy
associated with the compressive forces perpendicular to the
tension field was expected to be negligible since the plate
offers little resistance to buckling. Furthermore, the low
energy absorbtion as a result of shear within the framing
members was also omitted.

Upon further examination of the derivation for the an-
gle of inclination of the tension field during the study
reported herein, it was considered that the contribution of
an additional effect should be included. Since the columns
have an unbalanced force acting on one flange face as a re-
sult of the tension field, they are subject to bending. The
associated bending strain energy term for the columns should

therefore be included in the energy summation. It was
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considered necessary to re-evaluate the derivation of the
angle of diagonal tension field recognizing this additional
effect. For completeness the entire derivation, including
the column bending term, is presented in this appendix.
Consider first the free-body diagram of Figure A.1,
showing a typical shear core subjected to lateral loads. The
total shear V is assumed to be resisted by the web plate
alone. Since the web is idealized as being connected to the
centerlines of the framing members, only half of each column
web is neglected for shear transfer. This will not be sig-
nificant. (It is customary to neglect the flanges of I sec-

tions when calculating the shear resistance of a member.)
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Figure A.1 Shear Core Subjected to Lateral Load
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Recognizing that the horizontal resistance V is only a
component of the fension field within the plate, the other
components of the force triangle can be calculated, as shown
in the figure. The notation a is used for the angle of in-
clination of the tension field. It is further assumed that
the tension field within the web will be constant. (The ac-
tual distribution of the stress field is dependent upon the
stiffness of the boundary members.) Thus, the vertical com-
ponent of the tension field force is divided equally to the
two columns.

Because the ratio of adjacent floor level shears ap-
proaches unity rather quickly for usual load cases, the ten-
sion fields bounding an interior beam are assumed to be
equal (see Figure A.2). Therefore, vertical load transfer as
a result of the shear within the web panel is effected

through the columns only.

v
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Figure A.2 Balancing Tension Fields
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The web plate is examined next. Shown in Figure A.3 is

a portion of web with depth equal to the column height, h.

m

- hton ex — ]

Figure A.3 Free-Body Diagram of Portion of the Web

Note that no forces are shown along the diagonal cut. Since
this cut is coincident with the direction of principal
stress, shear stresses are zero. The work contributed by the
compressive stress is assumed to be negligible compared to
the other terms. Therefore, no compressive force is shown
along the cut.

The inclined force on the beam (Figure A.2) can be ex-
pressed in terms of force per unit length, V/Lsina. Thus,
the total force along the horizontal portion of the web

identified in Figure A.3 is:

Vh
L cosa

vV
" L sinax

R’ (h tana) =
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Because the vertical portion of the web shown in Figure
A.3 must be anchored by the column, force R’ also acts on
the column. Its horizontal component is R’sina = Vhtana/L,
and its vertical component is R’cosa = Vh/L.

A free-body diagram of the left hand column is shown in
Figure A.4. It extends from the midstorey of one panel to
the midstorey of another. (Moments exist at the column mid-

heights; they are not shown in the figure.)
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Figure A.4 Column Free-Body Diagram

Summation of forces in the horizontal direction gives
the beam axial force. A further simplification is introduced
here since the applied lateral load which should show up at
the floor level is not included in the summation. Thus, the
resultant axial force in the beam is taken as constant at a

value Vhtana/L when in fact it has a linearly varying shape.

P

[
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In a similar way, the column axial force will be taken
in a simplified way as a value V/2tana (see Figure A.4)., Its
true shape is also one which varies linearly as the vertical
components of the tension field force are applied along the
length of the column.

Finally, the bending effect of the horizontal component
of the tension field force acting on the column will be
identified. Considering the column to act as a continuous
member over a series of supports spaced at h, the moment di-
agram is that for a fixed ended beam. Thus, for an applied
horizontal load per unit length of Vtana/L, the end moments
are Vh2tana/12L and the mid-height moment (of opposite sign)
is Vh2tana/24L.

On the basis of the force distributions within the
frame resulting from only the tension field forces, the en-
ergy equation can now be formulated. For a typical panel,
the energy within the frame consists of contributions from
the web, one beam, and two columns. The work components of
each will be evaluated separately and then summed to give
the total internal work performed by the panel when sub jec-

)

ted to a tension field. Thus,

WTot-l = YWob + Yaoam + WColumn

Axial Axial

Axial Bending
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and a column length h. Recalling that two columns are in-
volved, the resulting expression for this contribution to

the work is:

- Vh (A.3)
W:xm 4A.E tan’a .

Finally, for the portion of the column strain energy

due to bending, the general expression is;
2
W=fL2—Ede

The moment distribution in the column is parabolic and can

be expressed as:

_ Z — h2 — 2
M. = 12(6hx h 6x°)

where z = Vtana/L, the uniformly distributed load along the
column flange face resulting from the tension field. Substi-
tution and integration over both columns gives;

_ Vh®tan®a (A.4)
We o~ 720ELL '

The total work expression then, is the summation of

Equations A.1 through A.4.

Woos = VZh Veh’tan’a | __Vh V2h* tan®a

2 Ew L cos®a sin“w 2AE L 4AE tan®’a  720E I L® (4.5)

Simpltification of Eq. A.5 results in:

VZh 1 h tan’« 1 h* tan®
Wrotar = o
Totel 2E (wL cos’a sina + AL + 2A. tan’a 360 I, L2)

Minimizing this relationship by taking the first derivative

with respect to a and setting the resulting equation equal
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to zero gives,
2 1
_+_
tan‘a = wh A " (A.B)
2 .20 . _h
wL AL 180 I. L2
or,
4
wlL 1
. 1+ 2a,
a = tan ] s (A.7)
1+ wh (3 + 3501.0)
It is interesting to compare this to the former solution,
originally postulated by Wagner (3) and followed by
Thorburn, et al. (1), namely;
a = tan™' (A.8)
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B.1 Theoretical Va1ue of Tension Field Angle

The concepts developed in Appendix A were used to de-
termine the angle of theoretical inclination of the tension
field for the test specimen. Because the boundary conditions
for the test specimen were different in some respects from
those described in Figure A.1, some modifications were nec-
essary. The assumptions were the same as the previous deri-
vation for a panel subjected to shear except for two as-
pects. The true boundary conditions for the columns were
fixed at one end and pinned at the other. Secondly, the "ex-
terior" beam of the panel was free to bend, and the addi-
tional bending strain energy of one beam was therefore in-
troduced to the total work equation. The other beam, the
central one in the test specimen, would exhibit no bending
because of symmetry of loading.

Fo]]owing-the same procedure of analysis for the model
as done in Appendix A, but including the changes just noted,

the solution for «a is;

3 ]
1+ (2}\.: + 123 )
3
1+ wh (ga + 323 D)

(B.1)

1

a = tan~

The last entry in the numerator is the additional contribu-
tion due to bending of the one beam member. The final term
in the denominator reflects the change in the boundary con-
ditions when compared to Eqg. A.7.

The fo]]owing(§§§§jfigggi§ﬁ}values for the test speci-

men were used in Eq. B.1;
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w = 4,763 mm (3/16" plate thickness)
L = 3750 mm
h = 2500 mm
A, = 20 952 mm?
I, = 810.3 x 106 mm?
A, = 15 656 mm?
I, = 295.4 x 106 mm*

Using these values, the theoretical angle a for the test
L e Ny

specimen was calculated a@
. ( 0

I‘L ¢ 5-2”77 , viing —"Lc’Jﬁ

Va [we ¢ and Bs, B.1

\U;(‘ng CICC valuer i WMoY g w200 « 11 (w[/\icl,\
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Using Eqo AT L= 42,187
AS A = Y5007
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