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ABSTRACT

Increased pore pressures and softening of dense beach above water tailings were
observed at Syncrude when cyclic equipment loading was applied, resulting in stoppage
of several reclamation projects and presenting challenges for future reclamation
activities. The softening was accompanied by the formation of sand boils and appeared
to be a liquefaction type behaviour, although swelling and retention of static strength

were also observed.

To study whether it was liquefaction that caused softening, instrumented test areas were
softened by equipment and human activities that imparted cyclic loading on a Syncrude
site. Analyses of in-situ test data and subsequent laboratory test results showed that the
tailings were initially dense of their critical state. This and the stress paths observed
during cyclic loading are consistent with cyclic liquefaction. Several controlling factors
and potential mechanisms for the observed softening were identified, and the field data

was used to develop correlations for other sites and loading conditions.
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1.0 INTRODUCTION
1.1 Background

During reclamation activities at Syncrude Canada Limited, unexpected softening was
observed when beach below and beach above water tailings were subjected to
reclamation equipment traffic. In several instances work was halted as a result of this
softening response and in at least one event, equipment sank several meters resulting in
significant damage to the equipment. Furthermore, the movement of water to the
surface associated with the softening can be detrimental to reclamation processes as it
salinizes the area. The phenomenon therefore makes reclamation of beach below water
(BBW) and beach above water (BAW) tailings difficult using conventional techniques and
thus the following research was initiated to better understand the phenomenon. It should
be noted however, that this softening phenomenon appeared to be an operational
problem not a stability issue since it is a very local response.

Syncrude was the second company to carry out surface mining of the Athabasca Oil
Sand Deposit near Fort McMurray, Alberta. It has been producing oil since 1978 and is
currently one of the main oil producers in the region with an average daily production of
250,000 barrels of oil. The Athabasca Oil Sands Deposit contains an estimated total of
1.6 trillions barrels of oil and will likely be exploited by many companies for decades to
come. Syncrude’s lease covers approximately 100 km?, located 50 km north of Fort
McMurray as shown in Figure 1.1. Currently there are two main mining locations within
the Syncrude lease areas, the original site and Aurora, located further to the northeast
with mining activities on-going at each.

The oil sands are mined by truck and shovel or by dragline operations and then
processed to extract the bitumen. The bitumen is upgraded and piped to refineries for
further processing. The main by-products that remain once the oil is extracted are coke,
sulphur, and tailings sand. The sulphur is formed into large blocks and stored on site for
future use, sale or disposal. The coke is stored in various containment areas for future
utilization. Approximately 1 m® of coarse tailings and 0.25 m® of mature fine tailings are
produced per barrel of oil, corresponding to 114,062,500 m® of tailings generated
annually at Syncrude. Tailings are generally stored in surface structures, which have
become some of the largest man-made structures on earth. In general, there are two
components to the tailings: coarse tailings, which are used to construct the tailings
embankments, and a finer fraction, which is deposited with process water behind the
tailings embankments where it is left to consolidate, although research is ongoing to
develop more efficient methods of storing fine tailings. These tailings storage facilities
must be reclaimed either during or following mining operations to produce structures that
are stable over very long time periods and appear somewhat natural to allow closure of
the facilities. It is this latter component of the process that has prompted the following
project.

At the main Syncrude site, there are two major tailings storage structures: Mildred Lake
and the Southwest Sand Storage Facility. Mildred Lake covers a total area of
approximately 49.4km? with a perimeter of approximately 27 km, and the Southwest
Sand Storage Facility covers an area of approximately 34.5 km? with a perimeter of
roughly 22.4 km. Tailings are piped from the processing plant to the tailings facilities
and deposited. In general, tailings can be hydraulically deposited in one of two ways:
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above or below water. Beach below water (BBW) tailings are deposited by overboarding
of the tailings slurry into a pool. The particles then settle out under gravity generally
forming a fairly loose deposit. Beach above water (BAW) tailings are deposited by
spigoting of the tailings slurry onto existing tailings. As the slurry runs down the existing
tailings beach, the coarse tailings and some trapped finer particles settle out, building up
and extending the beach while the finer particles are carried with the water into the pond
where they settle out more slowly. Tailings beaches developed in this way typically have
slopes of 1 to 2 degrees and are typically relatively dense.

At Syncrude, reclamation activities have been carried out concurrently with mining
activities. During these activities, it was observed that equipment traffic caused the
tailings to soften significantly and large quantities of water were pumped to surface. In
many events, as shown in Figure 1.2, sand boils were observed.

Sand boils are generally considered to be indicative of liquefaction type behaviour, a
result of sand particles being carried to surface with the upward migration of water due
to the excess pore pressures generated during liquefaction. Liquefaction is an expected
response of loose BBW tailings subjected to cyclic loading, however liquefaction was not
expected in the denser (typically 95% of the maximum Standard Proctor density) BAW
deposits, which lead to subsequent testing and to the research described herein. In
general, the affected areas appeared to be approximately five times the area of the
equipment causing the softening. This response was observed only in BAW and BBW
tailings where the phreatic surface was near the ground surface, not in any tailings
compacted in cell construction (McKenna, personal communication, 2002). The
softening phenomenon could also be induced in BAW tailings with a shallow phreatic
surface by a person’s self weight when stepping in place. When this was carried out, it -
was observed that the BAW tailings appeared to swell, suck in water and soften
suggesting that the tailings may have been dilating as they softened, which is typically
not associated with liquefaction.

1.2 Previous Work

In response to the observed behaviour of BAW tailings to cyclic loading, several tests
have been carried out by Syncrude. A small-scale cyclic loading test was carried out as
well as a large-scale trafficability study. During the former tests, a person stepped in
place cyclically loading BAW tailings and the density and moisture content of the deposit
were measured using a Troxler nuclear gauge at intervals throughout the test. Pore
pressures were also monitored during and following the test. A significant decrease in
dry density and increase in moisture content was noted throughout the test although the
wet bulk density remained fairly constant as shown in Figure 1.3. Measured pore
pressures indicated that excess pressure equivalent to the overburden pressure were
generated and that pore pressures remained elevated for several hours following loading
(McKenna, personal communication, 2002).

A trafficability study was also carried out by Syncrude in 2001 at the Southwest Sand
Storage Facility (Syncrude, 2002). The tests were carried out in November when there
was ice cover on the tailings. During the study, two types of equipment, a light all terrain
vehicle, and a larger backhoe were driven down the tailings beach and locations of
“good” and “poor” trafficability were noted. In-situ density and moisture contents were
measured using a Troxler nuclear gauge and test pits were dug at intervals along the
path. The study indicated that a significant portion of the Southwest Sand Storage
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Facility, approximately 21 percent of the total area and 55 percent of the area to be
reclaimed, was susceptible to the softening phenomenon when loaded by existing light
reclamation equipment. Furthermore, it appeared that only 1.4 percent of the total area
and 3.7 percent of total area to be reclaimed was accessible to large equipment because
of the softening response of the BAW tailings.

Similar observations of softening behaviour were also made during the Canadian
Liquefaction Experiment (CANLEX). It was observed that as drilling or other in-situ
testing progressed, the tailings began to soften such that people walking on the surface
of the deposit could cause large undulations of the ground surface and water was
observed on surface. Plate load testing determined that the tailings retained significant
static strength even in their softened state (Robertson, personal communication, 2001).

The observed softening phenomenon of BAW tailings could therefore represent a
significant problem to reclamation activities at Syncrude if reclamation is to be carried
out using conventional methods. Furthermore, as the BAW tailings at Syncrude are
similar to BAW tailings at other oil sands developments, it is likely that all oil sand tailings
could exhibit the observed behaviour.

1.3 Objectives

The general observations of increased pore pressure, softening and sand boils tended to
indicate that liquefaction was occurring in BAW tailings subjected to equipment loading,
however, the observed swelling appeared to indicate a more dilative response than is
typically associated with liquefaction behaviour. The apparent retention of static strength
was also somewhat unexpected for liquefaction type behaviour. The proposed
hypothesis was therefore that cyclic liquefaction or cyclic mobility was responsible for the
softening of dense BAW deposits when subjected to cyclic loading, rather than flow
liquefaction. It was proposed that because of the low confining pressures in the upper
portions of the deposit, the cyclic stresses applied by the equipment, due primarily to the
tracks and motor vibrations, were sufficient to cause increases in pore pressure equal to
the overburden pressure resulting in essentially zero effective stress and significant
softening.

The objective of the research was to carry out representative field tests and sufficient
laboratory testing to confirm the proposed hypothesis or to identify an alternate
explanation for the observed behaviour. An understanding of the mechanisms occurring
to cause the softening and some the factors that affected the behaviour was to be
developed. Once explained, it was hoped that some type of guidance with respect to
softening as a function of in-situ conditions and equipment type could be developed to
aid in site activities.

In order to carry out the objectives outlined, a field program was developed to allow
monitoring of the softening behaviour under realistic loading conditions. Prior to any
loading, the test site was to be characterized sufficiently to identify its initial state and
representative samples of the initial conditions were to be gathered for subsequent
laboratory testing. It was also intended to incorporate the extensive amount of published
data available regarding Syncrude tailings into the study. Field tests recreating the
softening of dense, BAW tailings deposits using equipment generally used in daily
operations were to be carried out with sufficient instrumentation and monitoring to
identify and explain the observed behaviour. Following softening, the site was to be
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characterized again and more samples gathered to enable comparison of the conditions
before and after softening. Several test sites were to be created to study the effects of
different equipment, and different tailings properties such as density and fines content. It
was also proposed to carry out a small trafficability study similar to that previously
carried out by Syncrude and described previously to allow comparison between the two
studies.

The data gathered during the field tests, laboratory testing and from a review of
published data was analyzed to provide an understanding of the mechanisms occurring.
Conventional methods of liquefaction analyses were applied to the gathered data to
examine their applicability fo the problem under consideration and possibly allow
extrapolation of the test data to other sites and conditions.

This report begins with a review of the literature regarding the liquefaction phenomenon
in general. The literature review was carried out to provide an understanding of the
mechanisms expected to control the behaviour and to aid in planning the field test. The
field program is then described in detail and the results of the field tests are presented.
The laboratory testing carried out is then presented. A discussion of the field and
laboratory data follows focusing on the state of the deposit prior to loading and the
observed stress response followed by an explanation for the observed behaviour. The
field data is then analyzed using conventional liquefaction analyses methods and the
results are tentatively extrapolated to other conditions.
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2.0 REVIEW OF LIQUEFACTION LITERATURE
2.1 General

This section presents a summary and discussion of the current literature regarding
liquefaction. It was found that there is a large volume of work published regarding
liquefaction related issues and there appears to be some debate in the literature
regarding issues ranging from the appropriate definition of liquefaction to the applicability
of steady state soil mechanics. The information contained in the following discussion is
by no means exhaustive but an attempt has been made to include a wide cross section
of available knowledge. In general however, the topic of static liquefaction was not
included in the literature review presented, as the phenomenon under investigation is
clearly a result of cyclic loading.

The following review begins by summarizing some of the different definitions of
liquefaction. The response of sands to monotonic loading is then presented and linked
to the various liquefaction definitions. A brief review of steady state soil mechanics as it
pertains to soil liquefaction is then presented. The factors controlling the liquefaction
response of sands to cyclic loading are reviewed and discussed followed by a review of
the many methods for evaluating the susceptibility of deposits to liquefaction under cyclic
loading. Finally a brief summary regarding the determination of the strength of soils
during liquefaction is presented.

2.2 Definitions

Throughout the geotechnical literature the term liquefaction has been-used to describe a
variety of soil behaviour. Not all of the definitions will be presented here but some of the
more commonly encountered definitions will be summarized.

One of the first uses of the term liquefaction was found in Hazen’s 1920 paper regarding
hydraulic fill (Hazen, 1920). He used the term “liquefied” to express a soil condition
“practically equivalent to quicksand”. He suggested that this condition was caused when
the pore pressure rises to the point where it carries the entire load at which point the soil
“is almost a liquid, and is capable of moving or flowing or of transmitting pressure in the
same measure as a liquid”. Following this use, the term liquefaction was used until 1966
only to describe the response of saturated loose sand to strains or shocks resulting in
substantial loss of strength with the potential for flow slides (Casagrande, 1979). For
example, Terzaghi and Peck (1996) used the term “spontaneous liquefaction” to
describe the sudden change of loose sand deposits into a viscous fluid-like flow
following a small disturbance.

In 1966 however, Seed and Lee (1966) presented a series of results from cyclic triaxial
tests in which a medium dense sand was cyclically loaded through a state of hydrostatic
stress generating excess pore pressures equivalent to the confining stress and
significant straining. It appeared that they considered the conditions of zero effective
stress as liquefaction. At that time, Casagrande had argued that the behaviour observed
by Seed and Lee was not true liquefaction and was caused mainly by the redistribution
of water content. He further argued that dilative sands, such as the medium dense
sands tested by Seed and Lee, subjected to cyclic loading from a cyclic triaxial test were
subjected to conditions where peak pressure becomes equal to the confining pressure
only momentarily during each cycle and was not associated with any significant loss in
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strength and should not be termed liquefaction (Casagrande, 1979). In 1969,
Casagrande and several other colleagues had attempted to find another term for the
laboratory response and agreed on the term “cyclic mobility”. There was not widespread
acceptance of their term however so in 1976, Casagrande “reluctantly” used the term
“cyclic liquefaction” for the response of a dilative sand to cyclic loading in a triaxial test.
He reserved the term “actual liquefaction” for the response of loose saturated sands that
experienced strain softening.

Many researchers appear to have followed Casagrande (1979) in their definition of
liquefaction and argue that the collapse of loose saturated sands is in fact the only true
form of liquefaction (e.g. Castro and Poulos, 1977; Fear and McRoberts, 1995; Sladen et
al., 1985; McRoberts and Sladen, 1992; Japanese Geotechnical Society, 1998). This
philosophy is embraced in the following definition of liquefaction proposed by Castro et
al. (1982): “Liquefaction is a phenomenon wherein a mass of soil loses a large
percentage of its shear resistance, when subjected to undrained monotonic, cyclic or
shock loading, and flows in a manner resembling a liquid until the shear stresses acting
on the mass are as low as the reduced shear stresses.”

Sladen et al. (1985) modified this definition slightly by omitting the qualifier “undrained”
with respect to the term loading, as they argued that it is possible for the response to be
drained right up until the moment of failure.

With researchers who follow this type of definition, the term cyclic mobility has remained
in the literature to describe both field and laboratory responses of a dilative materials.
Castro and Poulos (1977) define cyclic mobility as the “progressive softening of a
saturated sand when subjected to cyclic loading at constant void ratio”. They note that
softening is accompanied by high pore pressures, increasing cyclic deformation and in
some cases by permanent deformation, but, contrary to liquefaction, does not lead to a
significant loss in strength or to continuous deformation.

Seed in his state of the art paper regarding cyclic liquefaction in 1979 in fact used
definitions of liquefaction and cyclic mobility very similar to those just presented. It does
not appear however, that these definitions were subsequently adopted in future work by
Seed and his co-workers (e.g. Martin et al., 1975; Seed et al., 1985; Seed 1987,).

Kramer (1996) also differentiates between flow liquefaction and cyclic mobility. He
defines flow liquefaction as the phenomenon in which the static equilibrium is destroyed
by static or dynamic loads in a soil deposit with a low residual strength. He emphasizes
that while the cyclic stresses may bring the soil into an unstable state triggering flow, it is
the static shear stress that causes deformation. Cyclic mobility is defined by Kramer as
lateral spreading, which can result in very large permanent displacements, driven by
both static and cyclic stresses. In these cases the static stresses are less than the
liquefied strength of the soil. Kramer (1996) defines level-ground liquefaction as a
particular type of cyclic mobility in which significant settlement, flooding and sand boils
can occur due to the upward flow of water due to the dissipation of seismically induced
pore pressures from below.

Many other researchers use the term liquefaction in a manner similar to that of Seed and
Lee (1966) related mainly to the development of excess pore pressures. The National
Research Council (1985) presented a summary of the state of the art with respect to
designing against earthquake induced liquefaction and defined liquefaction as
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encompassing all phenomena involving excessive deformation of saturated
cohesionless soils. More recently, the National Center for Earthquake Engineering
Research held a workshop concerning the evaluation of liquefaction resistance and
liquefaction was defined as “the transformation of a granular material from a solid to a
liquefied state as a consequence of increased pore pressure and reduced effective
stress” after Marcuson (1978) (Youd and Idriss, 2001). They state that as liquefaction
occurs the soil softens and in loose deposits, a loss in strength occurs concurrently with
softening and can lead to large shear deformations and flow failure.

Laboratory testing has also lead to another definition of liquefaction. Typically
liquefaction is considered to have occurred in a cyclic laboratory tests at specified levels
of strain. For a triaxial test this limit is typically set at a strain level of five percent double
axial strain while for a simple shear test the limit is often set at three to four percent
double amplitude strain (Ishihara, 1993). Double amplitude stain is the total amount of
strain experienced by a soil subjected to half a cycle of loading. It is worth noting that for
loose samples, these strains are often roughly coincident with the occurrence of zero
effective stress. In dense samples however, this is rarely the case (Robertson and
Wride, 1995).

Other definitions of liquefaction have arisen from the back analyses of case histories. In
these cases, liquefaction has been defined based on ground response and the
appearance of surface phenomenon (e.g. Seed and Idriss, 1971; Seed et al., 1985;
Andrus and Stokoe, 2000; Stark and Olson 2002). Liquefaction in this sense tends to
encompass a wide range of behaviours. For example, Seed and Idriss (1971) state that
“liquefaction as used herein describes a phenomenon in which cohesionless soil loses
strength during an earthquake and acquires a degree of mobility sufficient to permit
movements ranging from several feet to several thousand feet’. Seed et al. (1985)
provide further details regarding field phenomena that indicate liquefaction. They
consider that “evidence of ‘liquefaction’ in the field is provided by such phenomena as
sand boils at the ground surface, ground cracking with some sand boiling, small lateral
movements in the ground etc., as well as, in some cases, by major settlements of
buildings, bearing capacity failures, major translation of foundation or uplifting of buried
pipelines and tanks.” There are several authors (e.g. Fear and McRoberts, 1995) who
have questioned whether all of these observations are truly indicative of liquefaction, and
it wouid appear that several of the identifiers listed fall into Kramer's definition of cyclic
mobility rather than flow liquefaction. Seed et al. (1985) do qualify their definition of
liquefaction somewhat by stating that the condition of liquefaction involves different
behaviours in soils of different penetration resistances.

More recently, liquefaction type responses were divided into three main categories for
use in the Canadian Liquefaction Experiment (CANLEX). These three categories were
defined in Robertson (1994) and are as follows:

» Flow Liquefaction;
* Requires a strain softening response in undrained loading resulting in constant
shear stress and effective stress (i.e. ultimate steady state or critical state).
¢ Requires that in-situ shear stress is greater than undrained residual or steady
state shear strength.
¢ Can be triggered by either monotonic or cyclic loading.
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o For failure of a soil structure to occur such as a dam or a slope, a sufficient
volume of material must show strain softening response. The resulting failure
can be a slide or a flow depending on the material characteristics and slope
geometry. The resulting movements are due to internal causes and can occur
after the trigger mechanism.

 Can occur in saturated, very loose granular deposits, very sensitive clays and
loose loess deposits.

> Cyclic Liquefaction:

¢ Requires undrained cyclic loading where shear stress reversal or zero shear
stress can develop (i.e. where in-situ gravitational shear stress is low
compared to cyclic shear stress).

¢ Requires sufficient undrained cyclic loading to allow effective confining stress
to essentially reach zero.

e At point of zero effective confining stress no shear stress can exist. When
shear stress is applied pore pressure drops and a very soft initial stress strain
response can develop resulting in large deformations. Soil will strain harden
with increasing shear strain.

» Deformations during cyclic loading when effective stress is approximately zero
can be large, but deformations generally stabilize when cyclic loading stops.
The resulting movements are due to external causes and only occur during
the cyclic loading. Subsequent movements can occur due to pore pressure
redistribution. However, this will depend on ground conditions and soil
stratigraphy.

e Can occur in almost all sands provided size and duration of cyclic loading is
sufficiently large. For dense sands the size and duration of cyclic loading will
be large and hence, the condition of zero effective confining stress may not
always be reached.

e Clays can experience cyclic liquefaction but deformations at zero effective
stress are generally small due to the possible cohesive strength at zero
effective stress and deformations are often controlled by rate effects (creep).

> Cyclic Mobility:

* Requires undrained cyclic loading where shear stress is always greater than
zero, i.e. no shear stress reversal develops.

o Zero effective stress does not develop.

e Deformations during cyclic loading will essentially stabilize. The resulting
movements are due to external causes and only occur during cyclic loading.

e Can occur in almost any sand provided size and duration of cyclic loading is
sufficiently large and no stress reversal occurs. Can also occur in dense sand
with shear stress reversal provided cyclic loading is not sufficient to cause
zero effective stress to develop.

» Clay can experience cyclic mobility but deformations are often controlled by
creep effects.

Robertson and Fear (1995) add slightly to the CANLEX definitions presented above by
indicating that for design, cyclic liquefaction often implies the point at which the soil
experiences large uncontrollable deformations. Based on these definitions, any soil can
experience cyclic liquefaction provided the shear stresses applied are sufficiently large
to cause a condition of zero effective stress to be achieved. Flow liquefaction appears to
correspond to the case of “actual liquefaction” proposed by Casagrande whereas the
condition described as liquefaction by Seed and Lee characterized by zero effective
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stress appears to be encompassed by flow and cyclic liquefaction in the CANLEX
definitions. Cyclic mobility as defined by CANLEX is slightly different than the definitions
given by Kramer (1996) and Castro et al. (1982), in that it encompasses a narrower
range of soil response.

The preceding discussion presents only a few definitions but clearly illustrates the
importance of identifying what is being implied by the term liquefaction when reading the
geotechnical literature. For the purpose of this study, the definitions proposed by
CANLEX will generally be used.

2.3 Mechanisms
2.3.1 General

Flow liquefaction, cyclic liquefaction and cyclic mobility, as is evident from the definitions
presented above, are associated with the generation of excess pore pressures typically
caused by rapid changes in loading conditions and an undrained soil response.
Therefore, because of their hydraulic conductivities and frictional strengths, sands and
silty sands are the materials typically associated with liquefaction. Generally, gravelly
soils have a high hydraulic conductivity that limits the build up of excess pore pressures
generated during loading and thus gravelly soils typically do not exhibit undrained
behaviour. Under certain conditions of impeded drainage or in cases where a fine-
grained matrix exists, undrained behaviour can be triggered in gravelly materials and
liquefaction of these materials can occur (Andrus et al., 1991; Valera et al., 1994). Clays
are generally considered to be non-liquefiable because of their cohesion. Cohesive soils
have a different component of shear strength than do cohesionless soils and therefore
increased pore pressures do not affect cohesive soils in the same manner as
cohesionless soils (Ishihara, 1993). Cohesive soils can exhibit significant losses in
strength (e.g. Leda and Norwegian quick clays), however their response in general is
controlled by different mechanisms (e.g. salt leaching).

The mechanisms causing liquefaction in cohesionless soils will be discussed in this
section. Although there is still debate in the literature regarding the applicability of
steady or critical state soil mechanics to liquefaction, the theory is widespread in the
literature and a brief summary will follow. The response of soils to monotonic loading
has greatly influenced the understanding of the liquefaction behaviour of soils and
therefore this will also be briefly discussed. Finally an overview of responses to cyclic
loading will be presented.

2.3.2 The State of Sands

Steady or critical state soil mechanics is based on the general premise that a soil will
deform under shear until it reaches a critical or steady state that is dependant only on
the original void ratio and stress state of the soil. Steady state is defined by Poulos
(1981) as the state of a soil that is deforming at constant volume, constant normal
effective stress, constant shear stress and constant velocity. It is attained when a flow
structure originally proposed by Casagrande (1979) is formed within the soil such that
the original structure is completely destroyed and any particle breakage and particle
re-orientation has occurred. Critical state is defined slightly differently than steady state
as the state of a soil that is deforming at constant volume under constant normal
effective stress and constant shear stress (Roscoe et al., 1958). Been et al. (1991) have
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suggested that for sands critical and steady state are essentially the same and Sladen et
al. (1985) report that it has been shown by Castro et al. (1982) and Lupini et al. (1981)
that for sands there is no practical difference between steady and critical states as just
defined. As such the terms critical state and steady state can be used interchangeably
when dealing with sands.

In void ratio — log effective stress space, the steady state line for sands has been found
to be reasonably well represented by a bilinear relationship (Been et al., 1991;
Robertson et al., 2000) steepening at high effective mean stresses as shown
schematically in Figure 2.1. It has been suggested that the steepening of the curve may
be attributed to grain crushing (Been et al. 1991) so that in effect the curve crosses a
variety of unique critical state lines for materials of different gradation as the material
becomes finer due to grain crushing. The steepening may also be an artifact of the
semi-log plot (Been, 1999). There is some debate in the literature with respect to the
uniqueness of the steady state line. [t has been suggested that the location of the
steady state line, particularly in void ratio - mean effective stress space can depend on
initial soil fabric, loading path, initial density and strain rate (e.g. Vaid and Chern, 1985;
Alarcon-Guzman, 1988; Vaid et al., 1990; Konrad, 1993; Vaid and Sivathayalan, 2000;
Sivathayalan and Vaid, 2002). All of these researchers however appear to use the
minimum strength to define the steady state line rather than the steady state strength,
which is likely the main cause of the debate. Vaid and Sivathayalan (2000) indicate that
their reasoning in combining the minimum undrained strength with steady state is that
the minimum strength is the strength of practical interest. While this is likely true, it does
not indicate that the steady state line is not unique. Further complications arise when
assessing steady state conditions from samples that dilate significantly, from very dense
samples or from samples tested in extension. In very dense samples or samples that
dilate significantly, it has been shown that the final phase of shearing is often localized
along bands creating void ratio and water content redistribution within the sample.
Therefore, the measured average void ratio of the sample at very large strain would not
be representative of the void ratio on the failure plane (McRoberts and Sladen, 1992;
Desrue et al., 1996; Ayouban and Robertson, 1998). McRoberts and Sladen (1992) also
report work by Thurairajah (1961), which indicates that at strains of greater than 2 to 3
percent very significant non-uniformities develop in extension tests which make average
void ratio measurements erroneous. Work carried out by Castro et al. (1977), Castro
and Poulos (1982), Sladen et al. (1985), Been et al. (1991), McRoberts and Sladen
(1992) and Ishihara (1993) support the suggestion that steady state as defined
previously is unique and independent of initial density, strain rate, sample preparation,
and stress path.

In deviator - mean effective stress space steady state conditions form a straight line with
angle “M” representing a condition of Mohr Coulomb failure (Sladen et al., 1985) as
indicated in Figure 2.2. This line is also nearly coincident with the locus of minimum
undrained strengths (Vaid and Chern, 1985; Alarcon-Guzman, 1988; Vaid and
Sivathayalan, 2000). Typically M is considered to be slightly different in extension than
in compression however (e.g. Vaid and Sivathalayan, 2000).

Unlike classical critical state soil mechanics (e.g. Cam Clay Model) in which a soil
(generally a clay) is associated with two unique lines, the normal consolidation line and
the critical state line, that control or define its behaviour, the critical state framework for
sands usually refers only to the critical state line. Sands are typically considered to have
an infinite number of normal consolidation lines depending on how they were deposited
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(Roscoe et al., 1958; Been et al., 1991; Jefferies, 1999) and thus the normal
consolidation line cannot be used as a unique reference point. Some researchers (e.g.
Coop and Atkinson, 1993; Ishihara, 1993; Pestana and Whittle 1995) have suggested
the use of an intrinsic normal consolidation line as a second reference line for sands
equal to the loosest state at which a sample can exist. The concept is similar to the
intrinsic consolidation line for clays suggested by Burland (1990) but does not seem to
have gained widespread use.

Unless a soil is at critical state, the void ratio and effective stress of a sand is not a
unique relationship and unlike clays cannot be determined based on stress history. In
order to correctly determine the in-situ state of a sand, both the stress state and the void
ratio must therefore be known. The use of a state parameter describing the physical
conditions of a deposit to define the in-situ conditions was therefore proposed by Been
and Jefferies (1985). The state parameter is the difference between the in-situ void ratio
and the void ratio at critical or steady state for constant mean effective stress as shown
in Figure 2.1. The state parameter can be estimated from in-situ tests based on
empirical correlations. This is not discussed in the current review but is presented briefly
in Section 5.2.3.

Criticism in the literature regarding the use of steady state methods for liquefaction
assessments appears be due to questions regarding the uniqueness of the steady state
line and the appropriateness of the steady state strength for use in engineering practice
(McRoberts and Sladen, 1992). Debate regarding the uniqueness of the steady state
line has been discussed above and although it would appear more work needs to be
carried out, it seems as if the steady state line is unique. It is true however that the
. steady state strength is not always appropriate for use in design. An understanding of

the complete soil response, and not simply steady state may therefore be required in
certain cases. The response of sands to undrained monotonic loading will be discussed
in the following section followed by a discussion of the response under steady state
loading.

2.3.3 Response to Undrained Monotonic Loading

In general, there are three main categories into which the response of a sand to
undrained monotonic loading can be classified. These responses are shown in Figure
2.2 and can be described as strain softening, limited strain softening followed by strain
hardening and strain hardening. Associated with each of these responses is a different
potential for liquefaction. A strain softening response can result in flow liquefaction, a
limited strain softening response can cause limited liquefaction with the severity and type
of liquefaction dependant upon the magnitude and duration of strength reduction prior to
strain hardening, and finally strain hardening responses would typically be associated
with cyclic mobility or cyclic liquefaction (e.g. Vaid and Chern, 1985; Alarcon-Guzman et
al., 1988; Ishihara, 1993; Vaid, 1994; Robertson and Fear, 1995).

Various researchers have proposed explanations for the observed responses of sand to
undrained loading and the following discussion is based on an integration of a variety of
concepts. Examining the stress paths obtained from many laboratory tests on sands
several relationships have been proposed to interpret the behaviour of sands. Ishihara
et al. (1975) defined a phase transformation line, a constant deviator to mean effective
stress ratio (g/p’) at which subsequent unloading causes significant pore pressure
increase even in dense deposits which would normally continue to dilate to steady state
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under continued monotonic loading. The phase transformation line also corresponds to
the state of minimum strength or transition from contractive to dilative behaviour during
monotonic loading. Vaid and Chern (1985) noted that the initial peak stresses attained
by limited strain softening sands also occurred at a constant g/p’ ratio and termed that
line, extending back to the origin, the critical stress ratio. A third line in g-p space, the
collapse surface, was proposed by Sladen et al. (1985). It is defined by the locus of
peak strengths attained by very loose, contractive sands and terminates at critical or
steady state. Ishihara (1993) also confirmed the existence of a collapse surface.
McRoberts and Sladen (1992) have suggested that the collapse surface and critical
stress ratio lines may merge but this has not been verified. These lines are shown in
Figure 2.3 with a typical steady state line and several typical undrained loading paths.
With the exception of the steady state line, the location of these lines are expected to
vary with soil fabric, loading direction, etc. particularly in void ratio — effective stress
space (Vaid and Chern, 1985; McRoberts and Sladen, 1992; Yoshimine et al., 1999) and
may also be non-unique in stress space. Sivathayalan and Vaid (2002) have presented
data to indicate that the phase transformation line is unique in stress space with respect
to stress path and anisotropy but that the critical stress ratio line is not.

As pointed out by Been and Jefferies (1985) the initial portion of the stress paths are
similar regardless of the initial condition of the sand, as can be seen from Figure 2.4.
Once one of the lines or surfaces is reached however, the behaviour of the different
sands becomes remarkably different. If the collapse surface is reached, the sand is
expected to strain soften from that point to steady state. Since Figure 2.3 represents a
constant void ratio plane, this condition can be achieved only if the initial confining
stresses are larger than those at steady state. If the critical stress ratio is reached
during loading, the sand will soften from that point until the stress path crosses the
phase transformation line. The phase transformation point corresponds to the minimum
undrained strength of the material in these cases and is often referred to as the quasi
steady state (e.g. Vaid and Chern, 1985; Robertson and Fear, 1995; Yoshimine et al.,
1999; Sivathayalan and Vaid, 2002). From this point, further straining under increasing
load should result in strain hardening to steady state conditions. For a constant void
ratio this behaviour would be expected to occur for initial states with stresses similar to
those at critical state. At lower initial stress levels, located significantly to the left of
steady state in Figure 2.3, the phase transformation line and critical stress ratio line are
nearly coincident and no significant peak strength is expected, the sand should
essentially strain harden to steady state. It should be noted that as void ratio increases,
the steady state point in q-p space would move left and the boundaries between the
various types of behaviour would likewise increase in stress.

In general, it is considered that very loose soils are associated with strain softening
behaviour while very dense sands tend to response in a dilative manner. Sands in
between these two states generally exhibit limited strain softening. However, as
discussed, changes in confining stress can cause dramatic changes in the response and
therefore loose and dense is typically defined in relation to steady state. These
variations in behaviour are clearly exhibited in test results reported by Ishihara (1993)
and illustrated in Figure 2.4.

It is obvious how these different responses could fundamentally affect the liquefaction
behaviour of a sand deposit. Clearly a sand that undergoes substantial loss in strength
during undrained shear would have a much more severe liquefaction response than a
sand that gains strength during undrained shear. It is noted however that even the
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dense strain hardening soils do exhibit initial contractive behaviour which along with
other mechanisms discussed in the following section can cause build up of pore
pressures when cyclically loaded (McRoberts and Sladen, 1992). An initial dividing line
has been proposed by Ishihara (1993), which is a curve drawn in void ratio — mean
effective stress space separating sands which exhibit a minimum strength during shear
from those that only undergo phase transformation and strain harden completely to
steady state. Other researchers have also adopted its use (Yoshimine et al., 1999) and
it appears that the initial dividing line lies below the steady state line at low stresses
passing above the steady state line as the steady state line steepens at higher stresses.
The initial dividing line does appear to be affected by soil fabric, load path and
anisotropy (Yoshimine et al., 1999). In addition to the soil response however, the in-situ
static shear stresses also affect the possible severity of liquefaction. If the static shear
stresses are less than the steady state strength for strain softening sands or less than
the minimum strength for limited strain softening sands, then liquefaction can only be
driven by imposed cyclic stresses. The effect of in-situ shear stresses will be discussed
in greater detail in the following section.

2.3.4 Response to Undrained Cyclic Loading

Several researchers (e.g. Ishihara et al., 1975; Ishihara, 1985; Alarcon-Guzman, 1988;
Robertson and Fear, 1995) explain the behaviour of sands under undrained cyclic
loading based on the concepts previously discussed for the response of sands to
undrained monotonic loading. As noted by Castro (1975) however, steady state
concepts are not strictly applicable during cyclic loading as the loading conditions are not
constant therefore not steady state (constant deformation at constant volume under
constant stresses) is not possible. Nonetheless, the framework as illustrated in Figure
2.3 is useful and the responses can be explained as follows. If a sand is initially loose
and is in an in-situ state with static shear stresses greater than those supported at
steady state, flow liquefaction is possible under cyclic loading. As cyclic loading
commences, pore pressures increase, causing the effective stress path to move to the
left as shown in Figure 2.5a. When the cyclic load causes the stress state to reach the
collapse surface, pore pressure builds up rapidly and the material fails or flows (e.g.
Alarcon-Guzman, 1988; McRoberts and Sladen, 1992; Davies et al., 2001). A similar
process would occur if a limited strain softening material with in-situ shear stresses
greater than the minimum or quasi steady state strength were subjected to cyclic
stresses with the collapse surface replaced by the critical stress ratio line as shown in
Figure 2.5c. If the in-situ shear stresses were less than the minimum strength of the
material but the applied cyclic stresses were greater than the minimum strength, limited
liquefaction or cyclic liquefaction could occur as shown in Figure 2.5 b and d. The
process is essentially the same as that just described but the deformations should halt
once the driving cyclic stresses are removed.

Sands that exhibit no minimum strength during shear or soils that have in-situ shear
stresses lower than their minimum strength behave somewhat differently. As illustrated
in Figure 2.5 e and f, the stress path moves left with cyclic loading as pore pressures
increase until the phase transformation line is reached at which point there is a drastic
change in behaviour. Ishihara et al. (1975) indicate that at this point although under
monotonic loading dilation and strain hardening would occur, when unloaded from this
point or any stress state at greater stress ratio, significant pore pressure increases
occur. Alarcon-Guzman et al. (1988) also indicate a change of mechanism at the
location of phase transformation with the onset of dilation causing particle arrangement
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possibly including the formation of meta-stable holes. It appears that from the point
when the phase transformation line is intersected, the phase transformation line is nearly
followed along the loading paths and paralleled on the unloading paths. If conditions of
zero effective stress occur, the behaviour is termed cyclic liquefaction (see Figure 2.5f).
Cyclic mobility is associated with softening and elevated pore pressures without shear
stress reversal or conditions of zero effective stress (see Figure 2.5¢). Removal of the
load in cases of both cyclic liquefaction and cyclic mobility should cause deformations to
halt since the static shear stresses are less than the minimum strength of the material
and any further straining would result in dilation.

The descriptions of the responses above do not indicate how the increases in pore
pressure are generated, particularly when considering deposits that are initially dense of
critical state. The initial pore pressure generation has been attributed to various
mechanisms by different researchers. It has been suggested that the initial contractive
behaviour of almost all saturated sands when load is applied is responsible for the initial
increase in pore pressure (Sladen and McRoberts, 1992; Robertson and Fear, 1995).
Nova and Hueckel (1981) suggest that the unloading and reloading of sands at stresses
less than those previously attained (i.e. the stress paths followed during the majority of
cyclic loading) occurs within a yield locus and is controlled by the phenomena of
hystersis and cyclic compaction. They propose that a piecewise path independent
constitutive law that indicates that all volumetric strains along these portions of the stress
path are compressive can define the phenomena. Others attribute the increase in pore
pressure to the tendency for cohesionless soils to densify under vibratory loading, similar
to the cyclic compaction suggested by Nova and Hueckel (1981), which in an undrained
condition would cause increased pore pressure (Castro, 1975; Alarcon-Guzman et al.,
1988). Martin et al. (1975) proposed a model for the prediction of pore pressure
increase due to cyclic loading based on a similar mechanism. They suggested that upon
application of a cyclic load, cohesionless soils tend to decrease in volume and in an
undrained condition this causes an increase in pore pressure, the magnitude of which is
dependant on the rebound characteristics of the sand skeleton. Casagrande (1940)
suggested that, in his opinion, vibratory loading could only cause densification if it was
applied over a relatively long duration, longer that the duration of earthquakes.
Casagrande (1979) suggested that the only mechanism for increased pore pressure of
dense deposits in the field was slight rearrangement of the sand grains caused by
breakage of the edges and corners of the sand particles. Clearly there is work to be
done with regards to this aspect of cyclic mobility but regardless of the cause, it does
appear that pore pressures can be generated in essentially any sand deposit subjected
to undrained cyclic loading of sufficient magnitude and duration.

2.3.5 Factors Controlling Cyclic Liquefaction Behaviour
2.3.5.1 General

There are a multitude of factors that affect the liquefaction susceptibility of a deposit
including properties of the deposit such as void ratio, density, in-situ stresses, grain
characteristics, stress history, geologic age, location of the phreatic surface and degree
of saturation. When assessing the effect of the various factors on the liquefaction
potential of a sand it is important to identify what aspect of the soil response is being
used to evaluate the effects. If the onset of flow liquefaction is being used to evaluate
the effect of variations in sand properties very different conclusions will be reached with
regards to those effects than if the stress needed to cause the generation of excess pore
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pressures equal to the overburden or cyclic resistance (the ratio of the cyclic shear
stress and the initial effective vertical pressure) is used as a basis for comparison.
Factors related to the applied load such as duration and magnitude of cyclic load and the
effects of local topography on the attenuation or amplification of earthquake induced
stresses also affect the response of a soil deposit, as will be discussed in the following
section.

2.3.5.2 Density and Void Ratio

Researchers appear to agree that a major controlling factor in the liquefaction
susceptibility of a sand deposit is its initial void ratio or density (e.g. Casagrande, 1940;
Seed and ldriss, 1971; Ishihara, 1985; Vaid and Chern, 1985; Finn, 1994; Robertson
and Fear, 1995; Vaid et al, 2001). From the point of view of initiation of flow
liquefaction, for a given mean effective stress, a decreasing void ratio would tend to
move the state of the soil lower in void ratio — effective stress space, suggesting a more
dilatant behaviour. In terms of cyclic resistance an increased density, or decreased void
ratio, is associated with greater overall strength. It is thus generally accepted that a
decrease in void ratio, or an increase in density, results in an increased liquefaction
resistance.

2.3.5.3 Confining Pressure

Confining pressure has also been identified as a controlling factor with regards to the
liquefaction susceptibility of sands. Its effects however vary with the particular aspect of
liquefaction behaviour being considered.

Seed (1987), Seed and Idriss (1971), Seed and Lee (1966), and Vaid and Finn (1979)
reported that when subjected to cyclic loading, the shear stress required to generate
pore pressures equivalent to the confining stresses increased as confining stress
increased. This led Seed and Idriss (1971) to conclude that liquefaction susceptibility
decreased with increasing confining stress. Castro and Poulos (1977) also indicate that
the cyclic mobility stress, which is equivalent to the shear stress required to produce a
certain strain, increases with effective consolidation pressure. These findings appear to
be generally consistent with the typical increase in peak strength observed with
increasing effective confining pressure. Vaid and Finn (1979) however noted that the
cyclic loading resistance required to cause a specific strain increased, decreased or
remained constant with confining stress depending on the initial density, the specified
strain level of interest and the magnitude of the initial static shear.

Casagrande (1979) indicated that the liquefaction susceptibility decreased with
increasing confining pressure, stating that when heavily loaded even a medium dense
sand may be susceptible to liquefaction whereas the same soil would not be at lower
confining stresses. This latter statement resulted because Casagrande was referring to
-the effect of confining stress on the triggering of flow liquefaction. As demonstrated by
Castro and Poulos (1977) at constant void ratio, an increase in confining stress causes
the state of a soil move to the right (i.e. towards and past the steady state line)
increasing its susceptibility for flow liquefaction. Similarly they demonstrated that if a
sand was allowed to compress with an increase in confining stress, the state would
either remain the same or move towards and/or past the steady state line. Vaid et al.
(2001) also indicated that increasing the effective confining pressure caused more
contractive behaviour.
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2.3.5.4 Initial Static Shear Stress

There have been considerable differences of opinion with regards to the effects of initial
static shear stress. The differences do not appear to arise solely from the use of
different reference behaviours but appear to be mainly due to the complicated effect of
initial static shear stress. Casagrande (1979) reported that Lee and Seed (1967)
concluded that “the liquefaction potential decreases with increasing initial principal stress
ratio” by which they meant that there was an increase in required shear stress or number
of stress cycles to cause excess pore pressures equal to the confining pressure. This
finding later led to the following, somewhat controversial statement by Seed (1987) in
reference to soils with relative densities of at least 45 percent and subjected to shear
stress/normal stress ratios generally encountered in practice:

“Since higher and steeper embankments may make it more difficult to
build up pore pressure and trigger liquefaction [due to increased confining
pressure and static shear stress], it would appear that these
embankments can sometimes be constructed on sands with lower N,
values and still not cause liquefaction to be triggered, than can
embankments with lesser heights and flatter slopes.”

Casagrande (1979) however, presented evidence for a substantial increase in
liquefaction susceptibility for a loose sand sample loaded with a principle stress ratio of
two (i.e. higher horizontal or static shear) compared to isotropically loaded samples.
Test results presented in Vaid and Finn (1979) suggested that the effect of initial static
shear stress was fairly complicated and apparently dependant on several other factors,
so no general conclusions were reached. Castro and Poulos (1977) suggest that for
contractive type sands able to exhibit flow liquefaction, higher initial shear stresses
results in a decrease in the applied shear stress required to trigger liquefaction and an
increase in the magnitude of the movements that will occur, i.e. liquefaction potential and
potential deformations will be increased. They further suggest that for sands exhibiting
cyclic mobility as per their definition presented previously, initial static shear stress has
two opposing effects. Increased initial shear stress tends to move the sand closer to
failure, thus decreasing the amount of applied shear stress required to trigger failure.
However, they also state that increased initial static shear stress means that shear
stress reversal does not occur until cyclic stresses equal to at least ¥2(Ko-1) are applied
which they indicate is required to cause large strains. Vaid and Chern (1985) similarly
indicated that the effect of initial static shear stress on the resistance to cyclic loading
depends on the volumetric response of sands to shear. They show that if flow or limited
liquefaction occurs, increased static shear stress causes a decrease in the cyclic stress
ratio required to trigger softening. Conversely, if cyclic mobility develops they indicate
that an increase in the initial static shear stress always causes an increase in the cyclic
shear stress required to cause a given axial strain.

In more recent research (e.g. Finn, 1994; Robertson and Fear, 1995; Youd and Idriss,
2001), it now appears to be generally accepted that the effect of initial static shear
stresses depend on the initial state of a sand. Contractive sands tend to show an
increase in liquefaction potential with increasing initial static shear stress whereas
dilative soils tend to show an increase in liquefaction resistance with increasing initial
static shear stress.
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2.3.5.5 Fines Content

The effect of fines content on the liquefaction susceptibility of sands is also widely
discussed in the literature. Seed (1987) indicates that for the case of equal penetration
resistance a sand with increased fines content will have a greater liquefaction
resistance. Robertson and Wride (1998) also indicated that greater resistance to cyclic
liquefaction is generated by sandy soils containing some fines. They found that for the
same liquefaction resistance, an increase in the fines content of a sand tended to cause
a decrease in the permeability and an increase in the compressibility of a deposit, thus
decreasing the penetration resistance. Sladen et al. (1985) however stated that
everything else being equal (i.e. confining pressure and void ratio) the liquefaction
potential of a dirty sand is greater than that of a clean sand. Vaid (1994) similarly
showed that at a given void ratio the cyclic resistance decreases with an increase in silt
content. As pointed out by Finn et al. (1994), the effect of fines depends on the
comparison being made. For a given penetration resistance, increased fines will actually
correspond to an increase in relative density and thus an increase in liquefaction
resistance. For constant void ratio however, the presence of fines will tend to decrease
the peak undrained strength and thus increase the liquefaction potential. Thus the two
statements presented above do not in fact contradict each other.

Ishihara (1993) indicated that the plasticity of the fines has a significant influence on the
liquefaction resistance. Citing test resuits from Ishihara et al. (1978) he showed that the
required cyclic stress ratio (the applied shear stress divided by the effective confining
pressure) to cause 5 percent double amplitude strain increased significantly with the
plasticity of the fines once the Plasticity Index was above 10. Ishihara (1993) suggests
that the increased resistance is due to the adhesion developed between the fine
particles as their plasticity increases. The effect of plastic or cohesive fines is somewhat
captured by the “Chinese Liquefaction Criteria” summarized in Robertson and Wride
(1998) which indicates that if a soil has greater than 15 percent fines, a Liquid Limit
greater than 35 percent and a natural water content less than 90 percent of the liquid
limit, the soil is likely not susceptible to liquefaction.

There is also an indication that fines content may affect the location of the steady state
line (Ishihara, 1993) and this could also be expected to affect the liquefaction response
of sands. Sladen et al. (1985) and Poulos et al. (1988) indicated that increased fines
tend to lower the steady state line in void ratio-effective stress space. Test results
reported in Castro and Poulos (1977) tend to indicate that the location of the steady
state line may also depend on other soil properties such as gradation and grain
compressibility. Analyses of laboratory data by HBT AGRA (1992) did not indicate any
significant variation in the location of the steady state line with respect to the fines
content of tailings sand. As illustrated in Kupper (1991) however, Sobkowitz and
Handford (np) indicated that the steady state line of tailings sand moved upwards when
fines content increased from 4 to 11 percent.

2.3.5.6 Loading Direction

The importance of stress paths is discussed by Arthur et al. (1980) in a paper entitled
“Principal Stress Rotation: a Missing Parameter”. They discuss the differences between
stress paths followed in laboratory testing and those followed by a soil element in the
field and suggest that rotation of stresses could be the missing parameter that
invalidates much current laboratory data. It is therefore not surprising that the direction
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of loading or stress path influences the response of sands to cyclic loading. The effects
of variation in stress path and loading direction have been reported by Vaid and Chern
(1985), Vaid et al. (1990), Yoshimine et al. (1999) Vaid and Sivathayalan (2000) and
Sivathayalan and Vaid (2002). In general, it appears that triaxial compression, simple
shear and triaxial extension cause increasingly contractive behaviour when carried out
on samples initially at the same void ratio and confining stress. Yoshimine et al. (1999)
also indicated that a larger intermediate stress (¢’;) causes more contractive behaviour.
it should be noted however that these simple shear and triaxial extension tests may also
cause increasing non-uniformities within the samples compared to triaxial compression
tests and average void ratio measurements taken for the entire sample may not be
reflective of conditions on the failure plane (e.g. Desrue et al.,, 1996; Ayouban and
Robertson, 1998). Roscoe et al. (1963) report that average measurements cause the
soil to appear more contractive than the actual behaviour on the shear plane. Results
from CANLEX did appear to generally confirm that extension loading particularly causes
a more contractive response than triaxial compression. They showed through modeling
and a large scale field test that a soil subjected to mainly compression loading was much
less susceptible to flow or static liquefaction than a deposit subjected to extension
loading (Byrne et al. 2000).

The direction of loading with respect to bedding planes was also shown to affect the
response of sands to undrained loading. Sivathayalan and Vaid (2002) showed that as
the major principal stress direction moves towards the bedding planes, sands exhibit
more contractive behaviour and that the peak strength also decreased as the principal
stress direction became more aligned with the bedding planes. The minimum strength
also depended on the direction of the principal stress. They further indicated that
rotation of the principal stresses alone, with no increase in deviator stress could cause
excess pore pressures to develop. The changing volumetric response to shear with
rotation of principal stress increases the potential for flow liquefaction (Sivathayalan and
Vaid, 2002). Cyclic loading tests were not reported however to examine the effect of
principal stress rotation on cyclic mobility type behaviours. Seed (1979) did report
laboratory tests carried out in which multi-directional shaking was applied that indicated
that stress ratios required to cause pore pressures equal to the confining pressure were
approximately 10 percent lower than for the case of unidirectional shaking.

2.3.5.7 Location of the Phreatic Surface

For liquefaction to occur, an incompressible fluid must occupy the voids of the soil. It
would therefore seem reasonable to conclude that soils must be located deeper than the
phreatic surface to be potentially liquefiable. Location of the phreatic surface is therefore
an important parameter and in general, liquefaction potential decreases with an
increasing depth of phreatic surface (e.g. Seed and ldriss, 1971; ishihara, 1985; Fear
and McRoberts, 1995; Kramer, 1996). However, as pointed out in Seed (1979)
unsaturated surficial soils can be softened and brought into a “quick” condition by the
upward dissipation of pore pressures generated in sands below the phreatic surface.

Ishihara (1985) proposed relationships between the thickness of surficial non-liquefiable
deposits and the underlying thickness of liquefiable deposit required to avoid surface
effects of liquefaction for varying maximum ground accelerations. The relationships
indicate that as the thickness of a non-liquefiable surface layer increases, the thickness
of an underlying liquefiable layer that can be present without causing surface evidence
of liquefaction also increases. In general the relationships suggest that there is a limiting
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surficial thickness, increasing with the magnitude of ground acceleration, beyond which
there will be no surficial evidence of liquefaction. Since material above the phreatic
surface can generally be considered non-liquefiable, it would seem that these
relationships could indicate minimum depths of the phreatic surface to prevent surface
effects of liquefaction. The relationships were developed by analyzing field data from a
Magnitude 7.7 earthquake in Japan and a Magnitude 7.8 earthquake in China based on
the criteria in the Japanese Bridge Code and dividing the locations that exhibited surficial
sign of liquefaction from those that did not. Youd and Garris (1995) compared the
relationships proposed by Ishihara (1985) with a different set of case histories analyzed
based on procedures proposed by Seed et al. (1985) and discussed in Section 2.4.3.2.
They found that Ishihara’s (1985) relationship could predict certain types of surface
disruption but that case histories indicating damage due to ground oscillation or lateral
spreading often plotted below the proposed boundary, i.e. in the no damage area, and
were not properly predicted.

Grozic et al. (2000) report that gassy soils with saturation values as low as 77 percent
can be liquefied if sufficiently large cyclic loads are applied. It is therefore possible that
soils located somewhat above the phreatic surface in the partly saturated zone could
also be susceptible to liquefaction, although their resistance to cyclic loading is greater
than that of a similar saturated soil.

2.3.5.8 Other Factors

Other factors affecting liquefaction behaviour can be more difficult to quantify. For
example, ageing of deposits has been shown to increase the resistance of a sand
deposit to liquefaction (Seed, 1979; Ishihara, 1993; Wride et al., 2000). In general, it is
suggested that ageing of a deposit introduces structure or possibly cementation, which
increases the strength of the deposit, thereby decreasing its liquefaction susceptibility.
However, the increased strength may also be associated with a more brittle failure
(Pestana and Whittle, 1995). These effects are not easily quantified since ageing tends
to cause an increase in in-situ test results, such as penetration resistance, which would
be difficult to differentiate from other influences. Also, sampling procedures tend to
destroy the structure or locked-in anisotropic stresses and the long term processes
would be very difficult to simulate in a faboratory.

Similarly the effect of soil fabric is difficult to quantify. Even in the laboratory the effect of
different preparation methods has been observed to affect the undrained cyclic response
of sands (e.g. Seed, 1979; Vaid and Chern, 1985; Kuerbis and Vaid, 1988; Ishihara,
1993; Vaid, 1994). In general it appears that water pluviated samples are more dilative
than moist tamped samples. It also appears that the range of densities which can be
achieved by moist placement, dry deposition, water pluviation, and slurry deposition
become successively smaller limiting the possible ranges of behaviour (Kuerbis and
Vaid, 1988; Ishihara 1993). Seed (1987) summarized the cyclic resistance from
previous laboratory tests and showed that there is a significant variation in the cyclic
resistance of samples at the same density and effective confining stress with different
sample preparation method. It would thus be expected that soil fabric developed in the
field would also affect the behaviour.

Particle angularity, compressibility and uniformity also appear to affect the liquefaction

resistance of sands. It has been suggested that more uniformly graded sands are
more susceptible to liquefaction than well-graded soils (Kramer, 1996). Vaid and Chern
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(1985) suggested that the angularity of sands causes them to be more compressible
than rounded sands, particularly under high stresses, which tends to cause more
contractive behaviour and thus increases the potential for flow or limited liquefaction.
Castro and Poulos (1977) also suggest that platey shaped grains create more
compressible sands, which influences their liquefaction susceptibility.

Drainage conditions also have an obvious implication in the liquefaction of a deposit. It
has been shown (Andrus et al., 1991; Valera, 1994) that the presence of thin, low
permeability silt or clay layers can cause a gravel deposit to be susceptible to
liqguefaction if the layers are sufficiently continuous to impede drainage. Fear and
McRoberts (1995) also discussed several case histories in which impeded drainage
likely influenced liquefaction. They also stressed the difficulty in locating the low
permeability layers during a conventional site investigation program.

2.4 Evaluation of Cyclic Liquefaction Susceptibility
2.4.1 General

Seed and Idriss (1971) presented a basic framework for evaluating the earthquake
liquefaction susceptibility of a site. Although developed for the specific problem of the
evaluation of liquefaction susceptibility, the steps are logical and similar to procedures
followed for any stability analysis. The procedure as described by Seed and Idriss
(1971) is listed below, with the text in brackets added to provide an analogy to the
problem of slope stability.

1. Determine the design earthquake. (Determine the critical failure mode.)

2. Convert the design earthquake into shear stresses induced throughout the soil
profile. (Determine the driving forces.)

3. Evaluate the cyclic stress resistance of the soil profile either by laboratory testing
or available field data. (Determine the appropriate soil strength that will provide
the resisting forces.)

4. Compare the induced stresses with the soil strength and assess the potential for
liquefaction. (Calculate the factor of safety against failure as resisting force
divided by driving force.)

If the cyclic resistance is less than the induced cyclic stresses then liquefaction could be
triggered and the residual or liquefied strength will be required to assess the
consequences of liquefaction. Methods for carrying out the steps identified above will be
discussed in the following sections.

2.4.2 Evaluation of the Applied Cyclic Stress

The applied cyclic stress greatly affects the liquefaction susceptibility of a deposit in that
larger magnitudes obviously increase the potential for liquefaction. The loading duration
also has an impact however and it is possible that a smaller magnitude load, acting over
a long period could cause liquefaction where a very short duration large magnitude
cyclic load may not. The frequency of the applied motion can also significantly affect the
soil response (Seed and Idriss, 1982).

Seed and Idriss (1971) suggested a simplified method for determining a value of
average cyclic shear stress based on a known maximum ground acceleration value, a,,,,.
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Based on studies of various earthquakes and laboratory tests, Seed and Idriss (1971)
proposed the following relationship for average cyclic shear stress:

Tg = 0.65[ﬁ Ay }d Equation 2-1
g J
¥= unit weight of soil
h = depth of interest
r~ stress reduction factor

The term in the parenthesis is the maximum shear stress induced at depth # in the soil.
The stress reduction factor, r,, accounts for the decrease in stress with depth due to
deformation of the soil column. Seed and Idriss (1971) presented a range of r, values
based on ground response analyses of a range of earthquake motions and soil
conditions with sand in the upper 15m. Mathematical equations have since been
proposed to fit the average range proposed by Seed and Idriss (1971) as in Youd and
Idriss (2001). Generally the stress reduction factor has been considered independent of
earthquake magnitude but recently, an equation for ry dependant on both depth and
earthquake magnitude has been proposed (Idriss, 1998). The average applied cyclic
stress is often divided by the effective overburden pressure giving the cyclic stress ratio
(CSR), as this is the value typically correlated with in-situ tests (e.g. Robertson and
Campanella, 1985; Seed et al., 1985; Stark and Olson, 1995).

Seed and lIdriss (1971) aiso listed representative numbers of cycles applied during
earthquakes of various magnitudes. They then updated these values in a later
publication (Seed and Idriss, 1982) based on statistical studies carried out. In order to
evaluate the effects of a certain magnitude of cyclic stress with in-situ empirical
correlations, it is typically necessary to convert the cyclic stress to an equivalent stress
for a Magnitude 7.5 earthquake. This is done by dividing the cyclic stress ratio (Tay/c’y)
by a magnitude scaling factor, originally proposed by Seed and Idriss (1982).
Magnitude scaling factors are calculated as the ratio of the cyclic stress ratio required to
induce liquefaction under the representative number of load cycles for the earthquake
magnitude of interest to the cyclic stress ratio required to cause liquefaction in the
representative number of cycles for a Magnitude 7.5 earthquake (typically taken as 15
cycles). Many researchers (e.g. Ambraseys, 1988; Arango, 1996; Idriss, 1998) have
since studied this aspect of magnitude scaling factors as summarized by Youd and Idriss
(2001) and various magnitude scaling factors have been proposed.

There are many more elaborate methods of determining induced stresses based on
analyses and transmission of actual earthquake acceleration histories. Wave
transmission, reflection and refraction, topography, soil type, changing soil properties
and many other factors can be incorporated. These will typically require software
programs which are beyond the scope of this review.

2.4.3 Determining the Cyclic Resistance Ratio
2.4.3.1 General
As with the evaluation of most soil properties, there are many methods of estimating the

cyclic resistance of a soil. In general, there are two main options: empirical correlations
established between in-situ tests and the cyclic resistance of the deposit based on case
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histories and laboratory experiments or direct measurement in the laboratory. Methods
of assessing the in-situ state of a soil based on in-situ testing also exist and can aid in
defining the type of liquefaction behaviour that can be expected, but they do not provide
a measure of the cyclic resistance and will not be discussed in this review. They are,
however, briefly discussed in Section 5.2.3.

Because of the disturbance induced by conventional sampling methods when applied to
saturated sand deposits (e.g. Yoshimi et al., 1977; Marcuson and Franklin, 1980: Seed,
1982) and the cost typically associated with gathering frozen samples, the most common
method of assessing the cyclic resistance of a soil is through correlations with in-situ
tests. These studies, relating behaviour to in-situ testing, are arguably the most
appropriate method of interpreting the behaviour of a site because they incorporate
factors that are impossible to model in the laboratory or are difficult to quantify
individually. However, it is important when applying any such findings to understand
how and under what conditions the correlations were developed and whether they are
applicable to the site being evaluated. It is also important to understand the tests used
to characterize the in-situ conditions of the site and the factors that can influence the
results. Because of the general increase in both resistance and in-situ test results (e.g.
penetration resistance, shear wave velocity, etc.) with confining pressure, the cyclic
resistance is typically normalized through division by the effective overburden pressure
and termed the cyclic resistance ratio (CRR). There are many correlations between a
wide variety of in-situ tests and cyclic resistance ratio. Not all of the proposed
correlations will be presented herein. In general, only the methods most commonly used
in North America will be discussed. A brief summary of the laboratory methods of
determining cyclic resistance ratio will also be presented.

2.4.3.2 Standard Penetration Testing

The Standard Penetration Test (SPT) is likely the most commonly used in-situ test. As
such, there are correlations between SPT blow count (N value) and a multitude of soil
properties. Tokimatsu and Yoshimi (1984) indicate that despite its problems, the SPT
reflects the effects of stress history, strain history, soil fabric and in-situ stresses which
are difficult to capture in the laboratory but do effect the resistance of sands to
liquefaction and also is conducted under undrained conditions making it a convenient
parameter to relate to the cyclic resistance of a sand. The most common correlations
between SPT blow count and CRR in North America appears to be that proposed by
Seed et al. (1985). The many revisions of this chart and the many other SPT-cyclic
resistance ratio correlations will not be discussed in detail but a brief and by no means
exhaustive history of the development of these relationships is presented followed by a
detailed discussion of Seed et al.’s (1985) chart.

Correlations between the SPT N-value and the cyclic resistance ratio are reported by
Seed and Idriss (1982) to have been initiated in Japan after the Nigata earthquake in
1964. To develop these correlations, SPT data from a number of sites was analyzed
and a boundary was drawn between those sites which did and did not show evidence of
liquefaction. In 1971, Seed and Peacock (1971) and Whitman (1971) proposed
relationships between the cyclic stress ratio and relative density as determined from SPT
values based on other empirical relationships. Also in 1971, Seed and Idriss presented
several graphs of SPT N versus depth for various values of maximum ground
acceleration and phreatic surface level, which indicated three zones; liquefaction very
likely, liquefaction potential dependent on particular soil and earthquake conditions, and
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liquefaction very unlikely. These charts were based on results from laboratory
experiments and 35 case histories. In 1975, Castro amalgamated the data from various
sources and produced a plot of corrected SPT blow count versus cyclic resistance ratio
defining zones of ground failure, no ground failure, and a middle uncertain area.
Tokimatsu and Yoshimi (1984) presented relationships between normalized SPT blow
counts and cyclic stress ratio for various fines contents and maximum strain values.
Seed and his co-workers published a suite of papers presenting charts of normalized
SPT blow count and cyclic resistance ratio similar to its current form apparently
beginning in 1975 (e.g. Seed et al., 1975; Seed and Idriss, 1982; Seed et al., 1983;
Seed, 1984, Seed et al., 1985). Most recently the NCEER Workshop modified the chart
proposed by Seed et al. (1985) at low (N4)s values so that the clean sand curve does
not pass through the origin (Youd and Idriss, 2001). This latest version is shown in
Figure 2.6 and is discussed in detail below.

The database presented in Seed et al. (1985) included data from 125 different sites in
North and South America, Japan and China. The case histories included mainly sites
with level to gently sloping terrain underiain by Holocene alluvial or fluvial sediment at
depths less than 15m. For their analyses, Seed et al. (1985) separated the case
histories into clean sand sites (less than 5 percent passing number 200 sieve) and silty
sand sites. For each case history, they calculated a representative SPT (N4)g value, in
which raw SPT blow count data was corrected for overburden and normalized to an
energy transfer ratio of 60 percent. The energy correction appeared to be based on
empirical correlations dependant on hammer type presented in Seed et al. (1984) and
the overburden correction factor was read from the charts presented in Seed et al.
(1983).

The earthquake induced cyclic stress ratio was then calculated for each case history
and, where necessary, converted to an equivalent cyclic stress ratio for an earthquake of
Magnitude 7.5 as discussed in Section 2.4.2. The conversion to a Magnitude 7.5
earthquake was done using the magnitude scaling factors proposed in Seed and Idriss
(1982). For each case history, they then plotted the corrected SPT (N;)g value against
the associated applied cyclic stress ratio. A line was then drawn essentially separating
the liquefied sites from non-liquefied sites, representing the cyclic stress resistance ratio
for a soil with a given SPT blow count for a magnitude 7.5 earthquake. Signs of
liquefaction included phenomena such as sand boils, ground cracking, small lateral
movement as well as bearing capacity failures, uplift of buried structures and major
translation. By considering case histories for sites with differing fines content, they
developed similar curves for sands with 15 and 35 percent fines.

Although not shown in Figure 2.6, Seed et al. (1985) do note that “liquefaction for a sand
with an (N4)eo value of 25 to 30 involves a different form of behaviour than that for a sand
with an (N4)g of say 10 to 15. A sand with an (N,)e value of 25 may show field evidence
of liquefaction in the form of sand boils but it is unlikely to undergo more than about 10
percent shear strain under the influence of earthquake shaking...in contrast sands with
an (Nq)so value of 15 may...undergo very large shear strain in excess of 25 to 30
percent.” To take this into account, Seed et al. (1984) used results presented in Seed
(1979) and Tokimatsu and Yoshimi (1984) to associate maximum strain values with
liquefaction at higher (N4)so values as shown in Figure 2.7. From Figure 2.6, limiting
values of penetration resistance appear to exist above which liquefaction is unlikely,
ranging from roughly an (N4)g of 30 for clean sands to an (N;)g of approximately 22 for
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sands with 35% fines. It is noted however, that there are not many case history data
points in these areas, particularly for silty sands.

To apply the chart in Figure 2.6 in the evaluation of the cyclic resistance ratio of a sand,
field SPT data should be corrected for overburden and energy using the same empirical
correlations as were used by Seed et al. (1985). |t is important when looking at the data
to recall that the charts were verified and are only applicable to level to gently sloping
terrain underlain by Holocene aged alluvial or fluvial sediments at shallow depths up to
15m (Youd and Idriss, 2001). In order to extrapolate the chart to other conditions such
as different magnitude earthquake, deeper sites or sloping ground, various correction
factors have been suggested by a variety of researchers.

Significant amounts of research have been carried out with regards to correction factors
for the evaluation of the cyclic resistance ratio (e.g. Seed and Idriss, 1982; Seed, 1983:
Ambraseys, 1988; Seed and Harder, 1990; Finn, 1994; Arango, 1996; Andrus and
Stokoe, 1997, Youd and Noble, 1997; Idriss, 1998; Hynes and Olson, 1999; Vaid et al.,
2001) and there are many different suggested values, but they will not be discussed in
detail here. Magnitude scaling factors, as discussed in Section 2.4.2, are used to
account for the decrease in the cyclic resistance ratio of a deposit from that estimated
based on the chart if the earthquake magnitude is greater than 7.5 and vice versa if the
magnitude is smaller. For deeper sites, the cyclic resistance ratio is reduced below that
read from the charts by a factor Ko. In cases where initial static shear stress is present,
a Ka factor is applied which reduces the cyclic resistance ratio for loose, contractive
sands and increases the cyclic resistance ratio for dense dilative sands (Youd and Idriss,
2001). Finn et al. (1994) suggested that both Ko and Ka: vary greatly depending on the
specific soil and point out that the database for Ko correction in particular is “too general
for effective use in design”. They recommend that correction values be determined
specifically for the soil being considered. Youd and Idriss (2001) also note that
“‘applications using Ko and Ko are beyond routine practice and require special
expertise.”

Recently, Fear and McRoberts (1995) critically reviewed the work by Seed et al. (1985),
focusing largely on reconsideration of the selection of (N,)s for the various case records.
The methodology for calculation of the applied cyclic stress ratio adopted by Seed et al.
(1985) was maintained in the review study and the case histories were separated into
clean and silty sands as in the original study. Cyclic stress ratio and fines content values
were reassigned if necessary based on the new selection of representative (N+)g values.
The original definition of liquefaction used by Seed et al. (1985) presented previously
was generally adopted in the review but Fear and McRoberts (1995) did add a new
category termed “pressure relief’ for cases in which sand boils were the only surface
expression of liquefaction in order to differentiate between the different types of
liquefaction behaviour and to investigate the statements by various researchers (e.g.
Castro, 1975; Casagrande, 1979) that dense sands (e.g. high N values) behave
differently under cyclic loading than loose sands.

The main objection raised by Fear and McRoberts (1995) regarding the work done by
Seed et al. (1985) was that “the methodology used [for selecting N values] in the
Berkeley catalogue was not explicitly stated nor consistently followed” indicating that the
original work used a minimum (Ny)s value in some cases, an average (N1)so value in
many cases and a high (Nq)s value in a few cases and have thus created an overly

Page 26



conservative and unduly expensive criteria for the liquefaction potential of sands. Fear
and McRoberts argue that “all else being equal, the layer with the lowest (N4)go value will
have the least resistance to liquefaction”. The review carried out by Fear and
McRoberts (1995) therefore consistently used the “weakest link in the chain” approach
and selected the minimum (N,)so value reported in sand and/or silt layers from below the
phreatic surface. They then calculated the associated CSR and noted the appropriate
fines content. They discussed the possibility of CSR variation with depth resulting in a
more critical combination of (N4)¢o and CSR other than that obtained by selecting the
minimum value of (N4)s and corresponding CSR but argued that because of the shallow
nature of the case histories the variation in CSR with depth is relatively small compared
to the large variation in (Ny)s values with depth making a more critical combination
unlikely.

Based on the re-selected SPT values and the additional behaviour category, McRaoberts
and Fear (1995) produced the chart shown in Figure 2.8 with the boundary proposed by
Seed et al. (1985) and modified in Youd and Idriss (2001) superimposed. In general the
boundary lines proposed by Fear and McRoberts (1995) are less conservative than
those proposed by Seed et al. (1985). Fear and McRoberts report that the main cause
of the differences between the two studies was the reclassification of several case
histories with (N4)e values of greater than 15 as pressure relief rather than liquefaction.

The various boundaries shown in Figure 2.8 are interpreted by Fear and McRoberts
(1995) as follows. The lower bound lines, which were located such that all the non-
liquefaction case histories were located above the line is the boundary above which
liquefaction (resulting from contractant behaviour) is very likely. The upper bound lines,
drawn beneath all the liquefied case histories but with some pressure relief cases
located beneath it, demark a zone of possible liquefaction between the lower and upper
bound lines. The zone between the upper bound lines and the conservative upper
bound, which encompasses all the liquefied and pressure relief cases, indicates that
boils or settlement are the only likely surface indications of liquefaction. Below the
conservative upper boundary, some settlement is possible but other forms of earthquake
induced phenomenon are unlikely. Fear and McRoberts suggest limiting (N4)g values
for clean sands of roughly 15 for liquefaction with the possible liquefaction zone
extending from (N1)s values of 5 to 13, while the limiting value for the development of
sand boils and settlement is approximately 22. They do suggest however that several
case histories that define the former boundary liquefied as a result of impeded drainage
and that if only free-draining case histories were considered, the limiting (N4)eo value for
liquefaction would be reduced further. In comparing Figure 2.6 and Figure 2.8, it can be
observed that the limiting (N4)so values proposed by Fear and McRoberts (1995) are
similar to the limiting (N4)eo for 20 and 10 percent strain suggested by Seed et al. (1984).

2.4.3.3 Cone Penetration Testing

The Cone Penetration Test (CPT) is gaining widespread popularity as an in-situ test
method largely because of its repeatability and ability to provide a continuous profile of a
natural deposit. The CPT is generally not affected by the myriad of operator dependant
factors that influence the SPT (e.g. non standard rods, differing hammer and anvil set
ups, widely varying energy transfer to the sampler, etc). The CPT is similar fo the SPT
however in that it responds to many of the same soil properties as the SPT including
density, grain characteristics, soil fabric, ageing, anisotropy, in-situ stresses, etc. and
should thus be a reasonable indicator of cyclic resistance. It is not surprising therefore
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that CPT results are with increasing regularity being used to evaluate the liquefaction
susceptibility of soils based on charts developed form case histories in a similar manner
to the SPT.

The charts developed for evaluating the cyclic stress ratio from CPT data are generally
based on the measured, corrected or normalized cone tip resistance. As with the SPT,
for a given CPT penetration resistance, a sand with higher fines content will have a
greater cyclic resistance (Robertson and Fear, 1995). Since the CPT does not gather
samples, accounting for this effect is not as straightforward as with the SPT where
samples are retrieved.

The method of analyzing CPT data for liquefaction analyses recommended by the
NCEER (Youd and lIdriss, 2001) is based on the following method proposed by
Robertson and Wride (1998). The procedure is shown schematically with the equations
proposed by Robertson and Wride (1998) in Figure 2.9. It should be noted, however,
that equations proposed by various researchers could be substituted into the procedure
to incorporate different equations for fines content or behaviour index for example.

In the Robertson and Wride method (1998), the measured sleeve friction and tip
resistance are first normalized according to equations proposed by Jefferies and Davies
(1991). When normalized in this fashion, Jefferies and Davies (1993) indicated that
concentric circles, the radius of which is termed the soil behaviour type index, I, can
approximate the soil type boundaries. The soil behaviour index is thus calculated based
on the normalized cone tip resistance and friction ratio which identifies the soil type (e.g.
clean sand, silty sand etc.). This process is iterative as the correct normalization
depends on I and the normalization and calculation of Ic must therefore be repeated if
I is calculated outside the range initially assumed. Knowing Ic the fines content can be
estimated based on one of many relationships (e.g. Jefferies and Davies, 1993; Lunne et
al.,, 1997). The cyclic resistance ratio can then be estimated at this point based on the
tip resistance corrected for overburden from charts developed for siity sands as shown in
Figure 2.10b. Alternatively, a clean sand equivalent cone resistance could be
calculated. Ishihara (1985) suggested a correction for the CPT tip resistance to account
for fines based on that proposed for the SPT. The relationship suggested by Robertson
and Wride and included in Figure 2.9 is based directly on I which does incorporate the
amount of fines. Once the clean sand tip resistance is obtained, the cyclic resistance
can be determined from any empirical relationship between cone tip resistance and
cyclic resistance ratio developed for clean sands as shown in Figure 2.10a. It is
important to note however that the values of qcin and geincs proposed by Robertson
and Wride (1998) and included in Figure 2.9 are different than qcy or dor.cs values
commonly found in other charts. Conversions can easily be made between the two sets
of values however as shown in Equation 2-2.

qcl
£

9oy = Equation 2-2

where P,; is a reference pressure of 100kPa in the same units as q¢
(e.g. if qc1 is in MPa, P,,=0.1MPa)

As noted by Robertson and Wride (1998) the correlations proposed above (soil
behaviour index, fines content, correction factors) respond to many factors such as
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plasticity, stress history and mineralogy and therefore are approximate and should not
be applied blindly. They note that particular care is required for soils that have an I,
between 1.64 and 2.36 and a fines content of less than 5 percent as they can be
classified as either a loose clean sand or a sand containing fines each of which have
very different cyclic resistances. In these cases, unless further information is available
for guidance, they recommend conservatively treating the soil as a clean sand.
Furthermore, if the soil is classified as a silty clay or clayey silt, i.e. I¢ less than 2.36, it is
suggested that a sample be gathered so that other criteria can be applied. A further
complication arises when interpreting the cone tip resistance when there are thin sand
layers embedded within a softer deposit (Robertson and Wride, 1998). The CPT
responds to the properties of the soil within the zone of influence of the cone and
therefore the tip resistance measured in layers thinner than the zone of influence may be
in error. Robertson and Fear (1998b) suggest a conservative correction for the CPT tip
resistance in thin sand layers embedded based on work by Vreugdenhil et al. (1994).

As shown in Figure 2.10 the correlations between corrected tip resistance and cyclic
resistance ratio depend on both median grain size and fines content. Different methods
were used to develop the various correlations and therefore they are possibly applicable
to slightly varying conditions. The relationships proposed by Robertson and Campanella
(1985) and Seed and DeAlba (1986) were developed based on their proposed
correlations between CPT and SPT data utilizing the chart proposed by Seed et al.
(1985) to determine the cyclic resistance ratio associated with various CPT tip resistance
values. These relationships are therefore subject to the same constraints as discussed
previously for the SPT-cyclic resistance ratio chart (e.g. level ground, young deposits).
Ishihara (1985) used laboratory measured cyclic resistance ratios from undisturbed
samples gathered near CPT soundings to develop relationships.- Shibata and
Taparaksa (1988) developed their relationships from CPT case histories mainly located
in Asia in a manner similar to that used by Seed et al. (1985). The correlations proposed
by Mitchell and Tseng (1990) were based on laboratory measured values of cyclic
resistance ratio and theoretical cone tip resistance values calculated based on cavity
expansion theory.  Stark and Olson (1995) developed their relationship based on a
large number of case studies, including those used by Shibata and Taparaksa (1988).
Their database included 180 CPT soundings on sites that were subjected to earthquake
shaking. Cyclic stress ratios were estimated as suggested by Seed and ldriss (1971).
The case histories were separated based on fines content and median grain size and
boundaries between occurrence and non-occurrence of liquefaction were drawn to
develop the cyclic resistance — qg, relationships. Although not shown in Figure 2.10, the
case histories included a group of gravelly soils for which a tentative cyclic resistance
correlation was also developed.

Liguefaction in all of the methods discussed, whether they resulted from case histories
or laboratory data, was described in a manner similar to that used by Seed et al. (1985)
suggesting that at higher penetration resistance the behaviour may be very different than
at lower penetration resistances. Robertson and Wride (1998) suggest that for g.n
values greater than approximately 75, soils are dense and deformations may be limited.
It also appears that above qcin of 150 to 180, any type of liquefaction may be unlikely.

Many other correlations and methods have also been proposed for estimating the cyclic

resistance of sands from CPT data (e.g. Zhou, 1980; Suzuki et al., 1995,). In general,
they are all based on a similar underlying framework (i.e. estimating soil type from the
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CPT results and based on case histories or laboratory data developing an empirical
correlation for cyclic resistance) and will not be discussed herein.

2.4.3.4 Becker Penetration Testing

The Becker Penetration Test (BPT) is similar to the SPT but on a larger scale. In the
BPT, typically a 168mm outer diameter, 140mm inner diameter, double walled closed
ended pipe is driven into the ground by a double acting diesel “Becker” hammer. In a
similar fashion to the SPT, the number of hammer strikes (blows) required to advance
the casing 1 foot (300mm) is recorded. BPTs are generally carried out in gravels or very
dense deposits that cannot be properly penetrated by the smaller SPT split spoon
sampler. Various correlations between BPT blow counts and SPT results have been
suggested (e.g. Harder and Seed, 1986; Sy and Campanella, 1994; Sy, 1997). A
detailed description of the interpretation of BPT data is beyond the scope of this review
but a brief overview is presented herein. Once a representative (N)g value has been
estimated from the BPT data, overburden correction factors can be applied and the chart
proposed by Seed et al. (1985) and modified in Youd and Idriss (2001) can be used to
asses the cyclic resistance of a soil.

Prior to correlating a BPT blow count to an equivalent SPT Ng, value, significant
corrections are required to account for variations in energy transfer and testing
procedures. Similarly to the SPT, BPT results are corrected for energy transfer, and
pipe diameter. Corrections have been proposed by Harder and Seed (1986) however,
as suggested by Sy and Campanella (1994) and Stewart et al. (1990) these may be
somewhat site specific. Harder and Seed (1986) suggested energy corrections based
on the measured bounce chamber pressure. An alternative energy correction was
proposed by Sy (1997) in which the blow counts would be normalized to an energy
transfer rate of 30 percent of the manufacturers rated energy for an ICE 180 hammer.
After calculating the “standard” BPT blow count, Ny, after Harder and Seed (1986) or
Np3o after Sy and Campanella (1993), empirical correlations can be used to calculate the
SPT Ngo. Harder and Seed (1986) proposed a correlation that neglected pipe friction as
they indicated it had an insignificant effect. Case history data and theoretical
calculations presented by Stewart et al. (1990), Sy and Campanella (1994) and Sy
(1997) however indicated that friction did have a very significant effect on the measured
BPT blow count and that friction increased with depth, density and coarseness of the
material being penetrated. Sy and Campanella (1994) therefore suggested a correlation
between normalized BPT and SPT blow counts dependant on the amount of casing
friction. In order to apply the latter correlation however a measure or estimate of the
casing friction is required. Sy and Campanelia (1994) suggest carrying out monitoring
with a Pile Driving Analyzer (PDA) to evaluate the actual hammer energy and to provide
data for pile driving analysis (CAPWAP) to estimate the amount of casing friction at
various depths. Sy (1997) also indicated that a newly developed pull-up test may
provide an easy method of measuring casing friction.

2.4.3.5 Shear Wave Velocity Measurements
Shear wave velocity (Vs) is a basic mechanical property of soils related directly to a
material’'s small strain shear stiffness. It is used commonly in seismic surveys to identify

subsurface stratigraphy. As with other in-situ tests, the shear wave velocity of a soil is
affected by factors similar to those affecting its liquefaction resistance including void
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ratio, stress history and geologic age and is therefore generally considered a logical
means for evaluating the liquefaction susceptibility of a soil (Andrus and Stokoe, 2000).

Shear wave velocity does not yet appear to be a common method of evaluating the
liguefaction resistance but is becoming increasingly so. The main advantage of using
shear wave velocity to characterize a deposit is that its measurement can be carried out
in any type of deposit, most notably coarse granular soils that are not easily assessed
using more conventional SPT and CPT methods. Disadvantages however include the
fact that shear wave velocity is associated with small strain stiffness while liquefaction is
typically associated with medium to large strain behaviour. Also, it is possible to miss
thin, low velocity layers, usually representative of looser material, if the measurement
interval is too large. Furthermore, the measured shear wave velocity is fairly sensitive to
weak inter-particle bonding and therefore may not correctly detect the liquefaction
potential of weakly cemented soils (Andrus and Stokoe, 2000).

In manners analogous to those discussed previously for developing correlations for other
in-situ test methods, many researchers (e.g. Kayen et al., 1992; Robertson et al., 1992;
Lodge, 1994; Andrus and Stokoe, 2000) have developed correlations between shear
wave velocity corrected for overburden stress and the cyclic resistance ratio as shown in
Figure 2.11. The relationship proposed by Tokimatsu and Uchida (1990) was based on
laboratory derived cyclic stress ratios (Youd and ldriss, 2001). Detailed discussion of
shear wave velocity measurement and data interpretation is beyond the scope of this
review, however it is noted that assumptions regarding the coefficient of lateral earth
pressure and the direction of particle motion relative to the directions of principal stress
affect the normalization (Youd and ldriss, 2001).

Of the correlations presented in Figure 2.11, that proposed by Andrus and Stokoe (2000)
appears to be based on the largest amount of data. The database included over 70
sites and 26 different earthquakes, resulting in 225 case histories, with the majority
located in the United States. The earthquakes ranged in magnitude from 5.3 to 8.3 and
the sites included both natural and hydraulically placed deposits ranging from silts to
gravels. The cyclic stress ratio for each case history was calculated and converted to an
equivalent stress for a Magnitude 7.5 earthquake following the procedures suggested by
Seed and Idriss (1971) and using the lower bound magnitude scaling factors
recommended by Youd and Idriss (1997). The critical layer was assumed to be where
the normalized shear wave velocity was the lowest and the cyclic stress ratio relative to
the shear wave velocity was the greatest. The case histories were separated according
to fines and gravel content and identified as liquefied or non-liquefied on the same basis
as used in Seed et al. (1985); i.e. liquefaction included large movements and failures as
well as sand boils and fissures. The sites considered were level, of Holocene age, with
relatively shallow deposits and were considered to be normally consolidated with lateral
earth coefficients of approximately 0.5. The relationships proposed by Andrus and
Stokoe (2000) appear to be less affected by fines content than other in-situ test
correlations and the same relationships appear to apply to both gravel and sands. They
suggest limiting normalized shear wave velocity to prevent liquefaction and cyclic
mobility ranging from 200 m/s for sandy silts to 215 m/s for clean sands and gravels.
Andrus and Stokoe (2000) indicate that, based on a shear wave velocity — SPT
correlation, their relationship “provides an overall more conservative prediction of
liquefaction resistance than does the SPT-based procedure for these sites”.
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2.4.3.6 Laboratory Testing

Various laboratory tests have been used to measure the cyclic resistance of soils
ranging from gyratory shear tests (Casagrande, 1979) to hollow cylinder tests (Vaid et
al., 1990). The cyclic triaxial test is the most common laboratory method for measuring
the cyclic resistance of soil (e.g. Seed and Lee, 1966; Ishihara et al., 1975; Vaid and
Chern, 1985; Mitchel and Tseng, 1990; Ishihara, 1993; Sivathayalan and Vaid, 2002)
and ASTM standard D5311-92(1996) presents the standard procedures for the test.
Cyclic simple shear tests, shaking table tests and triaxial torsion shear tests also seem
to have been used fairly frequently to determine the cyclic resistance of soils (Seed and
Peacock, 1971). Detailed descriptions of the procedures are beyond the scope of this
review and can be found elsewhere (e.g. Seed and Lee, 1966; Finn et al., 1971; Seed
and Peacock, 1971; Castro et al.,, 1982; ASTM D5311-92(1996)). Some of the
assumptions and limitations of the most common test procedures will be discussed
herein.

Since its use by Seed and Lee (1966), the undrained cyclic triaxial test has been
regularly used to measure the cyclic resistance of a cohesionless soil. Although the test
does not reproduce the exact field conditions, Seed and Lee (1966) argued that when
subject to cyclic changes in deviatoric stress of +c4. (the deviatoric stress must be less
than the confining pressure) from an initially hydrostatic condition, the stresses produced
on a 45 degree plane within the specimen approximate the conditions of an in-situ
horizontal plane with no initial shear. That is, the normal stress on the plane remains
constant and equal to the confining pressure, while the shear stress is symmetrically
cycled by 16,4/2. They also required hydrostatic initial conditions in order to produce
symmetric changes in shear stress on the 45 degree plane. Other researchers have
used anisotropic initial conditions (e.g. Castro, 1975).

Casagrande (1979) severely criticized the use of cyclic triaxial tests to determine the
cyclic resistance, particularly of dense sands. His major objection was the cycling of
stress through a hydrostatic stress. He indicated that this condition was almost never
encountered in the field and was a major cause of the increase in pore pressures in the
sample. He also cited pumping action caused by vertically applied cyclic loading and
non-uniform stress distribution on the specimen boundaries as two other mechanisms,
unique to the laboratory situation that artificially increase the pore water pressures
compared to field conditions. Casagrande (1979) thus concluded that there is no
“‘common denominator between the principal mechanisms that control the cyclic
response of laboratory specimens [of dense sands in a conventional cyclic triaxial test]
and the response of an element in-situ” and recommended significant correction factors
be applied to the results of cyclic triaxial laboratory tests.

Further limitations of the cyclic triaxial test have been identified by Seed and Peacock
(1971). These limitations include the fact that the stress conditions at failure are
“substantially different from those causing failure in the field”, representing the maximum
shear stress which is considerably greater than the shear stress determined in the field
condition. They also indicate that the amount of stress rotation during the triaxial test is
much larger than experienced under field loading conditions and that the intermediate
stress varies from the major to the minor stress during the test whereas in idealized field
cases it would reflect plane strain conditions. Castro (1975) indicated that necking and
non-uniformities significantly affect the results of cyclic triaxial tests on dense specimens
and do not reflect field conditions. The test apparatus for the cyclic triaxial test is
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however the most widely available and it is the simplest cyclic test to carry out and thus,
despite its limitations, is in widespread use (Seed and Peacock, 1971). Correction
factors have been suggested relating the triaxial test to the more representative simple
shear test and field conditions and will be discussed in greater detail below.

Cyclic simple shear tests are generally considered to replicate field stress conditions
during cyclic loading much more accurately than cyclic triaxial tests (Seed and Lee,
1966; Vaid and Finn, 1979). However, simple shear apparatus modified to carry out
constant volume tests are not readily available (Seed and Peacock, 1971). It can also
be difficult to ensure uniformity of stress and strain throughout the sample. Stress
transfer mechanisms between the cap and sample control the application of uniform
shear stress across the width of the sample. Shear stresses must also be developed
along the vertical faces of a test specimen to prevent non-uniform stresses and strains.
Improved testing apparatus and procedures such as the use of roughened end platens
and better load transfer systems can limit the development of non-uniformities.
However, non-uniformities induced during cyclic simple shear tests still cause a
reduction in the measured strength in the order of 20 percent (Seed and Peacock,
1971). In order to limit the stress concentrations such that they do not significantly affect
the results, long shallow test samples mounted on shaking tables have been used (Seed
and Peacock, 1971).

In spite of its limitations, the results of cyclic simple shear tests are generally thought to
be more reliable than those of cyclic triaxial tests. Unlike the triaxial test, which
measures the maximum shear stress, the cyclic simple shear test measures the stresses
exerted on a horizontal plane. Without considering experimental error (e.g. non uniform
stress distribution at sample boundaries etc.) the results of a cyclic triaxial test must thus
be reduced to be comparable to cyclic simple shear or field conditions. A range of
correction factors for the results of cyclic triaxial tests, based on different failure criteria
and depending on the stress ratio, Ko, have been suggested by different researchers
(Finn et al., 1971; Seed and Peacock, 1971; Castro, 1975; Ishihara, 1993). For normally
consolidated samples, K,=0.4, the range of the suggested corrections appear to be from
0.55 to 0.72 while for a hydrostatic condition, there is no correction (Seed and Peacock,
1971; Castro, 1975). Seed et al. (1978) also indicated that the multi-directional shaking
experienced in the field can decrease the cyclic resistance by 10 percent compared to
the uni-directional cyclic loading induced in the laboratory.

Sample preparation also greatly affects the measured cyclic resistance (Seed, 1979;
Kuerbis and Vaid, 1988). It is therefore important to test samples with a soil fabric
representative of field conditions. This generally necessitates the testing of undisturbed
samples. It has been shown however, that even careful piston sampling tends to cause
loosening of dense deposits and densification of loose deposits, thereby altering the
cyclic resistance significantly (Castro, 1975). Freezing techniques have been shown to
preserve the strength characteristics of a soil (e.g. Yoshimi et al., 1994) provided that
care is taken during both freezing and thawing.

2.4.3.7 Estimation of the Residual or Liquefied Strength
Many studies regarding the strength of sands during liquefaction have been carried out
and it is an important parameter in assessing the consequence of liquefaction.

However, the problem currently under consideration is more concerned with the
triggering of cyclic liquefaction or cyclic mobility and the residual strength is not a major
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concern. A detailed discussion of this topic is therefore outside the scope of this review
and only a few salient points will be briefly discussed herein.

The residual or liquefied strength of sands is applicable only to flow or limited
liquefaction responses that reach a minimum strength. It is important to note however
that a liquefied soil does have a non-zero strength. If the soil is in a very contractant
state such that it contracts directly to steady state, then the steady state strength can be
used as the residual strength. The steady state strength can readily be determined from
laboratory testing. More commonly however sands do exhibit dilation prior to steady
state (Vaid and Chern, 1985; Ishihara, 1993) and the residual state is associate with a
quasi steady state. Quasi steady state has been shown to be dependent on soil fabric,
loading direction and anisotropy (e.g. Vaid and Chern, 1985; Yoshimine et al., 1999;
Sivathayalan and Vaid, 2002). These effects can be very difficult to reproduce
accurately in the laboratory and therefore, there are many empirical correlations
proposed between various in-situ tests and the minimum liquefied strength.

Many researchers have proposed correlations between SPT blow count or CPT tip
resistance and the liquefied or residual strength (e.g. Seed, 1987; Seed and Harder,
1990; Stark and Mesri, 1992; Davies and Campanella, 1994; Yoshimine et al., 1999).
The relationships vary due to differences in case histories used to develop them,
differences in methods for selecting representative values and differences in methods for
back calculating the strength. Some researchers appear to have chosen average
penetration resistances (e.g. Seed, 1983; Seed and Harder, 1990; Olson and Stark,
2002) and some have suggested that it may be more appropriate to use lower percentile
values (Olson and Stark, 2002). Residual strengths have also been back caiculated
based on the pre-failure geometry or the post-failure geometry with or without
consideration of the inertial forces occurring during failure. Theoretical relationships
between penetration resistance, and the liquefied strength ratio have also been
proposed by Jeffries et al. (1990), Stark and Mesri (1992) and Ishihara (1993).
However, field data tend to fall below these theoretical lines (Jeffries et al., 1990;
Ishihara, 1993).

Yoshimine et al. (1999) indicate that depending on the details of failure, back calculating
the strength based on the final geometry could be conservative or unconservative. If the
entire slide occurred in an undrained state and in such a manner that when the driving
stress equaled the liquefied strength inertia forces were still acting, then the final angle
of repose would be shallower than that required to mobilize the liquefied strength and
using post failure geometry would be conservative. If however there was some drainage
during sliding or if the soil began to harden at high strains, the final slope attained would
be controlled by a strength higher than the liquefied strength and the back calculated
strength from the post-failure case history would be higher than the minimum strength of
the material.

Methods of accounting for inertial effects include Newmark type deformation analyses
(e.g. Seed, 1983) and analyses incorporating kinetics (e.g. Olson and Stark, 2002). The
latter method is based on Newton’s laws of physics, accounting for acceleration and
deceleration during failure. The liquefied strength is mobilized during failure when the
velocity is at its maximum and not necessarily reflected by the final geometry. To be
explicitly exact, such a method should also incorporate the effects of any changes in
strength properties with strain and drainage.
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The residual strength can also be determined from monotonic undrained laboratory
tests. These tests are common and will not be discussed further. It has been suggested
however that residual lab testing often yields higher residual strengths than those back
calculated from case histories (Japanese Geotechnical Society, 1998). Poulos et al.
(1985) suggested a method of determining the steady state strength of purely
contractive sands from measurement of the in-situ void ratio and laboratory testing
based on tests carried out on both reconstituted samples and undisturbed samples.
Triaxial tests on loose, reconstituted samples with representative grain shape are used
to determine the steady state line. The undisturbed specimens are then consolidated to
stresses greater than those in-situ to increase the contractive behaviour and to likely
reduce sampling effects. Triaxial tests are carried out on these samples to determine
the steady state strength at the various consolidated void ratios. The steady state
strengths may lie above, below or on the previously determined steady state line
depending on differences in grain size distribution between samples. The in-situ
strength is then corrected for based on the in-situ void ratio and the slope of the steady
state line from the reconstituted samples.

The correlations between penetration resistance and residual strength and the
laboratory procedures suggested by Poulos et al. (1985) do not indicate what type of
disturbance would be required to trigger liquefaction nor how quickly the material would
loose strength. Indications of triggering requirements could be obtained from cyclic tests
described previously while monotonic testing would tend to indicate the brittleness and
change in strength with strain.
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3.0 FIELD PROGRAM DESCRIPTION
3.1 General

The main objective of the field program was to recreate the observed softening of dense
beach above water (BAW) tailings deposits under realistic loading conditions and to
monitor the soil response in order to explain the behaviour. The proposed hypothesis
under investigation was that vibrations from surface equipment triggered cyclic
liquefaction of the BAW tailings near the ground surface. The low confining stresses
near the ground surface would lead to stress reversal as a result of the vibratory loading
imposed by the equipment, thereby allowing pore pressures to increase, causing a state
of essentially zero confining stress. A test site was created at Syncrude’s facilities in an
area identified as problematic because of the softening phenomenon to either confirm
the hypothesis or identify an alternative explanation. The area was instrumented and
then common construction and reclamation equipment was driven back and forth over
the test area while the response of the instruments was monitored. Multiple equipment
passes were used rather than stationary equipment because it was thought to be easier
to interpret the number of loading cycles under this type of loading and in general
seemed to simulate operating conditions more realistically. Analyses and interpretation
of the data gathered on site was intended to form the bulk of subsequent research. It
was initially intended to carry out several tests at different instrumented sites with
different types of equipment to attempt to understand and possibly quantify the effects of
variations in initial conditions. Difficulties encountered on site, however, precluded this
and only one main test site was instrumented although several different loading
conditions were applied.

In order to implement a successful field program, tailings characteristics likely to
influence the ground response were identified so that a representative site could be
selected and appropriate response parameters could be monitored. The selection of the
site and the parameters measured will be discussed in detail in subsequent sections. A
detailed description of the field program and procedures used during testing as well as a
presentation of the data gathered on site will then follow.

3.2 Site Selection

The Southwest Sand Storage Facility at Syncrude had been identified by Syncrude as a
favourable test area for the field program. It was a large area of BAW tailings
considered to be typical of the BAW tailings at Syncrude. The facility would not be
rendered unsafe by the softening of one small test area and there would be no disruption
to tailings placement due to the field program. Also, future reclamation of the Southwest
Sand Storage had been identified as potentially difficult because the trafficability of a
large portion of the area is expected to be compromised by the softening phenomenon
(Syncrude, 2002).

The Southwest Sand Storage Facility is located approximately 10 km southwest of the
plant site (see Figure 3.1) and has been receiving tailings since 1991. The facility was
developed to store the majority of the coarse tailings produced over 25 to 30 years, with
the released fine tailings and process water collected in an internal sump and returned to
the Mildred Lake Settling Basin. It has an estimated storage capacity of 750 Mm?® at a
height of 40 m and possible expansion to 1000 Mm?® at a height of 60 m (Syncrude,
2003). Until 1993, the structure was constructed using contained beaching techniques
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with an external sump used until upstream construction was possible and an internal
sump could be developed. The external sump was then used for seepage control.
Following 1993, berms were constructed to constant elevations through contained
beaching as required, allowing tailings to be deposited by overboarding (List and Lord,
1996). Deposition has been from three tailings lines, each 600 mm in diameter with
tailings being deposited on an existing beach as BAW deposits. No filters were installed
during the construction of the Southwest Sand Storage Facility (Syncrude, 2003) but
recently a filter drain was installed along the east toe of the structure to control seepage
in preparation for the expansion of an overburden dump which will eventually buttress
the Southwest Sand Storage Facility in this area (Syncrude, 2002). The current
configuration of the Southwest Sand Storage Facility is shown in Figure 3.2.

At year-end 2002, the total volume of sand deposited in the Southwest Sand Storage
Facility was approximately 287 Mm?® and the volume of mature fine tailings stored in the
internal sump was 39.2 Mm®. Tailings deposition has been largely through Lines 3 and
4, consisting of coarse tailings from the cyclone underflow with some contribution from
the cyclone overflow tailings Line 5. The latter contains higher fines content, but does
not appear to significantly contribute to the total volume of tailings discharged. The
discharge locations appear to have been moved fairly regularly with deposition of coarse
tailings in Cells 31, 34, 48, 49 and 51 during 2001 and in Cells 46 to 51 and 34 to 36
during 2002. Cyclone overflow tailings were deposited on the Cell 51 beach. The facility
has not been raised since 2000 and currently has a maximum elevation of 393.6 m in
Cell 31 in the northeast portion of the facility, which corresponds to a maximum tailings
thickness of 42.6 m (Syncrude, 2003).

The Southwest Sand Storage Facility was initially visited in August 2002 by the author
with four general areas being traversed on foot. The south edge and southeast portion
of the site were discarded as possible test areas due to extremely poor trafficability,
recent deposition and apparently high phreatic surface. The northeast portion of the
Southwest Sand Storage Facility was identified as a potential test area with reasonably
competent BAW deposits. The west crest area was also identified as a possible test
area because of uniform conditions and competent BAW tailings, but it had a relatively
short beach. A second visit to the Southwest Sand Storage Facility was carried out in
mid-September, 2002 and the northeast portion was recommended by Syncrude
personnel as a test area due to ease of accessibility, safety, age of deposit, and
previously observed softening behaviour.

Cells 31, 32 and 33 appeared to be a promising test area because the tailings beach in
this area was relatively long with a uniform slope and the tailings had been deposited
some time previously. The tailings possessed some degree of trafficability, enabling
work to be carried out in the area without causing significant disturbance of the test area
prior to loading. Also, there had been previous tests carried out in the area as part of
Syncrude’s trafficability study (Syncrude, 2002), allowing information to be incorporated
and compared between studies. Accessibility to the site was also a major factor in site
location; Cells 31 and 32 were close to the main access road to the Southwest Sand
Storage Facility and were easily accessible without having to cross any pipelines or drive
for great distances along the crest of the tailings embankment. Cell 31 also had a
significant number of standpipe piezometers installed in the tailings, particularly in the
downstream toe area but also with several in the upper beach area, which would help in
understanding the groundwater conditions.
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The exact test location was selected based on local topography. The site was selected
so that it was not situated in a local low spot to avoid the complication of upward
gradients, in an area with fairly uniform slope (approximately 1 to 3 percent), and free
from any obviously significant concentrations of bitumen. The distance from the crest to
the test site was selected based on light trial loading in similar, adjacent areas in an
effort to locate the test site in an area that could be softened with the use of light
equipment. It was intended that this area would be softened with the use of light
equipment as a test of the instrumentation and procedures. A second site, closer to the
crest was then to be used for heavier equipment loading. Complications arose on site
however, and only one test site could be used. The main test site, shown on Figure 3.3
was located at N47899, E42815 on the Syncrude Mine Grid (N6317253, E0454583 in
UTM coordinates), approximately 230 m from the crest, and 700 m from the pond in Cell
31 of the Southwest Sand Storage Facility.

At the time the site was selected on Friday, September 20, 2002 no tailings were being
actively deposited near the site. However, on Monday September 23, 2002, tailings
were being deposited from a pipeline in Cell 51 to the north of the test area and a fresh
stream of tailings was running towards the pond, in a roughly south to southwesterly
direction, approximately 30 m upstream (towards the pond) of the test area. During the
field program, tailings deposition occurred only on Monday, September 23.

3.3 Parameters Measured
3.3.1 General

Based on the review of liquefaction literature presented in Section 2.3.5, there were a
multitude of factors that could influence the liquefaction or cyclic mobility behaviour of
the granular deposit at the Southwest Sand Storage Facility. The ease with which these
factors could be measured in the field varied greatly and therefore only certain
parameters that were deemed critical to identifying the behaviour were selected for
measurement.

To be classified as cyclic liquefaction or cyclic mobility, a deposit has to be dense or
dilative, exhibiting strain hardening behaviour at large strains. The difference between
the two behaviours according to the CANLEX definitions (see Section 2.2) is whether or
not shear stress reversal and zero effective stress occur. The density, void ratio or initial
state of the deposit, the change in pore pressure during and after loading and the cyclic
stresses or vibrations applied during loading were therefore identified as parameters that
should be measured during the trials. Also the large extent of the affected zone was
thought to possibly be the result of decreasing stiffness and load shedding during
vibration loading and therefore stiffness was identified as a potential parameter to be
monitored. As with any geotechnical field investigation, classifying and characterizing
the deposit was particularly important. However, unlike typical geotechnical field
investigations, the properties of the BAW tailings near surface, in the upper several
meters were the main focus in this study as the softening phenomenon was reported to
occur at a fairly shallow depth. Deposition history in the test area was also studied to
estimate the age of the deposit. Potential methods for measuring these parameters and
the selected methods are discussed in the following sections.
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3.3.2 Material Type and Variability

Material type can be assessed directly based on visual classification of a soil sample,
laboratory testing, or indirectly from empirical correlations applied to in-situ test data.
Common methods of retrieving samples are digging test pits and drilling boreholes.
Drilling typically requires fairly heavy equipment and is in general not economical for
shallow investigations. Cone Penetration Tests (CPTs) are a common method of
indirectly assessing soil type. Cone tip and friction resistance are measured and are
correlated to material type through empirical relationships. A light-weight, manually
operated CPT system was available for use in the field program. This system was not
expected to penetrate the deposit to great depths (i.e. greater than 5 m) but it was
expected that it could penetrate the upper 2 to 4 m of the deposit. Two methods were
thus identified for general classification of material type and variability: test pits and
CPTs.

Test pits provided samples with which to confirm the CPT results and also permitted
measurement of the phreatic surface. The use of the CPT also had the advantage that a
significant amount of past testing on BAW tailings deposits at Syncrude has allowed
development of correlations between CPT measurements and a variety of parameters.
For example, relationships between CPT and relative density and state parameter also
exist and could be used to determine the in-situ state conditions at the test site. These
relationships, however, have often been found to have a fairly large scatter and are not
always accurate (e.g. Wride et al., 2000).

3.3.3 Density and Void Ratio

There are essentially two main approaches to measuring the density or void ratio of a
deposit: retrieval of an undisturbed sample with subsequent measurement of density and
void ratio in the laboratory or in-situ measurement. It is well known that it is difficult to
obtain an undisturbed sand sample (e.g. Marcusson Il and Franklin, 1980; Seed et al.,
1982; Tokimatsu and Hosaka, 1986). Common methods of undisturbed sand sampling
involve thin walled tube sampling or some type of piston sampler. Konrad et al. (1995)
also reported success using a Laval sampler to retrieve a high quality sand sample. In
general, these methods of sampling are carried out using drill rigs, which was not
practical for this field program.

Ground freezing is generally considered to be the best way of obtaining undisturbed
sand samples. The main concern with retrieving frozen samples is that water expands
by nine percent of its original volume during freezing. Thus it is important that water be
able to escape freely ahead of the freezing front to prevent changes to the soil structure
during freezing. Care is also required if the samples are to be thawed without
disturbance. Typically ground freezing is expensive and requires extensive support
equipment, however, several relatively simple and inexpensive methods of obtaining
shallow depth frozen samples were identified. Two methods of retrieving frozen
samples from surficial deposits have been used at Syncrude with reasonable success
(HBT AGRA, 1992). As part of an investigation for the design of an in-pit dyke system,
frozen block samples were gathered by placing a slab of dry ice, covered in insulation
and wrapped in plastic, on the ground surface and allowing freezing to occur for 24
hours producing blocks of frozen soil several cubic feet in size. Frozen tube samples
were also gathered by inserting a greased, thin walled tube into the ground, excavating
around the tube and placing dry ice in the hole around the tube to freeze the sample
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(HBT AGRA, 1992). Yoshimi et al. (1977) developed a similar method of obtaining a
frozen sample. They inserted a thin walled tube in the ground, excavated the material
from inside the tube, sealed the bottom, and then circulated liquid nitrogen in the tube,
frozing the surrounding soil radially outward from the cylinder allowing a frozen sample
to develop around the tube. They then carried out laboratory tests to validate their
method and found that there was significantly less straining due to freezing during radial
freezing than during vertical freezing. They found that adjacent to the tube the sand was
affected by the insertion of the tube but that it was possible to obtain an undisturbed
sample in the outer portions of the sample provided the sample was large enough (they
retrieved samples that were 15.5 cm radially thick). They also noted that the size of the
affected zone adjacent to the tube decreased with increasing density of the deposit.
Based on this, it was decided to collect frozen block samples and frozen cylindrical tube
samples using the Yoshimi et al. (1977) method both before and after softening to
measure any changes in density as a result of softening.

Sand cone or water replacement methods are more conventional methods used to
measure in-situ density of surface deposits. Essentially these methods involve gathering
a sample of a known volume and measuring its mass and water content, allowing
calculation of the in-situ density. These methods are of limited use in saturated granular
deposits however, because saturated granular deposits tend to slough when excavated
and therefore it is difficult to accurately determine the volume of the material gathered. It
can also be difficult to collect representative moisture content samples if there is a
significant amount of free water. A similar method, using a cylinder instead of a cone to
gather a sample of known volume, was selected for determining the density at the test
site if conditions allowed but it was not planned to be used extensively as collecting the
samples caused significant disturbance of the test area, and was cumbersome and time
consuming.

For rapid measurements of in-situ density of surface deposits, nuclear gauges are
commonly used. These gauges emit a known amount of radiation from a probe that is
inserted into the soil and measure how many of the radioactive particles reach the
receptor on the ground surface. The measurement at the receptor is then correlated to
bulk density and moisture content. Generally, as the amount of radiation that reaches
the receptor decreases, the bulk density and moisture content increase. The
measurements are limited in depth by the maximum extent of the probe and tend to
sample a smaller volume of material with depth so that the results are somewhat biased
towards the conditions in the top portion of the deposit. These gauges measure
hydrogen content in order to determine moisture content and therefore the
measurements can be affected by the presence of organics. Significant bitumen
concentrations in tailings deposits can also affect nuclear readings. Generally however,
provided that the bitumen is included in the fluid phase, the readings from nuclear
gauges agree with other measurement methods (Lord and Cameron, 1985). Nuclear
moisture-density gauges are commonly used at Syncrude and in other construction
operations as a measure of in-situ density to monitor compaction performance and since
the behaviour was expected to be shallow, it was considered a reasonable method with
which to measure density. The speed of testing with this method also allowed for
density measurement at frequent intervals during loading.
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3.3.4 Pore Pressure

The initial pore pressures at the test site were expected to be fairly low because of the
relatively shallow depths and, similarly, at shallow depths the increments of pore
pressure change due to loading could potentially be quite small. Also, if there were any
type of cyclic pore pressure response to loading then the measurements would have to
be made continuously in small time intervals in order to capture the response. Accurate,
rapid, and continuous measurement of small pore pressures was therefore required in
order to detect any cyclic response. These requirements negated the use of standpipe
piezometers due to their long response (lag) time and requirement of manual
measurement. Vibrating wire and pneumatic piezometers are often used when more
rapid responses are required, but in general rapid monitoring of these types of
piezometers is expensive. It was therefore decided that electrical pore pressure
transducers would be the best way of monitoring the pore pressures as they also
required little fluid movement, and thus had a short response time, and could be
monitored by a readily available data acquisition system.

3.3.5 Stress

Another parameter identified as important to measure was the stresses induced in the
ground due to loading since applied stresses lead to the generation of any excess pore
pressure. Furthermore, any modelling of the behaviour would require some type of input
stresses to trigger a response. Estimating the stresses due to vehicle loading is very
complex and was therefore deemed impractical for the problem under investigation. The
total cyclic stresses applied to the soil from vehicle loading are a combination of the
~dead weight of the vehicle, the cyclic loading of the vehicle passing by, vibrations from
the various components of the vehicle, stress concentrations from local protrusions on
the tracks of the equipment, and a host of other variables. A brief review of literature
related to compaction and to ground vehicle theory was carried out with little relevant
data identified. Apart from simple elastic theory based on the spreading of dead weight
the more elaborate models required extensive and largely unknown input data (e.g.
Raoer and Erbach, 1990, Seed and Duncan, 1986, Schmid, 1995). In-situ measurement
of stresses, although somewhat difficult, was thus identified as the best method for
determining the applied stresses.

It is in general quite difficult to measure the in-situ stress state directly. There are issues
regarding the relative stiffness of the load or pressure cell and the soil deposit and also
there is significant disturbance of the soil mass during installation. Blunden et al. (1992)
developed a recording system for measuring in-situ soil stresses due to traffic using
earth pressure cells; however, the system was very expensive and required a great deal
of electronic equipment. A single earth pressure cell was readily available during the
field test, however with only one load cell it is not possible to completely define the in-
situ state of stress, so it was decided to use the earth pressure cell as a secondary
stress measurement device. The main stress measurements were instead made
indirectly using a seismograph. From the theory of elasticity, dynamic stresses, both
shear and normal, can be related to particle velocities. Hryciw et al. (1990) also used a
relationship between peak particle velocity and shear stress to determine the cyclic
shear stress induced in a soil and evaluate its liquefaction susceptibility. Furthermore, it
is standard practice in earthquake engineering to measure soil or rock acceleration
(which is just the derivative of velocity) to determine induced stresses. It was therefore
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decided to measure particle velocities by using a seismograph and calculate the induced
stresses.

3.3.6 Stiffness

A common method of measuring the in-situ stiffness modulus of the soil is the use of a
pressuremeter. This was not an option due to equipment requirements and also
pressuremeters are not often used at shallow depths and would likely not be sensitive
enough to accurately measure properties at say 1m below ground surface. The shear
wave velocity of a deposit is related directly to the small strain shear modulus, which in
turn is related to the elastic modulus of the deposit. A common method of measuring the
shear wave velocity is fo use a seismic cone or to insert a receiver down a borehole,
however the required equipment was not available. From previous extensive testing
carried out as part of the CANLEX project, relationships between CPT tip resistance and
the shear wave velocity for Syncrude tailings have been developed (Wride et al., 2000)
and this was determined to be the most feasible method of estimating the in-situ
stiffness modulus.

3.4 Equipment and Procedures Used
3.4.1 General

Specific equipment and instrumentation used during the field test and site
characterization are discused in the following section.

3.4.2 Cone Penetration Testing

The CPT equipment was provided by GeoForte Ltd. The cone was very similar to
reference CPT equipment that has a 60° angle, a 10 cm? base area and a 150 cm?
friction sleeve (Lunne et al., 1997) and was able to measure pore pressure. The cone
and sleeve had a diameter of 35.66 mm and their lengths were 35.60 mm and
131.15mm, respectively. These dimensions correspond to a cross-sectional cone area
of 9.99 cm? a sleeve surface area of 146.93 cm?, slightly less than the international
standard of 10 cm? and 150 cm? respectively. The pressure transducers were all
electrical strain gauge load cells. The friction and tip resistance load cells were arranged
as a subtraction type cone such that the tip resistance is measured by a load cell in
compression while the sleeve friction load cell, also in compression, located farther up
the instrument measures both cone resistance and sleeve friction. The sleeve friction is
thus calculated by subtracting the second reading from the first. The filter for pore
pressure measurement was located behind the cone tip in the “u,” (Lunne et al., 1997)
location in the gap between the sleeve and cone.

The various pressure cells in the cone were connected to a Data Dolphin data logger, in
turn connected to a battery for constant voltage supply, which was programmed to take
readings every three seconds. The data acquisition equipment is discussed in Section
3.4.4.

The CPT pushing frame consisted of a rectangular metal frame, approximately 2m tall,
1m long and 0.15 m wide, with a head plate fitted with a pipe vise that guided and
pushed the rods into the ground as shown in Figure 3.4. The head plate was connected
to a chain on each side and the chains were connected to gears, driven by a manually
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operated pulley type system located on the outside of the frame. The frame was
connected at its base to a beam running perpendicular to the frame. Weight placed on
the beam provided the reaction force during pushing.

3.4.3 Pore Pressure Transducers

A typical push in electric piezometer used during the field program is shown in Figure
3.5. The piezometers were selected based on appropriate range, sensitivity and ability
to be installed by a hand-operated system. They were manufactured by ConeTec and
contained standard electrical resistance strain gauge pressure transducers which
essentially monitored the deflection of a thin membrane due to changes in pore
pressure. The pressure transducers had a range of 172 kPa (25 psi or roughly 17.5 m of
water) with a sensitivity of £0.15 kPa (0.05 feet or 1.5 cm of water) and measured
absolute pressure (i.e. they are sensitive to changes in atmospheric pressure and can
measure small negative pore water pressures). The disc shaped metal transducer was
approximately 20 mm in diameter and was located inside a plastic cylinder with an outer
diameter of 27 mm. Four holes spaced equally around the circumference of the plastic
cylinder were located just below the transducer to allow direct interaction between the
transducer and the pore water. A porous plastic cylinder, 100 mm in length with an outer
diameter of 33.7 mm fitted over the plastic cylinder extending approximately 5 to10 mm
below the transducer, covering the holes in the plastic cylinder, seated against a lip in
the plastic cylinder at its upper end. Three meters of cable extended from the
transducer passing through the plastic cylinder. Just below the porous plastic, the
plastic cylinder was threaded to allow a metal conical tip to be added for installation.
The metal pushing cone was approximately 50.8 mm in diameter and 44.5 mm in length
(49° tip angle, relative to a vertical axis). A metal cable was secured in a grove around
the pushing tip to aid in retrieval of the instruments upon completion of the field test.

3.4.4 Data Acquisition

Data gathered by the CPT and piezometers were monitored using Data Dolphin data
acquisition units. These units have 4 standard inputs channels, 8 precision inputs
channels and 3 frequency based inputs. The standard inputs record voltage, counts or a
simple on-off status with 10 bits of precision. The 8 precision inputs each have an extra
16 bits of precision for a total of 24, which allow voltage measurements down to 90
nanovolts (Optimum Instruments, 2002). During the field test, only precision input
channels were used. The data recorded by the Data Dolphin units was stored on an
erasable memory chip. Each record was time-stamped and stored in the card in a
normalized database fashion that allowed different inputs to be turned on and off without
restarting the Data Dolphin.

The Data Dolphin units were designed to operate in the field. The operating temperature
ranges is from below — 40°C to over 75°C and all of the inputs have static protection.
Power can be supplied internally from three “C” sized batteries, or externally from a 12 V
battery or a 120 V AC power source (Optimum Instruments, 2002). During the field
tests, all units were connected to external batteries and the input power voltage was
monitored throughout testing. The minimum recording interval (i.e. highest recording
rate) of the Data Dolphin was found to vary somewhat during the field program ranging
from 3 to 5 seconds.
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3.4.5 Particle Velocity Monitoring

A seismograph was used to measure particle velocities during testing. A Blast Mate
Series Il unit was selected for its ability to monitor particle motion in three directions,
thus defining completely the particle motion, and for its ability to carry out relatively long
term monitoring. The unit had four monitoring channels, three that monitored
geophones and one that monitored a microphone. The three geophones were mounted
in orthogonal directions to measure transverse, vertical and longitudinal ground
vibrations. The geophones were housed inside a short metal cylinder, the upper and
lower edges of which were in the plane of the jongitudinal and transverse geophones,
with an arrow pointing in the direction of the longitudinal geophone and the whole
assembly was referred to as a transducer. On the base of the transducer there were 3
threaded holes used to attach ground spikes for installation on soft ground. The
geophones had a 2 to 300 Hz frequency response and two possible ranges with
maximum peak particle velocities of 31.7 mm/s or 254 mm/s. The cable between the
Blast Mate and geophone transducer was roughly 1 m long and is the main limiting
factor in the depth location of the geophones.

The blast mate unit had a 960 kB memory, which allowed 307,200 readings to be stored.
There were many options available in terms of how the data was recorded and how
monitoring was initiated and terminated which determined the maximum length of data
storage. Essentially however there were two main modes of monitoring ground
vibrations, complete waveform recording or histogram recording, and three sampling
rates: 1024 readings per second, 2048 readings per second and 4096 readings per
second. When recording complete waveforms the unit would store all readings at the
selected recording rate as well as the peak particle velocity, the frequency, the
acceleration and the peak displacement recorded during monitoring. At the lowest
recording rate, the unit could store 5 minutes of data in the complete waveform mode.
The histogram mode was available for longer term monitoring. In this mode, readings
were taken at the sample rate specified and the maximum positive and negative
velocities and frequencies recorded by each channel as well as the peak vector sum
would be stored at specified, constant intervals. Using this recording mode allows data
to be collected over days rather than minutes. A combination of the two recording
modes was also available.

3.4.6 Nuclear Moisture and Density Gauge

A nuclear moisture and density gauge that had been used extensively on site in the past
was available at Syncrude and was used for testing during the field program. The gauge
available was a Troxler, Model 3430, serial number 30512 . It had a maximum rod depth
of 300 mm. The rod contained a cesium-137 source and an americium-241:beryllium
source. Radiation is emitted with the rod extended in the ground and the detector within
the unit on surface records the amount of radiation that travelled through the soil. The
cesium-137 source is used for density measurements and emits gamma photons that
collide with electrons within the soil. The number of gamma photons that reach the
detector on the ground surface is therefore related to the number of electrons in the soil.
Since the number of electrons is related to the number of protons, which is related to the
mass of the particles, the measurement can be related to bulk density. The
americium-241:beryllium source emits neutrons that are slowed or thermalized when
they collide with hydrogen. The detector on surface is sensitive only to thermalized or
slow neutrons and therefore the amount of radiation it detects is a measure of the
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amount of hydrogen atoms in the deposit (Troxler, 2002). As hydrogen is most
commonly associated with water this allows measurement of the moisture content,
however the presence of organic molecules, which are also hydrogen rich, can be
misinterpreted as moisture. Nuclear gauges, therefore, interpret bitumen, which is a
hydrocarbon, as moisture. It is common practice, however, to include bitumen in the
fluid phase and therefore provided this is understood, the nuclear gauge readings agree
with laboratory determined moisture plus bitumen contents (Lord and Cameron, 1985).
In general however, the tailings at the Southwest Sand Storage were quite clean with
little, if any, significant bitumen concentration.

3.4.7 Vibrating Wire Earth Pressure Cell and Piezometer

A vibrating wire earth pressure cell and piezometer shown in Figure 3.6 were also
available for the field program. The earth pressure cell had a fluid filled sensing area
212 mm in diameter connected to a fluid filled line, 184 mm in length leading to a
transducer. The sensing area and transducer were surrounded by a thin metal plate for
protection and ease of installation. The vibrating wire piezometer was attached to the
metal plate surrounding the earth pressure cell approximately in line with the transducer,
290 mm away from the centre of the earth pressure cell sensing area. The piezometer
was 35 mm in diameter and therefore its centre was located approximately 18 mm
above the sensing area of the earth pressure cell. Both instruments had a range of 345
kPa (50 psi). The instruments were connected to a Data Taker data acquisition unit
capable of monitoring vibrating wire instruments for monitoring.

3.4.8 Loading Equipment

Three types of equipment were available for the loading stages: a small all terrain
vehicle, a dozer and an excavator. The all terrain vehicle, a Triton Predator 4345, was
the lightest vehicle available and is commonly used at Syncrude for transporting
personnel and light equipment for instrumentation readings in softer areas. The
Predator had eight wheels surrounded by rubber tracks approximately 45cm wide with a
165cm length in contact with the ground. The vehicle itself weighed approximately 1600
lbs (725kg) corresponding to a contact pressure of approximately 4.8 kPa. The predator
was diesel powered with between 33.5 and 37.5 hp (25 to 28 kW). A John Deere 450G
LGP (low ground pressure) dozer and a John Deere 792D LC excavator, with
operational weights of 7,924 and 27,328 kg respectively, were available for heavier
equipment loading, both of which were also tracked. The dozer tracks had ground
contact areas approximately 61cm wide by 216cm long and the excavator tracks were
approximately 80cm wide by 440cm long with average ground pressures of 29 and 38
kPa respectively. The dozer had up to 70 hp (62 kW) power and the excavator had up
to 165 hp (123 kW) power.

3.5 Description of Site Activities

3.5.1 General

The field program was carried out between September 20, 2002 and September 26,
2002 at the Southwest Sand Storage area, part of Syncrude’s facilities in Fort McMurray,

Alberta. The weather during the field program was generally clear and cool with
temperatures above freezing during the day but occasionally falling below freezing
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overnight. Except for a few hours on the morning of September 26, 2002, there was no
significant frost during the field program.

Field activities included a brief site reconnaissance to locate the exact test site,
instrument calibration and installation, initial site characterization, loading of the test site,
and post loading site characterization. Quick, light loading tests were also carried out to
gather additional information. Additionally a short trafficability study was carried out for
comparison with previous work. These activities are described in greater detail in the
following sections.

3.5.2 Site Reconnaissance and Characterization
3.5.2.1 General

The northeastern portion of the Southwest Sand Storage Area, in which the main test
site was located (see Figure 3.3), was visited three times, in August, mid September and
at the time of the field program in late September. During the visits, general
observations were made and during the field program, test pits and nuclear density and
moisture content gauge measurements were made as part of site reconnaissance. It
should be noted that the depth to the phreatic surface when determined by test pits was
measured as the depth to free water in the tailings. After water was intersected in the
test pit, conditions were allowed to equalize until there was no evidence of water flowing
into the test pit and the depth from the ground surface to the water level in the test pit
was measured.

3.5.2.2 Topography and Ground Water

A cross section of the tailings beach and embankment in Cell 31 through the main test
site is shown in Figure 3.7 and photographs of the area are shown in Figure 3.8. The
total beach length was approximately 1,000 m with an estimated average slope of
approximately 1 to 2 degrees (approximately 60H to 30H:1V) towards the pond to the
west, flattening further towards the pond. The crest area of the southwest sand storage
area was much steeper with slopes up to 3H:1V and appeared to be greatly affected by
wind action. Many piezometers were instalied by Syncrude at the Southwest Sand
Storage Facility for general monitoring of the facility. Sixteen standpipe piezometers
were installed in the tailings sand in Cell 31. Although they were mostly located in the
crest and downstream slope of Cell 31, they did help to establish a general phreatic
surface in the tailings beach. Piezometer data indicated that there was a drainage divide
near the crest of the southwest sand storage where the phreatic surface appeared to be
at a maximum elevation, located approximately 5 to 6 m below the ground surface.
From the crest, although the actual elevation of the phreatic surface dropped, the depth
of the phreatic surface appeared to rise towards the pond as the ground surface
elevation decreased at a slower rate than the phreatic surface. The depth to the
phreatic surface was approximately 1 m at a distance of 100 m from the crest and
appeared to be near the surface at approximately 300 m from the crest. The latter
location appeared to be mainly controlled by recent tailings deposition and was observed
to vary as tailings deposition changed during the field program. On September 20" the
location of saturated tailings on surface appeared to be at a greater distance from the
crest but active tailings deposition on the 23™ caused saturated tailings near surface to
be located at approximately 300m from the crest. It did not appear that this had any
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influence on the phreatic surface at the main test site, located approximately 230 m from
the crest, which was at a depth of approximately 0.35 m.

3.5.2.3 Nuclear Density and Moisture Content Readings

Nuclear density gauge readings were taken at regular intervals, approximately every 20
m, along the beach from the crest to near the newly deposited tailings to investigate if
there was any systematic change in density or moisture content with distance from the
crest. Nuclear gauge testing was carried out in accordance with the safety requirements
in place at Syncrude. As such, the equipment had to be operated by certified personnel
and thus the tests were carried out by Terracon Geotechnique Ltd. This imposed some
restrictions as to the timing and number of tests that could be carried out. The nuclear
gauge provided was a Troxler, model number 3430 as described in Section 3.4.6 and
had a maximum probe depth of 300 mm. The same Troxler unit was used for all tests
and was operated by the same technician. The unit was calibrated by Terracon each
day prior to arrival on site. The ground was always levelled and, if necessary, loose or
frozen material was removed prior to testing. The probe was always extended to its
maximum depth for testing. Percent compaction results were based on standard Proctor
tests carried out by Terracon and used routinely at Syncrude’s site.

Based on readings from the Troxler nuclear gauge, the density of the tailings did not
appear to change significantly or with any type of a pattern between the crest of the
Southwest Sand Storage Facility and the location of newly deposited tailings, with dry
densities varying between 1590 and 1720 kg/m® corresponding to between 89 and 97
percent of the maximum standard proctor dry density. The moisture content and
saturation of the upper 0.3 m of the deposit, above the phreatic surface, did appear to
depend on distance from the crest. The general trend appeared to be a slight decrease
in moisture content from 10 percent (approximately 30 percent saturation) to
approximately 3 percent (approximately 10 percent saturation) for the first 170 m from
the crest at which point the phreatic surface was measured at approximately 0.6 m in a
test pit. The moisture content and saturation of the tailings near the surface then
appeared to increase dramatically to a maximum measured moisture content of 27
percent, (approximately 95-100% saturation) near the location of newly deposited
tailings where the phreatic surface was nearly at the surface, approximately 285 m from
the crest. These trends are illustrated in Figure 3.9 and are summarized in Appendix A.
The residual moisture content shown in Figure 3.9 was based on typical soil water
characteristic curves for uniform sand and silt tailings from GeoSlope (2002). It was
noted that the moisture content in the upper portion of the tailings beach, within
approximately 200m of the crest, was at or below typical residual moisture contents for
these types of materials. Note that the saturation values were calculated based on the
nuclear gauge measurements of dry density and moisture content using an assumed
tailings specific gravity of 2.66; the value suggested for Syncrude tailings by CANLEX
(Wride et al., 2000)

3.5.3 Characterization of Main Test Site
3.5.3.1 General
The main test site was characterized in greater detail through CPTs, test pits, frozen

samples and more concentrated nuclear gauge measurements. The locations of the
various tests and samples are shown in Figure 3.10.
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3.5.3.2 Cone Penetration Testing

Cone penetration testing was carried out using equipment supplied by GeoForte Ltd
described in Section 3.4.2. The transducers were calibrated by GeoForte Ltd. prior to
arrival on site. The CPT was attached to 25.4 mm (1 in) diameter rods and pushed from
the manually operated frame described in Section 3.4.2. The Predator all terrain vehicle
described in Section 3.4.8 was used to provide the reaction force for the pushing frame.
No depth wheel was available to monitor the location of the cone tip and therefore the
time at which the cone attained certain depths was recorded to allow calculation of the
push rate and thus depth (push rate x time = depth). The procedures used during CPT
testing are listed below.

e The Predator was driven onto the beam beneath the frame and parked such that
one of the wheels was directly on top of the beam to provide a reaction force

e The porous stone in the pore pressure transducer was saturated with glycerin
and the cone assembled

¢ The cone was pushed manually from the surface, beginning at an even time such
as 3:54:00 PM at a constant rate and the time at which 0.5 and 1 m of
penetration was attained was recorded. The time of any stops during push were
recorded as well as the location of any significant change in push effort. Note
that the time on the data acquisition unit recording the CPT measurements was
programmed to coincide with the time of the watch used for monitoring the test.

e The rods were 2 m in length but due to the height of the push frame, only 1 m
intervals could be pushed continuously. The start and stop times of any push
interval were recorded. " )

Two CPTs were carried out on September 20, 2002 to obtain initial conditions at the site.
One CPT was located at the edge of the area to be loaded and one was located in the
middle of the area to be loaded. The increasing resistance of the deposit with depth
controlled the maximum depth of the CPTs. The maximum push force was equal to the
weight provided by the Predator on the reaction beam. The Predator had a total dead
weight of approximately 725 kg but it is unlikely that the entire weight was applied to the
reaction beam. In general, it became difficult to push the cone at approximately 1.4 to
1.7 m, and the Predator began to lift off the ground. This factor limited the depth to
which CPTs were carried out to a maximum of 2.5 m. Softening was expected to be
largely a near surface phenomenon, and therefore deeper CPTs were not necessary.
The traces recorded during the CPTs are shown in Figure 3.11 and Figure 3.12.

As indicated in the figures, although there appears to be a drop in tip resistance near the
bottom of the traces, this is likely not an indication of a loose layer. The Predator began
to lift off the ground near the bottom of the tests and not only was the push rate
significantly reduced but the cone was likely pulled up as well. This is indicated by the
negative friction values, indicating a reversal in the direction of motion of the cone tip.
The remainder of the traces indicate a fine or silty sand material with no obvious loose or
dense layer. Characteristic of sand deposits, the CPT data indicated a fair amount of
variability within the tailings deposit. The tip resistance varied generally from 1 to 2 MPa
suggesting representative qc values of 1.5 £ 0.5 MPa although some more resistant
material was encountered near the base of CPT 1e. It also appeared that in general the
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sleeve friction measured during CPT 1m was larger than in CPT 1e. The location of the
phreatic surface can also be estimated from the pore pressure traces.

3.5.3.3 Test Pits

Test pits were dug by hand adjacent to the test area to measure the depth of the
phreatic surface and to collect bulk soil samples for laboratory testing. They were not
dug directly in the test area so as to avoid disturbance prior to loading. The tailings were
classified, according to the classification system presented in the Canadian Foundation
Engineering Manual (1992), as a uniform fine to medium sand with trace fines and some
bitumen inclusions. The phreatic surface was measured at approximately 30 cm below
ground surface on September 20™ and at 37 to 35 cm on September 23, 24 and 25. The
difference in depths was likely due to precipitation events. It had rained heavily during
the evening and night of September 19, 2002 but did not rain again in any significant
amount for the duration of the field program. Evidence of continued drying above the
phreatic surface was observed throughout the field program.

Large bulk samples of material were also gathered from two large test pits dug near the
test site with the John Deere 792DLC excavator. One test pit was dug approximately 18
m southwest of the test area on September 25, 2002, approximately 30 minutes after
loading. A second test pit was dug on September 26, 2002, one day after loading, in
the instrumentation area, essentially at the north edge of the loaded area. The test pits
were roughly 2 m by 2 m and 2 to 2.5 m deep, limited in depth by sloughing of the test
pit walls. It was noted that although the test pits appeared to penetrate below the
phreatic surface, there was a remarkable lack of free water in the test pits, likely due to
stress relaxation causing negative pore pressures and the relatively low hydraulic
conductivity of the tailings, so the test pits were thus able to penetrate much deeper than
expected. Although the large test pits were dug after softening, the large samples
gathered from the test pits were considered to have particle distributions representative
of the initial conditions. Because of the saturated nature of the tailings, the moisture
content was not considered reliable as pore water could have been lost or gained during
excavation of the test pit. All samples were double bagged on site, except the large bulk
samples, which were placed in plastic buckets. Upon return to the University of Alberta,
the samples were placed in a moisture room at a relative humidity of at least 75 percent
and a temperature of 4 to 6 °C.

3.5.3.4 In-Situ Density Measurements

Density testing was carried out after the site was instrumented, prior to loading on
September 24, 2002 using a Troxler nuclear density and moisture content gauge, with
samples gathered at the Troxler locations to check the moisture content measurements.
The CPTs carried out did not indicate the presence of a densified crust layer and thus
the density measurements were made directly from surface. A profile of density with
depth was not measured because digging down to place the unit below the original
ground surface would disturb the area and likely loosen the deposit. Also because free
water was encountered so near the surface in the test pits, it would not have been
possible to dig more than approximately 20 to 30 cm. The tests indicated that the initial
dry density of the upper 30 cm of the main test site was approximately 1690 to 1710
kg/m®(16.5 to 16.8 kN/m®), which corresponded to a compaction of 95 percent standard
Proctor. The moisture content was measured at 10 to 11 percent corresponding to a
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void ratio of approximately 0.57 and a saturation of approximately 50 percent. A
summary of the nuclear gauge testing is included in Appendix A.

An in-situ density sample was also gathered just prior to loading of the test area on
September 24, 2002 by inserting a thin walled metal cylinder with a tapered, sharp
cutting edge into the ground above the phreatic surface, carefully excavating around the
cylinder and capping the bottom to allow moisture content measurement in the
Iaboratorgl and subsequent density calculation. The measured moisture content of the
1490 cm® sample was 17.6 percent with bulk and dry densities of 1784 and 1517 kg/m®
respectively. This method could not be used below the phreatic surface because there
would be no way of ensuring that the moisture content was representative and retrieving
the sample would be very difficult.

3.5.3.5 Frozen Sampling

Frozen samples were gathered on September 25, 2002 after softening had occurred.
The samples were not gathered at the time of the initial site characterization on the 22™
because they were intended to represent soil conditions just before softening. Because
of the continued drying of surficial materials samples gathered several days prior to
softening may not have been indicative of conditions at the time of loading. Therefore
because of the uncertainty as to which loading condition would actually produce
softening, the frozen samples were gathered following softening approximately 7.5 m
southwest of the test area where it appeared that the upper portion of the deposit had
not been affected by the testing and conditions were thought to be representative of the
initial conditions at the test site.

The procedure used for collecting frozen block samples was fairly simple. Dry ice pellets
were placed in a pile on the ground surface causing the tailings in the area to freeze with
excess water being allowed to migrate down and to the sides. As freezing occurred, soil
was excavated around the frozen zone behind the freezing front and dry ice placed in
the void in order to speed up the freezing process. Dry ice was not placed ahead of the
freezing front to avoid blocking the movement of water during freezing. At the end of the
freezing period the block samples were excavated from the ground and placed in coolers
surrounded by dry ice for shipment to the laboratory. The block samples were 13cm in
depth and approximately 30cm in length and width however the upper several
centimeters appeared very disturbed by the dry ice pellets. At the University of Alberta,
the samples were double wrapped in plastic, each layer secured with duct tape and
placed with ice inside coolers which were placed inside deep freezers which in turn were
located inside a large walk-in freezer. The temperature of the large walk in freezer was
maintained at approximately —40°C.

Cylindrical frozen samples were collected using the following procedures. A thin walled
tube was carefully inserted into the tailings vertically from the ground surface by hand in
a continuous push. The solil inside of the tube was carefully excavated to the base of the
tube by hand, without prying against the walls of the tube and collected in a sample bag.
Dry ice pellets were then placed inside the metal tube causing the surrounding soil to
freeze radially outwards, allowing excess water to escape ahead of the freezing front.
Following freezing, the samples were excavated with a shovel and placed, surrounded
by dry ice, in a cooler for shipment back to the laboratory. The frozen sample reflecting
conditions before loading at the main test site was 27cm deep and formed a bulb around
the metal tube with a maximum thickness of 10cm. The whole sample was too large to
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fit in the cooler and had to be broken on site with the use of a flat-headed screwdriver
acting as a chisel. Once in the laboratory, the samples were stored in the manner
described previously for the frozen block samples.

Sample freezing time was dictated by the timing of testing during the day, as there were
no provisions to allow freezing to continue overnight. Freezing was started immediately
following loading at approximately 10:30 am on September 25, 2002 and the samples
were removed from the ground at approximately 4:00 pm of the same day.

3.5.4 Instrument Installation
3.5.4.1 General

Instruments were installed over two days, Friday September 20 and Monday September
23, 2002. Prior to arriving on site, simple finite element modelling was carried out in an
attempt to identify the best locations to place instrumentation. However, because of the
number of unknowns prior to carrying out the testing, the modelling did not produce
reliable results. It was thus decided to place the piezometers in the shear window as
defined by Woods (1968) since this was the location in which any shearing and thus
liquefaction should theoretically occur. There were not many piezometers placed
directly under the loaded area because that area should be dominated by compression
loading. The shear window shown in Figure 3.13 was calculated for an elastic half
space and may not be entirely correct for a material upon softening, however it could be
expected that any shearing would initiate in that area and propagate outwards. From
Figure 3.13, it can be seen that the shear window is close to surface near the loaded
area becoming deeper with distance. The piezometers were therefore placed in a line
perpendicular to the direction of equipment travel in groups of three or four becoming
deeper with distance from the load. The piezometers within each group were spaced
vertically, with the more distant groups placed deeper, to capture the response within the
area of the shear window and to possibly capture any propagation of shearing and pore
pressure away from the shear window.

The piezometers, load cell and geophones were placed to monitor the repose of the
tailings to light loading, since it was intended to instrument a new test site prior to using
heavy equipment to load the area. Due to circumstances on site, however, only one test
area was used. Since this was not foreseen, the instruments were placed at fairly
shallow depths and relatively close to the loaded area as shown in Figure 3.14 whereas
some deeper and more distant installations may have been warranted for heavy loading
conditions.

The phreatic surface became shallower towards the pond; therefore the piezometers
were laid out parallel to the pond, in a north south direction to minimize static water level
fluctuations between them. The direction of equipment travel would thus be towards and
away from the pond (west — east) and would occur on the south side of the instruments.
The tracks of the light equipment were approximately 45cm wide, and thus a maximum
distance of 175 cm (greater than 3B) from the loaded area seemed appropriate. The
maximum depth to which piezometers could be installed was limited to 215 cm due to
the push force available to install the piezometers being exceeded. An extra piezometer
was left open to atmosphere on surface to monitor fluctuations in the atmospheric
pressure since this affects the piezometer readings.
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The load cell and vibrating wire piezometer were placed under the centre of the loaded
area to measure total vertical pressure and pore pressure.

The geophone transducer measuring particle velocities was installed essentially at the
ground surface rather than at depth for several reasons. By measuring particle velocity
at the surface, subsequent modeling could potentially use the data as a source input,
similar to an earthquake acceleration history. Measuring the particle velocity as close to
the source as possible would produce more useful results since the amount of
attenuation would be limited and extrapolation to different positions would be simpler.
Measuring the particle velocities at various depths within the tailings deposit would have
been beneficial in order capture the attenuation of velocities with distance from the
source and to assess whether different waveforms produced significantly different
velocities below surface however muiltiple geophone transducers were not available.
The geophones were not installed directly under the trafficked area to prevent damaging
the instrument and were placed as close as practicably possible to the source, in line
with the closest pore pressure transducers. The depth of the instruments and their
distance from the most southerly piezometer are tabulated in Table 3.1 and a detailed
description of the calibration and installation procedures follows.

Table 3.1 Instrument Locations

Instrument ID | Depth (m) | Distance from | InstrumentID | Depth (m) | Distance from
PN 33 (m) PN 33 (m)
PN 33 0.518 0.00 PN 37 0.430 1.68
PN 32 0.893 0.08 PN 39 1.059 1.70
PN 31 1.802 0.10 PN 34 1.680 1.70
PN 36 0.432 0.81 PN 35 2.142 1.76
PN 38 0.925 0.92 VW LC 74517 0.30 -1.78
PN 29 1.783 0.90 VW PN 74518 0.28 -1.78

* PN = piezometer number, VW=vibrating wire, LC=load cell
3.5.4.2 Piezometers

The electric piezometers were calibrated at Syncrude on September 20, 2002 using a
groundwater well installed inside a shop for the purpose of instrument calibration. The
piezometers were grouped into bundles of four and connected to a common Data
Dolphin data logger, which was plugged into an outlet supplying constant 120V AC
power. No porous plastic was attached to the piezometers during calibration. A zero
voltage reading was taken with the transducers inside the well casing but above the
water. The bundled piezometers were marked at 1m intervals, with the first mark
located between 0.2 and 1 m from the pressure transducers. Voltages were read at one
meter depth intervals by lowering the piezometers into the well until the marks were at
the top of the well casing. At least 4 points, in addition to the zero reading, were taken
for each transducer to generate a calibration curve. Linear regression of the data points
taken at one meter depth intervals, carried out using the least squares method within the
software Excel, indicated correlation coefficients of essentially 1 (0.99998), i.e., the
measured voltages and pore pressures were linearly correlated. The intercept was
assumed to be the zero reading from the calibration, as it was known with greater
accuracy than the actual depth of the transducers. The piezometer calibrations are
included in Appendix A.
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The piezometers were pushed into the ground using the manual push frame used for
carrying out the CPTs described in Section 3.4.2. The piezometers closest to the loaded
area were installed first and in general the deeper piezometers within a given row of
piezometers were installed first to avoid damaging or disturbing installed piezometers
during adjacent installations. Installation of these piezometers was carried out as
follows:

e Marks were placed on the piezometer cable at 1 m intervals from the location of
the pressure transducer to allow measurement of installed depth (assuming that
the cable did not become kinked or significantly distorted during installation).

e The CPT cone was pushed to “pre-bore” a hole for the larger diameter
piezometer in order to minimize friction during installation of the piezometer and
allow deeper installation.

e The electrical cable was threaded through drill rods. The drill rods were attached
to 19 mm diameter pipe at the bottom to allow the piezometer, but not the conical
tip, to fit up inside the pipe protecting the piezometer and maintaining it in a
vertical position during installation.

e A saturated cylindrical porous plastic, which had been soaking in water for at
least 24 hours, was installed around the piezometer transducer.

¢ The void between the pressure transducer and the end of the plastic cylindrical
casing was filled with water and the metal pushing cone was threaded onto the
bottom of the piezometer.

e The metal pushing tip was seated snugly against the large diameter pipe at the
base of the drill rods and whole assembly was pushed into the ground to the
desired depth using the hand operated pushing frame described earlier.

e The drill rods and attached pipe were then raised to surface, leaving the
piezometer in the ground.

e The actual depth of the installed piezometer was measured based on the depth
markers on the cable exposed above surface.

e The piezometers were left in the ground for at least 12 hours to allow pore
pressure to equalize prior to testing.

The pore pressure transducers were connected to three Data Dolphin data acquisition
units for monitoring. Each Data Dolphin monitored 4 transducers such that each row of
transducers (parallel to direction of equipment travel) was connected to the same Data
Dolphin. The two rows closest to the loading area had only 3 transducers installed in the
ground, so an additional pressure transducer open to atmosphere was connected to
each of the two Data Dolphins to monitor any changes in barometric pressure.

3.5.4.3 Vibrating Wire Instruments

The vibrating wire piezometer and load cell used were provided by the University of
Alberta and had been calibrated by the manufacturers. The two instruments were
installed on September 23, 2002 in the centre of the area to be loaded. A hole was dug
by hand to a depth of 30 cm and levelled. The load cell and piezometer were placed in
the bottom of the hole with the piezometer placed behind (East) of the load cell.
Because of the configuration of the instruments, the centre of the piezometer was
approximately 2 cm above the load cell. The cables from the load cell and piezometer
were laid in a hand dug trench roughly 15 cm in depth to the edge of the area to be
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loaded and connected to a Data Taker data acquisition unit. These instruments were
allowed to equalize for at least 12 hours prior to testing.

3.5.4.4 Seismograph

The Blast Mate seismograph used to measure particle velocities was installed just prior
to each loading event because it did not require any equalization time. The important
aspects of its installation were the orientation of the geophone transducer and obtaining
intimate contact between the transducer and the ground. As described in Section 3.4.5,
the transducer contained three geophones oriented in orthogonal directions, which
should be oriented in line with the major directions of particle motion. The ground was
first excavated 5 to 10 cm to provide a level surface so that the vertical geophone was
oriented in a vertical direction. The longitudinal geophone was then aligned in the
direction perpendicular to the direction of equipment travel (roughly North-South). The
transverse geophone was thus in a direction parallel to the direction of equipment and
the rows of piezometers (roughly East-West). Three large metal spikes were provided
for installation of the transducer on soft ground and were screwed into the base of the
transducer. The transducer was installed by pressing the spikes firmly into the ground,
with transducer oriented as described. The small hole created to level the ground was
then backfilled with tailings and a sand bag was placed on top of the transducer to
encourage intimate contact between the transducer and underlying tailings.

To accommodate the relatively long term monitoring required two different recording
modes were employed. A continuous waveform was recorded during critical loading
periods, such as initial loading and events that lasted less than 5 minutes. In this mode,
the unit was set to record particle velocity from each of the three geophones 1024 times
per second. This record rate was substantially faster than required but was the
minimum rate at which the unit was program to gather continuous data. Loading events
that lasted considerably longer than 5 minutes were initially monitored using the
continuous mode but after several minutes were monitored using the histogram mode
described in Section 3.4.5 to preserve memory space. Summary information (peak
particle velocities and frequencies in each direction and peak vector sum) was stored
every 2 seconds. It should be noted that in histogram mode, there is no certainty that
the individual peak velocities saved occurred at the same time. When small velocities
were expected, such as during Predator loading, the unit was set to the sensitive
operating range of 34 mm/s. Conversely under larger loads, such as provided by the
dozer, the upper range of 200mm/s was selected. In continuous record mode,
monitoring was initiated automatically when particle velocities were greater than 0.015
mm/s when the sensitive range had been selected and greater than 0.51 mm/s when
operating in the normal range. In histogram mode monitoring was initiated manually
prior to equipment loading. Monitoring could always be terminated manually. In the
case of continuous monitoring however, it was possible for monitoring to stop
automatically. The particle velocities were automatically checked every 104 seconds
and if they were below the trigger level monitoring ceased. In both cases, if loading was
halted for a time, to measure density or for other reasons, the Blast Mate was turned off
to conserve memory and battery supply and was restarted prior to subsequent loading.

3.5.5 Light Equipment Loading
Following instrument installation on September 23, 2002, very light loading was applied

on the north side of the instruments (the opposite side as the actual loading site) to
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check that the piezometers were functioning. Load was applied simply by jumping or
stepping in place. It appeared that the closest, shallowest piezometers did show some
response, confirming that they were functioning. The piezometers were then left
overnight to allow equalization of any change in pore pressures caused by their
installation.

The main test area was initially loaded the morning of September 24, 2002. The
weather was sunny, windy and cool, although well above freezing. The phreatic surface
was measured at 37 cm in a test pit approximately 2.5 m north of the loaded area and.
Load was applied by driving the eight wheeled, tracked Predator all terrain vehicle back
and forth in an essentially east-west direction at the southern limit of the piezometer
installations. The track locations were varied to minimize rutting resulting in a total
loading width of approximately 2.5 m. A pass was defined as a movement through the
test area in one direction (either east or west). The Data Dolphins recording the electric
piezometers and the Data Taker recording the vibrating wire piezometer and load cell
were set to record at 3 second intervals, the fastest recording rate possible, although, as
discussed in Section 3.4.4, it appeared later that data was not always gathered at that
rate. The Blast Mate seismograph was installed and set up to record as discussed in
Section 3.5.4.4.

An initial ten passes were carried out with the Predator and then loading was stopped to
allow nuclear gauge density and moisture content readings to be carried out. The
measurements appeared to indicate that the dry density of the upper portion of the
deposit was decreasing and that the moisture content and wet density was increasing.
Thirty-two more passes were applied followed by more nuclear gauge readings. These
Teadings indicated only small additional changes in the density and moisture content of
the deposit and there was no further significant surficial evidence of softening. The
direction of equipment passes was then changed to north/south to explore whether that
would affect the response and a significant number of passes was applied. Further
measurements with the Troxler did not indicate any significant change in the density or
moisture content of the deposit. Loading was continued with the Predator again
travelling in an east/west direction with greater than 100 passes applied. During this
period, the seismograph recording mode was changed to the histogram mode to allow
monitoring to continue. A final measurement of density and moisture content with the
nuclear gauge did not indicate any significant changes. The Predator continued to make
passes sporadically but no surficial evidence of softening occurred.

The density and moisture content values recorded by the Troxler nuclear gauge during
the initial period of loading are shown in Figure 3.15. The Troxler measurements were
separated into two groups, those taken in the southwestern portion of the test site and
those taken in the northeastern portion of the site because the two areas appeared to
respond slightly differently. The southwestern portion initially showed small signs that
softening may be triggered while there was no evidence of this in the northeastern
portion of the test site.

The pore pressures and particle velocities monitored during Predator ioading on
September 24, 2002 are shown in Figure 3.16 and are also summarized in Appendix B.
The seismograph data was shifted slightly because the time in the seismograph did not
agree exactly with the time stamp in the Data Dolphins monitoring the piezometers. It
should also be noted that the atmospheric pressure recorded by the two transducers
open to atmosphere did not agree perfectly. This may be due to differences between
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the Data Dolphin acquisition units to which the transducers were connected. Therefore
when correcting the piezometer zero values for changes in atmospheric pressure, the
readings from the transducer measuring atmospheric pressure connected to the same
Data Dolphin as the transducers measuring pore pressure were used.

It can be seen in Figure 3.16 that pore pressures rose slightly in response to loading but
not nearly enough to cause any significant reduction in effective stresses and therefore
softening could not occur. As shown in Figure 3.16 there was some cyclicity in the
monitored pore pressures that appeared to match the ground motions monitored by
seismograph, although significantly fewer pore pressure cycles were captured than
ground motion cycles due to the lower recording rate of the pore pressure transducers.
it can also be noted that the pore pressures rose quickly in response to the applied
cyclic load with no obvious delay between the onset of ground motion and an increase in
the measured pore pressure.

Since the site had been selected in an area where it had appeared that the Predator
would be able to induce softening this was unexpected. Passes were therefore made
with the Predator in areas closer to the tailings pond and in an area to the south of the
test site, to see if these areas could be softened and to try to identify any differences
between the areas that may have affected the behaviour. The Predator could cause the
visual softening behaviour in these other areas after approximately 10 to 15 passes. In
an effort to understand what was causing the difference, the Predator was used to
initiate softening in an area and would then move a few meters towards the crest and
apply more passes. It appeared that there was a very definite boundary between the
area that could be softened with the Predator and the area that could not, located
approximately 10 m west of the test area (i.e. closer to the pond). In general the
phreatic surface was slightly shallower than at the test site but there was no drastic
change in phreatic surface right at the boundary location between tailings that would and
would not soften. It appeared that the main difference between the areas that would and
would not soften was the saturation of the tailings above the phreatic surface. It
appeared that where there was an essentially dry layer of tailings at the surface,
softening of the deposit would not occur as a result of Predator loading. Several
samples of adjacent areas that would and would not soften under Predator loading were
gathered for further testing in the laboratory.

Another attempt was made to soften the test area in the afternoon of the same day by
adding six 5 gallon buckets of wet tailings sand to the back of the Predator to increase
the load applied. It was estimated that this increased the weight of the Predator by
approximately 225 kg for a total weight of approximately 1,000 kg. The seismograph
was again set up to monitor particle velocities in continuous monitoring mode as
described previously and the data loggers recorded the other instrumentation. Over 200
passes were carried out with no surficial indication of softening. The monitored pore
pressure and particle velocity response to the increased Predator load was similar to
that recorded previously with no significant increase in the amount of excess pore
pressures generated. Softening of the deposit was also attempted by dropping a heavy
beam on the ground with no visible effect. Photographs of the test site after Predator
loading are shown in Figure 3.17.
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3.5.6 Heavy Equipment Loading

On September 25, 2002, larger equipment was brought to the test area in an effort to
induce the softening behaviour. Safety protocol at Syncrude required that there be two
pieces of equipment so that if the ground softened and a piece of equipment became
stuck, the other could pull it out. The two pieces of equipment available were a John
Deere 450G LGP dozer and a John Deere 792DLC excavator. Details of these
machines were given in Section 3.4.8. For safety reasons, loading was first carried out
with the lighter dozer. The record rate for the data loggers monitoring the piezometers
and load cell were set at 3 seconds and their clocks synchronized with the watch on site.
The Blast Mate was set to record in continuous mode with the range specified as 254
mm/s and the trigger level as 0.51 mm/s. The area had not been loaded for 17 hours
and the piezometers appeared to have returned to equilibrium conditions.

Loading was initiated with the dozer travelling towards the pond in a westerly direction.
The dozer remained in essentially the same track locations with the edge of the track
closest to the electric piezometers at approximately 55 cm from the first row of
piezometers. The vibrating wire load cell and piezometer were located between the two
dozer tracks. Signs of softening consisting of surface waving and some cracking were
observed after three passes. Loading had to be halted after eight passes due to
extreme softening of the deposit, which was beginning to jeopardize the safety of the
dozer. The ground surrounding the excavator for several meters was undulating and
cracking was observed. The track locations were depressed approximately 30 cm when
loaded, rebounding when not.

Immediately following the dozer loading, the ground could support the weight of a person
but undulated for several meters around the person as they walked across the ground
surface. Significant quantities of water began pumping to the surface through cracks in
the ground approximately 30 seconds after loading. The surface of the ground within a
distance of approximately 1.5 m of the edge of the tracks then began to wet with water
boiling to the surface as shown in Figure 3.18. Cracks were observed on the surface of
the ground up to 2 m from the edge of the dozer tracks. Within 45 minutes after loading,
although the tailings on the surface appeared to be saturated and there were several
pools of water, the area appeared to have hardened significantly; a person could walk on
the surface with no deflection occurring.

The pore pressures and particle velocities measured when the John Deere 450G LGP
dozer was driven back and forth 0.5 m south of the instruments are shown in Figure 3.19
and summary information is included in Appendix B. The seismograph data was shifted
slightly because the time in the seismograph did not agree exactly with the time stamp in
the Data Dolphins. The shift was made by matching the last significant vibration with the
known time at which loading ceased. Also, as occurred during the Predator loading test,
the atmospheric pressure recorded by the two transducers open to atmosphere did not
agree, differing by more than 7 kPa. Therefore when correcting the zero values for
changes in atmospheric pressure, the readings from the transducer measuring
atmospheric pressure connected to the same Data Dolphin as the transducers
measuring pore pressure were used. The readings from the vibrating wire piezometer
and load cell located between the dozer tracks is shown in Figure 3.20.

The pore pressures generated by the dozer were substantially larger than those
generated by the Predator. From Figure 3.19 it appears that the pore pressure was
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equal to the overburden pressure in a substantial volume of soil creating conditions of
essentially zero effective stress and softening. The figure also indicates essentially
immediate pore pressure response close to the location of load application. Excess pore
pressures were recorded in the nearest row of piezometers at almost the same time as
the initial ground motions were recorded, with the piezometers located further away
appearing to lag slightly behind. As with the Predator loading, some cycling of the pore
pressures in response to the dozer applied cyclic stresses, particularly in the shallower
piezometers can be seen in Figure 3.19. The number of pore pressure cycles is clearly
much less than the number of loading cycles, possibly due to the relatively low recording
rate of the piezometers (3 to 5 second recording intervals compared to 1024 readings
per second from the seismograph). However, the pore pressures cycles can be seen to
correspond somewhat with the occurrence of the larger and more intense ground
motions recorded by the seismograph.

Initially it had been thought possible that the heavier excavator could be used to load the
tailings on the north side of the piezometers. It was apparent however that a single pass
would cause softening and that it could endanger the equipment and therefore this was
not carried out.

3.5.7 Post Loading Testing
3.5.7.1 General

Cone penetration testing, sample collection and nuclear gauge density and moisture
content measurements were carried out at the test site following loading to quantify
changes that had occurred in the tailings. The three piezometers located closest to the
loading area were also used to monitor pore pressure for 24 hours after loading to
investigate the dissipation of excess pore pressures and allow an estimate of the
hydraulic conductivity of the tailings. The pore pressure dissipations are shown in Figure
3.21. It appears that pore pressures required at least 24 hours to fully dissipate and that
dissipation was slower at shallower depths.

3.5.7.2 Cone Penetration Testing

Cone penetration tests were carried out two hours after loading, located close to the
sites of the CPTs carried out to initially characterize the site. The procedures used were
the same as presented in Sections 3.4.2 and 3.5.3.2. One CPT was carried out near the
edge of the loaded area, approximately 50cm north of the edge of the northern-most
dozer track, and one was carried out between the two dozer tracks. It would have been
desirable to carry out the CPTs closer to the loading time but due to equipment activities
this was not possible. The results of the CPTs are shown in Figure 3.12 and do not
appear to indicate any significant loss in tip resistance, generally varying between 1 and
2 MPa as in the CPTs carried out prior to loading with slightly higher tip resistances still
indicated near the bottom of CPT 2e. The sleeve friction values measured during the
CPTs carried out after softening do appear slightly higher than the measured values
prior to loading however. The measured pore pressures were slightly higher than
measured initially, indicating that even 2 hours after loading, excess pore pressures still
existing in the middle of the test area. As indicated in Figure 3.11 and Figure 3.12 the
CPT measured pore pressures actually agree quite closely to the pore pressures
measured by the piezometers two hours after loading.
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3.5.7.3 Frozen Sampling

The frozen samples gathered to characterize the tailings after loading were taken close
to the location of the tracks because that was the area where the shear window should
be closest to the surface. It was not possible to dig down from surface to obtain a
sample from depth because the tailings in the loaded area had become saturated,
causing sloughing soil and water flow in any hole dug. A frozen block sample was
gathered from between the two dozer tracks, away from the location of the load cell and
piezometer, and a cylindrical sample was gathered just north of the northern dozer track
location. Both samples were gathered as discussed in Section 3.5.3.5. Freezing began
approximately 45 minutes after loading once conditions appeared to have stabilized and
was continued for approximately 6 hours. The frozen samples gathered from the loaded
area were significantly smaller that those gathered from the undisturbed area, likely
because of the increased amount of water in the tailings, which would slow the progress
of the freezing front. The block sample that was retrieved was approximately 10cm deep
by 30cm wide and the cylindrical sample was approximately 15 cm deep with a bulb of
material around the metal tube with a maximum thickness of 6 cm. Large bulk samples
from the loaded area were also gathered and placed in five gallon pails.

3.5.7.4 Nuclear Gauge Testing

Nuclear gauge density and moisture content tests were carried out on September 26,
2002, almost 24 hours after loading by the dozer. It had been desired to carry out these
tests immediately after loading but due to the uncertainty in triggering softening and
personnel requirements it was not possible. Two tests were carried out in the loaded
area where no further disturbance had occurred after loading. Both locations were
between the dozer tracks and bulk samples were gathered from these locations and
double bagged to check the moisture content measurements. Tests could not be made
to the north of the test area where the frozen cylindrical sample had been collected
because the area had been disturbed and excavated to retrieve the piezometers. The
tests were carried out with the probe extended to its maximum 300mm depth from a
level surface approximately 5 to 10 cm below the ground surface. The readings
indicated that the dry density of the upper 30cm of the tailings deposit had decreased
substantiallgl from an initial average value of 1700 kg/m® to values ranging from 1548 to
1568 kg/m” (15.2 to 15.4 kN/m°). Consistent with visual observations, the readings
indicated that the moisture contents increased, changing from 10 to 12 percent initially to
23.9 to 25.3 percent after softening (equivalent to a saturation of 94 to 97 percent),
corresponding to a calculated final void ratio of approximately 0.71 compared with an
initial void ratio of approximately 0.57.

3.5.8 Quick Tests
3.5.8.1 General

Four sites shown in Figure 3.22, located closer to the tailings pond than the main test
site, were selected for quick, light loading tests. It was decided to carry out the quick
tests to gather more data with regards to the changes occurring to the tailings mainly
with respect to density and stiffness, before, during, and after softening. To allow
flexibility in the timing of the tests to accommodate personnel requirements, load was
applied by a person stepping in place. Density and moisture content could then be
measured using the Troxler nuclear gauge at various stages throughout the test and
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CPTs could be carried out before and immediately after or during loading. By carrying
out the CPTs so close to loading, it was hoped that correlations between tip resistance
and Young's modulus could be used to investigate the change in stiffness during loading
and perhaps explain the large size of the area affected by loading.

3.5.8.2 Quick Tests 12 and 3

Two sites, QT1 and QT2, were located near an area of new tailings deposition where the
phreatic surface appeared to be within 10cm of the ground surface. One piezometer
was installed at each location on September 25, 2002 and left overnight to allow
equalization of pore pressures. The piezometers were located at a depth of
approximately 50cm and approximately 40 cm from where the person would stand to
load the area.

The quick tests were carried out on September 26, 2002. Temperatures overnight had
fallen dramatically to a low of —~11°C and there was approximately 3 cm of frost upon
arrival to the site, although temperatures had risen above freezing. The frost
disappeared rapidly as the day warmed but based on the amount of water observed in
the tailings at the ground surface, the phreatic surface at both QT1 and QT2 appeared to
have risen essentially to the ground surface. An initial CPT was carried out at QT1,
approximately 40 cm from the area to be loaded, to characterize the deposit. The
Troxler nuclear gauge was used to take initial density and moisture content readings
following the initial CPT, also approximately 40 cm from the area to be loaded. During
all of these initial measurements, attempts were made to disturb the area as little as
possible. The geophone transducer was installed on the surface near the location of the
piezometer and the Blast Mate was set to record in continuous mode in the sensitive
range. The site was then loaded with approximately 50 stepping cycles, each of which
applied roughly 10 to 20 kPa, after which the density and moisture content of the
softened tailings were measured with the Troxler and another CPT was carried out.
During the test a piezometer measuring atmospheric pressure was also monitored. This
procedure was repeated at location QT2.

The increased amount of water from the melting frost made work in the test areas more
difficult than expected and thus a third location, QT3 located slightly more towards the
crest was selected to allow testing in an area with a slightly deeper phreatic surface.
Pore pressures during loading could not be monitored however as there was no time to
allow equalization of pore pressures after installation.

Softening was induced at all three locations although at location QT3 fewer cycles were
applied and softening was not as severe. Evidence of softening included severe
undulations of the ground, the amplitude of which increased with the number of stepping
cycles, cracking and, particularly at sites QT1 and QT2 which underwent greater
numbers of loading cycles, water flowing to the surface. A slightly raised area also
appeared to develop in a ring around the loaded area. The radius of the surficial
evidence of softening at each quick test location was at least 1m. At all locations the
nuclear gauge readings indicated that the initial dry density of the tailings was
significantly lower than at the main test site ranging from 1614 kg/m® at QT3 to 1464
kg/m® at QT1 with much higher moisture contents, 26 percent at QT1 and QT2 and 21
percent at QT3. The changes in the density readings recorded by the Troxler nuclear
gauge during and after these tests were much smalier than those recorded at the main
site in the order of 10 to 20 kg/m®, possibly within the margin of error for the instrument.
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Site QT1, the site with the lowest initial density, actually showed a slight increase in dry
density after approximately 50 stepping cycles while both QT2 and QT3 recorded slight
decreases. The Troxler readings also indicated that the moisture content at all sites
increased, although only by 1.5 percent.

The particle velocity and pore pressure responses at QT1 and QT2 are shown in Figures
3.23 and 3.24. The particle velocities recorded were somewhat lower than those
induced by the Predator however it should be noted that the Blast Mate was closer to the
applied load in this case and therefore less attenuation of particle velocities would have
occurred. Similar to when softening was induced by the dozer, the pore pressures
appeared to rise to essentially the overburden pressure although due to the shallow
installation depth the magnitudes of pore pressure change were fairly small.
Unfortunately, there appeared to have been a loose wire or a short in the CPT
equipment as there was considerable noise in the data and no meaningful data was
obtained. Qualitatively however, it was evident from the reduced effort required to push
the CPT that the tip resistance had significantly decreased.

3.5.8.3 Quick Test 4

it had been intended to collect frozen samples from at least one of the instrumented
quick test locations. However, the amount of water that was brought to surface during
loading made any further work at these locations very difficult. Site QT4, at a slightly
higher elevation with a slightly deeper phreatic surface, was therefore selected for light
loading similar to the previous quick tests and subsequent sampling. The location was
selected to give a large area with uniform conditions so that an “undisturbed” sample
could be gathered at some distance from the softened area and-still hopefully be
representative of the initial conditions of the tailings that were softened.

The phreatic surface at QT4 was approximately 15 cm below ground surface prior to
loading. Loading was carried out by applying greater than 30 human stepping cycles at
which point the ground surface was undulating significantly for a distance of
approximately 1m around the person, and water was pumping to the surface. After
softening, a cylindrical frozen sample was gathered approximately 40 cm from the foot
locations, 10 cm away from the area of most disturbance and large cracks. A cylindrical
frozen sample was also gathered 5.3 m south of the loading area to represent conditions
initial conditions prior to loading. The samples were gathered by radial freezing around
a thin walled metal tube as discussed in Section 3.5.3.5 with one difference. After
careful excavation of the tailings sand inside the metal tube, bentonite pellets were
placed in the bottom of the tube to seal the bottom. This was done to stop water flowing
up into the bottom of the tube as the base of the tube was below the phreatic surface.
Once the pellets became hydrated and expanded, the few centimetres of water in the
bottom of the tube was removed and dry ice pellets were placed in the centre of the
tube. Freezing was halted after 3 hours, as there was no method to maintain dry ice in
the tubes overnight. The sample recovered from the softened area was 20.8 cm deep
with a maximum thickness of 6 cm while the one recovered from the undisturbed area
was 20.5 cm deep with a maximum thickness of 10 cm. Bulk samples excavated from
the middle of the metal tube were double bagged for moisture content measurement and
comparison with the resuits of the frozen samples. Unfortunately, a Troxler nuclear
gauge was not available to carry out measurements at this site for comparison.
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3.5.9 Trafficability Study

A short trafficability study, similar to the one carried out by Syncrude in November 2001,
was carried out after loading of the main test site on September 25, 2002. There were
two portions to the study. The trafficability limits of the dozer and excavator were
established by driving the equipment down the beach until significant softening or
cracking occurred. No obvious bow wave or any type of disturbance was visible ahead
of the equipment prior to softening during the trafficability study. At the furthest distance
reached in a single pass, a small test pit was dug to measure the depth to the phreatic
surface and to gather bulk samples. Density and moisture content measurements were
also made at the location with a Troxler nuclear gauge, however due to personnel
requirements these measurements occurred nearly 24 hours after the equipment had
travelled the area.

The John Deere 450G LGP dozer was also used to study how many runs caused
softening to occur, compromising trafficability. The dozer was used rather than the
heavier excavator for this portion due to safety issues; if the dozer became stuck, it
could be rescued by winch of the larger excavator. The dozer travelled down the beach,
south of the main test site to the limits of its trafficability where significant softening was
induced and water was brought to the surface. The dozer then retreated backwards up
the same tracks to the starting point and returned down the same tracks for a second
run again to the trafficability limit. A total of three runs up and down the same tracks
were carried out just south of the test site. At the limit of each of the three runs, a test pit
was dug and the depth to the phreatic surface was measured and a sample gathered.
At each location, nuclear gauge readings of moisture content and density were also
made 24 hours after the area had been trafficked.

The limits of trafficability established during the trafficability study as well as the locations
of the first signs of softening and water being brought to surface are shown in Figure
3.25. The measured depth to the phreatic surface and the Troxler nuclear density and
moisture content readings are summarized in Table 3.2. The location of the trafficability
limits in Cell 31 at the Southwest Sand Storage appeared to coincide closely with the
location of newly deposited tailings, however signs of softening and cracking did occur
well before of these limits.

Table 3.2 Trafficability Study Results

Depth to Phreatic Nuclear GauL Readings

Location Surface (m) Dry Density (kg/m°) | Moisture Content (%)
Excavator Furthest Point 0.56 1576 18
Dozer Further Point 0.23 1518 27
Dozer, End of 2" Run 0.38 1660 14
Dozer, End of 3 Run 0.38 1695 9.5
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Figure 3.4 CPT Setup at Main Test Site -

Metal Cable

Porous Plastic for Retrieval

Figure 3.5 Push in Piezometer
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Figure 3.8 Southwest Sand Storage, Main Test Site Prior to Testing
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CPT 1e, At Edge of Test Area, Before Loading

.z

| Predator liting off <

\ground , cone may be /
eing pulled upwards /(

\
25 i 25

Tip Resistance, q¢ (MPa) Sleeve Friction, fg (MPa) Pore Pressure (kPa)
0 1 2 3 -0.04 0 0.04 0.08 -10 0 10 20 30
0 I3 1 | 0 1 1 i 0 1 1 i 1
i i i ~Z
0.5 \ A values for? | 0.5 0.5 \
constant relative
\/densily of 0.43
| \ ?ggg Robertson, | |
1 \ 1 1
€ \ v /\
z s
= 7 7 7| Hydrostatic Pore
% 1 Pressure Line
[m]
15 QL 15 % 1.5 \\
= o
2 2

2.5

CPT 2e, At Edge of Test Area, 2hrs After Dozer Loading _

Tip Resistance, q¢ (MPa) Sleeve Friction, fg (MPa) Pore Pressure (kPa)
0 1 2 3 -0.04 0 0.04 0.08 -10 0 10 20 30
0 ] 1 1 0 1 1 1 0 Il 1 i I
0.5 N 0.5 0.5
\ é
4 /\ 4 - i
q values for a £ PN32
— 1 _"c%nstapt refl%ﬁxg \/( 1 1
\Ef aft:p g{&gnsbn,
s R 1998 | i | \
[=3 Hydrostatic Pore
8 \ Pressure Line \
1.5 \ 1.5 15
| L VN
] i i _ \
\ S PN31
2 2 = 2 .
| \ | <> i \
{ 3
-~
25 L 2.5 25 .

Figure 3.11 CPT Results from the Edge of the Main Test Site
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CPT 1m, In Middle of Test Area, Before Loading
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Figure 3.12 CPT Results from Middle of Main Site
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Figure 3.18 Main Test Site After Dozer Loading
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Figure 3.25 Trafficability Results
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4.0 LABORATORY PROGRAM
4.1 General

A significant amount of laboratory testing has been carried out on Syncrude tailings over
the years and the results are available through published papers (e.g. CANLEX), and
Syncrude’s internal database and reports. It was therefore decided to carry out a fairly
limited laboratory testing program and if the tailings were found to have basic properties
consistent with previous studies, the laboratory results of those previous studies would
be applied to the main test site.

The mineralogy of Syncrude tailings at Mildred Lake and the Southwest Sand Storage
Facility was expected to be fairly consistent and given that the tailings have all been
subjected to similar extraction and deposition processes, similarity of grain size
distribution between the tailings at the main test site and those used in previous studies
was considered sufficient to confirm consistency of basic properties between studies.
Grain size distribution tests were therefore carried out on various samples gathered from
the test sites.

Density and void ratio measurements were also carried out on samples to identify the in-
situ conditions of the deposit. Moisture contents of various samples were determined to
allow comparison between laboratory and field measurements and also to provide some
insight into the effect of bitumen on water content measurements with the nuclear
gauge.

The laboratory test procedures are briefly discussed and the test results are then
presented.

4.2 Laboratory Procedures
4.2.1 General

All tests were carried out at the University of Alberta using the laboratory facilities
available in the Civil and Electrical Engineering Building. The procedures are only briefly
outlined below, as the tests carried out were fairly routine and followed generally
accepted procedures.

4.2.2 Moisture Content Determinations

Moisture contents of the bulk samples were determined following generally accepted
geotechnical engineering procedures (ASTM, 2000a), whereby the difference in weight
between the “wet” and oven-dried sample is used to evaluate the moisture content which
is expressed as a percentage relative to the dry weight of soil according to Equation 4-1.
Prior to testing, the samples were kept double plastic bagged in a moist room with a
relative humidity of 75 percent or greater and temperatures generally between 4 and
6°C. The bulk samples were fairly large (approximately 2 to 5 kg), thus three sub
samples were taken from each sample and used for moisture content measurements. In
general, unless there was an obvious discrepancy in one measurement that could be
explained, the average of the three moisture content measurements was considered
representative of the whole sample.
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mce.= Equation 4-1
T
M,, = Mass of water

Mr = Mass of dry soil
4.2.3 Grain Size Analyses

Grain size analyses were carried out according to generally accepted procedures (ASTM
2000b). The samples were oven dried prior to testing and pulverized to break apart
large clumps of tailings sand. Both wet and dry sieving procedures were initially
employed and although there was no significant difference in the results from the two
procedures, for the majority of the tests, washing was carried out on the finest sieve.
The samples were shaken through a series of sieves with opening sizes ranging from
4.75 mm (No. 4 sieve) to 0.045 mm (No. 325 sieve).

The shaker vibrated the column of sieves up and down as it was rotated about a vertical
axis. This shaker was chosen over one that only lifted the column up and down as it
broke up small clumps of material more effectively. The sieves were shaken for at least
10 minutes. The material retained on a given sieve when washing was not required,
was carefully placed into a tin, the sieve was brushed clean and the material was then
weighed (as opposed to weighing the sieves before and after shaking). Two methods of
washing were employed for comparison. Most commonly, the material retained on the
number 325 sieve was washed until the water running through the sieve was clear. The
material retained was then washed into a tin and placed in a drying oven for at least 24
hours before being weighed. The -material washed through the number 325 sieve was
not collected and therefore the amount of material passing the 325 sieve was calculated
based on the known dry weight of material placed in the sieves and the cumulative
amount of material retained on the various sieves. To confirm that there was not a
substantial amount of fines stuck to the larger particle and thus retained on larger sized
sieves, another washing procedure was also carried out. Prior to sieving, the sample
was dried and weighed and then washed through the 325 sieve and dried and weighed
again. The sample was then shaken through the stack of sieves.

4.2.4 Density and Void Ratio Measurements

Densities and void ratios of the tailings were measured at the main field test site and
Quick Test Location 4 based on frozen samples and a disturbed sample of known
volume. The density of the disturbed sample was calculated from measurement of the
volume of the tube used to gather the sample and measurement of the weight and
moisture content of the entire sample. The void ratio was then calculated based on a
specific gravity of 2.66 as measured for Syncrude tailings during CANLEX (Robertson et
al., 2000). The density and void ratio of the frozen samples were similarly based on a
measured volume and moisture content but the procedure was somewhat more
complicated as explained below.

Bulk density and hence void ratio of the frozen samples were measured following the
“‘Immersion in water” procedures outlined in Head (1992). The method uses Archimedes
principle to obtain the volume of the sample based on the submerged weight. Once the
volume of the sample is known, the density and void ratio can be calculated based on
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the sample weight, moisture content and specific gravity. To avoid migration of water
into or out of the sample, the samples were coated in wax prior to submergence.

Prior to testing, the samples were stored double wrapped in plastic, in a cooler
surrounded by ice which, in turn, was placed in a deep freezer located inside a large
walk in freezer that was maintained at approximately —35 to —40°C. The block and
cylindrical tube samples gathered in the field were cut up into smaller samples with a
minimum volume of 15 cm® using a mitre saw. Trimming was carried out in a freezer
with temperatures ranging between -5 and -15°C. Several different types of trimmed
samples were used during testing. Initially rectangular samples were cut to allow
accurate measurement of the sample volumes using vernier calipers so that the
measured immersed volumes could be checked. Irregular sample shapes were used
most often however, as they were easier to obtain and resulted in less wastage,
particularly from the cylindrical specimens. Protrusions on the irregular samples were
trimmed such that re-entrant angles were avoided. The original location of the trimmed
samples within the larger sample was recorded. In general, no samples were taken from
the upper several centimetres of a sample because there appeared to be significant
disturbance in this region. After trimming, if wax coating and immersion could not be
immediately carried out, individual samples were placed in a plastic bag, with the air
removed and placed in a deep freezer located in a walk-in freezer with temperatures
ranging between -35 and -40 °C. All samples were tested within 24 hours of being
trimmed. Ice crystals were observed on the surfaces of the samples and in general were
removed prior to testing.

Trimmed samples were removed from the freezer, in groups of three or four, and kept
surrounded by ice in a cooler prior to measurement of its submerged weight. Each
frozen sample was weighed and then dipped in melted paraffin wax to create an
impermeable seal. Samples were dipped in the wax generally 3 to 5 times until it
appeared that a good seal with no cracks had been achieved. The samples were dipped
as quickly as possible to minimize any melting of the sample. Generally, if air bubbles
were detected in the wax coating, they were removed by creating a small hole in the wax
and then re-dipping the sample to seal the hole. It is recognized however that there is
typically a thin layer of air trapped between the sample and the wax (Kupper, 1991).
The temperature of the wax varied between 70 and 100 °C although it was generally
maintained at the lower temperatures as recommended. The lower temperatures
appeared fo cause less cracking of the wax coating although it did appear to create
thicker wax layers. In general, it was easier to obtain a good seal on the irregular
shaped samples than on the rectangular samples because the wax at the corners of the
samples tended to crack. A typical sample, prior to submergence, is shown in Figure
41.

The samples were allowed to cool slightly and then the weight of the wax-coated sample
was measured. The coated sample was then placed on a hanger attached beneath a
scale located in a tub of water at room temperature (approximately 17 to 20°C) as shown
in Figure 4.2. Once the surface waves had dissipated and the scale reading stabilized,
the submerged weight was recorded. It should be noted, that it took approximately one
minute for the scale reading to stabilize and that the samples appeared to steadily gain
weight at a rate of 0.01g per 1 to 5 seconds. This may have been due to cooling and the
resulting shrinkage of the wax and any air space, which would effectively cause a
decrease in volume and an increase in density.
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The sample was then retrieved from the tub, and the wax coating was removed,
occasionaily with some of the outer portions of the sample. It should be noted that for
the majority of the samples it did not appear that significant melting or ingress of water
had occurred. The samples were then placed in a drying oven for moisture content
determination. Initially the weight of the samples was measured after 1, 4 and 5 days in
the oven to ensure that sufficient time was allowed for the ice to melt and evaporate. No
variation in dry weight was observed at the various times, therefore 24 hours was
determined to be a suitable drying time.

4.3 Laboratory Test Results
4.3.1 General

The results of the laboratory tests are summarized and briefly discussed below. A
discussion of the results as they pertain to the soil response is presented in Section 5.0.
Results of all laboratory tests can be found in Appendix B along with a summary of the
relevant information regarding the samples testing.

4.3.2 Moisture Contents

The moisture contents of the samples gathered from the various test sites ranged from
11 to 26 percent. The lower values generally corresponded to samples taken from the
unsaturated zone above the phreatic surface prior to any softening while the higher
values were generally associated with samples gathered after softening. Generally,
bitumen is considered part of the fluid phase when dealing with oil sands (Lord and
Cameron, 1985) however, due to the low bitumen concentration in the tailings and
because in the field any bitumen in the tailings appeared to be solid, corrections were
not made for including bitumen in the fluid phase. To avoid large errors due to this
assumption, large chunks of bitumen were removed from any samples prior to moisture
content determination although this was generally not necessary as the tailings were
fairly clean.

4.3.2.1 Disturbed Bulk Samples

Samples gathered from locations where measurements had also been taken using a
nuclear density moisture content gauge were found to have moisture content values
within approximately 1 to 2 percent of the value indicated by the gauge as shown in
Table 4.1. It should be noted that if there had been significant quantities of bitumen in
the tailings, the nuclear gauge readings would have been expected to be higher than the
measured laboratory values as the gauges interpret the hydrogen rich bitumen as water
(Lord and Cameron, 1985) and since no correction was made in the laboratory, it would
have been included in the solid phase in laboratory measurements.

Table 4.1 Moisture Content Comparison Between Laboratory and Field Measurements
Taken at the Same Location

Laboratory Moisture Nuclear Gauge
Sample Content (%) Moisture Content (%)
1 (before loading) 13.1 12.8
21 (after loading) 23.9 25.3
22 (after loading) 23.8 23.9
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The average moisture content of the main test site above the phreatic surface, prior to
loading based on bulk samples was 15 percent, slightly higher than the 11 percent
average measured by the nuclear gauge. These variations were due to different
sampling locations and the heterogeneity of sand deposits. Following softening, the
average moisture content at the main test site was measured at 24 percent based on
both bulk samples and nuclear gauge readings. The moisture content measurements
carried out on bulk samples gathered from Quick Test Site 4 also indicated a slight
increase in moisture content after softening, from 23 to 25 percent.

Based on moisture content measurements of various disturbed samples gathered during
the trafficability study, it appeared that as the tailings were able to sustain more dozer
passes without softening, the moisture content in the unsaturated zone above the
phreatic surface decreased. At the end of the furthest pass, i.e. softening occurred on
the first run, the gathered samples had a moisture content of 25 percent while those
gathered at the limits of the second and third runs had moisture contents of 19 to 20
percent and 17 to 18 percent, respectively. The values measured may not be
completely indicative of in-situ conditions prior to equipment traffic as the samples were
collected after the dozer had completed all the runs and some softening had been
induced. The samples were collected at a small distance from the track locations but the
moisture content of the samples may have been somewhat affected by induced
gradients and the dissipation of excess pore pressures. The moisture contents
measured 24 hours later by the nuclear gauge indicated greater differences in the
moisture contents of the tailings at the various locations with values of 27, 14 and 10
percent at the ends of the first, second and third runs respectively.

4.3.2.2 Frozen Samples

The tests carried out on the frozen samples indicated a much smaller range in water
content values between samples than did the bulk samples and nuclear gauge
measurements, particularly at the main test site. This did not appear to be consistent
with visual observations, as it appeared that the tailings became significantly wetter upon
softening. The equations used to calculate the moisture content of the frozen samples
are included in Appendix B because they are slightly different than those used to
analyze thawed samples to account for the volume expansion of water during freezing.

Moisture content measurements from frozen samples at the main test site before
softening did not agree well with the moisture content measurements from either the
bulk samples or the nuclear gauge. The frozen samples indicated a moisture content of
between 19 and 23 percent for the tailings deposit at the main site prior to loading and
between 22 and 24 percent following softening at the main site. The frozen samples
gathered near Quick Test location 4 indicated no change in moisture content, remaining
at 22 percent. With the exception of the moisture contents prior to softening at the main
test site, the remaining moisture contents agree relatively well with other moisture
content measurements. However, based on visual observations and the amount of
water brought to surface during softening at Quick Test location 4 it seems unlikely that
there was no change in moisture content before and after softening. It was observed
upon trimming of some of the after-softening samples that there were tube like voids,
possibly piping channels, that were not completely filled with ice. It is unclear whether
this unsaturated state was a reflection of the true in-situ conditions or an effect of the
apparent friability of the ice and thus caused by trimming of the samples.
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The tests carried out on the frozen samples indicated that none of the samples were
saturated and that the degree of saturation was fairly consistent between samples. The
unsaturated nature of the tailings was not completely unexpected as the samples were
gathered near surface and also it has been reported that there can be significant gas
content in tailings. However, the similarity of degree of saturation between samples did
not appear to be consistent with visual observations as the main test site appeared
significantly drier prior to loading than the Quick Test location and there appeared to be
a substantial increase in saturation, particularly at the main test site following softening.

A possible cause for the higher moisture content values (and thus saturation) prior to
softening at the main test site may be that because the soil was unsaturated, water was
drawn towards the freezing front as freezing occurred, similar to the manner in which an
ice lens forms. The higher moisture content values, particularly before softening, could
also possibly be explained if dilation occurred due to the insertion of the metal tube
causing water to flow into the sample. This would have not only increased the amount of
water but would have decreased the weight of solids resulting in an increased moisture
content. A similar effect may have occurred due to expansion of the soil skeleton as the
pore water froze.

4.3.3 Void Ratio and Density

The frozen samples gathered appeared to have retained the macroscopic structure of
the tailings reasonably well. Layering in the tailings deposit was visible in the samples
gathered prior to softening and there appeared to be evidence of piping channels in
some of the samples- gathered after softening-as can be seen in Figure 4.3. As
discussed however, the moisture contents measured did not always appear consistent
with visual observations and this could be expected to affect void ratios.

As with the moisture contents obtained from the frozen samples, the variation in average
void ratios measured from the various frozen samples was fairly small. Complete results
of the void ratio measurements can be found in Appendix B. The average void ratios
measured from the frozen samples indicated a small increase after softening at the main
test site and a slight decrease in void ratio after softening at Quick Test location 4.
However, the variation in void ratio measured between samples trimmed from.the same
larger sample was greater than the variation between average values for the larger
samples. The small changes measured between before and after softening conditions
therefore may not be meaningful. The total range of void ratios measured from the
trimmed samples was between 0.67 and 0.93. Within a given sample the total variation
was generally not greater than 0.1 and the variation tended to be greatest within
samples gathered after softening. There did appear to be a somewhat systematic
change to the void ratio measurements within the samples however. There appeared to
be a decrease in void ratio with depth. This was reflected by differences between
trimmed samples obtained from the same larger sample and also by comparison of the
block and tube samples. The block samples were shallower and had higher average
void ratios than the deeper cylindrical tube samples.  Drying, weathering and low
confining stresses could potentially cause higher void ratios near the ground surface. A
systematic lateral variation in void ratios was also observed in the tube samples,
particularly in those gathered prior to softening. It appeared that there was a decrease
in void ratio with distance from the tube varying between 0.87 and 0.82 at the wall of the
tube to between 0.81 and 0.66 at the edge of the sample. This lateral variation was not
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observed in the block samples suggesting that the insertion of the metal tube may have
caused disturbance and been responsible for the variation in void ratio. Sampler
disturbance is a well-known phenomenon and is reported by many researchers (e.g.
Yoshimi et al.,, 1977; Marcuson and Franklin, 1980; Tokimatsu and Hosaka, 1986;
Konrad, 1995) and if the samples were dilative, it would be expected that void ratios
would decrease away from the zone of disturbance around the tube.

Because of the systematic variation in void ratios observed, it appeared likely that
trimmed samples located away from the surface and central tube, towards the middle
and edges of the tube samples, were more representative of in-situ conditions. A
representative range of in-situ void ratios based on the frozen samples therefore
appeared to be between 0.81 and 0.72. This agreed reasonably well with the void ratio
measured from the disturbed tube sample of 0.75.

Frozen bulk densities were measured directly from the samples. If the saturation of the
samples was less than 92 percent, as was the case for the majority of the samples, the
frozen bulk density is equivalent to the thawed density as the voids can accommodate
the water expansion during freezing. If the sample was saturated, however, and no
expansion of the soil occurred during freezing, the frozen bulk density would be less
than the in-situ value as the amount of water in the sample would be decreased and
corrections to the measured frozen density would be required. The calculations are
included in Appendix B. Once the bulk density was known and the moisture content
measured, the dry density could be calculated using standard phase relationships. The
bulk densities of the frozen samples were found to range between 1720 and 1860 kg/m3.
The dry densities, however, had a smaller range, between 1440 and 1500 kg/m®. The
saturated tailings density was therefore calculated to range between 1900 and 1950
kg/m*. The remoulded samples indicated similar densities with a measured bulk density
of 1783 kg/m® and corresponding dry and saturated densities of 1517 kg/m® and 1950
kg/m?®, respectively.

4.3.4 Grain Size Distributions

The results of the grain size distribution tests carried out on the bulk samples are shown
in Figure 4.4. The samples tested were gathered from depths between 0.1 and 2 m and
from both before loading and after softening. Two systems for soil classification are
shown in the figure, that presented in the Canadian Foundation Engineering Manual
(1992) and that used by Syncrude. The results confirm the visual classification of the
tailings as a uniform fine to medium sand. The fines content as defined in the Canadian
Foundation Engineering Manual, particles smaller than 0.075 mm, ranged between 1
and 5 percent. Fines content as defined by Syncrude, particles smaller than 0.045 mm,
appeared to range between 0.2 and 2.2 percent. The coefficient of uniformity was
found to range between 1.9 and 2.2. As can be seen in Figure 4.4, the difference
between wet and dry sieving was not significant, possibly because of the small amount
of fines. The data also do not appear to indicate any significant change in grain
distribution with depth in the upper few meters. Another comparison between samples
collected prior to loading and after softening is shown in Figure 4.5. The data in this
figure suggests that there was no significant upward washing of fines due to the high
gradients and piping that occurred as a result of dozer loading.
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Figure 4.2 Set-up for Measurement of Submerged Weight of Wax Coated Samples
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Figure 4.3 Frozen Samples Prior to Trimming
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Figure 4.4 Grain Size Distribution of BAW Tailings Sand at Main Test Site
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5.0 DISCUSSION
5.1 General

The data gathered during the field investigation and from laboratory testing were
analyzed and compared with published data to explain why the vibratory equipment
loading caused softening of the tailings deposit. The following section begins with a
discussion of the in-situ conditions of the deposit based on both field and laboratory
measurements in an effort to identify what types of load responses would be expected.
The analyses and interpretation of the data gathered during the field program are then
presented and a mechanism for the occurrence of softening is explained. Factors
controlling the softening phenomenon are then discussed. Finally the commonly used
charts for the evaluation of liquefaction potential are applied to the main test site and
results are extrapolated to other conditions.

5.2 Initial Conditions of Deposit
5.2.1 General

In general, the properties that control the behaviour of a sand can be grouped into two
categories, intrinsic properties that cannot be readily altered and environmental or
placement conditions. The former includes characteristics such as grain size
distribution, particle angularity, and particle mineralogy. It is well known that these
characteristics influence the shear strength properties of a sand and many researchers
have indicated that they also affect the liquefaction susceptibility and cyclic strength of a
deposit (e.g. Sladen et al., 1985; Vaid and Chern, 1985; Poulos et al., 1988; Kramer,
1996). The latter group of characteristics affecting the behaviour of a sand deposits
includes factors such as soil fabric, in-situ void ratio, confining stress, and load path.
These factors can be modified and varied during laboratory testing. Therefore it would
appear reasonable that if the intrinsic properties of the tailings sand at the test sites were
similar to other tailings used in previous studies, the results of those previous tests could
be applied to the field test site. The tailings at all the Syncrude leases were generally
derived from the same geologic unit and were all subjected to the same extraction and
hydraulic processing, suggesting that the particle mineralogy and angularity should be
consistent for each tailings storage facility. Therefore, if the grain size distribution of the
tailings at the test sites were similar to other tailings at Syncrude, particularly other
tailings deposited in a similar manner, it would seem reasonable to apply the results
from in-situ and laboratory testing carried out at other Syncrude sites to the test sites
utilized in this research.

The similarity of the tailings at the main test site to other beach above water (BAW)
tailings at Syncrude will first be compared based on CPTs and laboratory grain size
distribution tests. Once the similarity is confirmed, test results on Syncrude sand from
published data will be used to evaluate the initial state and expected behaviour of the
deposit based on the measured in-situ density and void ratio. The expected behaviour
of the tailings under load is also evaluated based on the CPT data using several different
procedures.
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5.2.2 Comparison of the Tailings at the Main Test Site with Other Syncrude Sites

The tailings were characterized visually as a uniformly graded fine to medium sand. The
grain size distribution curves obtained from samples gathered at the main test site and at
the quick test sites are similar and did not indicate any significant systematic change in
fines content with depth in the upper several meters. The grain size distribution curves
compare well with the representative grain size curve selected by CANLEX for the
Mildred Lake tailings as shown in Figure 5.1. As seen in Figure 5.1, the samples
gathered during the current study had a fines content (percent finer than 75 um) of 1t0 5
percent and a median grain size ranging from 0.15 to 0.19 mm with an average of
approximately 0.17 mm. The calculated coefficients of uniformity of the samples ranged
from 1.9 to 2.3 with an average value of 2.1. These values are similar to those reported
by CANLEX for Syncrude tailings with a median grain size of 0.16, a fines content of
approximately 10 percent and a coefficient of uniformity of 2.2 (Robertson et al., 2000).

Syncrude also has a database of tests that have been carried out on their tailings, which
was reviewed by HBT AGRA (1992) and can be compared with the tailings encountered
in the current study. The fines contents recorded in the database were similar to those
measured from the samples gathered during the field program. The database indicated
that BAW tailings generally had a fines content (percent finer than 74 um) between 8
and 14 percent with a total range of 2 to 25 percent and less than 5 percent clay sized
(percent finer than 2 um). The laboratory tests included in the database were carried out
on samples with fines contents ranging from 2 to 35 percent, but over half of the
samples had fines contents between 5 and 10 percent. Where recorded, the laboratory
tailings sand specimens included in the database had less than 2 percent clay sized
particles. The higher fines content samples included in the database tended to be
tailings sand and sludge mixtures, which had higher clay contents and coefficients of
uniformity. The fines contents measured from the samples gathered during the current
study, although at the finer end of the range, are similar to the fines contents recorded in
the database, particularly when compared with the samples used for lab testing. The
coefficient of uniformity for the laboratory tailings sand specimens in the database
ranged between 1.5 and 3, which compared well with the 1.9 to 2.3 range measured
from the samples gathered at the test sites. Vaid and his co-workers have also carried
out significant amounts of testing on Syncrude sand characterized as having a mean
grain size of 0.2 mm (Vaid and Sivathayalan, 2000), which is similar to the samples
gathered during this study. The good agreement between the grain size distribution of
the tailings at the test site and those included in the database and studied as part of
CANLEX should allow extrapolation of previous test results from these sources to the
test sites used in this study.

The CPTs carried out prior to loading at the main test site were compared to results from
various studies carried out on BAW tailings at the Southwest Sand Storage and at the
Mildred Lake Settling Basin (HBT AGRA, 1992; Conetec, 2000; Conetec, 2002) and the
results were similar. Since the CPT responds to soil behaviour the similarity in CPT
results suggests that the tailings at the main test site could be expected to respond to
load in a similar manner to other BAW ftailings at Syncrude.
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5.2.3 In-situ State and Expected Behaviour

The in-situ state of the tailings deposits, prior to loading, was also important to identify
since it is a controlling factor in how a sand is expected to behave under monotonic load
and in terms of what types of liquefaction are possible.

Density is often considered an indicator of material behaviour. For example there are
general rules of thumb related to the friction angle of a “dense” sand versus a “loose”
sand. The Troxler data gathered at the main test site indicated that the tailings deposit
appeared to be fairly dense in a conventional sense, in that the dry density at the main
test site was equal to or greater than 95% of the maximum Standard Proctor density
used routinely by Terracon for Syncrude tailings. Generally case histories indicate that
liquefaction failures occur in soils with less than 85 percent Standard Proctor density
(McRoberts and Sladen, 1992) although McRoberts and Sladen (1992) do refer to
laboratory tests carried out by Castro et al. (1982) in which contractive behaviour
occurred in sands with densities as high as 92 percent Standard Proctor.

Within liquefaction literature relative density is a more commonly used as a descriptor of
density than percent compaction. As discussed in Section 4.3.3, a range of void ratios
were measured from the frozen samples gathered during the field investigation. These
measured values ranging between 0.72 and 0.81 were significantly larger than the void
ratios suggested by the nuclear gauge data averaging 0.57 at the main test site and
ranging between 0.65 and 0.82 at the Quick Test locations. Previous studies (HBT
AGRA, 1992) indicated that nuclear gauge measurements can produce fairly accurate
dry densities (often within +50 kg/m®) and, as shown in Table 3.2, the measured
moisture contents appeared fairly consistent with laboratory measurements. Therefore it
was expected that void ratios of the near surface tailings could be calculated from the
nuclear gauge readings with reasonable accuracy. The discrepancy between the void
ratios estimated from the nuclear gauge readings and the frozen samples cannot be
entirely explained at present. The nuclear gauge measurements penetrated deeper than
the frozen samples and there did appear to be a tendency of decreasing void ratio with
depth, which could account for slightly lower void ratios based on nuclear gauge
measurements. Also, any air trapped in the frozen samples during measurement would
tend to increase the void ratios measured from the samples. There is also a very high
degree of variability in void ratio even within a sand deposit that appears to be
homogeneous (Robertson et al., 2000). To assess the reasonableness of the measured
void ratios, a survey of void ratios measured in-situ at Syncrude during previous studies
was made.

The CANLEX investigations indicated that the average void ratio for the tailings
encountered at Mildred Lake was 0.77, however the void ratios were generally
determined for tailings that were at greater depths than in the current study and in
general were targeting suspected looser beach below water (BBW) zones. Two studies,
Kapper (1991) and HBT AGRA (1992), included measurement of surficial void ratios
from frozen block samples. As expected there was a range in the measured void ratios,
from 0.65 to 0.80 with most of the values falling between 0.72 and 0.76, which is
consistent with the results from the frozen samples gathered at the main test site. A
representative average value for the void ratio of the tailings at the test sites was
therefore estimated as 0.76. Using the maximum and minimum void ratios determined
during CANLEX of 0.958 and 0.522 respectively (Robertson et al., 2000), this
corresponds to a relative density of 45 percent. Generally this would correspond to a
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medium dense sand (e.g. Seed and Lee, 1966; Seed, 1983). However, as noted by
both Ishihara (1993) and Vaid and Chern (1985), relative density is often not sufficient to
define the state of a sand, particularly when dealing with stresses outside the stress
range typically encountered in geotechnical practice. For example, Vaid and Chern
(1985) reported dilative response of tailings sand with initial relative densities of 15
percent at low confining stresses and contractive response of the same tailings sand
with an initial relative density of 70 percent under high confining stresses.

An assessment of the in-situ stresses in the deposit was therefore also necessary to
define the state of the soil prior to equipment loading. The initial in-situ stresses were
not measured during the field investigation, but rather stresses were evaluated using the
measured saturated density (1925 kg/m®) and an estimated horizontal to vertical stress
ratio, K, of 0.5 based on the CANLEX research data (Wride et al., 2000). This value is
also close to what would be expected for a normally consolidated young soil. A plot of
void ratio versus mean effective stress is shown in Figure 5.2 with the steady state line
adopted by CANLEX for Syncrude tailings. For completeness, all of the trimmed
samples, including samples from the upper portions and near the cylindrical tube, which
generally had larger void ratios, and the void ratios estimated from the nuclear gauge
measurements are shown in the Figure. Note that if a higher K, was used in the
evaluation, the data points would plot farther to the right on Figure 5.2, but would still fall
on the same side of the CANLEX steady state line.

All of the data points from this study plot beneath the CANLEX steady state line, as
shown in Figure 5.2, and are therefore considered dense of critical state, which means
that the tailings should exhibit dilative behaviour at large strains, particularly in triaxial
compression. This conclusion also appears to be supported by data presented in HBT
AGRA (1992) and Kupper (1991).

Based on these Figures, theoretically the BAW tailings deposit at the main test site could
be susceptible to cyclic liquefaction or cyclic mobility but not to flow liquefaction although
limited liquefaction may be possible. It is noted, however, that none of the tests carried
out to determine the steady state line were carried out at the very low confining stresses
experienced near ground surface and that the steady state line in this area is an
extrapolation of test data. Some researchers (e.g. Tatsuoka et al., 1986; Been et al.,
1991; and Ishihara, 1993) have suggested that the steady state line may curve and
flatten at low stresses possibly levelling off to a single void ratio. The measured values
however plot well below both the steady state line and the maximum void ratio measured
for Syncrude tailings during CANLEX.

The state of a deposit can also be estimated directly from CPT data. Three methods
were used to estimate the state parameter; those proposed by Been et al. (1988),
Plewes et al. (1992) and Been and Jeffries (1992). These methods define the state
parameter as the difference between the in-situ void ratio and the void ratio at critical
state at constant mean effective stress. Been et al. (1988) proposed a reiationship
between the state parameter and the normalized penetration resistance and dynamic
pore pressure. This relationship was based on large calibration chamber tests carried
out on sands and on field tests carried out on clays and silty material with the dynamic
pore pressure accounting for the difference in drainage conditions between the various
soil types. The procedures proposed by Plewes et al. (1992) and Been and Jefferies
(1992) are based on the Been et al. (1988) relationship and are dependant on the slope
of the steady state line in void ratio: log mean effective stress space (Ass) but allow for a
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varying steady state friction angle in their equation for k*. The other difference between
the three methods is the proposed relationship for determining As;. The Been et al.
(1988) method required that As; be a known value based on laboratory or other testing.
Plewes et al. (1992) proposed a relationship between A¢s and the normalized friction ratio
measured by the CPT based on field results from clays and silts and laboratory chamber
tests on sands. Been and Jefferies (1992) proposed a relationship for A, based on the
Soil Behaviour Index, Ic, calculated from CPT measurements according to Jefferies and
Davies (1991).

Steady state parameters of ¢=33° and As; = 0.0152 as suggested by CANLEX (Byrne
et al., 2000; Robertson et al., 2000) were used in the equations to calculate the state
parameter from the CPTs carried out at the main test site. Complete equations used in
the analyses as well as individual plots and a summary of the resuits can be found in
Appendix C. The three methods all indicated that the tailings had a negative state
parameter with the Been et al. (1988) relationship producing the most negative values.
The remaining two methods produced very similar results with average state parameters
of -0.18 and -0.15. The Plewes et al. (1992) method was the only one that indicated a
few points with a positive state parameter. CANLEX findings suggested that the Plewes
et al. (1992) method was most applicable to Syncrude tailings and the results of this
method are therefore plotted in Figure 5.3.

A negative state parameter as defined in the methods discussed above indicates that
the in-situ void ratio is less than the void ratio at critical state, i.e. the state lies below the
steady state line in void ratio mean effective stress space. Therefore, the analyses of
the CPT data agreed with the findings from the analyses of the measured void ratios and
indicate a dilative response, at least at large strains. These findings appear to agree in
general with findings presented by various researchers with regards to the behaviour of
BAW tailings. Vaid and Chern (1985) reported on large number of cyclic undrained tests
on tailings sand, which covered a wide range of initial states and did not observe a true
flow liquefaction (i.e. completely strain softening) response in any of the samples
although they did observe limited liquefaction reaching a quasi steady state in some of
the samples. Robertson et al. (2000) reported that of the 53 frozen tailings samples
gathered at Syncrude none exhibited strain-softening behaviour when tested in triaxial
compression, extension or in simple shear; all exhibited dilation and strain hardening
behaviour, at least at large strains and most of the samples exhibited no loss in strength.

5.2.4 Penetration Resistance

There are many relationships between penetration resistance to cyclic liquefaction
susceptibility as discussed in Section 2.4.3. A large amount of field experience and case
histories have been used to relate the standard penetration resistance, corrected for
overburden pressure and normalized to 60 percent energy transfer (SPT (Ny)go) to
liquefaction susceptibility and there exist many correlations between CPT measurements
and (N4)s values. There are also criteria for the liquefaction susceptibility of a deposit
based directly on CPT measurements. In order to get a general idea of the range of
behaviours predicted at the main test site, several methods including normalized CPT
resistance and equivalent SPT values, were used to analyse the CPT data gathered at
the main test site with respect to cyclic liquefaction susceptibility. The complete
equations used in the analyses of the CPT data as well as plots of the results can be
found in Appendix C.
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The NCEER recommended procedure (Youd and Idriss, 2001) for evaluating the
liquefaction susceptibility to earthquake loading from CPT data follows the method
proposed in Robertson and Wride (1998). This method is an iterative procedure
whereby a clean sand equivalent tip resistance (qein.cs) is calculated from the measured
tip resistance based on a suggested relationship between the soil behaviour index (Ie),
and was described in Section 2.4.3.3. Limiting values of Jeincs have been suggested for
identifying expected sand response to load. For gunes Values greater than 60 MPa
dilative behaviour, which is typically associated with cyclic liquefaction or cyclic mobility
type behaviour, is expected. For qc.cs values less than 40 contractive behaviour, a
requirement for flow liquefaction, is expected and between Jeines Values of 40 and 60
lies a “grey zone” in which either behaviour should be expected (Robertson and Fear,
1995). Analyses of the data following the procedure suggested in Robertson and Wride
(1998) indicated that 76 percent of the data obtained from the CPTs carried out at the
main test site had qcin.cs values greater than 60 MPa, 17 percent of the data fell in the
“grey zone” and the remaining 7 percent of the data had Jein-cs Values slightly less than
40MPa. The average Qcincs Was 73 MPa, which appeared fairly consistent with depth
(refer to Appendix C). The CPT tip resistance data also tended to indicate dilative
behaviour when compared to limiting values of q. with effective overburden pressure
suggested by Sladen and Hewitt (1989), Robertson et al. (1992), and Ishihara (1993).
These analyses also appear to support the findings that the tailings would be expected
to behave predominantly in a dilative manner. Similarly, location of the data on the
normalized soil behaviour chart proposed by Jefferies and Davies (2002) indicated
dilatant behaviour.

Standard penetration blow counts (N values) are also commonly used to evaluate
liquefaction resistance and there exist many empirical correlations between CPT
measurements and SPT blowcounts. In general, the methods fall into one of two broad
categories. SPT values can be estimated from the measured tip resistance based on
empirical correlations dependant on mean grain size determined from index testing (e.g.
Robertson and Campanella, 1985; Seed and DeAlba, 1986; Stark and Olson, 1995).
Alternatively, there are correlations that use the soil behaviour index in the conversion
from CPT tip resistance to SPT blowcount, which incorporates the effect of grain size
directly and alleviates the necessity of index testing (e.g. Jefferies and Davies, 1993;
Lunne et al., 1997). To calculate the normalized SPT blowcount, a correction for
overburden must also be made and can be applied either to the calculated SPT values
or to the CPT data prior to conversion. The calculated SPT values are for the type of
material tested, e.g. a silty sand, and if clean sand values are desired, further corrections
must be applied if applicable.

Many methods for calculating SPT values from the gathered CPT data were used in this
study and are included in Appendix C. A very wide range of SPT values were
calculated, with (N)s, values ranging between 1 and 9, increasing with depth. When
compared with boundaries proposed by Ishihara, 1993 the Ng, values in general did not
suggest flow behaviour. Average (N,)e values ranged from 4.5 to 10 and average clean
sand (N1)eo.cs values ranged from 5.5 to 17. The SPT blowcounts which were calculated
from CPT data which had been normalized for overburden were fairly consistent with
depth, tended to be slightly larger than SPT blowcounts which were normalized for
overburden following conversion from non-normalized CPT data and in general agreed
more closely with CPT-SPT conversions developed specifically for Syncrude tailings
during CANLEX. The SPT blowcounts normalized for overburden after conversion from
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CPT data also showed a trend of increasing blowcount with depth suggesting that the
overburden correction factor, which was somewhat arbitrarily limited over most of the
depth of interest, significantly affected the resuilts.

It was noted that although the conversions indicated a significant correction for fines
content, index testing did not indicate large fines contents. The CPT responds to soil
behaviour rather than specific grain sizes however, and the Syncrude tailings were very
fine, with an average Ds less than 0.2 mm. Based on soil behaviour charts the tailings
was classified as a sand to silty sand and when compared to various CPT liquefaction
susceptibility charts, a Dsp as measured is typical of a silty sand (refer to section 2.4.3.3),
thus a fines correction may be justified.

A general survey of past field data was carried out to identify typical SPT values for
Syncrude BAW tailings because of the wide range in the converted SPT values and
because of the trend of increasing SPT (N1)go value with depth. Typical (N4)so values for
Syncrude BAW tailings appeared to range between 8 and 20 (HBT AGRA, 1992; Klohn
Crippen, 1998; Wride et al., 2000). This range appeared to agree reasonably well with
the values estimated from overburden corrected CPT data and from the site specific
relationship developed during CANLEX. More weight was therefore placed on these
estimates because of their agreement with previous work and because of their apparent
stability with depth. Based on these finding, representative values of 9 and 11 were
selected for (N4)so and (N4)eo.cs, respectively.

Generally, clean sand (N4)g values less than 10 are considered potentially liquefiable
while values greater than 15 tend to indicate only limited deformations (Fear and
McRoberts, 1995). These limits decrease with increasing fines content. The majority of
the converted SPT data appeared to be located within the “grey zone”, on the boundary
between liquefaction and non-liquefaction, which is reasonably consistent with the “no
flow” classification of the Ngy data.

5.3 Response of Deposit to Cyclic Equipment Loading
5.3.1 General

Significant local softening of BAW tailings was observed in response to cyclic loading by
people, and light and heavy equipment. The cyclic equipment loading can be divided
into three main components. Firstly, the equipment was driven back and forth across
the test site, cyclically loading and unloading the site. Secondly, the equipment was
tracked and therefore as the tracks rolled, local cycling of the load occurred as the tracks
loaded and unloaded small areas of tailings. Finally, the overall vibration of the
equipment itself also induced some cyclic loading.

In general, when lighter loads were applied, such as a person stepping, softening of the
tailings only occurred in areas where the water table was very close to the surface and
particularly in what appeared to be more recent deposits. In these areas as softening
occurred, the area around the applied load appeared to form a raised ring. This rising of
the surface was not evident when heavier loads were applied. In general surficial
evidence of softening observed during the field tests involving equipment loading
included undulation of the surface, the formation of cracks and water pumping to surface
often creating sand boils.
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5.3.2 Pore Pressure Response

The pore pressures measured in response to light equipment (Predator) loading and
heavier equipment (dozer) loading presented in Sections 3.5.5 and 3.5.6 are re-plotted
in Figure 5.4 and Figure 5.5 in terms of change in pore pressure. These two figures also
show the approximate vertical effective stress prior to loading. The pore pressure
response was extremely rapid, lagging only very slightly behind the load application
(refer to graphs in Sections 3.5.5 and 3.5.6). The pore pressures also appeared to cycle
somewhat in phase with the applied load. This appears to be more obvious in the pore
pressures measured during Predator loading where the effects of individual loading
events can be observed. Cycling of the pore pressure in response to load appeared to
be most pronounced in the piezometers closest to the ground surface while the deeper
piezometers tended to indicate a more gradual, consistent increase in pore pressure.
However, the record increment was relatively slow (generally every 3 seconds) in
comparison to the apparent vibration frequency (35 to 7 Hz) and therefore some cycling
of the pore pressures may not have been captured during monitoring. This apparent
pore pressure cycling is similar to the cyclic triaxial test results published by Seed and
Lee (1966) in which the pore pressure built up in a medium dense sample as it was
cycled through a hydrostatic stress state.

As can be seen from Figures 5.5 and 5.6 the dozer caused significantly higher excess
pore pressures than the Predator. The Predator loading generated excess pore
pressures well below the effective overburden pressures and therefore the effective
stresses within the tailings deposit did not drop significantly and softening was not
pronounced. The dozer loading, however, caused excess pore pressures equal.to the
effective overburden pressure-and therefore conditions of zero effective stress within a
fairly large amount of soil, accounting for the difference in the observed softening
response. The variation in changes in pore pressure with depth and location during
dozer loading are shown in Figure 5.6.

From Figure 5.6, it can be observed that during dozer loading, the two closest rows of
piezometers, located within 150 cm of the closet track and to a maximum depth of
180cm, and the piezometer 250 cm from the track at 0.5 m depth recorded maximum
pressures essentially equivalent to or slightly higher than the original overburden
pressure (note that because the overburden pressures increased with depth the
maximum pore pressure also increased with depth). The deeper piezometers in the
further row, located at a horizontal distance of 225 to 230 cm from the closest track,
showed maximum excess pore pressures less than the effective overburden pressure.
As shown in the Figure, in terms of percentage of overburden pressure, the maximum
pore pressures decreased with depth from approximately 100 percent at a depth of 0.5
m to approximately 35 percent at a depth of 2.15 m. The decrease appeared linear with
depth over at least the first 1.7 m and then decreased more rapidly. |f considered in
terms of maximum excess pore pressure however, the readings in the last row of
piezometers increased with depth for at least the first 1.7 m before beginning to
decrease. It is interesting to note that at a distance of 1.7m from the load, the shear
window proposed by Woods (1968), where which one would expect excess pore
pressure to be generated, should be located at a depth roughly equal to the location of
the peak pore pressure. In general, it appeared that the maximum excess pore
pressures occurred at a slightly later time with depth but there was no obvious trend with
respect to distance from the source.
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Figure 5.7 shows a somewhat different response as a result of Predator loading. The
maximum excess pore pressures in terms of percentage of effective overburden
pressure decreased with distance from the load and with depth similar to the dozer
loading response, although peak pore pressures never approached the original
overburden pressure. The magnitude of the maximum excess pore pressures however
also decreased with distance from the loaded area and either decreased or was
constant with depth, unlike during dozer loading.

Maximum excess pore pressure contours are shown in Figure 5.8 and 5.10 for the
Predator and dozer response. The contours of maximum excess pressures were
created based on the maximum values recorded in the field, regardless of when the
peak pore pressures occurred. The temporal variation with respect to the occurrence of
maximum pore pressures recorded at the various transducers was generally not very
significant nor was the difference in magnitude between the values recorded within the
time over which the peak pore pressures occurred at the different transducers. The
contours were constructed by drawing Delauney triangles between the piezometer tip
locations and assuming a linear distribution of maximum excess pore pressure between
the tip locations to locate points of equal maximum excess pore pressure. Since under
perfectly undrained behaviour, any increase in load would be translated to an increase in
pore pressure, a typical elastic stress distribution of a static load is shown in Figure 5.10
for comparison with the measured excess pore pressures.

The measured maximum excess pressures caused by the Predator loading are similar to
the elastic stress distribution, with slight variations near the surface as shown in Figure
5.9 and Figure 5.10. The dozer however caused maximum excess pore pressure
contours very different-from those predicted by elastic theory. Under dozer loading, the
zone of influence is significantly larger and is more of a horizontally elongated ellipse or
a dumbbell shape than the egg shape predicted by elastic theory. The horizontally
elongated shape may be due to a higher hydraulic conductivity in the horizontal direction
caused by the method of tailings deposition. The large maximum pore pressure
magnitudes and the extent of the area can possibly be explained by general plasticity
behaviour. As the pore pressures increased locally around the equipment, the material
softened and yielded, redistributing load to adjacent areas, thereby causing pore
pressures to increase, which in turn caused those areas to yield and shed load outward
in an expanding zone of influence. The dumbbell shape of the maximum pore pressure
contours explains why much of the water brought to surface was concentrated near the
loaded area. Flow paths should be perpendicular to the equipotential lines and as the
pore pressure contours approach the loaded area they begin to slope downwards,
funnelling a significant amount of flow towards the loaded area.

The excess pore pressures took approximately 20 hours to completely dissipate in the
tailings located deeper than approximately 0.8 m and substantially longer in the upper
portion of the tailings deposit (refer to Figure 3.21, Section 3.5.6). Initially dissipation
occurred fairly quickly, however, as the pore pressures dissipated, the gradient driving
the dissipation of the pore pressure decreased and the process slowed. Because of the
very low gradients in the upper portions of the deposit, and because the pore pressures
likely dissipated at least partly towards the surface, the upper pore pressure transducer
located at a depth of 0.5 m still recorded some excess pore pressures 24 hours after
loading.
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5.3.3 Tailings Properties Following Softening

Following softening, bulk and frozen samples were gathered at the main test site and
CPTs were carried out near to the original CPT locations to allow comparison with initial
conditions. As described in Section 3.5.8, quick tests applying light loading were also
carried out to try to examine any changes in tailings properties occurring as a result of
softening. Moisture contents appeared to increase significantly after softening,
particularly at the main test site, and clearly the stiffness of the softened area decreased
immediately following loading. Otherwise, there did not appear to be significant changes
to the tailings properties when conditions several hours after softening were compared
with the initial conditions prior to softening.

Unlike the original cyclic load tests carried out prompting this research (refer to Section
1.0) in which significant decreases in dry density were observed as a result softening, in
general the current tests tended to indicate a relatively constant dry density. The
nuclear gauge measurements carried out at the main test site did indicate an eight
percent decrease in dry density after softening, which is of the same order as suggested
by the initial tests. Nuclear gauge measurements carried out during the Quick Tests
however did not indicate any significant change in dry density after softening, nor did the
results of void ratio measurements on the frozen samples, although in general, the tests
appeared to indicate slight increases in void ratio, on the order of 0.02 which is within the
range of expected scatter in measured values and not significant. The latter
observations would appear to be consistent with the small strains measured by the
seismograph located 0.55m from the equipment tracks. The discrepancy between the
nuclear gauge and frozen sample measurements cannot be completely explained. At the
main test site the nuclear gauge measurements were carried out closer to the location of
the equipment tracks than the location from which frozen samples were gathered, and
therefore would likely have been influenced by higher straining. As discussed in Section
3.5.7.4, the nuclear gauge readings were carried out well after loading and frost had
formed in the upper several centimetres of the deposit. Although this layer was removed
and measurements were made on material that had not frozen, it may be possible that
the soil skeleton could have expanded slightly due to the formation of the frost layer
above, although one would generally expect that if it occurred, this effect should have
been limited to only the upper portion of the deposit immediately underlying the frost.
Significant amounts of bitumen would tend to increase the moisture content measured
by the Troxler and hence decrease the dry density compared to what was measured in
the laboratory, however, there was no visual evidence of significant amounts of bitumen
after softening.

The discrepancy between the quick test results and the initial test results presented in
Section 1.0 may be the result of testing procedure. Nuclear gauge measurements in the
Quick Tests were carried out approximately 40 to 50 cm from the location of load
application, outside the area of major disturbance. It is unknown exactly how the original
tests were carried out, but if the measurements were carried out closer to the area of
load application, they would record the effects of significantly higher straining.
Furthermore if the measurements were taken with significant surface water present, the
dry density would certainly have decreased.

The CPT tests carried out prior to and two hours after softening did not indicate any

significant, systematic change in either tip resistance or sleeve friction, although the
measured pore pressure following softening had increased. This would tend to indicate
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that the strength properties remained fairly constant. From CPTs carried out during the
quick tests it was qualitatively observed that during and immediately following cyclic
loading, when pore pressures were equal to the overburden pressure, tip resistance was
reduced. This was likely a result of the upward pore pressure gradients and resuiting
decreased effective stress, rather than an actual loss in strength of the tailings sand. It
therefore appeared that the tailings properties were in general not significantly altered as
a result of softening with a possible exception of the tailings located very close to the
applied load where a decrease in density may have occurred. Visual observation of the
frozen samples did appear to indicate that the original horizontal layering present in the
tailings had been changed to a more homogeneous appearance (see Figure 4.3, Section
4.3.3).

5.3.3 Imposed Stresses

The measured particle velocities presented previously in Figures 3.15 and 3.18 were
used to estimate the dynamic stresses imposed on the tailings deposit by the equipment.
The recorded velocities were cyclic and appeared to be somewhat sinusoidal about zero
stress. The cause of the negative velocities is thought to be due to the vibration of the
equipment itself. The motor and other rotating components likely caused the machines
to vibrate and transmit shear stresses to the soil in all directions.

In order to interpret the measured particle velocities and convert them to dynamic
stresses, some consideration was given to wave propagation theory. In general there
are two distinct types of waves that transmit vibrations: Rayleigh and body waves
(Gutowski and Dym, 1976). Rayleigh waves are surface waves that propagate radially
outward from the source on a cylindrical wave front. They can also occur at density
interfaces and at the phreatic surface. Body waves, which include both compression
and shear waves, propagate mainly through the soil mass along hemispherical wave
fronts (Woods, 1968). As installed during the field program, the seismograph generally
measured compressional waves in the longitudinal direction and shear waves in the
vertical and transverse directions. Due to the seismograph’s proximity to the surface, it
would also record Rayleigh waves. A simple plot of the measured particle velocities,
shown in Figure 5.11, indicated that during a pass, the recorded motion appeared to be
dominated by body waves (more diagonal traces) whereas between passes, the particle
motion recorded appeared to be dominated by Rayleigh waves (more circular or elliptical
traces). Since the particle motions during equipment passes were significantly larger
than between passes the stresses were analyzed assuming only body wave
transmission. Since the body waves appeared to dominate the measured particle
velocities, it was also assumed that the particle velocities measured on surface at a
given distance from the track were the same as the particle motions induced at a radius
the same distance from the tracks in any direction within the tailings deposit. This last
assumption may not be strictly valid as body and Rayleigh waves attenuate at different
rates on the ground surface and within the soil mass (Gutowski and Dym, 1976).
However, due to the small distance under consideration, the assumption was considered
reasonable. The assumption of wave type affects the rate of attenuation of particle
velocities and the applicability of the assumed attenuation is discussed in Sections 5.4.3
and 54.4.2.

To simplify the problem further, the transverse particle velocities, which were

significantly lower than the particle velocities in the remaining two directions, were
ignored (i.e. the problem was simplified to plane strain calculations). Therefore in
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calculating dynamic stresses from the particle velocities, normal stresses were assumed
to be imposed normal to a circle centred about the dozer tracks due to the compression
wave particle velocities (longitudinal) and shear stresses were assumed to be imposed
by the vertical particle velocities acting in a direction tangential to the circle at the point
of interest as shown in Figure 5.12.

The effect of the attenuation of particle velocity with distance from the source was also
considered when the point of interest was different than the distance between the
recorded particle velocities and the equipment. There are two components to the
attenuation of vibrations with distance, geometric damping and material damping
(Woods and Jedele, 1985). There exist many theoretical relationships for the
attenuation of vibrations and many studies have been carried out to determine
attenuation characteristics of construction and traffic induced vibrations, particularly with
regards to subways and trains (e.g. Gutowski and Dym, 1976; Woods and Jedele, 1985;
Chua et al., 1992; and Kim and Lee, 1998). With respect to induced shear stresses
causing liquefaction, the waves of most concern are likely body shear waves and their
attenuation with depth.

A common expression to account for both geometric and material damping is (Woods
and Jedele, 1985; Kim and Lee, 1998):

U — -h .
w, =w,| L | e Equation 5-1
5]
Where: wi=velocity at location i

r=distance to location i
o=material damping coefficient
n=geometric damping coefficient

Kim and Lee (1998) summarized the work of previous researchers and compared the
predicted attenuation relationships with data gathered in the field. Some of their findings
were used to estimate an attenuation relationship for the main test site. The variable n
accounts for geometric damping and appeared to depend mainly on the type of waves
being transmitted and also on the type of energy source. When estimating the
attenuation of body waves from one point source on the surface to another point on
surface, the suggested n value was 2.0; when they estimated the attenuation of a point
source at depth (i.e. waves travelling through the soil mass rather than on surface) they
found an n value of 1 to be more appropriate (Kim and Lee, 1998). Woods and Jedele
(1985) also suggested a value of 1 for the geometric damping of body waves through a
soil mass. The material damping coefficient, o, depends on the type of material
transmitting the waves and on the frequency of the vibration. For a competent soil, such
as sand, the material damping coefficient was suggested to have a range of 0.003 to
0.01 m™ for a frequency of 5Hz and a range of 0.03 to 0.01 for a frequency of 50Hz. Kim
and Lee (1998) found that using these values, the predicted values compared well with
field data gathered for vibration induced by friction pile driving and short train loading
(less than 16 passenger cars). In these cases, the field data was gathered mainly from
surface monitoring locations.
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As part of this study, the seismograph monitored frequencies in addition to particle
velocities and indicated that the Predator had a of 37 Hz, whereas the dozer had a
frequency of 7 Hz. The mid-range values for material damping coefficients
recommended by Kim and Lee (1998) of 0.007 m™ and 0.02 m™ were used for the dozer
and Predator, respectively, based on the recorded vibration frequencies of the
equipment and assuming “competent” soil. A geometric damping coefficient of 1 was
also used, as it was the attenuation of body waves with depth that was of interest. The
applicability of these values to the main test site will be discussed in Section 5.4.4.2.

Based on elasticity theory, dynamic stresses are related to peak particle velocities by the
following equations (Dowding, 1985):

Y dynamic = Cp pr Equation 5-2
zdynamic =Cs pr Equation 5-3
where: cp,=compression wave velocity

cs=shear wave velocity
p=material density
vp=particle velocity

The shear wave velocity of the tailings deposit was estimated based on the measured
CPT tip resistance according to correlations developed by Wride et al. (2000) as part of
the CANLEX project. The correlations indicated that near the ground surface the
average shear wave velocity was approximately 80 m/s. The compression wave velocity
was then estimated as 135 m/s based on elastic theory, using an assumed Poisson's
ratio of 0.33 and a density of 1900 kg/m®. These values agree well with the general rule
of thumb that the compression wave velocity is between 1.8 and 2.3 times the shear
wave velocity (Hunt, 1984).

The dynamic stresses were calculated according to Equations 5-2 and 5-3 at the
locations of selected piezometers for both Predator and dozer loading. The vertical and
horizontal dynamic stresses were then calculated using the Mohrs circle to allow
superposition with the in-situ stresses. The major and minor principal stresses and their
orientation were then evaluated. The measured pore pressures were linearly
extrapolated between recording times and then used to calculate the mean effective
stress and the stress path could then be plotted. A summary of this procedureis
included in Appendix D. The combined stresses were very dependent on the assumed
initial stress state. The calculated stress paths for both the Predator and dozer loading
scenarios are shown in Figure 5.13 and Figure 5.14 for assumed initial stress ratios (K,
values) of 0.5 and 1 respectively. The stress paths under dozer loading are shown only
for the first three passes, as it was clear that softening had occurred during this period.

In both Figures 5.14 and 5.15, the initial portions of the stress path were not captured,
this is likely because the vibration level required to trigger the seismograph caused some
initial increase in pore pressure. Figure 5.13 indicates that there was no significant
softening of the tailings deposit under Predator loading. Dozer loading however
produced a very different response as shown in Figure 5.14. The negative effective
stresses shown for the dozer loading were expected because the measured pore

Page 111



pressures were in excess of the vertical overburden pressure and therefore the mean
effective stresses had to become negative, particularly if the stress ratio is less than
unity.

It was thought that a stress ratio of 0.5 was likely more representative of initial stress
conditions however, as pore pressures increased and the deposit softened, it may be
that the stress conditions began approaching hydrostatic conditions in response to
decreasing effective stresses. A more representative stress path may be obtained by a
gradual transition from a condition of Ky=0.5 to K;=1.0, which would tend to keep the
stress path less negative. An approximation of the effect of varying stress ratio of the
stress path is shown in Figure 5.15. Also, as softening was induced, towards the left
portion of the stress path in Figure 5.14, the stiffness of the material decreased. This
was not accounted for in the calculation of the induced stresses, as there was no way of
knowing the magnitude of the change. It would however result in a reduction of the
applied stresses. A tension cut-off could have been specified in the analyses to prevent
negative effective stresses but it was thought that the behaviour indicated by the data
would be instructive. Furthermore, the fact that cracks were observed in the deposit as it
softened indicated that there may in fact have been tension induced in the deposit. if the
deposit were able to sustain small amounts of tension, the typical stress paths shown in
Section 2.3.4, Figure 2.5e may be expected to shift to the left as seen in Figure 5.14.

It is noted that the stress path recorded during dozer loading is quite similar to the typical
stress path shown in Figure 2.5e, for cyclic mobility shifted left and slightly downward.
The dozer stress path appeared to move to the left as the magnitude of cyclic stresses
increased. Significant softening can be observed, as can conditions of zero effective
stress. Although not shown in Figure 5.14, which shows only the first few loading
passes, Figure 3.18 (see Section 3.5.6) indicates that straining halted once the cyclic
load was removed, although the pore pressures remained elevated for a short time.
Examining Figure 5.14, it appears that shear stress reversal could only have occurred in
the deposit if the stresses in the tailings deposit approached hydrostatic. It is unlikely
that the initial stress ratio was 1.0, although with the shallowness of the deposit this
condition could possibly have been approached. Based on the measured results and the
field observations it would appear that as pore pressures increased and effective
stresses decreased, the soil behaved more like a fluid and the in-situ stress ratio likely
changed and approached unity. Also as the shear stress ratio approached 1.0 shear
stress reversal developed resulting in cyclic liquefaction as defined by CANLEX (refer to
section 2.2)

The CPTs carried out approximately 2 hours after loading also support the occurrence of
cyclic liquefaction. No significant change in the tailings properties was indicated by the
CPT resuits. This suggested that there was no dramatic loss of strength in the tailings
as would be expected of a cyclic liquefaction type behaviour.

5.3.4 Causes of Softening

5.3.4.1 General

The upper, unsaturated portion of the BAW tailings deposit at the main test site likely
softened as result of the upward gradients induced because of the excess pore

pressures developed in the tailings located below the phreatic surface. As suggested by
Seed (1979), the hydraulic gradients induced due to excess pore. pressures generated
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by liquefaction of material below the phreatic surface caused upward flow of water, as
evidenced by the observed formation of sand boils and increased saturation of the
surficial materials, resulting in a softened or “quick” condition on surface, which
stabilized with the dissipation of the pore pressures. However, the trigger or cause of
softening was related to the development of excess pore pressures in the tailings
deposit, interpreted as being dense of critical state, located below the phreatic surface.

There are several mechanisms by which a deposit, initially dense of critical state, may
generate excess pore pressures. In the past, distinction has been made between
vibration, which causes the densification of any cohesionless soil looser than the
minimum void ratio, and shear deformation, which typically results in dilation of dense
sands (e.g. Cassagrande, 1940). However, it appears that vibration is simply small
strain shear and although small and large strain behaviour sometimes require different
soil models, they are both part of the same phenomenon.

Vaid and Sivathayalan (2000) suggested another possibility: that pore pressure
gradients caused during short-duration loading can cause small expansive volumetric
strains, changing the response of the soil. The volume expansion can transform a sand,
which was initially dense and would have been strain hardening into a looser state which
is strain softening. This latter mechanism however will not be discussed in any more
detail as measurements were not gathered in the field that would allow an assessment
of the occurrence of this mechanism.

5.3.4.2 Pore Pressure Generation Mechanisms

it is well known that cohesionless soils densify under vibratory loading. If this response
were to control the behaviour of cyclically loaded sands then all sands loaded cyclically
would have a tendency to contract and generate pore pressure as suggested by Castro
(1975), Martin et al. (1975), Poulos et al. (1985), and McRoberts and Sladen (1990).
There are several potential causes for the generation of excess pore pressures in the
tailings at the test sites when subjected to cyclic loading.

The equipment loading caused both compression (P) and shear (S) waves to be
imparted on the soil. The compression waves travel the fastest and likely caused an
initial increase in pore pressure. The S-waves that followed would then have caused
shear stresses within the soil mass. As pointed out by McRoberts and Sladen (1990)
most sands initially contract and therefore generate additional pore pressure when
sheared. In particular they indicate that even for dense sands the initial response at low
strains is generally contractive. For the Syncrude tailings, the state appeared to be
reasonably close to the steady state line and at low confining pressures likely had a
significant contractive portion to the shear strain response (e.g. Ishihara, 1993). Thus a
cyclic shear load could cause initial contraction at each load application causing pore
pressures to build up.

The complex load path followed by the tailings during dozer loading may also have
enhanced contractive behaviour of the tailings during shear. Various researchers have
indicated that a sand becomes more contractive when it is loaded in simple shear or
extension rather than triaxial compression (e.g. Kuberis and Vaid, 1988; Kuberis et al.,
1988; Vaid et al., 1990; Yoshimine et al., 1999). The load path illustrated in Figure 5.14
was clearly not triaxial compression and could have caused a more contractive response
than would be expected based on simple triaxial compression tests. Furthermore it has
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been proposed that rotation of principal stresses alone, without any increase in
deviatoric stress can also cause straining (Arthur et al., 1980; Vaid et al., 1990).
Sivathayalan and Vaid (2002) showed that movement of the orientation of the principal
load direction towards the plane of deposition can cause a dilative material to become
contractive. The amount of stress rotation experienced during dozer loading was
calculated based on the superposition of dynamic stresses and in-situ stresses as
discussed in Section 5.3.3. As can be seen in Figure 5.16, the initial in-situ stress ratio
conditions greatly affect the amount of stress rotation that occurs, although in both cases
shown, sufficient rotation likely occurred to potentially increase the initial contractiveness
of the tailings response.

The strains induced during loading by both the Predator and the dozer were relatively
small, indicating that the initial small strain response of the tailings sand to load likely
controlled the majority of its response. Based on the measured particle velocities and
using the assumptions discussed in Section 5.3.3, strains in the ground at a depth of
0.5m were evaluated for both dozer and Predator loading. During dozer loading, the
maximum strain measured at 0.5 m was 0.1 percent. However this was a significantly
elevated measurement that occurred only once. In general during dozer loading the
maximum strains were between 0.05 and 0.02 percent. By contrast, during Predator
loading, the maximum strain at 0.5 m from the equipment was 0.04 percent and in
general strains reached a maximum of 0.002 percent. These measured strain levels are
shown on the shear strain versus pore pressure development curve presented by Dobry
and Ladd (1980) in Figure 5.17. The curve was developed based on results of 10 cycles
of loading on a sand with a relative density of 60 percent and indicates a minimum strain
of 0.01 percent is required to cause any increase in pore pressure, which is similar to the
threshold strain proposed by others based on laboratory results and theoretical
considerations (Dobry and Swiger, 1979). For more cycles of loading (i.e. as occurred at
the main test site) the pore pressures would be expected to build up to higher levels.
However, the figure is useful in showing that the strains induced at the main test site
under dozer loading were sufficient to cause pore pressures to build up whereas in
general the strains caused by the Predator at a distance of 0.5m were not sufficient to
cause an increase in pore pressure.

5.3.4.3 Evaluation of the Softening Mechanisms

The tests carried out during the field program cannot identify what specific mechanism
caused the pore pressure generation. What does appear to be confirmed is that the
tailings deposit softened under equipment loading due to cyclic liquefaction. Increased
pore pressures were generated because of an initial contractive shear deformation.
However, large strains induced locally could cause local shear strain behaviour and
dilation of the dense deposit. Local high straining is likely the cause of the very large
decreases in dry density recorded throughout cyclic loading during the small-scale tests
carried out by Syncrude and presented in Section 1.0. The cyclic loading applied by
human loading (stepping) caused significant straining in the vicinity of the loaded area
with the foot locations sinking somewhat and the surrounding area rising. The local
large strains likely caused the onset of local dilative behaviour while the cyclic loading
itself caused increases in pore pressure. As discussed previously, these large strains
were not measured in other testing possibly because sampling was carried out at greater
distances from the point of load application.
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5.3.5 Factors Affecting Behaviour
5.3.5.1 General

The tests carried out at the main test site, the Quick Test locations and during the
trafficability study indicated that softening was more likely to occur as the loading
equipment got larger, as the phreatic surface got nearer the surface or as the saturation
and moisture content increased. The applied cyclic load and presence of water
therefore appeared to be the main factors that controlled whether softening would be
triggered. Other factors such as fines content, topography and ageing appeared to have
a smaller effect on the tailings response however these effects were only observed
qualitatively.

5.3.5.2 Cyclic Load

The effect of increasing cyclic load is fairly obvious. As the magnitude of the cyclic load
increases, the amount of stress induced in the ground increases and softening can be
more readily triggered. This is clearly evidenced by the increasing ease with which
deposits were softened by the Predator, dozer and excavator. It appeared however, that
it was not simply stress that was the driving factor in determining whether softening
would occur. For example, the Predator exerted a stress of approximately 4.5 kPa while
a person stepping would exert approximately 10 kPa stress yet it appeared that the
Predator could induce softening more readily than a person. This can likely be attributed
to the relationship between peak particle velocity, and thus induced strain or dynamic
stress, to the applied energy. Energy depends not on stress but on mass and velocity
(e.g. Woods and Jedele, 1985). Therefore it would appear that the speed with which
equipment is driven, its vibration frequency, duration of load, and the equipment mass,
rather than the stress it applies, affects the softening behaviour.

5.3.5.3 Phreatic Surface Location and Moisture Content

The presence of water is required for pore pressures to develop and cause softening;
thus, it is not surprising that the location of the phreatic surface is an important factor
controlling the response of BAW tailings to equipment loading. As the phreatic surface
gets deeper, the overburden pressures acting on saturated tailings increase, decreasing
the applied cyclic stress ratio and the applied stresses have more distance over which to
spread out and attenuate further decreasing the applied cyclic stress ratio. Therefore,
the applied stresses in the saturated tailings decrease as the phreatic surface gets
deeper. Also, as the phreatic surface becomes deeper, there is a much greater
thickness of unsaturated soil above the location of increased pore pressure. This would
increase the volume of soil through which pore fluid would have to pass in order to
reduce effective stresses and saturate the tailings at the surface. It would also tend to
reduce the hydraulic gradient causing upward flow of water.

The effect of moisture in the area above the phreatic surface was evidenced by the
changing responses to load observed during the field testing and caused significant
problems during the field test. As discussed in Section 3.2, the main test site was
selected initially based on the ability of the area to be softened by the light Predator
vehicle. However, four days later when testing was carried out, the Predator could not
induce softening. The main difference between the two cases was that on the night
before the site was selected, it had rained very heavily. The phreatic surface, measured
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by the location of free water in test pits, did not appear to have altered much between
the two days, varying from approximately 30 cm depth on the morning the site was
selected following the precipitation event, to 35 cm depth 4 days later. Significant
differences in the degree of saturation of the material above the phreatic surface
however was observed between the two days. The CPTs carried out on the site
selection day indicated that there was significant moisture in the upper portion of the
unsaturated zone, enough to cause positive pore pressure readings above the phreatic
surface, possibly indicative of a wetting front moving through the tailings (refer to Figure
3.21, Section 3.5.7.2). Four days later, however, there was a surficial layer of soil that
appeared essentially dry and the majority of the tailings above the phreatic surface
appeared to be moist rather than wet.

This effect of moisture above the phreatic surface was also evident in an area to the
west of the main test area. A boundary was found beyond which, the Predator could not
cause softening. The phreatic surface appeared consistent across the boundary at 24 to
25 cm and there were no obvious sudden changed in the tailings; the only observed
difference was the moisture content above the phreatic surface. The area that could be
softened by the Predator had moisture contents in the upper parts of the deposit of 22
percent compared to 18 percent at the boundary where softening could no longer be
caused.

The influence of both the location of phreatic surface and moisture or degree of
saturation in the upper tailings was also apparent in the trafficability study. The portion
of the trafficability study in which the dozer made several runs up and down the beach
over the same tracks indicated that the moisture content above the phreatic surface
decreased and the phreatic surface deepened slightly in the region where the tailings
were able to sustain more runs as shown in Table 5.1. As the moisture content or
saturation of the unsaturated increases, compaction upon loading could cause saturation
and the zone is then able to generate excess pore pressures upon successive load
cycles. No significant changes in density were indicated by the nuclear gauge
measurements at the various locations. As discussed in Section 3.5.9, the bulk samples
were gathered immediately following loading and the Troxler measurements were made
significantly later after any excess pore pressures had dissipated, likely accounting for
the differences in moisture content.

Table 5.1 Variation in Phreatic Surface and Water Content at Trafficability Locations

Limit of Pass Depth to Phreatic Water Content (%)
Number Surface (m) Bulk Samples Nuclear Gauge
1 0.23 25 27
2 0.30 19 14
3 0.35 17 10

The location of the phreatic surface and the occurrence of increased moisture contents
in the unsaturated zone appeared to be somewhat influenced by local topography. In
local low spots the groundwater level tended to be closer to the surface. The locally low
topography also introduced the possibility of local upward gradients. Both of these
effects would decrease the initial effective stresses allowing cyclic liquefaction to be
triggered by lower magnitudes of cyclic stress than would be required elsewhere.
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5.3.5.4 Fines Content

General observations made during the reconnaissance portion of the field program
suggested that fines content also had an influence on the response of the tailings
deposit. In general, areas with increased fines appeared to soften more easily under
fewer cycles of load but no quantitative field tests were carried out due to lack of time.
Locally low topography appeared to cause an increase in the concentration of fines
content, likely due to water ponding during deposition. This would then locally increase
the ease with which softening was triggered.

A material with increased fines content would also be expected to retain more moisture
above the phreatic surface as the capillary zone of a fine material is typically larger than
that of a coarse material. A finer soil may also dry out more slowly following a
precipitation event. Both of these factors would increase the moisture content of the
unsaturated zone, which would tend to make it easier to trigger softening. The presence
of fines may also tend to lower the steady state line (Sladen et al., 1985; Poulos et al.,
1988) potentially resulting in more contractive behaviour if the void ratio remained
unchanged. If all else remained constant, the presence of fines would also tend to
decrease penetration resistance that would generally indicate decreased resistance to
liquefaction.

5.3.5.5 Ageing

An increase in resistance to softening also appeared to occur with ageing. Newly
deposited tailings appeared to soften much more easily than tailings that were a year or
two old. A similar observation has been made by Syncrude (Syncrude, 2002).
Comparing the results of the Trafficability Study carried out by Syncrude (2002) with the
field tests also appeared to indicate an increased resistance to softening with age. The
main test site was located near the section line used for trafficability testing in Cell 31 by
Syncrude in 2001. It appears that the main test site was located in an area that was
“‘untrafficable” for the excavator in 2001. However, during the field test the excavator was
able to travel beyond the main test site, as far as the location of newly deposited tailings.

It is unclear however, what defined an area as “untrafficable” in the previous trafficability
study. The excavator caused some cracking and brought water to the surface although
in a single pass at the main test site the effects were relatively minor. The excavator
was in fact used to carry out work at the main test site, retrieving the installed
piezometers, although significant softening of the area did occur over the approximately
10 to 15 minutes it took to carry out the work. The draft trafficability report also did not
include the depth to phreatic surface at the individual locations so it is unclear if the
improved trafficability was a result of ageing only or also due to a change in the location
of the phreatic surface or degree of saturation of the tailings above the groundwater
level. Another difficulty in comparing the two results is that the first study was carried out
in November when there was frost and ice on the surface of the beach.

It does appear reasonable to expect an increased resistance to softening with ageing of
a deposit based on other studies however. CANLEX indicated that in general, older
deposits have an increased resistance to liquefaction (Wride et al., 2000). Howie et al.
(2002) indicated that for very loose sands, ageing increased the stiffness of the material
and also caused reduced volume reduction during shear. An increased stiffness with
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age would tend to reduce the strains imposed in the ground due to equipment traffic and
thus decrease the potential for the generation of excess pore pressures.

5.3.5.6 Density

Variation in density would generally be expected to have a significant impact on
liquefaction type behaviour. The influence of density, however, could not be investigated
in the field program because no obvious, systematic change in density was identified up
the beach in the area around the main test site. In general it would be expected that as
the deposit became denser, i.e. the initial void ratio reduced, the deposit would withstand
more cycles of loading before softening occurred. However, because the behaviour
appears to be a cyclic liqguefaction type phenomenon, and because the induced strains
are small, likely keeping the response dominantly in the initial contraction phase,
increasing the density of the deposit slightly may not significantly increase the resistance
of the tailings to softening. This appears to be supported by field observations, in which
compaction did not seem to have a huge beneficial effect on the trafficability of tailings
(McKenna, personal communication, 2002).

5.4 Comparison of Field Observations with Liquefaction Susceptibility Analyses
5.4.1 General

The most common preliminary method of assessing the liquefaction susceptibility of a
deposit in geotechnical practice is the use of the CSR/CRR — (N4)g chart presented by
Seed et al. (1985) and modified slightly by the National Centre for Earthquake
Engineering Research (NCEER) in 1998 or the similar CSR/CRR-q;. charts, which were
discussed in detail in Section 2.4.3.3. The relationships were based on case records of
sites that were subjected to earthquake loading or laboratory determined cyclic
resistance ratios. In developing the charts, liquefaction included not only cases where
significant lateral movements or failure had occurred but also those in which the
evidence consisted only of sand boils and ground cracking without any significant lateral
movements or failure. Although there has been criticism of this method of identifying
liquefaction, as opposed to cyclic mobility, (e.g. Fear and McRoberts, 1995), it would
appear that these cases may be similar in nature to what was observed during the field
test. It is therefore possible that the CRR — (N4)g Or g4 charts may be able to predict the
cyclic liquefaction of the main test site.

There are however several inherent difficulties with applying the CRR — (N;)g or CRR —
gc1 Charts to the application in question. Firstly, although the equipment loading
appeared to be cyclic, it is still very different than an earthquake. The equipment loading
was much more localized, and induced smaller strains than would large earthquake
loading. Furthermore, the depths of interest in this case are generally fairly shallow
typically less than a few meters depth while in the case history data used to generate the
CRR charts, the majority of the data points were from depths greater than 4m.
Regardless, the CRR — (N4)go or gic chart would be a logical preliminary method of
assessing the likelihood of cyclic liquefaction or cyclic mobility at the main test site.
Hryciw et al. (1990) used the chart to successfully back analyze a similar situation in
which flow failure of a loose sand deposit occurred when it was subjected to vibratory
loading during a seismic reflection survey.
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5.4.2 Calculation of the Cyclic Stress Ratio and Penetration Resistance

In order to apply the CSR/CRR charts, representative SPT or CPT penetration values
were required as well as an estimate of the applied average cyclic shear stress ratio. As
discussed in Section 5.2.4, based on many analyses of the CPT data and a review of
previous field data, an average clean sand (Nj)s value of 11 was considered
representative of the tailings below the phreatic surface. Based on the CPT data itself,
representative values for qc; and qq1.s Of 4 and 7, respectively, were identified.

Calculation of the induced cyclic shear stress ratio required knowledge of the effective
overburden pressure and the applied cyclic shear stress. The former was based on the
measured bulk densities of the tailings discussed in Section 4.3.3, the measured depth
of the phreatic surface and the particular depth of interest. The relationship between
cyclic shear stress and particle velocity used by Hryciw et al. (1990) to analyze the
liquefaction flow failure of a road embankment as a result of stresses induced by
vibratory tampers is presented below and was adopted in the analyses to calculate the
cyclic shear stress. The particle velocity attenuation relationship discussed in Section
5.3.3 was used to calculate particle velocities as any depth of interest.

Assuming plane wave propagation, shear strain is related to the peak vector resultant of
particle velocity and shear wave velocity according to Equation 5-4 (Hryciw et al., 1990).
Combining this equation with the well-known relationships between shear stress, shear
strain, shear modulus, shear wave velocity and material density as given in Equations
5-5 and 5-6 generates Equation 5-7. This last equation was used to calculate the cyclic
shear stress at the various depths of interest. By carrying out the appropriate
substitutions this equation becomes identical to that presented earlier for dynamic shear
stresses based on elastic theory.

_Yr
Y= ¢ Equation 5-4
7=G Equation 5-5
2 G Equation 5-6
Cg =—
P
0.5
7=(Gp) Vp Equation 5-7

Where: v, = particle velocity
Cs = shear wave velocity
G = shear modulus
T = shear stress
v = shear strain
p = shear strain

The shear modulus for the tailings at the main test site was evaluated from the shear
wave velocity and material density according to Equation 5-6. The shear wave velocity
was estimated based on the correlation developed during CANLEX between CPT tip
resistance and the normalized shear wave velocity for Syncrude tailings. It should be
noted however that the shear wave velocity used to calculate the shear modulus was the
actual shear wave velocity (c;), not the value normalized for overburden (cs;). This was
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done to reflect the fact that the shear wave velocity (and thus the shear modulus) near
the surface was likely lower than at depth. Since the measured excess pore pressures
indicated that under dozer loading, the affected area was approximately 5 m in depth, c,
was calculated for the average depth of 2.5 m. The average shear modulus calculated
in this manner was 20 MPa, which is reasonable for this deposit based on values
previously used at Syncrude (Klohn-Crippen, 1998; Byrne et al., 2000). The equations
used and plots of the results can be found in Appendix D. There could be justification for
using a smaller shear modulus for analyzing Predator loading where the depth of
influence was clearly shallower however, for simplicity, all analyses were carried out
assuming a shear modulus of 20 MPa. It was recognized that measured in this way, the
shear modulus values represent the small strain shear stiffness G The strains
imposed by the equipment were quite small particularly at the onset of pore pressure
generation, which triggered softening, therefore no reduction in the measured stiffness
values were made.

The cyclic stress ratios used in the liquefaction susceptibility charts were based on the
average cyclic stresses for a magnitude 7.5 earthquake, calculated as suggested by
Seed and Idriss (1971). As indicated by Seed and Idriss (1982) this corresponds to 15
cycles of the average shear stress induced by the earthquake. Seed and Idriss (1971)
indicated that the average stress was typically equivalent to 65 percent of the maximum
stress. Simply using the maximum recorded particle velocity to calculate the induced
shear therefore did not seem appropriate. Two methods for selecting an appropriate
particle velocity with which to calculate the shear stress were evaluated. Since the
shear stress was directly proportional to particle velocity, one method used to select the
appropriate peak particle velocity was to use a velocity equal to 65 percent of the
maximum vector resultant particle velocity. The number of cycles exceeding this velocity
was estimated from the monitoring record and a correction factor was applied, as
appropriate, following the procedures used by Seed and Idriss (1982) to develop
magnitude scaling factors which were briefly discussed in Section 2.4.2. The second
method used to select an appropriate particle velocity consisted of selecting the particle
velocity from the monitoring record that had 15 cycles equal to or greater than it. This
velocity was then used with no correction factor. Figure 5.18 shows the results of the
two analyses, values of 67 and 43 mm/s were obtained from calculating 65% of the
maximum peak particle velocity and the 15 cycle velocity respectively. However as
observed in the figure, the peak velocity recorded appeared to be an outlier and likely
did not significantly affect the response, using a more realistic maximum velocity of 75
mm/s and calculating 65% of that velocity yields an average velocity of 49 mm/s, very
close to the 15 cycle velocity. The 15 cycle particle velocity was used in the analyses as
it was most consistent with the methods used to develop the charts.

The particle velocities in Figure 5.18 were measured at 0.55m from the edge of the track
and as discussed in Section 5.3.3 it was assumed that the same particle velocities
occurred at any point 0.55m from the load within the soil mass. The particle velocities at
various depths of interest were then calculated based on the assumed attenuation
relationship discussed in Sections 5.3.3 and 5.4.4.2 using a geometric damping
coefficient of 1. The shear stress and cyclic stress ratio were then calculated using a
shear modulus of 20 MPa and a bulk density of 1925 kg/m®. The applied cyclic stress
ratios were plotted with the corresponding representative penetration resistance and the
resulting predicted behaviour was compared to the observed behaviour.
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5.4.3 Comparison of Predicted Behaviour With Observations

The results of the liquefaction susceptibility analyses based on the CRR-(N,)s charts as
well as the CRR-qc¢ charts for clean and silty sands are presented in Figure 5.19. In the
silty sand CPT analyses, the representative penetration resistance, uncorrected for fines
content of 4 MPa where as the other two analyses used clean sand values of 11 and 7
for the SPT and CPT analyses respectively. Figure 5.19 indicates that with the phreatic
surface located at a depth of 35cm, the conditions caused by the Predator loading at the
phreatic surface fall below the liquefaction boundary. However, when the phreatic
surface is located at a depth of 25 cm, the conditions caused by Predator loading at the
phreatic surface fall above the liquefaction boundary. These findings agree well with the
occurrence and non-occurrence of softening observed at the main test site. The dozer
loading, with the phreatic surface at a depth of 35 cm, is shown in Figure 5.19 to cause
conditions that fall well above the liquefaction boundary at a depth of 1 m. The
conditions at a depth of 0.5 m plot so far above the boundary that the point does not
appear in Figure 5.19. The conditions caused by the dozer loading at a depth of 2 m
plot just below the liquefaction boundary. Close to the dozer, pore pressures equal to
the overburden were recorded to a depth of 1.8 m. Although elevated excess pore
pressures likely also existed deeper, where there were no piezometers installed to
record them, the results coincide well with the observed behaviour.

5.4.4 Factors Influencing Predicted Behaviour

5.4.4.1 General

- The predicted behaviour appeared to match well with the observed behaviour. However,

the analyses involved several assumptions, such as the attenuation of the particle
velocities with depth and a constant representative penetration resistance, and involved
several material properties including density and shear modulus. A discussion of the
sensitivity of the analyses results to the various factors is therefore presented below.

5.4.4.2 Attenuation Relationship

The assumed attenuation relationship had a great influence on the predicted behaviour
when compared to the prediction if no attenuation was assumed. The latter assumption
is clearly incorrect so a small sensitivity study was carried out to assess the effects of
the material and geometric damping coefficients used in the assumed attenuation
relationship.

It was found that the calculated cyclic stress ratios were not very sensitive to the values
selected for the material damping within the ranges summarized by Kim and Lee (1998).
Therefore the use of average values of 0.007 m™ and 0.02 m™ for the dozer and
Predator, respectively, based on their recorded vibration frequencies and a “competent”
soil appeared reasonable. It was noted that even if the larger material damping
coefficient used for Predator loading was used to analyze the dozer loading the results
were not significantly altered. The value used for the geometric damping coefficient, n,
influenced the calculated stresses to a greater degree and its effect was therefore
examined in greater detail.

It was recommended that n should vary between 1 and 2 for the attenuation of body
waves (Woods and Jedele, 1985; Kim and Lee, 1998; Kramer 1996). In general, it
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seems that body wave attenuation on the surface should have n=2 while body wave
attenuation within the soil mass should have n=1. However, it would seem that there
would have to be a gradual transition between the two conditions as clearly a soil
particle on the surface must move somewhat similarly to the particle adjacent to it that is
not on the surface. No information was readily available regarding this so comparisons
of predicted behaviour and observed behaviour for n=1 and n=2 for three cases were
carried out. The cases considered were dozer loading with a phreatic surface at 0.35 m
in which softening did occur, Predator loading with the phreatic surface at 0.35 m in
which softening did not occur and Predator loading with the phreatic surface at 0.25 m in
which softening did occur provided sufficient moisture content existed above the phreatic
surface. It was found that the best fit between predicted and observed behaviour
occurred when a geometric damping coefficient of 1 was used, consistent with the
transmission of body waves through a deposit. These calculations and the resulting
plots are included in Appendix D.

5.4.4.3 Effective Overburden Pressure

It is readily apparent from Figure 5.19 that the applied cyclic stress ratio varies
dramatically with depth. At shallow depths, although the cyclic stress may be low
compared to earthquake conditions, the low overburden pressure causes the cyclic
stress ratio to be very large. Because the CSR is calculated as shear stress divided by
effective overburden stress and the overburden stresses are quite low, the solution is
also very sensitive to the location of the phreatic surface. As is indicated by the plots for
Predator loading with different phreatic surfaces, a small increase in the location of the
phreatic surface can cause the deposit to be classified as potentially liquefiable. This
result correlates well with the observed behaviour. :

Similarly, the calculated cyclic stress ratio does depend somewhat on the density of the
material however to a much lesser degree. Lower density would cause a reduction in
both the effective overburden stress as well as in the calculated induced shear stress
(see Equation 5-6). The latter is proportional to the square root of density and therefore
would decrease a lesser amount than the effective overburden pressure resulting in a
net increase in the cyclic stress ratio. An increased density would also tend to increase
the penetration resistance however and this effect would likely be greater than the effect
of density on the CSR and would likely result in a decreased liquefaction potential.

5.4.4.4 Shear Stiffness

The effect of shear modulus on the predicted liquefaction behaviour was also examined.
In general, stiffer soils produce lower strains for a given stress and should therefore be
less susceptible to liquefaction. In the preceding analyses however, the strains were a
measured quantity and therefore since the soil shear stiffness is used to calculate
stresses from strains, its effect is reversed. Increasing the estimated stiffness of the
material resulted in an increase in the calculated induced stresses and an increased
predicted liquefaction susceptibility. The predictions of cyclic liquefaction at the main
test site however were not extremely sensitive to the selected shear modulus value;
although the calculated cyclic stress ratio varied with the shear stiffness, the shear
modulus could be varied from 10 to 30 MPa without significantly changing the prediction
of occurrence of liquefaction at the main test site. The solution appeared to be much
more sensitive to the location of the phreatic surface and the geometric damping
coefficient than to the shear modulus.
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5.4.4.5 Penetration Resistance

Penetration resistance has a very clear and major effect on the analyses; the
liquefaction potential increases and decreases with increasing and decreasing
penetration resistance. A non-representative penetration resistance would invalidate the
entire analyses. The normalized penetration resistance would tend to increase with a
multitude of factors including the density, age, coarseness and in-situ stresses.

5.5 Extrapolation of Liquefaction Prediction to Other Sites

The prediction of softening based on the cyclic stress — penetration charts appeared to
correlate well with the observed behaviour at the main test site. Although the methods
clearly don'’t include effects such as increased or varying moisture contents above the
phreatic surface they may provide a good starting point for preliminary screening of
similar sites. However, because of the assumptions involved in the analyses, any trends
would only be applicable to sites with BAW tailings similar to those at the main test site
in terms of gradation, stiffness, representative penetration values, in-situ density and
also would have to be subjected to similar loading conditions.

The simplest case to consider is BAW tailings with similar properties under similar dozer
loading with a varying phreatic surface location. The minimum depth of the phreatic
surface to prevent softening was calculated assuming that softening would not be
triggered if the induced cyclic stress ratio at the phreatic surface was less than the
critical value. For an (N4)s value of 11 or a qcin value of 75, the critical CSR to trigger
liquefaction is approximately 0.12 (see Figure 5.19). Assuming that the 15 cycle-velocity
does not differ from that recorded at the main test site, the phreatic surface would have
to be at a depth of approximately 1.5 m to minimize the potential for softening under
dozer loading. It should be noted that in calculating this depth, a bulk density of 1675
kg/m®, lower than that used in the previous analyses, was used to reflect the fact that
above the phreatic surface, the tailings are unsaturated. If the loading changed however
so that there were significantly more or less loading cycles, the 15 cycle particle velocity
would likely change and therefore the required depth of the phreatic surface would also
change.

To attempt to capture the effect of longer loading duration, the minimum depth of the
phreatic surface was also calculated based on 65 percent (the average after Seed and
Idriss, 1971) of the maximum velocity corrected for a large number of cycles. As the
number of cycles increases the shear stress ratio required to cause zero effective stress
conditions approaches a constant value and the corresponding limiting correction factor
of 1.5 was used to correct for many cycles. This does assume, however, that the
magnitude of the applied particle velocities do not differ substantially from those
recorded at the main test site. In this case, the required depth of the phreatic surface to
minimize the potential for softening was estimated as 2.0 m. This case can be
somewhat generalized by plotting the calculated applied cyclic stress ratio generated by
the dozer with depth assuming that the phreatic surface is coincident with the depth of
interest as shown in Figure 5.20. The penetration resistance required to have a cyclic
resistance ratio equal to the applied cyclic stress for clean sands is shown on the bottom
axis based on the relationship proposed by Seed et al. (1985). Figure 5.20 would
however be applicable only to sites with similar soil and equipment loading conditions.
Field measurement of particle velocities resulting from different types of equipment
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would allow development of similar charts for each piece of equipment and allow
estimation of cyclic liquefaction potential under a variety of conditions.

A somewhat more useful extrapolation of the field data may be an estimate of the
maximum permissible peak particle velocity to prevent softening with depth of the
phreatic surface. To carry out these calculations, it was again assumed that there was a
constant critical cyclic stress ratio at which cyclic liquefaction would be triggered
resulting in softening of the deposit. The properties of the BAW tailings at the main test
site were used as representative tailings properties. In particular it was assumed that
the shear modulus was 20 MPa, the in-situ material bulk density above the phreatic
surface averaged 1675 kg/m?, representative penetration resistance values were 11 and
75 for (N4)so and qgecn, respectively, corresponding to a critical CSR of 0.12 and that the
particle velocity attenuation relationship described previously was appropriate. At each
depth of interest, the particle velocity required on the surface to produce a CSR equal to
the critical CSR of 0.12 was calculated. The maximum velocity was then calculated
following the same logic as for calculating the required depth of the phreatic surface for
dozer loading; the critical velocity was assumed to be 65 percent of the maximum
recorded velocity, and to account for many loading cycles, the limit correction from
DeAlba’s (1976) work of 1.5 was applied. These calculations are for a factor of safety of
1.0, i.e. liquefaction is just triggered and excess pore pressures are close to overburden
pressure. Idriss (1998) indicated that residual pore pressures of greater than 25 to 40
percent are often of concern. Idriss (1998) presented results from Marcuson and Hynes
(1989) which indicated that for sands, maintaining pore pressure below the 25 to 40
percent threshold corresponded to a factor of safety of approximately 1.3 against
liquefaction since. Since large excess pore pressures are a concern with respect to the
softening phenomenon, calculations were also carried out for a factor of safety of 1.3.
The results are plotted in Figure 5.21. These calculations have also been included in
Appendix D.

Application of Figure 5.21 would require that particle velocities be recorded in a manner
similar to the one employed at the main test site and would require validation of the
assumptions inherent in the calculations. Also, as the phreatic surface becomes deeper,
it would be expected that increased pore pressures could potentially have less and less
effect on the surface and that there may be a limiting depth below which excess pore
pressure generation would have no effect on surface. Ishihara (1985) proposed a
relationship for the thickness of a non-liquefiable surface layer required to prevent
ground damage. The relationship indicated that there was a depth below which
liquefaction caused by earthquake loading would not cause surface damage, ranging
from 3 to 10 m depending on surface acceleration. Andrus and Stokoe (2000) presented
data which appeared to indicate similar findings. Maximum surface accelerations
measured at the main test site during dozer loading were in the range of 0.3 to 0.4g,
which would suggest a required non-liquefiable layer thicknesses of 6 to 10 m. These
values do not seem consistent with visual observations. Clearly the attenuation of
equipment induced vibrations is very different from the propagation of earthquake
stresses possibly invalidating these relationships. Further investigations in this area may
be helpful.

In order to produce a relationship that could be used directly for preliminary screening of
sites, a relationship between the equipment mass and patrticle velocity was examined. If
such a relationship could be established then the required depths of the phreatic surface
calculated in Figure 5.21 could be related directly to vehicle mass. As discussed in

Page 124



Section 5.3.5.2, peak particle velocity can be related to input energy and distance from
the source (Woods and Jedele, 1985). Therefore, provided that the equipment is driven
at relatively similar speeds and that the frequency of the equipment does not vary
enough to significantly affect the energy it would appear reasonable that peak particle
velocity should depend on the mass of the equipment. Since the equipment used to
examine this relationship did have different frequencies, the effect of frequency may be
somewhat embedded in any relationship developed.

The maximum vector resultant velocity recorded during Predator and dozer loading was
plotted versus the equipment mass as shown in Figure 5.22. It is recognized that there
are not sufficient data points to confidently extrapolate the field data however, also
shown in Figure 5.22 are the relationships developed by Woods and Jedele (1985) for
maximum particle velocities associated with construction activities. Although the data
provided by Woods and Jedele is in terms of energy (J) while the field data is plotted in
terms of mass, the slopes of the lines appear very similar. The magnitudes of the
recorded particle velocities also appear reasonable as the field data was gathered at a
location closer to the source than that presented by Woods and Jedele. This
comparison appears to suggest that a tentative relationship between recorded particle
velocities and equipment mass is justified. However, the absolute maximum particle
velocities recorded during both Predator and dozer loading appeared to be isolated
events that were not repeated enough to dominate the response of the tailings. As
shown in Figure 5.22, the relationship between equipment mass and more
representative maximum velocities is slightly steeper than that based on the absolute
maximum velocities and seemed a more realistic relationship based on the analyses
carried out at the main test site.

The tentative relationship between the maximum recorded vector resultant particle
velocities and equipment mass was applied to the estimated maximum allowable particle
velocities for increasing depth of the phreatic surface as calculated for Figure 5.21. This
produced a preliminary relationship between equipment mass and required depth to the
phreatic surface as shown in Figure 5.23 for factors of safety against triggering of
liquefaction of 1.0 and 1.3. It should be noted that this relationship is based on several
significant assumptions. It was assumed that the particle velocity attenuation with depth
followed the relationship presented in Equation 5-1 with a material damping coefficient of
0.007 and a geometric damping coefficient of 1 for depths greater than 0.55m. It was
assumed that softening would not be triggered provided the induced cyclic stress ratio at
the phreatic surface was less than 0.12; i.e. that a (N4)eo value of 11 or a qc¢n Value of 75
is appropriate for the tailings, and that the charts adopted by the NCEER (Youd and
Idriss, 2001) after Seed et al. (1985) and Robertson and Write (1998) correctly define
the “liquefaction” susceptibility at the location of interest. It was assumed that the
deposit subjected to loading was similar to the BAW tailings at the main test site with a
shear modulus of 20 MPa and an average density above the phreatic surface of 1675
kg/m®. It is also likely that the relationship is only applicable to tracked equipment;
equipment or vehicles with tires may have different loading characteristics and thus a
different relationship. Finally a very significant and tentative assumption was made
concerning the relationship between particle velocity and equipment mass as shown in
Figure 5.22. Furthermore, the relationship does not account for the effect of a wetting
front due to a recent heavy precipitation event. This effect however would likely be most
significant when dealing with shallow water levels and light equipment. The relationship
also does not account for a significant saturated capillary zone above the phreatic
surface.
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The curves derived for Figure 5.23 using factors of safety of 1.0 and 1.3 are likely
conservative because they consider essentially infinite load cycles and do not take into
account limiting depths. It is therefore likely that the curves could be moved vertically
upward. For example, if 65 percent of the maximum recorded particle velocity is
assumed to be representative of the average stresses induced without requiring an
additional correction for essentially infinite loading cycles, the curve can be moved
upwards as indicated in Figure 5.23 by the heavier dashed line. Furthermore, if the
concept of a limiting depth below which liquefaction of the tailings has no effect on
surface is valid, a cutoff would exist similar to that shown by the heavy horizontal dashed
line in Figure 5.23. Clearly site specific information and further testing could improve the
relationship considerably and would likely result in a less conservative relationship. The
graph in Figure 5.23 indicates that it is possible to develop a relationship between
equipment mass and required depth to phreatic surface and provides a starting point for
future testing. Information regarding particle velocities for specific equipment and their
attenuation would also be particularly useful in improving the relationship.
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Relationships from Woods and Jedele (1985)
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6.0 CONCLUSIONS

The softening of dense BAW tailings when subjected to equipment loading at Syncrude
was replicated in instrumented field tests. Tests were carried out to check the assertion
that the in-situ tailings were in fact dense. Pore pressures and particle velocities were
monitored during equipment loading to allow an understanding of the mechanisms
involved. Further testing was carried out after softening to investigate if any significant
changes to the tailings properties had occurred as a result of softening. A short
trafficability study was also carried out, mainly for comparison with previous work.

Shallow frozen samples gathered at the site by radial freezing appeared to successfully
capture the in-situ density of the tailings. The method employed was described in detail
and could be improved by greasing the tube, by installing strain gauges to monitor
straining as a result of freezing, and by longer freezing times. It could also likely be
adapted to depths of up to a meter or two by using a longer sampling tube and a small
auger for cleaning out the tube. Frozen block samples gathered as described in HBT
AGRA (1992) also appeared to be a reliable method of obtaining representative
samples, but do require longer freezing times than were utilized in the present study.
Based on a comparison of the measured densities and void ratios from the frozen
samples with steady state lines developed previously for Syncrude tailings sand, it was
confirmed that the in-situ state of the BAW tailings at shallow depths was generally
dense of the steady state line. Analyses of CPT data gathered during the field program
independently confirmed these findings.

The BAW tailings were first subjected to light equipment loading which did not induce
softening. Larger equipment was then used to load the area and softening did occur,
evidenced on surface by undulation of the ground, cracking and sand boils. The pore
pressures measured during loading indicated that under a sufficiently large cyclic load
pore pressures in dense BAW tailings did build up significantly and caused conditions of
essentially zero effective stress in a significant volume of the deposit. Examination of
the pore pressures indicated that the affected area was significantly larger than would be
expected based on typical rules of thumb; the dozer with tracks 61 cm wide appeared to
cause excess pore pressure reaching greater than 50 percent of the overburden
pressure at distances of up to 3 m from the edge of the track.

Analyses of the measured particle velocities allowed calculation of the induced dynamic
stresses. Coupled with the measured pore pressures and an estimate of the original in-
situ stress state, this allowed the stress path during loading to be evaluated. The stress
paths indicated that under a sufficiently large cyclic load significant softening occurred
and the effective stress was decreased to essentially zero. The stress paths also
indicated that only if the stress state was nearly isotropic did shear stress reversal occur.
Previous testing indicated that the initial stress condition was more likely anisotropic with
a stress ratio less than unity. However as pore pressures increased and effective stress
decreased, the soil likely behaved more like a fluid, as suggested by the undulations
observed on the surface, and in-situ stress conditions likely approached isotropic
causing shear stress reversal to occur. Under smaller cyclic loads, no significant
softening was observed. These findings led to the conclusion that cyclic liquefaction
was the cause of the observed softening response.

Tests carried out following softening did not indicate large variations in the properties of
the tailings. The moisture content and saturation of the tailings increased significantly
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after softening but no other significant changes were observed. Nuclear density gauge
readings indicated large decreases in the dry densities of the tailings very near the
loading location. This was generally not supported by the results of the frozen samples
or Troxler measurements carried out at the Quick Test locations. The discrepancy may
have been due to the differences in the proximity of the measurement locations to the
location of load application and large local staining. Difficulties encountered with
gathering frozen samples of sufficiently large size to produce representative samples of
the tailings after softening at the main test site in the short amount of time available may
also have accounted for some of the differences. CPT measurements gathered
following softening did not indicate any significant decrease in tailings strength as a
result of softening. This agreed with the interpretation of the tailings as being initially
dense of steady state and subjected to cyclic liquefaction.

It was suggested that the increase in pore pressure could be attributed an initial
contractive response of sands subjected to relatively small shear strains, particularly in
the pre softening stage. It was proposed that if large shear strains developed then the
dilative response of the tailings would begin to control the behaviour. Dilation at large
strains could possibly be the cause of the large increases in dry density observed in the
initial tests carried out by Syncrude and presented in Section 1.0 where significant local
straining likely occurred.

Various factors were identified which appeared to affect the response of the tailings
deposit. The main factors appeared to be the magnitude and duration of the vibrations,
the elevation of the phreatic surface and the saturation or moisture content of the
unsaturated zone. Increases in these factors increased the relative ease with which
softening occurred, although the latter factor is likely more influential- when the phreatic
surface is shallow than when it is deep. It also appeared that if the moisture content in
the unsaturated zone above the phreatic surface increased, the BAW tailings were more
likely to soften, possibly because it allowed for quicker saturation and the development
of increased pore pressures in the near surface soils. Although not evaluated
quantitatively, it appeared that fines content increased the likelihood of softening
whereas ageing appeared to decrease the likelihood of softening. Areas of low
topography were generally most prone to softening because these areas typically had an
increased fines content, a shallower phreatic surface and higher moisture content in the
unsaturated zone, possibly due to the concentration of surface run-off.

Charts typically used in geotechnical practice to evaluate liquefaction susceptibility under
earthquake loading were applied to the observed cyclic liquefaction response since this
behaviour was considered liquefaction in the development of the charts. If an
appropriate attenuation relationship was used to correlate the measured particle
velocities to particle velocities at different locations, the predicted response from the
charts correlated well with observed behaviour. The method of analysis was then
extended to extrapolate the results of the field program to other conditions. A
relationship between maximum vector resultant particle velocity recorded at the ground
surface 0.55 m from the edge of an equipment track and the required depth to the
phreatic surface to minimize softening was developed, since this is the distance from the
tracks where all measurements were taken in this research. A tentative relationship
between maximum vector resultant particle velocity and equipment mass was also
developed. These two relationships were combined to produce another tentative
relationship between equipment mass and required depth of the phreatic surface to
minimize softening potential. As with most empirical relations, these relationships were
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based on many assumptions. The relationship between equipment mass and particle
velocity is very approximate and should be confirmed on a site and equipment specific
basis prior to being used on an operational basis. The attenuation relationship for
particle velocity with distance from the source should also be confirmed. Finally the
relationships were based on BAW tailings with a representative (N1)s value of 11, a
shear modulus of 20 MPa, an average density of 1675 kg/m® above the phreatic surface
and the assumption that the Seed et al. (1985) relationship between penetration
resistance and cyclic resistance ratio as modified by the NCEER (Youd and Idriss, 2001)
correctly identifies the occurrence of large excess pore pressures. The calculated
curves are likely very conservative and can be altered if the assumption of essentially
infinite loading cycles is removed and if the concept of a limiting depth below which
liquefaction of the tailings does not impact the surface is valid. Further work and testing
could likely result in a significantly less conservative relationship. Also, the effect of a
wetting front due to heavy rain or a significant zone of nearly saturated tailings above the
phreatic surface was not included in the relationships.

Based on the findings presented in this report, it would appear that the options available
to avoid causing softening of similar BAW tailings when subjected to equipment loading
are fairly limited. The dynamic shear strains that lead to cyclic liquefaction could be
reduced or the depth to the phreatic surface could be increased, such that the imposed
cyclic stresses are reduced below critical levels within the zone of saturated tailings.
Further densification of the deposits would likely be difficult to achieve as the deposit
appeared to be at a reasonably dense state relative to any densification that could be
obtained by equipment sufficiently light enough to travel the area. Furthermore, because
the behaviour appeared to be caused by cyclic liquefaction, significant improvement of
the behaviour in response to densification may be limited.

The amount of dewatering or the thickness of a working platform necessary for
reclamation using conventional methods could be minimized by gathering site-specific
data to optimize the relationships presented herein. Field tests in BAW tailings using
different types of reclamation equipment to confirm or determine an appropriate particle
attenuation relationship both along the surface and with depth from running equipment
would be useful. The effect of equipment speed and natural frequency on maximum
particle velocity and attenuation should also be investigated. Efforts to improve the
tentative relationship between equipment mass, or simply equipment type, and
maximum particle velocity would also be similarly useful. It would also be of interest to
identify if there is a depth below which increased pore pressures do not affect the
surface. Finally, measurements of the capillary zone, its saturation and potential for
liquefaction would be useful for incorporating this aspect into a relationship between
equipment mass and required depth to phreatic surface to prevent surficial softening.

If the mechanism causing the initial generation of pore pressures is to be better
understood controlled laboratory testing would likely be required. Monotonic and cyclic
testing at low confining stresses to explore the strain ranges of contractive and dilative
behaviour may aid in identifying the mechanisms causing excess pore pressures.
Comparison of drained and undrained cyclic testing of dense BAW tailings may also be
useful in identifying the cause of the increased pore pressures. Model laboratory tests
that simulate equipment loading may also be useful in understanding the mechanism
causing softening. Void ratios could be measured at various points throughout loading
and comparisons of drained versus undrained behaviour could possibly be valuable.
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PIEZOMETER CALIBRATION

Carried out September 20, 2001 in well installed in Detcon's Shop at Syncrude Site

Weather was overcast and cold (~8 degrees)

Piezo 0 Calibration
SN Reading | (mV/kPa) {mV/cm head)
33 68.392 0.721 0.071
32 69.048 0.723 0.071
31 69.985 0.721 0.071
36 70.292 0.729 0.072
30 69.766 0.730 0.072
38 69.113 0.726 0.071
29 69.276 0.737 0.072
28 68.921 0.729 0.072
39 69.093 0.726 0.071
34 68.413 0.721 0.071
37 69.820 0.735 0.072
35 70.733 0.724 0.071

PIEZOMETER CALIBRATION CURVES

Piezometer Serial Number 28 Piezometer Serial Number 29
Pressure Head (kPa) Pressure Head {kPa)
0 10 20 30 40 50 0 10 20 30 40 50
100 100
90 90 ad
80 ‘//O/W - 8o //
L — g
I~ 70 qy—‘/ 70 St e
E 60 E 60 +— I
‘é_ 50 5 50
5 40 y = 0.72925x + 68.82422 & sl -
C R? = 0.99998 . S 4 y = 0.73666x + 69.21316
s a
20 20 R®=0.99998 N
10 10 .
Y 0
Piezometer Serial Number 30 Piezometer Serial Number 31
Pressure Head (kPa) Pressure Head (kPa)
0 o2 30 4 50 0 10 20 30 40 50
100 o 120
90 .
P
80 L 100
s o - /1/‘
E 60 s 80 —
= 50| I § ‘
=T 5 60 1
3 i y=0.73048x + 69.81912 £ y = 0.72144x + 70.39245
30— 2 o E 2
20 | R* = 0.99999 40 +———+ R*=0.99998 B
10 ? 20 4 _
0 ! i i
0
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Piezometer Serial Number 32

Piezometer Serial Number 33

Pressure Head (kPa) Pressure Head {kPa)
0 10 20 30 40 50 0 10 20 30 40 50
120 T 120 :
100 - - 100 /#
~ s 80 - :
E o E | |
- .
3 6 5 60 y = 0.721030x + 68.891034
5 y = 0.72454x + 69|44374 5 R? = 0.999987
© 4 REE 0.99906 © 40 -
04—t 20
0 0
Piezometer Serial Number 34 Piezometer Serial Number 35
Pressure Head (kPa) Pressure Head (kPa)
0 10 20 30 40 50 0 10 20 30 40 50
120 100
o
20
100 4o ‘/._,, . 80 N Lo
o - .
S 80 | LY
E ¢ Z 60 .
:2. 60 +—-— ‘é 50 B
S T 40
© 40 y = 0.72122x + 68.44896 | - ° Hl_ — ]
2_ y = 0.72403x + 70.67766
R? = 0.99998 2 2
20 | | R? = 0.99998 ]
10 1. ]
l [ !
0 ’ T
Piezometer Serial Number 36 Piezometer Serial Number 37
Pressure Head (kPa) Pressure Head (kPa)
0 10 20 30 40 50 0 10 20 30 40 50
100
120
90 ‘/,14 ]
]
100 80 Lo
/ s 70 o]
E 800 L E ©
3 i o,
B | g 40
8 40 y =0.72920x + 70.83443 ___| % 3 v = 0.73487x + 69.96228 — -
R? = 0.99997 ; 204t R? = 1.00000 .
20 10 ' i i
i ;
] i ;
0 0
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Output (mV)

Piezometer Serial Number 38

Pressure Head (kPa)
10 20 30 40 50

100
90

T
}

I

80

A

70

60

50

40

30

y = 0.72552x + 69.07542

20

10 4

R? = 0.99997 =
| |

I

Qutput (mV)

Piezometer Serial Number 39

Pressure Head (kPa)

50

0 10 20 30 40
120 ! )
100 ‘/;,;
4] // ;
80 Le—
o
60
40 y = 0.72627x + 69.18766 —
R? = 0.99993
20 -
0
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APPENDIX B

Laboratory Samples, Calculations and Results
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SUMMARY OF SAMPLES TESTED

Tests Carried Out
Sample Moisture |Void Ratio| Grain
iD Description Depth | Content | & Density| Size
SA1 Main Test Site SE corner of loaded area, before loading 0 - 30cm Y Y
Disturbed density sample, Main TestSite South edge of Y Y v
SA2 lloaded area, near instruments, before softening 0 -20cm
SA3 }South of Main Test Area, After softening in this area 0 - ~25cm Y Y
SA4  {South of Main Test Area, After softening in this area 40cm Y Y
~9.5m West of Main Test area that wouldn't soften,above Y vy
SA5 Iphreatic surface 0 - 25cm
~11m West of Main Test Area that would just soften, above y
SA6 |phreatic surface 0 -25¢cm
~12.5m West of Main Test Area that would soften, above y
SA7  |phreatic surface 0-24cm
~2-3m North of Main Test Area, above phreatic surface v
SA8 __|before loading 16¢cm
~2-3m North of Main Test Area above phreatic surface Y
SA9 _|before loading 0 -8cm
SA11 [Trafficabilty, furthest excavator location 0 - 56cm Y
SA12 |Trafficabilty, furthest dozer location 0-23cm Y
SA13 |Trafficabilty, end of dozer 2nd pass 20-38cm Y
SA14 |Trafficabilty, end of dozer 2nd pass 5-10cm Y
SA15 [|Trafficabilty, end of dozer 3rd pass 5-10cm Y
SA16 [Trafficabilty, end of dozer 3rd pass 20cm Y
SA17 _ |Trafficabilty, end of dozer 3rd pass 33cm Y
After softening site 1 at Troxler location 1, in between Y v
SA21 |tracks, in line with instruments 5-25cm
After softening site 1 at Troxler location 2, in between ' v v
SA22 [tracks, west of instruments 5-25cm
From inside freezing tube, after loading (by foot), tube Y v
SA26 |pushed to 3cm above surface 0 - 20cm
From inside freezing tube, undisturbed area, similar to Y v
SA27 |ioaded area (by foot), tube pushed from surface 0 - 20cm
~7m Southeast of test area Main Test Area, representing Y Y
FR1B-B |initial conditions, block sample, 5.5 hours freezing 0-13cm
~7m Southeast of test area Main Test Area, representing
initial conditions, radial freezing tube sample, 5.5 hours Y Y
FR1B-T |freezing 0 -27cm
Center of loading area between tracks, after softening, Y Y
FR1A-B |block sample, 5.5 hours freezing 0 - 10cm
Center of loading area between tracks, after softening, v Y
FR1A-T [radial freezing tube sample, 5.5 hours freezing 0 -20cm
"Undisturbed" area near QT3, radial freezing tube sample, 2 v v
FRQT-B |hours freezing 0 - 20cm
FRQT-A |QT3 radial freezing tube sample, 2 hours freezing 0 - 20cm Y Y
B1 Main test site from instrumentation area, back row im Y
B2 Main test site from instrumentation area 2m Y
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EQUATIONS USED TO CALCULATE MOISTURE CONTENT, VOID RATIO AND DENSITY

OF FROZEN SAMPLES

If the sample was saturated in-situ, the 9% volume expansion of water must be
accounted for as, providing that the soil skeleton didn't expand and water was

free to drain during freezing, the amount of water trapped as ice would be less
than the amount of water there initially. If however the sample was less than 91%
saturated then since Sr=Vw/Vv the volume of voids filled with air would provide
enough room for the water to expand and therefore the amount of water trapped as

ice is representative of the amount of water in the soil in-situ.

Constants:

Wax density (g/cm®) 0.93

Density of Water (g/cm®) 1.00

Density of Ice (g/cm®) 0.917

Gs tailings: 2.65

Equations Used: 1

d

i

average = —
e

Frozen Volume (Vr) = hayg*lavg*Davg
Frozen weight (Mg)
Sample+wax weight (Mg.w)
Submerged weight (Mg,,)

Frozen Bulk Density Calcs:
Total Volume of Sample and wax (V) = Meaw-Mgys

Mass of Wax (My) = Mg,w-ME
Volume of wax (Vy) = M./py
Volume of frozen soil (Vrs) = Vie-Vyy
Frozen Bulk Density (pgr) = Me/Ves

If sample is < 91% saturated then:
Frozen Bulk Density (pgr) = Thawed bulk density (py)= Me/Veg

Moisture Content Calcs:

Tare weight (M_wcy)
Tare + frozen weight (M_wcr,rs)
Tare + dry weight (M_wcr.p)

Weight of frozen soil (M_wceg) = M_wcer,ps-M_wey
Weight of ice (M_wc;ce) = M_WCr4ps-M_WGr,p
Weight of dry soil (M_wcps) = M_wcr.p-M_wey

If sample is<91% saturated then:

lce content (w;..) = Moisture content (w) = M_wc;./M_wcpg * 100

If sample > 91% saturated then:

lce content (wic.) = M_wci.o/M_wcpg * 100
Moisture content (W) = Wigo/(Pice/PH20)
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Thawed Property Calcs:

Dry density (pp) = M - 100

T TP
V.,  100+(w*100)"°

Void ratio () = ZsPw _ 1
Pa
If sample is >91% saturated then:
Thawed bulk density (pg) = (Ms+Mg*(w/100))/Veg
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SUMMARY OF MOISTURE CONTENT AND DENSITY DETERMINATIONS ON DISTURBED

BULK SAMPLES
Moisture Content Summary
verage Average
Moisture Moisture
Sample | Content (%) [Comments Sample | Content (%) |Comments
SA1 13.11 SA12 24.83 bitumen inclusions
SA2 17.32 SA13 24.94
SA3 24.02 SA14 13.89
SA4 26.57 SA15 14.43
SA5 21.20 large bitumen inclusion SA16 26.14
SA6 17.79 SA17 21.28
SA7 21.71 SA21 23.93 water in sample bag
SA8 23.10 SA22 23.77 water in sample bag
SA9 15.24 SA26 25.25 very very wet
SA11 10.52 SA27 22.53
Note: . — e 1009
mg
Disturbed Density Sample
Volume of Sample Gathered
Tube Dimensions (mm)
Height of
Wall Inside cutting
Thickness | Diameter Height taper
2.06 97.58 200.53 5.83
2.02 97.33 199.52 5.57
2.02 97.47 199.22 5.48
2.06 97.43 199.55 5.48
2.03 97.43 200.23 5.62
1.94 97.58 5.75
217 97.4
2.04 97.39
97.53
average: 2.04 97.46 199.81 5.62
Sample Volume: 0.001491 m®
Wet Sample Weight: 2.6587 kg
Dry Sample Weight: 2.2616 kg
Moisture Content: 17.56 %
Assumed Gs (CANLEX): 2.66
Bulk Density: 1784 kg/m°
Dry Density: 1517 kg/m®
Void Ratio: 0.75
Saturated density: 1947 kg/m®
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SUMMARY OF GRAIN SIZE DISTRIBUTIONS

% finer | % finer

Sample Depth | Softened | Washed D10 D50 D60 Cu than 75umjthan 45pm|
SA1-D 0-0.3 N N 0.100 0.185 0.200 2.0 1.04 047
SA2-D 0-0.2 N N 0.093 0.180 0.200 2.2 1.12 0.27
SA2-W 0-0.2 N W 0.093 0.180 0.200 2.2 2.05 1.42
SA3-D 0-0.25 Y N 0.089 0.170 0.177 2.0 3.16 0.83
SA4-D 0.4 Y N 0.089 0.170 0.180 2.0 2.30 0.81
SA5-D 0-0.25 N N 0.090 0.170 0.180 2.0 1.71 0.69
SA21-D | 0.05-0.25 Y Y 0.094 0.180 0.200 2.1 1.08 0.31
SA21-W | 0.05-0.25 Y Y 0.094 0.180 0.200 2.1 1.08 0.35
SA22-D | 0.05-0.25 Y N 0.083 0.150 0.155 1.9 1.91 0.33
SA22-W | 0.05-0.25 Y Y 0.083 0.150 0.155 1.9 2.25 0.70
SA26-D 0-0.3 Y N 0.093 0.190 0.207 2.2 244 1.16
SA26-W 0-0.3 Y Y 0.093 0.190 0.207 2.2 272 1.61
SA27-D 0-0.3 N N 0.083 0.175 0.190 2.3 4.98 1.75
SA27-W 0-0.3 N Y 0.083 0.175 0.190 2.3 5.25 2.28
B1 0-1 Y Y 0.096 0.190 0.204 2.1 2.02 0.79
B2 1-2 Y Y 0.089 0.180 0.190 2.1 3.22 1.58
B2 Wf 1-2 Y Y 0.085 0.175 0.185 2.2 4.35 2.40
Average': 0.090 0.176 0.189 2.1 2.60 1.16

Note: 1. If a sample was tested twice (e.g. washed and dry) only the washed result was used in calculating the

average

Page 173



APPENDIX C

CPT Data Analyses,
Estimation of State Parameter and Liquefaction Susceptibility
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EQUATIONS FOR CPT DATA REDUCTION AND LIQUEFACTION

EVALUATION:
General Equations:
Q.
qc_A quqc+u2(l—a)
f, = LQ‘ subtraction cone
A
qcl = C'q qc
P 4 n depends on material type, 0.5 for sands, 1.0 for clays
—_ a
Cq = i S 17 P4 and P, are reference pressures of 100kPa in the
0
q lv / same units as ¢',, and (q,-0,,) respectively
qc]N 1302

T12+100,,

CPT-SPT, Robertson et al. 1983

_q£=5_5 q. inkg/cmz
N

CPT-SPT, Seed and DeAlbda, 1986

dec _937 q.inMPa

60

CPT-SPT Andrus and Youd 1989

e - 31 q. in MPa
60
Robertson and Wride 1998 method of CPT Liguefaction Evaluation

quc_ovo
'
O.v()

F:—fS——-xIOO%
dc — Oy
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Itteration Procedure to Evaluate q.4y and Ic

1. =((3.47-10gQ) +(logF +1.22Ff*

IF Ic>2.6thenq .y = Q

IF [c<2.6 then re-evaluate

q. Pa 0.5
N
a2 vO J

Ie=(3.47-logq,) +(og F+1.22)*

IF Ic remains < 2.6 then q .;xy = q ;

IF Ic is now > 2.6 then re-evaluate

p 0.75
_ 4. a
den P. (0_, : J

v

Fines Content:

0 Ifle < 1.26
FC%) = {17517 -3.7  If126 dc 35
100 Iflc> 35

Tip Resistance Correction, for Fines Content:

1.0

1.0
Kc= { -0.403Ic* +5.581Ic-21.631c? +33.75Ic - 17.88

likely non-liquefiable
should be evaluated with other criteria

Clean Sand Equivalent Tip Resistance:

dcivyes = Ke *qein

SPT Equivalents, From Lunne et al. 1992
_ 9.
N60 -

0.85 I—I—C
4.6

(V) = Ny XV

iflc <1.64
if1.64<Ic < 2.36
if Ie > 1.64

if Ic
if Ic

22.6 and F>1%

22.6
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(0+I*(N ;) 5 ifFC <5%

1.76-102 FC's
(N1)60__CS =<e +[0'99+ 1000

5+1'2*(]Vl)60 l_fFC>35%
.

SPT Equivalent From Corrected CPT Data, After Lunne et al. 1992
q _ Yeiv-cs
(Aﬂlm == (pJIXw—CS -

8.5(1- 4 ) 8.5 1— 1<
4.6 4.6

Jeffries and Davies 1993 SPT from CPT Method

}N Dso ifFC < 35%

_ 497 — O,
QT—'_;—,—V
vO
u—u,
B"—_—
qr — 0y

Fren) =—2s 100

qr — 0y

Ie=[6-1og(0, (B )P +(1.5+13bg Fr)z]%.

Fines Content:

0 Iflc<13
FC(%) = < 4241Ic -54.9 If1.3 dec 365
100 Iflc> 3.65

SPT Equivalents:

g
N = :
0.85 1——16—1
4.75
(V) = Ny xQV
(" 0+1%N ;) 6 ifFC <5%

1762 FC'S
(Nl)60 s = < e e +(0'99+ 1000 }NI)GO ifFC < 35%

S+L2¥N ;) s ifFC>35%
.
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State Parameter, y, Been et. al., 1988

g*=k*exp(—m*y)
dc = Do ¥ 0.55
gr=2c"Foq_B) k*=6+ m*=11.9-13.31
) a A-0.12

Combining these equations gives:

qC —‘po (I—Bq)

Py
—In
6+ 0.55

A-0.12
11.9-13.34

]//:

Value of A used in analyses: 0.0152

State Parameter, y, Plewes et. al., 1992
QT(I_Bq)= keXp(_mW)

where k and m are:

Kk 3,98 L 119-1332
M A

Mand A are the slopes of the critical state line in q-p and e-

p space respectively and can be evalutated from:
__6sin(gss) 1= Fr

3 — sin( g5 10

Combining these equations gives:

p
0.2

QT(I_Bq)
M@S}_ 340 85)(.&
3-sin(g) P

13.3Fr

-

v = Min

—

11.9-

Value of ¢g5 used in analyses: 33 degrees
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State Parameter Been and Jeffries, 1992

QP — qc—;p0

Po
v _ kexp(-my)
1-B,

where k and m are:

* 3,08 L 119-1334

M A
Mand A are the slopes of the critical state line in g-p and e-
p space respectively and can be evalutated from:

6sin
= O0s) 134 vore

3-si(ds) A
where Ic = {3—loglo(1 - B,) +1]f + (15 + 3log( Fr)} }

Combining these equations gives:

—h QP

(-3, {M}Z, +0.83x(34—101c))
_ 3 —sin( @)

l//_
11.9-_ 133
34-10Ic

Lunne et al 1997 Method

Ic is calculated as in the itterative Robertson and Wride 1998 method

Fines Content:

FC=1.75x1Ic*-3.7

Equivalent SPT:

4 __g5 1_1_6
PN, 46

(Nl )50 - @)ﬁ@x;l) 0 l'fFC <59
l.76—i02 Fcl.S
(Nl)w_cs = < e FC +[0.99+ 1000 }N, )60 if FC < 35%
SHL2%N,) 6o ifFC> 35%
.
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Wride et al 2000 (CANLEX)

Equivalent SPT: Note: value in parenthesis is the standard deviation

Ucq is in MPa
da _ .44(+0.15)

(Nl )60

Equations for Calculating Shear Wave Velocities and Shear Modulus:

—a_
'

0.5
_ P
9da1 =4c p de1 in MPa and Vg4 in m/s

4
(%)
cl Y

Y avg: 95.6 fromCANLEX at Mildred Lake
std dev: 12.1 fromCANLEX at Mildred Lake
Y avg: 101.1 fromCANLEX at J pit
std dev: 6.3 fromCANLEX at Jpit
025 where P, is a reference pressure of 100kPa in the
V. =V, F, same units as o',
S1 S p
14
G=p*Vy
=p*Vs
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Summary of CPT Liquefaction Interpretation

Average Values from Below

Phreatic Surface

Method Parameter CPT 1m | CPT 1e Both
General qc (MPa) 1.53 1.48 1.50
fs (MPa) 0.0208 0.0104 0.0156
Max SPT 6.7 8.4 7.5
Rweg;‘%" etal I¥in SPT 1.9 2.9 2.4
Avg SPT 4.6 4.5 4.6
Max SPT 9.7 12.3 11.0
Seedfég;“ba Min SPT 2.8 38 33
Avg SPT 6.7 6.3 6.5
Max SPT 11.6 14.6 13.1
A"d";zg‘gywd Min SPT 3.3 45 3.9
Avg SPT 8.0 7.6 7.8
Q 111.29 108.86 110.07
F 1.43 0.75 1.09
Ic 2.31 2.15 2.23
[qc1N 41.85 39.73 40.79
qct 4.18 3.97 4.08
FC 23.19 17.74 20.46
w:g:ﬁ%gg‘ Kc 2.06 1.63 1.84
gciNcs 81.73 63.31 72.52
N60 3.57 3.22 3.39
(N1)60 5.78 5.25 5.52
(N1)60cs 10.25 8.50 9.38
(N1)60 from qc1N 9.79 8.73 9.26
(N1)60cs from qc1Nd  19.36 14.13 16.75
Qt 111.39 109.09 110.24
Qi(1-Bq) 111.26 108.99 110.12
Fr (%) 1.43 075 | 1.09
Jeffries and Ic 1.95 1.58 1.77
Davies N60 3.03 2.60 2.81
(N1)60 4,91 4.23 457
F.C.(%) 27.77 13.65 20.71
(N1)60-cs 9.80 6.63 8.22
Plewes etal. |State Par. -0.21 -0.14 -0.18
Been and Jeffries |State Par. -0.13 -0.16 -0.15
Been et al. State Par. -0.40 -0.45 -0.43
Ic 1.99 1.78 1.88
N60 3.15 2.81 2.98
Lunne et al. 1997 |(N1)60 5.10 4.59 4.84
F.C.(%) 10.41 6.38 8.40
(N1)60-cs 6.32 4.90 5.61
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qc 4.07 3.97 .02
(N1)60 9.25 9.03 9.14
(N1)60 -1 std dev 6.90 6.73 6.82
(N1)60 +1stddev | 14.04 | 13.70 | 13.87
Vsi (mis) avg 13452 | 134.41 | 134.46
. Vs (mis) 1 std dev| 117.49 | 117.40 | 117.44
W”?g:,flfé)f;)oo Vs1 (m/s) +1stddev] 151.54 | 151.42 | 151.48
Vs (m/s) avg 82.03 81.07 81.55
Vs (m/s)-1stddev | 71.65 | 7081 | 71.23
Vs (m/s)+1stddev | 9241 | 9134 | 91.88
G (MPa) avg 13.00 | 1267 | 12.83
G (MPa)-1stddev | 9.91 9.66 9.79
G (MPa) +1stddev | 1649 | 16.07 | 16.28
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Corrected CPT Tip Resistance, gcqy

Soil Behaviour

1000

IICPT 1tm

ACPT 1e

100 +

Zone Soil Behaviour

Sensitive, fine grained

Organic soils - peats

Clays - clay to silty clay

10 T Silt mixtures clayey silt to silty clay
Sand mixtures - silty sand to sandy

Sands - clean sand to silty sand

Gravelly sand to sand

Very stiff sand to clayey sand

Very stiff fine grained

CEINDLOEBN
2o seN:

Normalized Friction Ratio, Fr (%)

Soil Behaviour Chart After Jeffries and Davies 1993

ICPT 1m

ACPT 1e

Zone  Soil Behaviour

1 Sensitive, fine grained

2. Organic soils-peats

3. Clays-clay to siity clay

4.  Silt mixtures clayey silt to siity clay
5. Sand mixtures; silty sand to sandy
s

o Candn: Alnnm nmmd ba Alths mamd

0.1 1 10
Normalized Friction Ratio, Fr (%)
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APPENDIX D

Liquefaction Susceptibility Analyses and
Extrapolation of Field Data
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EQUATIONS USED FOR LLIQUEFACTION ANALYSES

Following Hryciw et al. 1990:

Gy’ = szp
1=GY)

Particle Velocity Attenuation Relationship:

From Dong-Soo et al. after Bornitz, 1931
n

Fm e—a("i—rM)

Vp; = Vpur vpi = particle velocity at depth i

! Vpum = measured particle velocity

r y = distance from source to measurement location
r; = distance from source to location of interest

n = geometric damping coefficient

a = material damping coefficient

Calculation of Cyclic Shear Stress Ratio:

fv 2%
}/iz _.f'___’l_).
G

1, =7,G

1

Ti
'
4 v oi

CSS, =

CSS,,; = CSS, xSF where SF=scaling factor dependant on number of cycles

Extrapolation to Other Sites:

CSS. = Ti_corr CSS; = induced cyclic stress ratio at depth of interest
i
Oy T i.corr = induced cyclic shear stress corrected for a

large number of cycles at depth of interest

T corr = (v P / GXp )SF SF = 1.5, limit scaling factor for large number of cycles

Vi = (0.65V {fl] g )

i

V pptmax 18 found by itteration until CSS ; equals the critical cyclic stress ratio.
For a factor of safety of 1, the critical cyclic stress ratio is 0.12, the cyclic stress
resistance for the deposit’s penetration resistance, for a factor of safety of 1.3, the
critical cyclic stress ratio is 0.092.
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Tentaive Equipment Mass-Particle Velocity Relationship

1 Vp, M; = Mass of Interest
og| — .
Vpo vpi = Velocity of Interest
og M, = B +log M, Vpo = Reference Velocity, 65mm/s

B = Slope in log-log space, 1.19
M = Reference Mass, 7800 kg
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LIQUEFACTION SUSCEPTIBILITY ANALYSES AT MAIN TEST SITE

Base Case Properties:
Shear Modulus = 20MPa
Density = 1900 kg/m®
Geometric Damping Coefficient = 1
Material Damping Coefficient = 0.007 Dozer
0.02 Predator
Surface Particle Velocity = 15 cycle

Comparison of Different Methods for Comparison of Geometric Damping Coefficient
Selecting Particle Velocity
0.6
0.6
5% Fines
1% Fines 35% Fi * Cl Sand
ine ean San
35% Fines Clean ° f |
l l 05 [ IR SRR | SN S
0.5 ,
0.4 4— e - 0.4
A
P & o
171 (]
Q 5 031
5 03 B 4 Open symbols, n=2
° »
g 0 Closed Symbols, n=1
o
o A Dozer, 1.0m depth,
/ X 15 cycle velocity / phreatic surface at 0.35m-
02 L 0.2 softened =
/ -+ Max velocity #Dozer, 2.0, depth, phreatic
surface at 0.35m-pore
pressure may be <100%
065% of Max / @ Predator, 0.25m depth,
0.1 A Velocity H 0.1 7 A Phreatic Surface at 0.25m
4 / C12nd Peak / ] borderline softening
Velocity M Predator, 0.35m depth,
A65% of 2nd Peak ° Phreati.c Surface at 9‘35m
Velocity 0 : borderline nolsoﬂenlng
4} T t 1
0 10 20 30 40 0 10 20 30 40
(N1so (N1)eo
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Comparison of Geometric Damping Comparison of Shear Modulus
0.6 T 0.6 e
; 15% 15% Fines
35% Clban Sand 35% Fines Clean Sand
0.5 l ! 0.5 |
A
0.4 0.4 —
b A Dozer, 1m depth,
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o902 W Predator at
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Overburden Stress and Phreatic Surface
Location Comparison
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