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ABSTRACT

Slope reinforcement using gcosynthetics is a relatively new technology in
geotechnical engineering. Most of the resecarch work in the litcrature is
focused on reinforced slopes constructed with granular materials. To achieve
a better understanding of the reinforcement mechanism of cohesive soil
slopes and to provide guidelines for design and construction of reinforced

cohesive soil slopes, a test fill was built near Devon, Alberta.

The test fill, 12 m high with 1:1 side slopes, was constructed in three stages.
There are four sections in the test fill. Three sections were reinforced with
different geogrid materials, namely Tensar SR2, Signode TNX5001 and Paragrid
508, and the fourth section was unreinforced for the purpose of comparison.
The test fill was moniiored using extensive ficld instrumentation, including
electrical wire resistance strain gauges, inductance coils, horizontal and
vertical extensometers and inclinometers, and piezometers. Ficld
measurements were taken during and after the fill construction and were
interpreted as tensile strains in the geogrids, horizontal and vertical
deformations of the fill and the foundation soils and pore pressures in the fill

and the foundation soils.

Stability analyses of the reinforced slopes were conducted using limit
equilibrium methods. The modified Bishop's method, modified Spencer's
method and the two-part wedge method were used. Calculated factors of safcty
and predicted failure surfaces were compared with the field measurements and
observations. It was concluded that the failure modes of reinforced cohesive
soil slopes are rotational shear surfaces and that the modified Bishop's method

is the most appropriate method for stability analysis in practice.

Based on the field measurements, the reinforcement mechanisms of
cohesive soil slopes were analyzed in aspects of horizontal and vertical load
transfer. It was found that the geogrids stabilize the soil by allowing
horizontal load transfer from overstressed zones to understressed zones of soil
and by reducing the vertical transfer of horizontal loads from the soil above a
reinforcement layer to the soil below the layer. The interaction between the

soil and the gecgrids in both the resistant and active zones was also analyzed.



Implications of the analyses and recommendations on design methods are

discussed as the practical significance of the research.
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Chapter 1. Introduction
1.1 General

The concept of earth reinforcement can be traced back to ancient history.
The Great Wall in northern China and the Ziguratt near Baghdad are typical
and remarkable examples of carly reinforced soil structures. The former was
completed circa 210 B.C., using tamarisk branches as reinforcement materials;
the later, constructed in the period 1595 - 1171 B.C., was built with bricks of
clay mixed with straw or dry reed and reinforced with horizontally placed
mats woven from river reed. These reinforced soil structures arc still

standing today.

As a modern method of construction in geotechnical enginecring, carth
reinforcement has substantially advanced since the 1960's. A grcat milestonc
of the new development was the concept of "reinforced carth" developed by
Henri Vidal in the 1960's. It refers to a mass of frictional soil which
incorporates horizontally placed long, thin mictal strips of a constant length.
In the past two decades, however, the application of soil reinforcement has

been significantly broadened as new geosynthetic materials were developed.

The use of reinforcement typically reduces cost of construction, increases
tolerance of the soil structures to ground movement and incrcascs the
feasibility of soil structures which are difficult to construct using
conventional methods due to poor soil conditions or limited right of way.
Various types of reinforcing materials, metal strips or meshes and polymeric
materials such as geotextiles and geogrids, have been used and different
design methods have been developed for different types of reinforced soil

structures.

There are three types of reinforced soil structures in geotechnical
engineering: reinforced retaining walls, slopes, and embankments on soft
foundations. For a reinforced embankment on a soft foundation, a layer of
reinforcement is usually placed at the base of the embankment to carry part of
the horizontal load from the embankment and to prevent failure in the
foundation. For a reinforced wall or a slope, reinforcement layers are placed
within the backfill materials. Other than the geometrical difference, these

two types of reinforced soil structures (walls and slopes) can be distinguished
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by the tensile force distribution in the reinforcement. For a typical
reinforced wall, the rcinforcement is attached to rigid facing units and,
therefore, the maximum tensile force in the rcinforcement occurs at the
surface of the wall. For a reinforced slope, the reinforcement is usually
unconnected at the face and the tensile force in the reinforcement is zero at
the slope surfacc (Fannin and Hermann, 1990). In addition to these two types
of structures, there is another type of reinforced soil structure which has
characteristics of both reinforced walls and slopes. In this type of structure,
which can be vertical or sloped, the reinforcement is either connected to
flexible facing units, such as metal meshes, or wrapped around the comp icted
backfill. The location of the maximum tensile force in a reinforcement layer
depends on the rigidity of the facing units and the horizontal movement of the
backfill. When the facing units are not sufficiently tensioned, the maximum
tensile force may occur at a discance from the surface of the structure;

otherwise, the maximum tensile force may occur at or near the surface.

In the category of reinforced slopes, deformation and stability are the two
main concerns. An accurate assessment of deformation in a reinforced slope
can be achieved only through a stress-deformation analysis, such as a finite
clement analysis. Stability of a reinforced slope, on the other hand, can be
evaluated using either a limit equilibrium or a stress-deformation analysis.
Limit equilibrium methods are still the most common analytical approaches in
recent design practices for reinforced slopes. Worldwide case records of
rcinforced soil structures indicate that the current design methods are

conservative (Mitchell, 1987). The conservatism comes from uncertainties in

the following:

1. stress-deformation characteristics of reinforced slopes and load

distributions within the soil and the reinforcement;

2. failure modes of reinforced slopes and suitable corresponding limit

equilibrium methods;
3. reinforcement mechanisms in slopes reinforced with geosynthetics;

4. mobilization of the shear strength in the soil and the definition of the

factor of safety in a reinforced slope;
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5. mobilization of the tensile strength in the reinforcement and

performance criteria of reinforcing materials;

6. reinforcement force orientation and its incorporation in the stability
analysis;

7. interaction between the soil and the reinforcement and the strain
compatibility;

8. deformation patterns of reinforced soil slopes.

To obtain rational and economical designs of reinforced slopes, a good
understanding of the above aspects is required. Well instrumented full scale
tests are the most appropriate approaches to fulfil this requirement. In order
to achieve a better understanding of the reinforcement mechanism in a
geogrid reinforced cohesive soil slope and accumulate experience for both
analytical and practical purposes, a test fill, 12 m high with 1:1 side slopes, was
built near Devon, Alberta. The test fill has four section, three reinforced with
different types of geogrids and one unreinforced sections. Locally available
silty clay was used as the fill material and threce layers of geogrids at a 2 m
vertical spacing were installed in each test section as the primary
reinforcement. The reinforced slopes were designed with a low factor of
safety in order that sufficient lateral strains in the fill would occur to mobilize
the tensile resistance of the geogrids while the overall stability of the slopes

would be maintained.
1.2 Objectives of Thesis

The main objectives of this research are to determine how individual
geogrid layers reinforce a mass of cohesive soil and to measure the stress
transfer from the soil to the geogrids within the fill. The studies have been
carried out through the comparison between the strain distribution in the soil
and in the reinforcement and the comparison between the strain profiles in
the unreinforced slope and in the reinforced slopes. Load distributions,
which are associated with strain distributions, within the fill and the
reinforcing layers will provide valuable information for design of

reinforcement location, spacing and layout.



The secondary objective of the research is to investigate the failure
mechanism of rcinforced slopes. Limit equilibrium analyses incorporating
measured tensile forces in the reinforcement and pore pressures within the
fill have been conducted and the predicted failure surfaces compared to the
strain localization measured in the soil and the reinforcement. Favorable
agreement between the prediction and the field measurements will help to
develop confidence in the methods of stability analyses. As well, it will aid in
assessing technical details such as the reinforcement force orientation and its
incorporation into the stability analysis, the shear strength parameters of the
soil, the definition of the overall or partial factors of safety and the estimation

of the working tensile force in the reinforcement.

Another objective of this thesis is to document this extensively

instrumented case record for the geotechnical engineering literature.

1.3 Scope and Organization of Thesis

Few areas in geotechnical engineering have developed as rapidly as soil
reinforcement. The greatly increasing literature on slope reinforcement is
summarized in chapter 2. The literature review is organized into aspects of
the properties of reinforced soils, soil reinforcement mechanisms, limit

equilibrium analyses and design methods, finite element analyses and full

scale tests of reinforced slopes.

Chapter 3 gives the background of the research on the Devon test fill.
Propertics of the fill and the geogrids used in the test embankment and
characteristics of the interaction between the soil and the geogrids for both
the pullout and diréct shear mechanisms are summarized. Details of the fill

construction and the instrumentation are also described in this chapter.

Chapter 4 documents the details of field data interpretation, including the

measurements from electric wire resistance strain gauges, inductance coils,

cxtensometers, inclinometers and piezometers. The results of the
measurements are presented following the construction and consolidation
stages of the test fill. Problems associated with the interpretation are also

documented.  The performance of the test fill is summarized in chapter 5.



Limit equilibrium analyses are carried out on the slopes in the test fill.
Bishop's modified mecthod, Spencer's modified mecthod and the two-part wedge
method are used and the reinforcement forces are incorporated in scveral
ways in the stability analyses. Details of thc stability analyses arc described
in chapter 6. Chapter 7 presents the analyses of the ficld mcasurements. The
analyses are carried our to determine the likely failurc modes and deformation
patterns within the reinforced slopes, the load transfer betwcen the soil and
the reinforcement, and the interaction between these two materials in both

the resistant and active zones of the reinforced slopes.

Based on the theoretical analyses and the ficld mecasurements, some
recommendations are made for the design of geogrid rcinforced cohesive soil
slopes. General design procedures are summarized and tcchnical details for
cach procedure are described in chapter 8. Finally, the entirc thesis is

summarized and concluded in chapter 9.



Chapter 2. LITERATURE REVIEW

2.1 Introduction

In the past two decades, design and construction procedures for soil
reinforcement using geosynthetics have progressed considerably. A large
number of research projects and case histories have been published in the
literature. This chapter presents a summary of the publications related to:
reinforced soil properties, reinforcement mechanisms, limit equilibrium
methods of stability analysis on reinforced slopes, finite element analysis
methods and full scale model tests of reinforced structures. The literature
review in this chapter will lead to a better understanding of research topics
related to slope reinforcement and provide valuable guidance for the research

carried out on the Devon test fill.
2.2 Properties of Reinforced Soils

The inclusion of reinforcing members changes the stress state in a soil
body. Hence, the stress-strain behavior of reinforced soils is different from
the behavior of soils without reinforcement. The change of the stress state in
reinforced soils, in terms of magnitude and orientation, is predominantly

controlled by the interfacial properties between the soil and the

reinforcement,

Other than full scale model tests and finite element analyses, the stress-
strain behavior of reinforced soils and the interfacial properties are studied

mainly using laboratory tests, such as small scale model tests, triaxial tests,

shear box tests and pullout tests.
2.2.1 Stress-Strain Behavior of Reinforced Soils

Plane strain compression tests on reinforced sand were conducted by
McGown et al (1978). When reinforcing materials were placed along the major
principal stress plane, it was found that the strength of the sand with

reinforcing fabrics apparently increased and the strains required to attain the

peak strength increased as well. When the orientation of the reinforcement
inclusion was changed, however, the effect of the reinforcement decreased,
even weakening the sand. It was concluded that the fabrics should be placed
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along the direction of the principal tensile strain in order to optimize the
reinforcement cfficiency. It was found that the effect of the reinforcement
also depended upon the physical, geometrical. mechanical and surface
characteristics of the reinforcing materials.

McGown et al. (1982) also conducted model tests on reinforced embankments
over compressible rubber foundations. By comparing the mecasured straing
and displacements in the reinforced slope with the strains and displacements in
the unreinforced slope, it was found that the inclusion of the reinforcing
materials reduced the horizontal displacements and the differential settlements

at the base of the embankment.

Jewell (1980) carried out a series of direct shear test on reinforced sand.
Lead markers were placed in layers in samples and an X-ray machine was used
to identify particle movements and failure zone development when the samples
were deformed. He confirmed that the reinforcement inclusion increcases the
strength of the sand when it is favorably oriented and wecakened the sand
otherwise, He also confirmed that the shear displacement to the peak strength
for the reinforced sand is always greater than that for the unreinforced sand
when the inclusion is favorable. The displacement required to mobilize the
peak strength in the reinforced sand increased as the strength of the
reinforced sand increased. From observations on displacements of specimens
undergoing direct shear, Jewell found that the reinforcement significantly
affected the displacement of the sand in the reinforcement direction. - On the
center plane through the sand close to the reinforcement, the strains were
very small; the reinforcement had inhibited the formation of the failure plane
which would otherwise have occurred. In contrast, with continued shearing,
the vertical displacement in the reinforced samples was always greater than
for the unreinforced sand; the reinforced samples continued to expericnce
volume change over a more extended range of shear displacement. He also
found that there was a significant rotation of principal axes in the sand close to

the reinforcement.

In the same research, Jewell examined the influences of the material
propertiecs and the spacing and layout of the reinforcement on thc behavior of
the reinforced sand. He pointed out that the Ilongitudinal .stiffncss of the
reinforcement has a significant effect on the stress-strain properties of
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reinforced sand, whercas the bending stiffness does not have an important
influence. Reinforccment materials with different longitudinal stiffnesses
lead to various strain patterns and sizes of strained zones. When the spacing of
the reinforcing layers was considered, Jewell indicated that spacing not only
affects the efficiency and the friction angle between the sand and the
reinforcement, but also alters the failure mechanism. When the sand was
heavily reinforced, the failure did not occur in a well defined and consistent
pattern, but rather with many local and discontinuous zones of rupture. Sand
which contained a relatively large amount of reinforcement deformed under
conditions of extreme kinematical constraint; discrete zones of concentrated
strain were seen to appear at different orientations throughout the sand
samples. It was possible that these zones of preferential strain in the sand
represented fractures, rather than simple rupture. Jewell also discussed the
influence of mean stress and sand density. Increasing either the mean stress
level or the initial void ratic in the sand led to smaller overall peak strength

and greater pre-failure deformation in the reinforced sand.

In attempting to draw conclusions on the behavior of reinforced sand,
Jewell described a load and deformation sequence which might happen in
reinforced sand. Under an applied loading, an increment of shear load is
applied io the reinforced sand and the sand undergoes strains. The strains
cause displacement in the sand adjacent to and in the direction of the
reinforcement which, due to compatibility between the reinforcement and
sand, induces strains in the reinforcement itself. A direct feedback occurs
between the reinforcement and the sand, with the reinforcement experiencing
strain and developing axial force and, in turn, modifying the developing strain

(and stress) field within the sand.

Jewell (1980) also carried out direct shear tests on reinforced clay (kaolin).
It was found that for reinforced clay, the maximum increase in strength was
mobilized early in the test before the stage at which the peak shear strength
for the unreinforced kaolin was mobilized. Reinforcement appeared not to

have a significant effect on the overall volume change behavior of kaolin

during shear. Preferential failure could occur in kaolin itself, along bands
inclined to the reinforcement, before the limiting reinforcement force could
be generated. Close to the reinforcement, a greater zone of kaolin deformed



than in an unreinforced test, and a series of approximately linear rupture

bands formed, on either side and inclined to the dircction of the reinforcement.
2.2.2 Interfacial Properties between Soil and Recinforcement

Jewell et al. (1984) conceptually identified three main mechanisms of soil-
reinforcement (geogrid) interaction: (a) soil shearing on plane surfaces of the
reinforcement which are parallel to the direction of relative movement of the
soil; (b) soil bearing on surfaces of the reinforcement which are substantially
normal to the direction of relative movement of the soil; (c) soil shearing over
soil through the apertures in a reinforcement grid. Analytical cxpressions for
direct sliding resistance were derived and the bearing stresses of the
anchorage members were estimated based on bearing capacity theory for decp
footings. Thus, the expressions for overall bond strength between soil and
reinforcement were obtained in terms of bond coefficient. The influences of

soil particle size and pore pressures were discussed as well.

Interfacial properties between soil and reinforcement were studicd mainly
using laboratory shear box tests and pullout tests. Five commonly used
modified direct shear box test methods were summarized by Richards and Scott (
1985) and further discussed by Bobey (1988). (Bobey's work will be discussed in
detail in the next chapter.) The reinforcement inclusions either coincided
with the intended shear plane (Bobey, 1988) or were inclined at various angles
to the intended shear plane (Jewell, 1980, Ingold, 1980). Although the dectailed
stress-strain  behavior of the reinforced soil cannot be directly dectermined
from the boundary mecasurements of force and displacement (Jewell, 1980), the
shear box test does provide a valuable estimate of the overall bond sirength

between soil and reinforcement.

In direct shear tests of reinforced soils, shear stresses in the intended shecar
plane are plotted against horizontal displacements. The test results are further
interpreted to show the relationship between the normal stress and the peak
shear stress and then the interfacial bond strengths are obtained in terms of
soil strength parameters and bond coefficient (Jewell, 1980). It is important to
note that the bond strengths depend on soil properties, reinforcement

properties, normal stress levels and the strain rate used during the test.



Pullout tests have been used extensively to evaluate the interfacial bond
between soil and reinforcement. Mowafy (1986) svggested that two
mechanisms are involved in the interaction between soil and grid (mesh)
reinforcement in pullout tests. The primary mechanism is that the tensile
strength within the reinforcement is mobilized by the mesh-soil interlock and
the soil confinement within the mesh openings; the secondary mechanism is
the interfacial friction between the reinforcing material and the soil. For
drained conditions, the transfer of stress between soil and reinforcement is by
two components: friction and bearing resistance, as shown in the expression
derived by Jewell et al. (1984). For undrained conditions, Ingold (1984) used a
simple expression, indicating two mechanisms: adhesion and bearing force, 1o

describe the interaction between the soil and reinforcement in pullout.

Typical configurations and boundary conditions for pullout tests were
summarized by Costalonga (1988). The pullout force and displacement of the
reinforcement (and tensile strains in the reinforcement) are two basic
measurements in pullout tests. Based on a load transfer method which was
originally derived for pile analysis, Beech (1987) developed an analytical
approach to predict the tensile force distribution along the reinforcement
according to the shear strength properties of the soil, the mechanical and

eometrical properties of the reinforcement material and the pullout test
g prop p

results.

In attempting to compare pullout test mechanisms with the divec. shear box
tests, Jewell (1980) carried out a series of pullout tests. From hi; observations,
Jewell pointed out that in a pullout test, strain in the sand develops in two thin
bands immediately adjacent to and parallel to the reinforcement. In contrast,
when a grid is placed in sand undergoing shear, strain develops in the sand in
zones which are inclined to the reinforcement and extend a significant
distance into the sand away from the reinforcement. In a pullout test, the body
of sand is "at rest" and, therefore, experiences a relatively low stress ratio. As
the pullout force is applied to displace the reinforcement, the sand immediately
adjacent to the reinforcement experiences a rapidly increasing stress ratio.
Once this stress ratio exceeds the critical state value, significant strains occur
in the sand immediately adjacent to the reinforcement. These strains are
contained within a mass of unyielding sand. Hence, he concluded that the
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pullout test does not model the action of reinforcement placed in sand
undergoing shear deformation. He also concluded that the apparent
coefficient of friction between sand and reinforcement derived from a pullout

test is not a fundamental parameter since it depends upon the stress level.

Ingold (1980) conducted pullout tests on both sand and clay reinforced with
different types of materials. He compared the interfacial shear stress and
normal stress behavior of reinforced soils in pullout tests with those in direct
shear tests and found that results from the two types of tests are similar to cach
other at a low normal stress level but different at a high normal stress level.
He also compared test results from both drained and undrained tests and
concluded that for undrained conditions, pullout tests in clay give a much lower
adhesion factor than direct shear tests likely duc to the relative stiffnesses of

the clay and the reinforcement.

Rowe et al. (1985) studied interfacial strength using both direct shear tests
and pullout tests. The apparent interfacial friction angle obtained from the
two types of tests on a natural fill (¢=31°) was nearly identical for the six types
of geotextiles. For Tensar SR2 geogrid, however, the friction angle from the
pullout test (18°) was much smaller than the angle from the direct shcar test
(30°) for the same soil, due to the different mechanisms involved in the two

different tests.

Costalonga (1988) carried out a series of pullout tests on a cohesive soil.
(Her work will be discussed in detail in the next chapter.) Geogrids, namely
Tensar SR2 and Signode TNX5001, were tested.  (Those geogrids were used in the
Devon test fill.) The load transfer method was employed to calculate the force
distribution and the results were compared with the actual test measurements.
She concluded that the load transfer method is suitable for predicting the
pullout mechanism of a soil-geosynthetic reinforcement systems. The tensile
modulus of a reinforcement material influences the pullout characteristics; the
higher the tensile modulus, the more efficiently the reinforcement develops
pullout resistance. The bond strength of the geogrid junctions appeared not to
affect the results of the tensile force distribution in the geogrids with the

cohesive soil used in the research.
Katagiri et al (1990) conducted pullout tests in a large scale shecar apparatus.
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Pullout shear stress versus shecar deformation were plotted for different normal
stresses. A linear rclationship between normal stress and pullout shear stress
was obtained. The inclination of the line from the origin to 1/2 the maximum
shcar stress in the pullout test was assumed to be the shear stiffness of
interaction, which varied with normal stress. A linear relationship between

shear stiffncss and normal stress was obtained for use in a finite element

analysis.
2.3 Soil Reinforcement Mechanism using Geosynthetics

Geosynthetics are used for soil reinforcement in two main categories:
reinforcing backfill materials and strengthening foundation soils. The
objectives of reinforcement are achieved by providing stabilizing forces and
improving soil strength through favorably altering the stress state in
reinforced soils. Ingold (1980) summarized some aspects of the changing
stress state. The friction between the reinforcement and soil due to lateral
movement provides a confining stress which decreases the diameter of the
Mohr circle. Within horizontally reinforced soil structures (the most common
situation), the assumption of vertical and horizontal stresses being principal
stresses is not correct, The horizontal reinforcement induces shear stresses
along the horizontal plane which then can no longer be a principal plane.
The strength increase can be expressed either as a pseudo cohesion, in the
case of tensile failure of the reinforcement, or as an apparent increase in
internal angle of shearing resistance of the soil when bond failure prevails.
More realistically, both of these modes of failure can be explained by an

enhanced internal confining stress developing in the soil.

The inclusion of reinforcement in soil masses also changés the deformation
pattern and failure mode. From the observation of the performance of
geogrid reinforced trial embankments in London clay, Irvin (1988) pointed
out that it was apparent that the geogrid reinforcement reduced the transfer
of horizontal stress from upper reinforcing levels to lower levels and modified
the mode of deformation. Edgar (1984) mentioned that the use of a rigid
geogrid mattress alters the direction of the normal slip circle failure surface
by forcing it to pass vertically through the mattress and, as a result, the slip

surface is forced into the deeper layers.
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Bonaparte et al (1987) performed extensive research on the mechanism of
soil reinforcement using geosynthetics. Different mechanisms  were
summarized and discussed, For slopes and retaining walls, the reinforcement
strengthens the structures by adding tensile resistance to the soil mass and by
increasing soil strength as a result of increased soil confinement. For sloped
soil layers, such as clay liners and ecarth covers, the reinforcement reduces or
prevents cracking and down slope movement of soil layers due to insufficient
frictional resistance. For cases of embankments over uniform wecak
foundations, reinforcement increases the bearing capacity factor of safety, by
lowering the horizontal load on the base of the cmbankment, and reduces
lateral spreading and cracking of the embankment. For cases of
embankments over locally weak foundations, the reinforccment bridges weak
spots in order to reduce the risk of localized failure and to reduce differential
settlements. For non-uniform foundation soil layers, the reinforcement
transfers stress away from zones of weakness, assists in soil arching and
redistributes the load within the soil mass. When placed at the base of a soil
structure, reinforcement reduces tensile strain at the bottom of the compacted
fill layer and, through stress transfer to the foundation soil, mobilizes the
shear strength of a large volume of the foundation soil. It also reduces lateral
and vertical aggregate and subgrade movements under highways and

railways.

Rowe and Mylleville (1990) studied the strain behavior of rcinforced
granular fills over soft clay foundations using a finite clement method. It was
found that for a soft plastic clay deposit, the failure height varies with the
allowable geotextile strain. Initially the strain of the geotextile increases
slowly with increasing applied load. However, once continuous plastic failurc
occurs in the underlying foundation soil, the reinforcement must carry any
additional applied load which must be resisted along the potential (failure
surface and, hence, the geotextile strains increase rapidly. It is obvious that
reinforcement reduces or prevents the expansion and progress of the yiclding
zones in weak foundation soils, especially in soiis showing brittle stress-strain
characteristics. Similarly, Jewell (1986) pointed out that when reinforcement
materials are placed at the base of embankments over weak foundations, they
improve the bearing capacity of the foundation soil. Rcinforcement forces
reduce shear loading and increase the normal effective stresses on the shear
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surface.

Milligan and La Rochelle (198:) explained in detail the effect of
rcinforcement on fills over weak soils. The reinforcement reduces splitting
of the fill and causes beneficial changes in the stress distribution in soft
foundation soils. Lateral movements of the fill and foundation soil mobilize a
tensile force in the reinforcement, which reduces the displacement and
consequently results in a lower shear stress at the interface. The inclusion of
rcinforcement prevents the rotation of the principal stress directions and may
influence the vertical stress distribution by the high rigidity of the
reinforcement. For reinforcement with low rigidity (conventional

geotextiles), the vertical stress distribution may remain practically

unchanged.

Chalaturnyk (1988) carried out a finite element analysis on a reinforced
cohesive soil embankment. The model embankment was built on a rigid
foundation. The geogrid, Tensar SR2, and the fill soil selected for the model
embankment are exactly the same as used in the Devon test fill and the
properties had been studied in detail by Hofmann (1988) and Bobey (1988).
The model embankment was 18 m high with 1:1 side slopes. The
reinforcement layers were placed horizontally with vertical spacings of 1 m.
The stresses in the foundation soil were initiated using the "turn on gravity"
method and the successive loads of the embankment were applied sequentially

at 1 m lifis of the fill soil and the reinforcement.

By comparing the stress field in a reinforced slope with that in an
unreinforced slope, Chalaturnyk found that a significant reduction of the
shear stress in the soil occurs due to the presence of the reinforcement. It
was further discussed that the major principal stress in the unreinforced and
reinforced slopes effectively remains the same. The minor principal stress,
however, is a much larger in the reinforced slope. The tensile stiffness of the
reinforcement allows the soil to sustain a higher confining stress, which
reduces the diameter of the Mohr circle, and consequently increases the soil
strength and safety margin in comparison with the unreinforced slope. It
was also mentioned that the presence of the reinforcement near the slope
surface provides an increased horizontal stiffness thereby eliminating the
development of tensile stress in the soil. It was concluded that the major
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contribution of the reinforcement in improving the behavior of a soil slope is
the addition of horizontal stiffness. Through increcased confining stresses
within the reinforced slope, the soil strength required to  maintain
equilibrium is reduced. Moreover, the horizontal stiffness of the
reinforcement reduces the horizontal strains in the soil although it does not
significantly affect the location of the peak horizontal strain. The
reinforcement produces a considerable reduction in the maximum tensile
strains but no appreciable change in the rotation of the strain axes in

comparison with the unreinforced slope.

Geosynthetics have also been used to reinforce foundation soils in road
design. Koerner (1990) outlined the mechanisms involved in the design of
paved and unpaved roads using reinforcement materials. Reinforcement s
used to increase the initial stiffness, provide confinement and increasc
strength, reduce cracking, spread loads and prevent loss of aggregates.

Detailed discussion is beyond the scope of this thesis.

Increases in resistance to failure of soil masses from carthquake forces
using  geosynthetic reinforcement is another important aspect of
reinforcement with a great potential for development. Unfortunately, only a
few research projects have been published in the litcrature, Bonapartc ct al.
(1987) and Fukuoka .t al. (1990), for example.

2.4 Limit Equilibrium Analysis and Design Methods for Reinforced Slopes

Limit equilibrium methods are the most commonly used approaches in
stability analysis and design of slopes, reinforced and unreinforced, becausc
of their simplicity. For unreinforced slopes, limit equilibrium methods arc
well accepted after having been used to design safe slopes for several decades.

Safety margins have been reasonably established through engineering casc

histories. Engineers have gained confidence in the methods in spite of the
well-known disadvantage that the deformation of the slopes cannot be assessed
by these methods. For reinforced slopes, however, the situation is different.

First of all, two types of materials, soil and reinforcement, are involved,
leading to substantially higher complexities. Failure modes are more variable
in reinforced slopes and, therefore, more assumptions have to be made in the
stability analyses. Moreover, in slopes containing two types of materials,
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strain compatibility and the degree of strength mobilization must be
considered and :he safety margin for the two separate materials must be
properly defined. These difficulties in the design of reinforced slopes have

been discussed extensively in the literature but remain unresolved.
2.4.1 Failure Modes and General Design Methodology of Reinforced Slopes

Bonaparte et al. (1987) divided the stability analysis of reinforced slopes
into two categories: internal and external stability. Internal stability refers to
the situation that potential failure surfaces intersect the reinforced soil body.
Internal failure may result from either reinforcement rupture due to
insufficient tensile strength of the reinforcing materials, or from pullout due
to insufficient friction or passive resistance in the resistant or active zones.
External stability refers to the situation where potential failure surfaces pass
around the reinforced soil mass which is considered as an equivalent

continuum having definable mechanical properties.

External stability of reinforced slopes can be analyzed using classic limit
equilibrium methods. The potential failure surfaces to be investigated include
those passing behind the reinforced soil mass, through the foundation soil and
along the interface between the reinforced soil mass and the foundation soil
(Bonaparte et al., 1987). In the analysis of internal stability, to account for
the interaction between soil and reinforcement, some assumptions have to be
made as to failure modes and slip surfaces of reinforced slopes, effects of
reinforcement forces on stability, mobilization cf soil strength, the tensile
strength of reinforcing materials, and stress distribution within the
reinforced soil mass. Different limit equilibrium analysis methods have been
developed based on various assumptions, but there are some general

procedures which most design methods follow.

For a slope with a single reinforcing layer, a general approach is
summarized, from Fowler (1982), Jewell (1986), Ingold and Miller (1986) and so

on, with the following steps:

1) Assume a failure mode (circular slip surface, bilinear surface, etc.),
establish equilibrium equations and calculate the reinforcement force
required to maintain equilibrium for a specified factor of safety. Analyze a
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series of potential slip surfaces and find the maximum required rcinforcement

force.

2) According to the slope geometry and soil propertics, estimate the working

strain of the reinforcement.

3) Based on the maximum required recinforcement force and estimated
working strain, choose a reinforcing material with such properties that the

short term and long term stability of the slope can be achieved.

4) Check the soil-reinforcement bonding and determine the minimum

embedded length of the reinforcing layer.

5) Check the external stability (or overall suability) for the slope
configuration and the reinforcement layout and check the bearing capacity of

the foundation soil if necessary.

For the situation of multi-layer reinforcement, Jewell et al. (1984) and
Schmertmann et al. (1987) suggested that the tensile force in the reinforcing
material should balance the horizontal force in the soil. The value of the
horizontal force in the soil can be locally estimated by assuming the product of
the horizontal stress in the soil, which is assumed to have a triangular
distribution with depth below the slope crest, and the vertical area of the soil
which the reinforcement layer has to stabilize. The spacings and properties
of the reinforcing materials are determined according to the calculated
horizontal reinforcement force. The factor of safety is then calculated using
a relevant limit equilibrium method for the propoced reinforcement layout. A
trial and error method is employed to achieve the desired factor of safety.  The
embedded length of the reinforcement and the overall stability are checked in

the same manner as outlined above.

Rowe and Soderman (1985) proposed another approach for the limit
equilibrium stability design of geotextile reiuforced embankments which also
employs finite element methods. The maximum height of an unreinforced
embankment before collapse for a certain condition is defined as the collapse
height. At the collapse height, the maximum strain occurring in a geotextilc
is referred to as the allowable compatible strain, which is determined by finite

element methods. After the collapse height and the allowable compatible
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strain are determined, the factor of safety for the reinforced embankment is
calculated for a reinforcing material with a certain tensile modulus. A trial

and error method is used to vary the modulus in order to achieve the specified

factor of safety.

Bonaparte et al. (1987) also examined stability design approaches for
reinforced walls using limit equilibrium methods. Similar to the methods for
rcinforced slopes, the stability problems of reinforced walls were divided into
two categories: internal and external stability. The wall and the reinforced
soil mass are assumed to behave as a rigid body in the external stability
analysis. Four failure mechanisms have to be investigated: 1) sliding along
the base of the reinforced soil mass or along any plane above or below the
base; 2) overturning about the toe of the reinforced soil mass; 3) a bearing
capacity failure in the foundation soil; and 4) a general slope failure. For the
internal stability analysis, the two most common approaches are the
semiempirical coherent gravity and the tieback wedge design methods. The
coherent gravity procedure refers to the kinematic mechanism for wall
movement being rotated about a hinged crest. The locus of the maximum
reinforcement tensile force is assumed to be a two-part surface and the
assumed earth pressure distribution along the two-part surface ranges from
an at-rest condition at the top of the wall to an active condition in the lower
portion of the structure. The tieback wedge procedure is related to the
kinematic mechanism of rotation about a hinged toe. It is assumed that the
shear strength of the reinforced fill is fully mobilized and the active earth
pressure is generated along the potential failure surface. The classical
Rankine failure surface is assumed to be the locus of maximum reinforcement
tensile forces. Two failure mechanisms, rupture of the reinforcing material
and pullout of the reinforcement from both active and passive zones, must be
investigated in the internal stability analysis. Further detailed discussion on
the stability design methods for reinforced walls is beyond the scope of this

thesis.

2.4.2 Factor of Safety

The concept of factor of safety for unreinforced slopes has been well
established and widely accepted in geotechnical engineering practice. "The
factor of safety is defined as the factor by which the shear strength
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parameters in terms of effective stress, ¢' and @', can be reduced before the
slope is brought into a state of limiting equilibrium." (Bishop and
Morgenstern, 1960). For reinforced slopes, however, this definition of the
factor of safety cannot simply be applied directly because two substantially
different types of materials, soil and reinforcement, are involved. The
uncertainties, which the factor of safety mainly accounts for, are different for
the two types of materials. Hence, how to establish the safety margin for the
two types of materials becomes an important consideration in the stability

assessment of reinforced slopes.

Jewell et al. (1984) suggested that the conventional definition of the factor
of safety can be adopted. The soil shear strength available to provide
equilibrium equals the peak strength for the soil divided by the overall factor
of safety; the reinforcement force for equilibrium equals the maximum design
value, which is determined from either strength of reinforcement or bonding
properties, divided by the overall factor of safety. A conventional overall
factor of safety in the order 1.3 to 1.5 is considered appropriate. Jewell et al.
also suggested that the safety margin may equally well be expressed in terms
of partial factors, that is, load factor and resistance factor, An additional
residual factor may be used to allow for the consequences of (failure,

uncertainties in analyses, etc..

McGown et al. (1984) recommended thai partial factors of safety should be
employed at each part of the stability calculation process in order to account
for factors such as variability of loads and materials, durability of materials,
lack of accuracy of the design model and influence of construction methods.
They further explained that for strain compatibility of the soil-reinforcement
system, partial factors of safety need to be considered for both the strength of
the reinforcement and the soil-reinforcement interaction coefficient used in
the design. The strength of the reinforcement is the product of the
operational strain and the isochronous stiffness of the material. The value of
isochronous stiffness should take account of not only the operational
temperature and design life of the structure but also the variability of the
materials and the variability caused by site damage during transportation and
field construction. Thus, partial factors of safety should be applied to the

material properties provided by the manufacturer.
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Christopher et al. (1990) discussed the safety of reinforcement materials.
The allowable tensile force per unit width of reinforcement, T,, should be

determined by considerations of the allowable elongation, creep potential and

possible strength degradation. For simplification, Ty can be expressed as
T, = Tyjt » (CRF)/ (FD » FC « FS) ¢ T; (2.1)
where,

Tyl = ultimate tensile strength from wide strip tensile tests (ASTM D - 4595)

Ts = long term tension capability of the geosynthetic at a selected design

strain (usually 5% or less)
FD = durability factor of safety (range from 1.1 to 2.0)
FC = construction damage factor of safety (range from 1.1 to 3.0)

FS = overall factor of safety to account for uncertainties in the geometry of
the structure, fill and reinforcement properties, and external loads

(should be a minimum of 1.5)

CRF = creep reduction factor (recommended 0.4 for polyester and 0.2 for

polyethylene)

Bonaparte et al. (1987) pointed out that since the soil and reinforcement
often exhibit markedly different stress-strain behavior, no meaningful
overall factor of safety can be defined for reinforced soil structures. An
approach that can be used is to apply partial factors of safety to each design
variable. Partial load factors can be applied to the soil weight, surcharge
loads, seepage forces and other load effects. Partial resistance factors can be
applied to the soil strength and reinforcement tensile force. However, in
applying partial factors in the stability design of reinforced slopes, there are
several drawbacks: 1) the procedure is not extensively used in geotechnical
practice; 2) it is more complex than using an overall factor of safety; and 3) it
is not yet well correlated with case histories and experience. Therefore, they
provided the following recommendations for incorporating an overall factor

of safety into reinforced soil design analyses:
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i. Do not factor the allowable tensile strength of the reinforcement with an

additional factor of safety.

2. For the evaluation of external stability, define the overall factor of safety

as the ratio of resisting forces or moments to the applied forces or moments.

3. For the evaluation of internal stability, apply thc factor of safety to the
soil shear strength parameters, ¢’ and tan @'.

Cheng and Christopher (1991) conducted a probabilistic study on the
stability of two geotextile reinforced slopes. The probabilistic techniques
were introduced to serve as supplements or complements to the existing
deterministic procedures of stability analysis. The input variables for the
analysis are treated as random variates represented by a mean value, a
standard deviation and a probability density function. Variables are
correlated to each other based on theoretical analysis. Factor of safety or
required reinforcement tensile strength, being a function of these random
variables, also become a random variable with a mean, standard deviation and
probability density function. The coefficient of variation for each variable,
such as soil and reinforcement properties, is evaluated based on the variability
of the properties, laboratory testing techniques and experience. The
coefficients of variation, together with correlations between variables, are
incorporated into stability analysis equations and the probabilistic factors of
safety are obtained. =~ It was found that when unrcinforced and reinforced
slopes are set to the same safety margin, that is, the same factor of safety with
different geometry and reinforcement layout, the estimated mean values of
the probabilistic factors of safety are almost identical to each other. However,
the unreinforced slope has a higher variability, while the reinforced slopes
have a much higher reliability index. In other words, if designed with the
same factor of safety, the reinforced slopes would actually be safer than the
unreinforced and flatter slope. Therefore, it was concluded that the practice
of assuming a reinforced slope is as safe as a flatter unreinforced slope with

the same factor of safety is correct and conservative.
243 Soil and Reinforcement Properties and Strain Compatibility

After problems are defined and the analytical method is determined in the
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design of rcinforced slopes, the next key step is to choose parameters
representing properties of the soil, the reinforcement and the interaction
between the two types of materials. Since the mobilization of the tensile
strength in reinforcement members is predominantly controlled by the
movement of the soil, the strain compatibility (or displacement compatibility)
becomes the main concern. Long term behavior of reinforcement materials

is another factor to be considered.

Beech (1987) argued that displacement compatibility must be accounted for
in two zones: at the intersection of the soil failure surface and reinforcement,
and along the embedded length of reinforcement beyond the failure surface.
The material properties of the reinforcement should be determined in such a
way that the tension in the reinforcement, which is require! to maintain
equilibrium, is obtained when the shear displacement of the soil matches the
tensile displacement of the reinforcement. Similarly, McGown (1984) pointed
out that strain compatibility of soil and reinforcement has to be checked. He
added that in most possible situations, strain at peak strength of reinforced
granular material (lateral tensile strain) is 8% at most, usually less than 6%.
So the reinforcement force, lying in or close to the direction of the principal

tensile strain, must be limited to the corresponding strain level.

McGown (1984) stated that the strength of the soil under various drainage
conditions is most commonly measured using triaxial or shear box apparatuses,
although many other methods are available. For compacted granular
materials, when the soil strains and its strength reduces from its peak value to
that at constant volume, the reinforcement mobilizes more force and the
whole system may remain in equilibrium. Hence for designs employing limit
equilibrium methods for soil-reinforcement systems, the mobilized strength of
compacted granular soils should be taken as their angle of friction at constant
volume. Bonaparte et al. (1987) and Schmertmann et al. (1987) argued that
both peak strength and strength at large strain can be used in limit
equilibrium analysis depending upon the anticipated strain level in

reinforced slopes.

McGown et al. (1986) mentioned that it is accepted that the interaction
parameters between the various materials be taken as their peak values.

However, there are substantial discrepancies in determining reinforcement
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properties. Reinforcement materials which are relatively inextensible and do
not creep are usually represented by the yield stress. The values are obtained
by tensile testing at constant rates of stress or strain. Relatively extensible
materials which do not creep can be tested in the same manner but there is no
agreement on the strain at which the limiting stress for the material should be
taken. For relatively extensible materials which do creep, the problems of
deciding upon the limiting stress is even more difficult as they possess a
complex stress-strain-time behavior. The methods of testing them neced to
provide data on their behavior under sustained loading conditions as occur in
the field.

A simplified approach of accounting for strain compatibility is to specify
the tensile strain of reinforcement according to the relative stiffness of soil
and reinforcement and the working load of the reinforced structure. Jewecll
(1986) suggested that it usually needs 3 to 5% tensile strain for a polymer grid
to mobilize working force in soil reinforcement. Fowler (1982) argued that an
average fabric elongation of 5% is desired, but 10% fabric elongation would be
acceptable. Wallace and Fluet (1987) pointed out that the short term strains
that are appropriate for the purpose of developing tensile force in geogrids
are in the order of 2%. Long term strains under working load, considering
creep, would be about 5 to 10%. Rowe (1989) compared the results from a
finite element analysis with a limit equilibrium analysis of a reinforced
embankment on a soft foundation with 2% or 5% specified reinforcement
strains. He concluded that the limit equilibrium analysis with 2% or 5%
specified strains was conservative. Due to the fact that the working strain of
reinforcement depends on the relative stiffness of the two types of materials,
it is difficult to directly compare different recommendations on the working

strains of reinforcement. Nevertheless, 5% is the value which seems to be

relatively well accepted.

The mobilized reinforcement force is a product of the working tensile
strain and the stiffness of the inclusion material. The stiffness of
reinforcement obtained from unconfined wide strip laboratory tensile tests is
often used in design. McGown et al. (1982) conducted in-soil tensile tests, at a
strain rate of 2% per minute and a temperature of 20°C, on different types of
geotextiles confined in a wuniform sand. It was concluded that highly
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structured non-woven and composite geotextiles significantly change the
shape of their load-strain curves when tested in-soil, while the woven
geotextiles with a simpler structural arrangement did not exhibit such a
change. Fannin and Hermann (1990) measured both loads and strains in
geogrid reinforcement layers in a reinforced steep slope of uniformly graded
sand. From measurements of forces and strains in the embedded reinforcing
layers, they found that the moduli of stiffness are compatible with data from
isochronous load-strain curves reported for laboratory tests on unconfined
samples. Such curves appear well-suited for interpretation of tensile
strength tests on polymeric reinforcement. From the limited literature, it
seems appropriate to use in design the load-strain relationship for geogrid

reinforcement based on isochronous load-strain curves from laboratory

unconfined tests.

Creep of polymeric materials is a well know phenomenon. McGown et al.
(1984) conducted a series of creep tests on polymeric geogrids and derived
isochronous load-strain curves to evaluate the time-dependent behavior of the
materials. Fannin and Hermann (1991) also studied the time-dependent
behavior of polymer grids based on the geogrid forces and strains measured ir
two instrumented reinforced test slopes. The measured increases of the strain
under a constant load were found to match weil with the values predicted
according to the isochronous load-strain curves established from laboratory
creep tensile tests. It was then concluded that the isochronous load-strain
curves are well suited for design criteria for long term creep if the creep
tensile tests are conducted under representative working conditions of load
and temperature. In design practice, the creep phenomenon is eliminated by
specifying a limit on the design strain of the reinforcement materials.
McGown et al. (1984) and Bonaparte et al. (1987) agreed that polymeric
materials do not tend to approach creep rupture when the strain is less than
10%. The value of 10% strain appears to be well accepted as a performance

limit strain.
2,44 Limit Equilibrium Stability Analysis Methods

As discussed before, the external stability of reinforced slopes is analyzed
using conventional limit equilibrium methods. The reinforced soil mass is

usually considered as an equivalent continuum with definable material
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properties. In the analysis of internal stability, however, some additional
assumptions have to be made to account for the effect of the reinforcement

layers.

Murray (1982) proposed an analytical approach of stability analysis on
reinforced embankments and cuttings using limit equilibrium methods. A
simple bilinear slip failure mechanism was assumed. A hyperbolic load-
deformation relationship for the reinforcing fabric was adopted and the
elongation of the fabric was specified to account for the strain compatibility
between soil and reinforcement. The maximum force developed in the fabric
equals the horizontal force of the soil within the spacing of adjacent fabric
layers. The factor of safety is expressed in terms of the resistance forces,
which include the contribution of reinforcement layers, divided by the
disturbance forces. A comprehensive series of analytical equations were
provided and their implications were illustrated. No attempt was made to
account for long term stability. Murray's work was modified and expanded by
Schneider and Holiz (1986). The contribution of the adherence resistance
provided by the reinforcement was accounted for differently. The interfacial
friction angle between soil and reinforcement ranges from half of the angle
of internal friction for granular soils up to the full value of the angle. The
initial stress parameter K and other design parameters were also discussed. To
facilitate the complex stability analysis equations, design charts were
developed and the procedures for using the charts were presented.

Jewell et al. (1984) carried out a comprehensive study on design methods
for steep reinforced embankments on relatively stiff foundations. A
computer program WAGGLE had been developed. Polymer grid reinforced
uniform cohesionless soil embankments with horizontal crests and slope
angles in the range of 30° to 80° were investigated. Internal failure and
external failure (sliding along an interface) mechanisms were examined. The
two-part wedge surfaces, which were suitable to check both mechanisms, were
assumed. This mechanism is simple because only force equilibrium needs to
be satisfied. It was argued that the current lack of knowledge about interslice
forces in reinforced soil makes a simple mechanism attractive. A
conventional factor of safety was applied to the peak strength of the soil. The

reinforcement force in each grid layer similarly equals the maximum value
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divided by the overall factor of safety. The design of a reinforcement layout
to give a desired overall factor of safety for a slope proceeds by trial and error.
The total number of reinforcement layers and their spacing can be arranged
to give more or less equal factors of safety for the two failure mechanisms,
internal and external failure, and their combination and to keep the total

quantity of reinforcement required to a minimum.

Design charts for steep slopes reinforced with polymer grids were
developed by Jewell et al. (1984) to provide quick solutions for preliminary
design purposes.  There are three main steps to use the design charts.  Firstly,
based on the force equilibrium of trial wedges, the maximum horizontal
reinforcement force required to hold the slope in equilibrium for a desired
safety margin is determined. Secondly, the minimum length for
reinforcement layers is determined according to the bonding characteristics
between the soil and the reinforcing inclusions. It was found that parallel
truncation generally yields a more efficient use of reinforcement and a
smaller quantity of materials to provide the desired factor of safety against all
potential failure mechanisms. Thirdly, a practical spacing arrangement is
derived to prevent any local overstressing ii. reinforcement layers. In other
words, the horizontal stress which needs to be balanced by each
reinforcement layer must not exceed either the tensile strength of the
reinforcement or the bonding strength between soil and reinforcement. (The
bond angle of friction was assumed conservatively to equal half the design
friction angle for the soil.) These three procedural steps satisfy basic

concerns in the design of reinforced slopes.

Jewell (1991) extended the previous work and provided revised design
charts for steep reinforced slopes. A wider range of slope angles from 30° to
90° is allowed. It was considered that the critical equilibrium for steep
reinforced slopes is usually governed by long term stability conditions, so the
soil strength is described in terms of an effective frictional shearing
resistance, (Q', c'=0). The large strain or critical state shearing resistance of
fill soils is recommended. It was found that for a compact fill reinforced with
polymer materials, the mobilized shearing resistance in the equilibrium
condition is almost certain to exceed the critical state value. The mobilized

reinforcement force, however, is almost certain to be less than the force
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calculated for equilibrium using the critical state friction angle of the soil. It
was also recommended that it is prudent in most cases to allow for some pore
water pressure arising during the life of the slope and long term equilibrium
pore pressures as high as ry=0.25 are possible in clay fill slopes. For polymer
reinforcement materials, the maximum tensile strain is limited o 3% or 5%
during the design life to cnsure satisfactory serviceability. Reference
properties provided by manufacturers (if only the mean or average valucs arc
quoted, they should be reduced by a factor of 1.15 to make them comparable to
the characteristic values) should be factored for mechanical damage,
environmental effects and material uncertainties and then used for design
purposes. Interaction parameters between soil and reinforcement were

discussed and steps for applying the design charts were described in detail.

Schmertmann et al. (1987) extended the work by Jewell et al. (1984). The

main effort was to obtain a general truncation of reinforcement layers rather

than the parallel truncation by Jewell et al. (1984). Two-part wedge, or
bilinear, models were employed for reinforced slope stability analyses. The
soil was modelled as a purely frictional material. All failure surfaces were
assumed to start behind the slope crest and pass through the toe. The

interfacial friction angle was assumed to be equal to 90% of the internal
friction angle of the soil and the interwedge friction angle equal to the
factored soil friction angle, rather than zero interwedge friction as assumed
by Jewell et al. (1984). A conventional factor of safety was applied to the soil

shear strength and interfacial bonding strength.

Design charts have been developed by Schmertmann et al. (1987) with the
goal of providing practical, yet conservative, design guidelines for geogrid
slope reinforcement. Three major ouiput parameters, total reinforcement
force and reinforcement lengths for the bottom and top layers, can be
determined from the design charts. The total reinforcement force was
determined based on force equilibrium in the two-part wedge and expressed
non-dimensionally as a horizontal reinforcement force coefficient K. The
ratio between the magnitudes of the two free-body reinforcement forces in
the two-part wedge was determined based on an assumed triangular
reinforcement tension distribution which increased proportionally with
depth below the slope crest. A search was required to find the critical

27



combination of node location and wedge angle and to obtain the largest total
reinforcement force. The length of the bottom reinforcement layer was
assumed to be controlled by external stability requirements. The length of the
top reinforcement layer would be controlled by internal stability
requirements, that is, the embedded length beyond the critical slip surface had
to provide sufficient bonding. The influence of assumptions regarding
interwedge friction, reinforcement force distribution and interfacial friction
was investigated and it was concluded that they do not have a significant effect

on the total reinforcement force for steep slopes but do have an effect on

reinforcement length.

Schmertmann et al. (1987) compared the results of the two-part wedge
analyses with results of other limit equilibrium methods, such as the Bishop
Modified Method with a circular slip surface and Spencer's Methods with non-
circular surfaces. They concluded that the variation in the total
reinforcement force determined by the different methods is within 10%, but
the lengths of the reinforcement layers from the various methods differ
significantly. This disagreement can be attributed to the different
assumptions on the shape of the failure surfaces and to the different methods

of including the reinforcement forces in the equilibrium analyses.

Jewell (1982) analyzed stability problems of reinforced embankments on
soft foundations using a limit equilibrium method. He examined three
principal failure mechanisms: internal, overall and foundation stability.
Circular slip surfaces and tension cracks in the embankment fill were
assumed. It was also assumed that the reinforcement force acts in the
direction along which the reinforcement was originally placed and it only
reduces the overall shear stresses carried by the soil without increasing the
overall normal stress in the soil. The factor of safety is given by the ratio of
restoring moments, including additional moments from the reinforcement, to

disturbing moments. For a specified factor of safety, the reinforcement force,
required to hold the slope in equilibrium for the critical slip circle, is
calculated using a trial and error technique. The material properties of the

reinforcement are then determined from considerations of strain
compatibility and of bonding characteristics between soil and reinforcement

for the limit state and the working state.
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Ingold (1982) conducted an analytical study on the stability of reinforced

embankments. Infinite slope failure and circular failure surface mechanisms
were examined. The former was to investigate the possibility of surface
planar slips. An analytical expression of the factor of safety is derived by
incorporating the reinforcement force into the well established infinitc slope
analysis method. The circular failure surface was to analyze the large scale
stability of the reinforced fill and the foundation. Bishop's method was
chosen as the basis for this analysis. First, the unreinforced embankment is

analyzed to determine the deficit between the obtained factor of safety and the
desired factor of safety. Reinforcement is then included to compensate for the
deficit. The reinforcement force, which was partially factored against tensile
failure and assumed to act horizontally instead of tangentially, provides an
additional resisting moment. The magnitude of the reinforcement force is
assessed on a trial and error basis to obtain the desired factor of safety.  Design

charts were given for some simplified cases.

Similarly, Duncan ct al. (1985) developed a computer program, STABGM, to
analyze the stability of reinforced slopes. Bishop's method was taken as the
basis of the analys:s. The reinforcement force, which acts either horizontally
or tangentially, provides an additional resisting moment against the circular
slip failure. The program is capable of accounting for various factors such as
pore pressure distribution, tension cracks, a rigid layer of foundation soil at a

certain depth, etc..

Ingold and Miller (1986) examined the short, intermediate and long term
stability of geotextile reinforced embankments on soft foundations.

Immediately after an embankment is built, only the undrained shear strength

of the foundation soil is mobilized to resist the embankment loading. The
factor of safety could be considerably below the desired value and
reinforcement may be required to provide additional stabilization. Bishop's

method, taking the undrained shear strength of the foundation soil, is used to
calculate the reinforcement force required to maintain short term
equilibrium with the desired factor of safety. In the process of consolidation,
the soil gains strength. On the other hand, the available tensile force in the
reinforcement may decrease due to creep-related behavior. These two

phenomena both develop with time. Therefore, it was suggested that the
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required reinforcement force, for a desired factor of safety after construction,
should be calculated using Bishop's method in terms of effective stresses. The
decreased required tensile force, due to the decrease of the pore pressure ratio
(Bishop and Morgenstern, 1960) during consolidation, is compared with the
decrecased available tensile force in the reinforcement creep curves to ensure
that the former is always less than the latter at any time during consolidation.
Since the strength of geotextile polymers decreases with time, the long term
stabi’ity of the embankment and the foundation should be designed based on
effective shear strength parameters, without reinforcement inclusions, such
that an adequate factor of safety is maintained against both shallow and deep

seated slips.

Leshchinsky and Volk (1986) proposed an analytical approach for the
stability analysis of reinforced earth structures. A variational limit
equilibrium method was used for the analysis and all global equilibrium
requirements are satisfied. A rotational failure mechanism and a log-spiral
failure surface were assumed. It was claimed that the collapse mechanism
defined by the log-spiral surface is identical to the admissible mechanism used
in the upper-bound theorem of plasticity. The objective of the analysis was to
determine the rainimum value of the factor of safety for a given reinforced
earth structure in which the tensile forces in the reinforcement are known or
specified. The reinforcement forces were assumed to be inclined so as to
contribute the most resistance, that is, orthogonal to the radius of the log-
spiral at their intersection when failure of the composite structure occurs. A
number of non-linear equations were derived based on equilibrium and
geometric conditions. -~ Unknowns were determined by solving the equations
and the result of the analysis is expressed as a stability number for a given
reinforced structure. After a series of trial calculations, the stability number
is expressed as a polynomial function of soil strength and reinforcement force
for a given slope configuration. It was additionally concluded that the
inclination of the reinforcement force influences the result of stability
analyses on reinforced cohesive soils, but it has little effect on cohesionless

soils.

The analytical approach for the stability analysis of reinforced eanti
structures was extended by Leshchinsky and Boedeker (1989). Both internal .
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and external stability were considered. It was assumed that the internal
failure occurs along a log-spiral surface. Only the pullout mode of failure was
considered for the internal stability and, therefore, the tensile forces in the
reinforcement were defined by the available pullout resistance of each
reinforcing layer. A bilinear slip surface was assumed for external stability.
Only force equilibrium was considered for the two failure mechanisms. Closed
form solutions were obtained and design charts were provided. If a multi-
layer system is used in a reinforced structure, a triangular distribution, that is,
zero at the crest and a maximum at the toe, was chosen to determine the tensile
force in each layer. It was suggested that the triangular distribution might
result in a conservative selection of geosynthetics for the bottom half. For
the upper half, an uniform distribution also should be used in the design
analysis to check that the upper reinforcement layers are firmly anchored

against potentially higher pullout forces.

Jewell (1990) examined different limit equilibrium methods for stability
analysis of reinforced slopes and pointed out that, for a conventional limit
equilibrium analysis, the logarithmic spiral and the two part wedge analysis
are satisfactory rigid body mechanisms because no assumptions are required
for their solutions. He further stated that, to maintain equilibrium of
reinforced soil slopes, the required forces calculated by a logarithmic spiral
analysis, which can be considered as an upper bound solution, on cohesionless
soil slopes are almost identical to the forces calculated by stress field analysis,
which can be considered as a lower bound solution. For cohesive soils, the
agreement between different limit equilibrium analyses, such as two part
wedge and logarithmic spiral mechanisms, provides confidence for the
stability analysis of reinforced clay soil slopes. Additionally, the length of
reinforcement layers required to satisfy overall equilibrium was discussed and
some suggestive comments on design charts for reinforced soil slopes were

made.

Sawicki and Lesniewska (1991) studied the stability of reinforced soil slopes
using a limiting plasticity approach. Reinforced soils are treated as
macroscopically homogeneous and anisotropic materials with the gross
behavior depending on the mechanical properties and interactive
contributions of the soil and the reinforcement. The yield condition for
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reinforced soils is expressed as a function of property parameters and stress
components. Governing equations, representing the yield conditions, the
flow rule and the equilibrium requirements, can be solved with the help of the
method of characteristics for a given geometry of the slope and respective
boundary conditions. From the numerical solutions, which are the so-called
lower bound estimates according to plastic limit theorems, the stress
characteristics, the slip surfaces and the applied external load under which
the slope would fail are determined for a given condition of slope geometry,
soil properties and reinforcement layout. The influences of the soil and
reinforcement properties on the shape of slip surface were examined. It was
found that the amount of reinforcement strongly affects the location of the
slip lines. The active zone expands with increasing values of reinforcement
force. The shape of slip lines for weak reinforcement may be approximated
by bilinear surfaces. For stronger reinforcement, however, the shape
becomes more and more curvilinear. After summarizing and evaluating a few
typical limit equiiibrium methods for analyzing the stability of reinforced
slopes, the authors claimed that the advantage of their approach is that the
slip surface is part of the solution rather than being assumed. They also
claimed that this approach is rigorous and provides a framework for

evaluating existing limit equilibrium models.
2.5 Finite Element Analysis on Reinforced Slopes

Finite element methods have been used by a number of authors to analyze
reinforced soil structures, such as reinforced slopes and walls. The main
advantage of these methods is that they provide a general view of the stress
and strain distribution within the reinforced soil mass. Another advantage of
the finite element method is that it can model incremental construction
procedures which is essential because soil behavior depends on stress history
and stress path. Other than the constitutive relationship of the soil, the
modelling of the interaction between soil and reinforcement is a key concem
in the finite element analysis. Finite element solutions are able to answer
questions such as mobilization of teasile force in reinforcing materials,
deformation of the reinforced soil structure, strain compatibility between soil
and reinforcement, failure modes, stress and strain localization within the

reinforced soil mass, etc..
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Andrawes et al. (1982) carried out a finite element analysis on soil-
geotextile systems. The soils were represented by triangular and quadrilateral
elements. A non-linear elastic hyperbolic model was used to represent the
soil behavior. Geotextiles were represented by straight line elements which
had no bending stiffness. Polynomial functions were chosen to simulate the
non-linear load extension relatior hips of the geotextiles. Soil-geotextile and
soil boundary interactions were assumed to be purely frictional and simulated
by spring elcments of zero length connecting the nodes of soil clements to
those of inclusion elements. A hyperbolic model was adopted to represent the
interface friction behavior. The finite clement solutions were compared with
the measurements from a model strip footing test on sand reinforced with a
non-woven melt-bonded geotextile. It was found that the finite element
procedure provided a good prediction of the behavior of the reinforced soil

mass before any locally developed failure occurred.

Rowe (1984), Rowe and Soderman (1985), Rowe and Mylieville (1990), and
Mylleville and Rowe (1991) carried out comprehensive finite element studies
of reinforced granular soil embankments on soft foundations. The soil was
idealized as a small strain nonlinear elastoplastic material with a Mohr-
Coulomb failure criterion and a nonassociated flow rule. The reinforcement
material was treated as a structural membrape with an axial stiffness and
negligible flexural rigidity. In the interface between soil and reinforcement,
the displacements were assumed to be compatible until the shear stress
reached the interfacial shear strength defined by Mohr-Coulomb criterion.
The fiil material was modelled to be placed in layers as different load steps.
The geotextile reinforcement was assumed to be pliced on the top of the
foundation soil over the entire width of the embankment, The soil-
reinforcement interface shear strength was assumed to be purely cohesive
when in contact with a clayey foundation soil and purely frictional when in
contact with a granular fill. Stress and strain distribution in the reinforced
embankment were obtained from the analyses and illustrated in terms of
velocity fields and strain contours, clearly showing deformation patterns,
stress localizations and the mobilization of the shear strength of the fill. The
results from the finite element analyses were compared with field experiments
and plastic solutions and the accuracy was found to be reasonable. From the
finite element analyses, the allowable compatible strain, that is, the strain in
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the soil when the unreinforced embankment approaches collapse, was
estimated. This strain could be used in evaluating the available tensile force

in the Treinforcement which then would be incorporated into limit equilibrium

stability analyses. Design charts were obtained from the finite element
analyses. Moreover, the influence of the tensile stiffness of the
reinforcement on the stability of reinforced structures was discussed. It was

found that the use of high modulus reinforcement changes the deformation
pattern and failure mode (bearing capacity type failure rather than failure
based on consideration of deformations), allows an increase in fill height and
significantly reduces the shear strains in soft foundation soils. This latter
change is especially important for soils susceptible to strain softening. From
their research, it is suggested that a limiting strain as low as 0.5%, rather than
2% as recommended in the literature for sensitive brittle soils, may be

necessary for high modulus geosynthetics to reduce shear strains in the soils

to an acceptable level.

Karpurapu et al. (1991) carried out a finite eclement analysis on an
incrementally constructed soil wall which is reinforced with Tensar Geogrid
BX1100 (SS1). The wall was constructed using four rows of 0.75 m high panels
and filled with uniformly graded washed sand. In the finite element analysis,
the soil was simulated using a modified hyperbolic constitutive model
characterized by a tangent Young's modulus, a bulk modulus and a dilation
angle. Bar elements were used to simulate the reinforcement layers and the
isochronous load-strain-time characteristics of the reinforcement were used
to develop a nonlinear force-strain model. The interface between the soil and
the geogrid was modelled using joint elements of zero thickness. The
maximum shear stresses in the joint elements were controlled by a Mohr-
Coulomb failure criteria and a perfect bond was assumed between ihe soil and
the grid when the shear stresses were within the failure envelope. The
results of the finite element analysis were compared with the measurements of
the wall and it was concluded that the numerical simulation correctly
predicted the general location and magnitude of peak grid strains. The
simulation over-predicted the distance of significant reinforcement strain
propagation into the reinforced soil zone. Hence, it is conservative in
estimating embedment length. The failure surface predicted by the finite
clement analysis was observed to be in good agreement with the excavated
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surface and was also consistent with the geometry of failurec predicted by the

Coulomb wedge method.

Matsui and San (1988) conducted a finite clement stability analysis on
reinforced slope cuttings. An elastoplastic joint element was derived based on
the Coulomb yield criterion to account for the slippage between soil and
reinforcement. Along a trial slip surface, the local factor of safety, which is
defined in terms of principal stresses and shear strength parameters of the
soil, can be calculated at different points and the average factor of safety of
the slip surface is determined from the results of the finite element analysis.
The overall stability of the reinforced slope cutting is then evaluated by
comparing the results for possible potential slip surfaces. In addition, the
shear strength parameters of the component materials arc incrementally
reduced by dividing them with a common reduciion ratio to trace the

development of the failure slip surface in the slope.

Taki et al. (1988) performed finite element analyses on cohesive soil slopes
reinforced with a biaxially stretched polymer grid. An clastoplastic mode! was
used assuming that the integrated mass of grid and soil forms a complete
elastoplastic body. The Drucker-Prager constitutive relationship was adopted
for the soil and the grids, laid horizontally in layers in the fill, were modelled
as spring elements of the elastoplastic type. The results of finite clement
analyses were shown as: deformation patlterns, vector diagrams of principal
stresses and contours of local factors of safety. The results were compared
with measurements of large scale model tests and it was found that the
conformity of calculated displacements and grid strains with measured values
were satisfactory. The development of eclasto-plastic zones in the finite
clement analysis were also confirmed by the model observations. It was,
therefore, concluded that the finite element analysis is a useful tool to solve

the reinforcing mechanism of grids in an embankment.

Chalaturnyk (1988) carried out a comprehensive study on a reinforced
cohesive soil (silty clay} embankment using a total stress, plane strain finite
element method. The model embankment with a height of 18 m and side slopes
of 1:1 was built on a rigid foundation and reinforced with a polymer grid
material, Tensar SR2. Seventeen layers of geogrid were laid horizontally at a
vertical spacing of 1 m. The finite element analysis was conducted
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incrementally with each load step representing the placement of a 1 m lift of
soil. A hyperbolic elastic model was adopted to simulate the constitutive
relationship of the soil. A nonlinear quadratic reinforcement model was used
to represent the load-strain behavior of the geogrid. No interface elements
were provided to allow relative movements between the soil and the
reinforcement. The results from the finite element analysis were presented
as: velocity fields and contours of strength mobilization, maximum shear
strains and displacements. Profiles of the reinforcement loads in reinforcing
layers at various fill heights were also illustrated. The stress and strain fields
in a reinforced slope were compared with the fields in an unreinforced slope
and it was found that the beneficial effects provided by the presence of
reinforcement in the soil slope were obvious. By providing a horizontal
tensile stiffness within the soil mass, the reinforcement not only reduced the
mobilized deviatoric stress by allowing the soil to sustain a higher confining

stress, but also reduced strains in the soil mass, especially the horizontal

strain.

Chalaturnyk also conducted limit equilibrium analyses on the geogrid
reinforced embankment using the Bishop Modified Method. The results were
compared with the results from the finite element method and the following

conclusions were drawn:

1) The differences in how the reinforcement force was incorporated into
the limit ecquilibrium analysis and how the force was oriented significantly
affected both the overall factor of safety and the location of the critical

potential failure surface.

2) By ignoring the favorable change of stress state due to the higher
confining stress provided by the reinforcement tensile stiffness, the Bishop
Modified Method (and other limit equilibrium methods) calculates a

conservative factor of safety for the reinforced soil slope.

3) For reinforced slopes with uniformly spaced reinforcement, the
conventional constant load distribution will provide satisfactory values for the

factor of safety.

4) The choice of a circular slip surface as a failure mechanism within
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reinforced soil slopes is reasonable.  The points of maximum load in cach layer
of reinforcement follow a circular arc pattern within the slope and
correspond very closely with the skape and location of the critical slip surface
predicted by the Bishop Modified Method.

5) The maximum reinforcement load does not occur in the lowest

reinforcing layer.

It is important to note that the above conclusions were obtained from a
finite element analysis on a specific slope with a certain configuration,
reinforcement layout and material properties. One should be cautious in

applying these conclusions to other cases.
2.6 Full Scale Tests on Reinforced Slopes

Limit equilibrium and finite element methods analyze the behavior of
reinforced soil slopes from different perspectives, providing useful tools for
design purposes. However, these analyses are based on assumptions dealing
with failure modes, strain compatibility, deformation patterns, constitutive
relationships of materials, interaction between soil and reinforcement, and so
on. It is essential that these assumptions be justified in engincering practice,

especially by well instrumented full scale field tests.

Barsvary et al. (1982) reported on the instrumented ficld behavior of two
reinforced cmbankments on soft foundations. Geotextiles were used as
separation and reinforcement members at the base of two highway
embankments. Details about design considerations, material properties and
construction procedures were discussed. Elongation of gcotextiles, secttlecments
and pore pressures were measured and trenches were excavated through the
fill one year after the construction to examine the geotextile materials and to
evaluate the performance. From the field observations and measurements, it
was found that geotextiles functioned well in both separating the fill materials
from the soft foundation soils and reinforcing the embankments by providing
a resisting moment against a rotational failure and restraining the fill from

lateral sliding.

Bassett and Yeo (1988) described the performance of the Stanstead Abbotts
trial reinforced embankment. The instrumented trial embankment was a
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London clay fill founded on soft alluvial clay deposits and reinforced with a
layer of polymer grid, Tensar SR2, placed at the base of the embankment.
Load cells and Bison strain gauges were used to measure loads and strains in
the gcogrids. Soil deformations and the pore pressure response were
monitored using inclinometers, horizontal profile gauges and piezometers.
The mecasured loads in the geogrid developed rapidly during construction but
surprisingly continued to increase with time under the subsequent constant
load condition. A dilemma occurred when the strain increased from 2% to 3%
while the load in the geogrid at the same position increased from 14 KN/m to
16 KN/m. The measured strains were compared with the strains interpreted
from the measured load at the same point and the isochronous curves of the
geogrid material. It was found that the correspondence was good. The strains
in the geogrid were also compared with the strains in the foundation soil and a
close relationship was found which implied little or no slippage between the
reinforcing layer and the underlying foundation soil. From the comparison
of field measurements in the trial embankment with predicted reinforcement
forces using different conventional and numerical approaches, it was
concluded that the slip circle analysis was not satisfactory for the case of a
wide load on a shallow foundation. It was also concluded that the accuracy of
numerical predictions depended on suitable parameters rather than on the
sophistication of the computing mode! and the worst part of the predictions

was the drainage behavior.

Humphrey and Holtz (1986) summarized 37 case histories of reinforced
embankments on soft foundations. The embankments were typically
constructed of granular materials; only a few embankments were built using
fine grained soils. In many cases, geotextiles, woven or nonwoven, were used
to provide an additional separating effect, other than the reinforcing
function, to reduce intrusion of fill materials into the soft foundation soil.
Geogrids were used as reinforcement only in a few cases. In field
construction, when the foundation soils were very soft, the fill was usually
placed starting at the outside edge and then working inwards in order to fuily
mobilize fabric tension. For stronger foundations, fill placement proceeding
outwards from the center was successful. Measured strains in the
reinforcement varied over a wide range. After the end of construction, the

strains were observed to increase with time in some cases and decrease in
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others, due to consolidation or lateral creep deformation of the foundation
soils. The strength of reinforcement samples excavated from embankments
some time after construction was found to be 0 to 50% less than the original
values. Three types of failures were observed: 1) cxcessive deformations
because of a too low reinforcement modulus; 2) slope failure or excessive
deformations due to tensile failure of the reinforcement; and 3) excessive
deformations caused by geotextiles pulling apart at overlapped points or sewn

scams.

Based on the 37 case histories, Humphrey and Holtz discussed the cffcct of
reinforcement on stability of embankmenis. Except in two cases, the majority
of the embankments were stabilized by the inclusion of reinforcement (in one
case the reinforcement showed no effect and in the other the reinforced slope
even failed at a lower height). The calculated increase in the factor of safety
ranged from 5% to 34% for different undrained shear strengths of foundation
soils. Finite element analyses indicated that reinforcement is more effective
for lower strength soils. From the plot of the embankment hecight against the
undrained shear strength of the foundation soils, it was found that the three
examples of unreinforced embankments which failed fitted a straight line
defined by conventional bearing capacity theory. The stable unreinforced
embankments plotted below the line. Five reinforced cembankments that
failed fell on another straight line, which is above the line for the
unreinforced cases. The stable reinforced embankments plotted below the
second line. This comparison appears to indicate that reinforced
embankments can, under some circumstances, be constructed up to 2 m higher
than predicted by conventional bearing capacity theory. This conclusion is
supported by four cases in which reinforced embankments were constructed

0.9 to 2 m higher than companion unreinforced embankments which failed.

Miki et al. (1988) conducted large scale experimental studies on polymer
grid reinforced embankments. Test embankments, 3 m high with 1:.0.7 side
slopes, were constructed of silty and clayey sand and reinforced with a
polymer grid, Tensar SS?. The length and the number of geogrid layers were

varied to evaluate the mechanism of reinforcement. The model embankments
were tested under artificial heavy rainfall conditions to study the ecffect of the
reinforcement. Strains in the geogrid layers and scitlcments of the
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embankments were measured and field observations were continued with time

as the amount of rainfall accumulated. Finite element analyses with a
Drucker-Prager soil model and elastoplastic spring geogrid elements were also
carried out for the purpose of comparison. From the field observations,
measurecments and numerical analyses, some conclusions were drawn. When
the length of - "7 -~ing layers is small compared with the height of the
embankment, . mal stability is the governing factor; otherwise,
internai stabilt- e+ the controlling factor. Horizontally laid multi-
layer gecos:iii . . :antly reduce the deformation in the reinforced zone.
The results of ... finite elemsnt analyses were in close agreement with the
field observations and measurements. Surface erosion was a common problem

for slopes with different reinforcement layouts.

Taki et al. (1988) carried out a full scale test on a polymer grid reinforced
embankment. The test embankment, 14 m high and founded on a relatively
rigid foundation, was constructed of sandy or silty clay and reinforced with
biaxial polymer grids. There are five sections in the embankment. Three
sections are reinforced respectively with one, two and four grid layers in a
continwous pattern and one section is reinforced with five grid layers in a
checkered pattern. The remain section of the embankment is unreinforced.
Each reinforced section of the embankment is 10 m wide and the width of the
unreinforced section is 15 m. The test embankment was constructed to the
designed 14 m height with an initial side slope of 1:1.2 and then cut to a
finished slope of 1:0.5 for the lower 6 m and 1:0.8 for the upper 8 m.
Reinforcement layers were only placed in the lower 6 m of the fill soil and the
upper 8 m of fill was constructed as a surcharge. The test embankment was
monitored using strain gauges, displacement bars, settlement plates,
inclinometers and ecxtensometers. Strain gauges attached to the geogrids
showed that the grid strain became higher as it approached the slope surface.
When grids were laid in several rows, the upper ones had higher strain values
than the lower ones. The measured horizontal displacements of both the
slope and the internal earth decreased as the number of reinforcement layers
was increased. When the lower 4 m of the fill was cut to vertical, failures
were observed in the test embankment. It was found that the larger the
number of the reinfoicing layers, the deeper and more severe was the sliding.
Grids were observed to break near the sliding surface. Just before sliding, the
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horizontal displacement increased to 10 cm and the maximum grid strain to 2 to
3% which was the limir of the strain measurement, The strain at 1.5 m from
the inner end of the grid was found to be as small as 0.1 to 0.3% indicating that
the length of the grids was sufficient. The test scction rcinforced with five
layers of grids in a checkered pattern was the only section which did not fail.
This result indicates that an embankment with the reinforcing grids laid in a

checkered pattern is effective from the structural point of vicw.

Hayden et al. (1991) presented a case history of a high clay ecmbankment
with geogrid reinforcement. The embankment, 244 m long with a side slopc of
2:1 and a maximum fill height of 23.2 to 24.4 m, was part of a highway. The
borrow soiis were highly plastic clays with plasticity indices of 20% to 40% and
a potential for expansion or swelling. The undrained shear strength of the
fill was determined from laboratory tests on compacted samples and cffective
shear strength parameters were estimated based on literature data and back
analyses of existing slopes in the area. The long term stability was considered
as the most critical situation and the minimum factor of safety for all slope
stability analyses of the critical sections was taken to be 1.3. The embankment
was reinforced with different geogrid materials placed in continuous
horizontal layers. Design strengths of the reinforcing materials took into
account the potential for site damage, material deterioration and crecp. The
shear strength efficiency factor along the interface between the fill and the

geogrids was assumed not smaller than 0.7.

Limit equilibrium methods were used for the stability analysis of the
reinforced embankment. An extended version of Bishop's modified method of
slices for circular potential failure surfaces was used for the analysis of
internal stability while the Janbu method of slices was used for the external
stability with non-circular, compound failure surfaces. The main goal of the
reinforcement design process was to achieve an optimal layout of reinforcing
layers with a minimized reinforcement cost for the required minimum factor
of safety. For the final design of the geogrid reinfor.ement within the full-
height of the clay fill, the project was successful with a savings of about $1.1

million (US) over conventioral options.

The embankment was monitored during construction. The

instrumentation included extensometers., inclinometers, scttiement stakes,
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strain gauges and piezometers. Extension strains in the soil, ranging between
0 and 0.8% werc in good agreement with the tensile strains, which were less
than 0.5% at most locations, in the geogrids. Strains near the slope surface
were larger than at locations deep in the embankment. This fact was believed
to be related to the expansive nature of the clay soils which had access to
moisture at the slope face. The locations of high lateral displacement,
measured by vertical inclinometers, happened to fall fairly close to the critical
circle predicted by the limit equilibrium method. Even though  the
implications of this interesting comparison were not clear, it appears to be
potentially useful and might eventually reveal something about the
relationship between ficld behavior and limit equilibrium design procedures
for reinforced soil structures. From the field measurements and analyses, it
was concluded that the small deformations in the soil and the geogrids
indicated satisfactory overall performance of the embankment and relatively
low levels of load in the geogrid reinforcement. The performance data
indicated that deformation has not ceased and it was expected that this large
plastic clay embankment would continue to deform as a fully drained soil

loading condition gradually developed.

Irvin (1988) presented comprehensive studies on the field behavior of

geogrid reinforced soil embankments. A 3 m high instrumented trial
embankment, which was founded on and constructed from silty clay (London
clay), was built and tested to failure. The trial embankment consisted of four

sections: 1:1.5 side slope and unreinforced, 1:1.5 slope and reinforced with 2
layers of Tensar SR2 grid, 1:0.5 slope and reinforced with 3 layers of SR2 grid,
and 1:1 slope and reinforced with 3 layers of SR2 grid. The sections were
paircd back to back and separated by sheet pile cut-off walls to reduce
construction costs. Geogrid layers in each reinforced section were placed
horizontally and wrapped around the slope surface to form envelopes. The
construction of the embankment was completed in four weeks and compaction
problems were experienced on the steeper, geogiid reinforced slope faces
where it proved impossible to achieve effective compaction to the edge.
Various instruments, magnetic extensometers, hydrostatic profile gauges,
piczometers and survey points, were used to monitor the performance of the
embankment, The instrumentation was designed to provide data on the

stability of both reinforced and unreinforced slopes, the deformations and
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failure modes of geogrid reinforced cmbankments, the pore pressure
distribution and the influence zones of geogrid layers. Unfortunately, the

strains of the geogrids were not measured.

Hydraulic surcharge loading was applied to different sections of the trial
embankment. The loading was divided into two phases, pre-critical loading
and post-critical loading, in 0.2 to 0.5 MN increments. The response of the
slopes to the pre-critical loading was characterized by small quasi-clastic
deformations, small internal deformations and profile changes and limited
time dependent deformation under constant load. The response to the post-
critical loading was characterized by significant elastic and plastic
deformations per increment of applied load, high non-lincar stress-
deformation response, large internal and surface deformations, significant
time dependent deformation and development of shear planes. Failure of the
test slopes was characterized by rapid increases in the internal deformations,
in the horizontal movements of the embankment face and by a residual load

appreciably lower than the peak.

From the comparison of field observations and measurements between

reinforced and unreinforced slopes, Irvin summarized these common fcatures:

1} During dismantling of the trial embankment, it was found that the
inclusion of geogrid layers modified the orientation of induced shear plancs.
Two shear planes, one deep seated and passing through the toe of the slope and
the other encountering the face of the slope at approximately mid-height,
were identified in the unreinforced slope. In reinforced slopes, induced shear
surfaces generally formed adjacent to the base of each geogrid cnvelope and
were confined within individual geogrid envelopes. There was no indication
of the shear planes intersecting the geogrid or of shear planes between

adjacent geogrid layers.

2) Examination of measure. displacements indicated that both
unreinforced and reinforced slopes deformed by similar amounts under
approximately equal applied loads. The inclusion of geogrid ecnvelopes
increases the ultimate load, under which the slopes fail, by reducing the
transfer of horizontal stresses and displacements from one envelope to

another. The inclusion of geogrid reinforcement layers does not contribute
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much to the overall strength of slopes until the soil had sheared sufficiertly to

tension the geogrid.

3) Two distinct phases of displacement were apparent for the unreinforced
slopes. All movements are relatively small up to an applied critical load after
which the displacement increases rapidly and distinct shear planes develop.
The behavior of the reinforced slopes is characterized by three phases of
deformation. Small internal and surface displacements up to the critical load
are followed by large horizontal displacements of the fill and the formation of
shear planes adjacent to the base of the upper geogrid envelope. The s6ii then
moves outwards along the induced shear planes and tensions the geogrid on
the face of the upper envelope, which experienced the greatest displacement
under loading. These effects occur sequentially down the emban'ment from
one grid envelope to another. The large displacements in the lower geogrid
envelopes occur only when the fill within the upper envelop & has sheared,
the geogrid on the slope surface has been tensioned and the fill material
within it has been constrained. It is apparent that the geogrid has less effect

if it is placed only in horizontal layers rather than in the form of envelopes

which constrain the fice of the slope.

4) According to the field observations during testing it is apparent that
shear of the fill material occurs above and adjacent to the base of the top
geogrid envelope. There was no evidence to suggest shear between the base

of the upper geogrid and the top of the lower geogrid.

5) In the reinforced sections with steeper side slopes (1:0.5, for example),
the initial movement, before the critical loading, was essentially uniform
throughout the embankment and was followed by rapid sequential
deformation in each of the geogrid envelop:s. In other words, the large
displacements in the upper geogrid envelopes were closely followed by large
displacements in the lower envelope. This action can probably be explained
by the stress distribution induced in the embankment. The dispersal of the
vertical stress in the steeper reinforced slopes is likely not as much as in the
flatter ones. Consequently, the lower geogrid envelopes reach their critical

load under a lower applicd load and develop significant movements more

closely following that in the upper envelopes.
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6) Large post-critical deformation occurred when the wvertical stress,
acting on each geogrid layer, corresponded to the undrained shear strengih of
the clay fill, indicating that the inclusion of gecogrids docs not inhibit the
onset of large displacements but does contain thesec after the geogrid material
at the face %®ccomes tensioned. Hence, the overall critical load for a
reinforced slope depends on the number of geogrid envelopes and the slope

getmetry .

7)  Geogrid layers do not provide preferential drainage paths by which

porewater pressures are more readily dissipated.

After testing, the trial embankment was sectioned to examine induced
shear planes, check the integrity of the geogrid fabric and retrieve samples of
the geogrid for testing. It was found that bonding between the geogrid and
the clay fill was good and damage to the geogrid during construction was
minimai. The geogrid showed little evidence of deformation, even in the

zones of excessively large horizontal displacements.

Fannin and Hermann (1988, 1990) rcported on an instrumented steep sloped
reinforced soil wall in Norway. The reinforced wall (2V:1H) with a height of
4.8 m was built of uniformly graded medium to fine sand and founded on
gravelly sand. It was reinforced with Tensar grid SRS55 as primary
reinforcement and Tensar grid SS1 as intermediate reinfercement. The test
wali consisted of two sections with different geogrid layouts to examine the
influence of reinforcemert length and spacing ( 0.6 to 1.2 m) on stability.
The geogrid layers were placed horizontally and fixed to lightweight facing
units of steel mcsh at the surface of the slope to retain the soil and prevem
surface erosion. Load cells, coil gauges and earth pressure cells were used to
measure forces induced in the geogrid layers, strains in the geogrid layers and
in the adjacent soil and earth pressures in the reinforced soil mass.
Displacements at the slope surface were monitored to define the movement of
the slope in qualitative terms. The field instrumentation was operated in
three stages of testing: self-weight loading, a single load-unload cycle of
surcharge of 29 kPa and a permanent surcharge composed of a 3 m high berm

of soil on the cresi.
Profiles of strains measured in the geogrid layers showed that larger
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strains occurred near the slope surface where the grid was connecied ¢ ihe
facing units, and the strains ~creased to zero at the embedded ends. The
magnitude of the strain was typically small and did not exceed 0.27 fir self-
weight loading and 1.3% for permanent surcharge loading. During the
permanent surcharge loading, the largest increases in the reinforcement
force were recorded in the uppermost layers and the smallest increases in the
base layer. From the field observations and the measurements of strains and

forces in the reinforcement and the soil, Fannin and Hermann summarized

the following features of the reinforced wall:

1) A comparison of measured strains in the geogrid with the strains in the

soil shows a good agreement, indicating a good interlock between the geogrid

and the surrouuding soil.

2) A non-uniform spacing of primary reinforcement, in which the
spacing between geogrid layers near the base of the slope is smaller, is

observed to promote a uniform distribution of force in the layers of

reinforcement. In contrast, a uniform spacing of reinforcement mobilizes
greater forces in the lower/middle layers then in the middle/upper layers of
reinforcement. It implies that there s no significant movement in

translation of the reinforced zones; rather each lavei cf reinforcement

accepts the lateral stresses acting above and below it

3) The in-situ modulus of stiffness of a geogrid, which is confined in the
soil, can be calculated based on the measurements of forces and strains in the
cmbedded reinforcement. The caiculated modulus of stiffness appears to be
compatible with the value from isochronous load-strain curves reported for

laboratory tests on unconfined samples.
4) Creep is observed to take place in the reinforcercnt.

Fannin and Hermann (1988) described another instrumented test
embankment with a height of 6 m and a side slope of 2:1.  Four layers of Tensar
SR2 grid were used as primary reinforcement, arranged and spaced based on
the iimit equilibrium design method of Jewell et al. (19€4). Tensar grid SS1
was used as secondary reinforcement to provide additional local stability.
Primary reinforcement layers were placed horizontzily and wrapped around
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the slope surface to form discretc cnvelopes of enclosed soil layers. The
comparison of measured grid strains with strains expected in the
reinforcement (from the Jewell et al. design mecthod) shows that this limit
equilibrium approach makes a significant overprediction of the strains

actually mobilized in the reinforcement,

Considerable research has been peiformed on insirumented reintorced

walls. Berg et al. (1986) presented two casc historics of reinforced soil
retaining walls. Design, construction and performance of the walls were
discussed. The walls, up to 6 m high, were built using granutac back fill

reinforced with a polymer grid, Tensar SR2, and piecast full or incremental
height concrete facing panels which werc set and bolted on to leveling pads.
Reinforcing layers were placed horizontally with vertical spacing varying
between 0.3 m and 0.9 m and pretensioned. The technique of connecting
reinforcing layers to the facing panels was described in detail. Different
factors of safety were chosen in the design against rupture, pullout of
reinforcement and sliding, bearing capacity, overturning and global failure
of the walls. Facing panel movements of the two wal.s were monitored and it
was found that the observed movement, a rotation about a hinged toc, was
consistent with the assumed kinematic mechanism of the tie-back wedge
analysis. Horizontal soil stresses were measured using load cells to cvaluate
the magnitude of pressures exerted on the facing panels and on the pinned
geogrid connections. It was found that near the toe of the walls, the mcasured
values approached the values predicted with the tie-back wedge analysis:
elsewhere, the measured lateral pressures were substantially less than the
predicted maximums. Strains, measured using resistance gauges, indicated a
distribution of peak geogrid strains that defined an approximaie wedge. The
measured geogrid strains, less than 1% at al! levels, were smaller than thosc
corresponding to the reinforcement tensile forces predicted with the tie-back
wedge analysis. Deformations measured using inductance coils at thrce levels
also indicated a line of maximum strains at an angle from the vertical. It was
suggested that the use of the tie-back wedge method with a trapezoidal vertical
pressure distribution, conventional factors of safety, well compacted granular
fills and polymer strengths based on pure crecp loading criterion, might be

conservative.
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Thamm et al. (1990) described a full scale test on a reinforced retaining
wall, The trial 3.6 m high wall was backfilled with gravely sand and
reinforced with geogrid Tensar SR2. The geogrid layers were laid
horizontally and wrapped around the wall surface. After construction the
wall was loaded stepwise to failure. Limit equilibrium tnethods with wedge
failure and slip circle failure mechanisms and a plane strain finite element
method were used to anmalyze the  stability of the reinforced wall. Various
instruments were installed to measure the strains in the geogrid layers and
the earth pressure within the reinforced soil mass. The horizontal and
vertical deformations of the wall face were monitored by inductive
displacement transducers. From the measurements up to the failure load, it
was found that the maximum displacement occurred at the middle height of the
wall and the failure appeared to be rotational, along a circular or spiral
surface. When the wall was loaded near failure, measured horizontal earth
pressures showed that the influence of the applied load was mainly restricted
to thc upper part of the wall. Similarly, the uppermost layer of geogrid
developed the largest strain while the bottom layer had the least. From the
comparison of the analytical analysis results with the field observations and
measurcments, it was found that the wedge mechanism reasonabiy predicted
the failure load for reinforced structures subjected to high surface loads. The
slip circle analysis overestimated the failure load by around 20% but the
failure surface seemed to fit field data well.  The two dimensional elastoplastic
finite clement analysis suitably predicted the load-deformation behavior at
load levels up to 80% of the failure load but the prediction of strains in the

reinforcement was not satisfactory.

Simac et al. (1990) carried out a full scale test on a 6.1 m high reinforced
wall. The waii was built of well graded sand and gravel and reinforced with
layers of the biaxia! gevgrid, Miragrid 5T. The wall was designed with a low
factor of safety (1.1 without surcharge loading) to maximize strains and loads
in individual reinforcing layers. After construction, the wall was tested by
applying an inclined 2.1 m high surcharge. The performance of the wall was
monitored using various instruments: strains gauges, earth press Js,
inclinometers and extensometers. Measurements by the vertical
inclinometers and the external survey showed that the maximum horizontal

movement occurred on the top of the wall and that a strain magnitude greater
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than 1.0% was enough to create an active state of stress in the soil mass.  This
implies that reinforced soil walls may be designed based on the limit
equilibrium model of a tie-back wedge. The strains in the geogrid layers,
measured by both strain gauges and extensometers, indicated that the
maximum strain occurred at the middle lower height of the wall. The
measurements of grid strains appeared to fit the typical behavior for
extensible type reinforcement. The reinforcement tension mobilized along a
log spiral at low strains and degenerated to a Rankine failure mode as the
strains increased and limit equilibrium was approached. Comparison of the
predicted magnitude and location of the maximum geogrid force with the ficld
measurements indicated that the Rankine stress distribution appears to be
most appropriate for the magnitude and location of the maximum

reinforcement force.

Kutara et al. (1990) conducted full scale tests on two reinforced
embankments and a reinforced wall. The embankments, 6 m high with 1:1
side slopes, were constructed with s:liy sand and reinforced with a biaxial
polymer grid, Tensar SS2, laid horizomally at different vertical sparings. The
wall, 6 m high with a 1:0.2 slope, was constructed using the same fill material
and reinforced with a uniaxial polymer grid, Tensar SR55. After the
constriction of the wall and embankments was completed, they were tested at
three stages. A 3 m high vertical embankment was built on top of each
reinforced structure as a surcharge. The structures were then submerged in
water up to 5.25 m above the base. Finally, the water level was suddenly
lowered after several days of submergence. Settlements at the crest and
strains in the geogrid layers were measured during the threce stages of testing.
It was found that the reinforced structures responded to the rapid drawdown of
the water table more than to the surcharge and submergence. The maximum
settlement increased from 130 mm after submergence to 400 mm at the end of
the drawdown. ie maximum strain in the geogrids was 0.3% for the
embankments and 1.0% for the wall after submergence. It then increased
rapidly and exceeded 2%, which was the measuring limit for the strain gauges,
during the drawdown. It is interesting to note that, for all three reinforced
structures, the maximum strain appeared to occur at the third geogrid layer
from the top, while the strain in the bottom grid layer was always

significantly smaller than in the layers above.
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Field observations and measurements were compared with results of
analytical analysis: rotational slip method for the embankments and two-
wedge limit equilibrium method for the wall. Kutara et al. summarized their
discoveries. For a reinforced embankment, if it is designed by a rotational slip
method, with a factor of safety above 1.3 and a design tensile strength for the
reinforcement of 40% of the breaking strength, the strain in the reinforcing
material would be minimized. If it is designed with a factor of safety of about
1.2, the strain in the reinforcement could exceed 1%. Thus, when a rotational
slip method is used in a stability design for a reinforced embankment,
assuming 40% of the breaking strength as the design tensile strength of the
reinforcing material, it is desirable to assure a factor of safety of 1.2 to 1.3.
For the design of reinforced walls, the two-wedge method with a factor of
safety of about 1.5 appcars to be appropriate. The rotational slip method
provides conservative resulis. When cohesive soils are used as fill materials,
the assumption ¢=0 leads to a considerable conservative design and, therefore,
is inappropriate. In all cases, the rapid drawdown of the water table

significantly decreases the factor of safety and increases the strain in the

reinforcing materials.

Burwash and Frost (1991) reported a 9 m high reinforced retaining wall

constructed on very stiff low plastic clay till and backfilled with low plastic

cohesive soil similar to the foundation soil. The wall had a facade of H-pile
and timber lagging and was reinforced with up to 10 layers of Temsar SR2
geogrid with lengths up to 6.8 m. Signs of distress in the wall, such as
settlement and cracking of the ground surface, were first observed in one
section of the wall 16 months after the wall was compleicd. Slope indicators
placed on the outside face of the wall showed that the facade continued
rotating about the toe. It was found through boreholes that the clay backfill

in that section had softened to a depth of about 3 m. The water content of the
clay fill measured 30 months after completion of the wall was 1.5 to 3% above
the optimum or 5.5 to 7% above the placement water content. The saturation
of the clay fill occurred by ponding of surface runoff near the face of the

wall.  The other section of the wall performed satisfactorily. It was postulated
that the clay fill behaved as cohesionless backfill until saturated when its
strength was significantly reduced. The geogrids were then subjected to

excessive strains to compensate for the resulting loss in strength.
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Rimoldi (1988) summarized nine instrumented case histories of reinforced
soil structures, two steep slopes, one embankment on a weak foundation and six
vertical walls. Most of these structures were constructed with granular soils
and reinforced with a polymer grid, mainly Tensar SR2. The performances of
the reinforced siructures were monitored using various instruments, such as
strain gauges, extensometers and profile gauges, load cells, and piczomelers,
The objective was to evaluate some major concerns in design practice, such as
stress distribution in the reinforced soil mass, kincmatic mechanisms, tensiie
force distributions along each geogrid layer and long term performance of
reinforcing materials. From the review of these case histories, suggestions

were made on several aspects:

1) Anticipated geogrid strains, estimated according to design charts, are
usually significantly greater than measured values, for overall factor of safety
ranging from 1.1 to 1.7. This overestimation occurs especially for cohesive

soils where the cohesion is generally ignored for long term stability analysis.

2) If high line loads are applied on the top of reinforced structures, it is
better to have more geogrid layers near the top than scquired by current

design methods.

3) For reinforced slopes, the tensile force has a smooth distribution along
the geogrids.  The maximium value is not at the base but in one of the middle or
lower layers. The larger the slope angle, the closer the peak strain location is

to the slope surface.

4) For vertical walls with a low magnitude of surface surcharge, the tensile
force smoothly increases from the top layer to the bottom one and the locus of
the maximum tensile force is a line coinciding with the Rankine failurc

surface.

5) For vertical walls with a large surcharge, the tensile force diagram has
a pronounced peak and the upper layers are in more tension than the lower

ones; the locus of maximum tensile force is a line close to vertcal,

2.7 Summary
Based on the discussion in the previous sections of this chapter, some major
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findings are summarized from the literature review.

2.7.1 Soil Reinforcement Mechanisms

1) The effect of the reinforcement depends upon the orientation of the
rcinforcement inclusion. The reinforcement increases the strength of the
reinforced soil when placed along or close to the direction of the principal

tensile strain and weakens the soil otherwise.

2) The friction between the soil and reinforcement due to lateral movement

provides a confining stress in the soil.

3) For slopes and retaining walls, the reinforcement strengthens the
structures by adding tensile resistance to the soil mass and by increasing soil
strength as a result of increased soil confinement. The reinforcement also
reduces the transfer of horizontal stress from upper levels to lower levels and

modifies the mode of deformation.

4) For am embankment on a soft foundation, the reinforcement increases
the factor of safety for bearing capacity, by lowering the horizontal load on
the base of the embankment, and reduces lateral spreading and cracking of
the embankment. Even though the reinforcement may not reduce the total
settlement of the embankment, it bridges weak spots, transfers stresses away
from locally weak zones in the foundation and assists soil arching to reduce

the risk of localized failure and reduce differential settlements.
2.7.2 Properties of Soil and Reinforcement and Their Interaction

1)  Strain compatibility between the soil and the reinforcement must be
considered. A simplified approach of accounting for strain compatibility is to
specify the tensile strain in the reinforcement according to the relative
stiffness of the soil and the reinforcement and the working load of the
reinforced structure. A range of 2% to 5% tensile strain in the reinforcement

is widely accepted.

2) For geogrid materials, it is appropriate to determine the tensile farce in
the reinforcement using the load-strain relationship based on isochronous

load-strain curves from laboratory unconfined tests.
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3) The isochronous load-strain curves are well suited for use in design
against long term creep provided the tensile creep tests are conducted under

representative working conditions of load and temperature.

4) For fill materials, both peak strength and strength at large strain can be
used in limit equilibrium analysis depending on the anticipated strain level in
reinforced slopes. For long term stability consideration. the strength at large

strain should be used in design.

5) The longitudinal stiffness of the reinforcement has a significant cffect
on the stress-strain properties of a reinforced soil mass, whereas the bending

stiffness does not have an important influence.

6) There are three main mechanisms of soil-geogrid interaction: (a) soil
shearing on plane surfaces of the geogrid which are parallel to the dirccticn
of relative movement of the soil; (b) soil bearing on surfaces of the geogrid
which are substantially normal to the direction of relative movement of the

soil; and (c) soil shearing over soil through the aperture in the gecogrid.

7)  The apparent interfacial friction angles (between soil and gecogrid)
obtained from direct shear tests are different from those obtzined from pullout

tests.

2.7.3 Limit Equilibrium Analyses and Factor of Safety

1)  The stability problems of reinforced slopes can be divided into two
categories: internal and external stability. Internal failure may result from
either reinforcement rupture or pullout of reinforcement due to insufficient
friction in the resistant or active zones. External stability of reinforced slopes

can be analyzed using classical limit equilibrium methods.

2) Circular and bilinear slip surfaces are the two common failure
mechanisms assumed in internal stability analyses of reinforced slopes using
limit equili~#m methods. A variational limit equilibrium method with a log-
spiral failure surface has also been proposed. The variation in thc total
reinforcement force (required to maintain a desired factor of safecty)
determined by the different methods is usually small, but the lengths of the

reinforcement layers predicted by the various methods differ significantly.
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3) According to finite element analyses, the choice of a circular slip surface
as a failure mechanism within reinforced soil slopes is reasonable. However,
by ignoring the favorable change of stress state due to the higher confining
stress provided by the reinforcement tensile stiffness, limit equilibrium

methods calculate conservative factors of safety for reinforced soil slopes.

4) The value of the horizontal force in the soil can be locally estimated by
assuming the product of the horizontal stress in the soil, which is assumed to
have a triangular distribution with depth below the slope crest, and the

vertical area of the soil which the reinforcement layer has to maintain.

5) The conventional definition of the factor of safety can be used in
stability analyses of reinforced slopes. Both the soil shear strength and the
allowable design reinforcement force, which is determined from either the
tensile sirength of reinforcement or bonding properties. are divided by an
overall factor of safety. A conventional overall factor of safety in the order
1.3 to 1.5 is considered appropriate. Partial factors of safety are also

recommended to account for variations in the two different types of materials

and for strain compatibility.

6) According to a probabilistic study, if designed with the same factor of
safety, a reinforced slope would actually be safer than an unreinforced and
flatter slope. Therefore, the practice of assuming a reinforced slope is equally
safe as a flatter unreinforced slope with the same facior of safety is

appropriate but somewhat conservative.

2.7.4 Performance of Full Scale Reinforced Slopes

1) The magnitude of the tensile strain developed in the reinforcement
depends on the geometry of a reinforced slope, layout of reinforcement layers
and properties of the soil and the reinforcement. For slopes constructed with
cohesive soils, the measured maximum tensile strains in the reinforcement are
less than 2% to 3% at failure; for granular soil slopes, the maximum strains are
generally less than 1%. Anticipated geogrid strains, estimated according to
design charts, are usually significantly greater than measured values for

factors of safety ranging from (.1 to 1.7.
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2) Reinforced embankments can, under some circumstances. be constructed
up to 2 m higher than predicted by conventional bearing capacity theory for
unreinforced slopes. The reinforcement is more effective for lower strength

soils.

3) The inclusion of geogrid layers in a reinforced slope modifics the

orientation of induced shear surfaces.

4) For a case of a reinforced slope constructed with silty clay (London clay),
both unreinforced and reinforced slopes deformed a similar amounts under
equal loads. The inclusion of geogrid increases the ultimate load by reducing
the transfer of horizontal stresses and displacements from upper levels to

lower levels.

5) When high external loads are applied on the top of reinforced soil
structures, it is better to have more geogrids layers near the top than rcquired

by current design methods.

6) The maximum value of tensile strains in reinforcement layers in a slope
is not at the base but in one of the medium-low layers. The larger the slope

angle, the closer the peak strain location is to the slope surface.

7) Measured tensile strains in geogrids are in good correspondence with the
strains interpreted from the measured loads and the isochronous curves of the
geogrid material. In other words, the insitu modulus of stiffness of a geogrid,
which is confined in the soil, is compatible with the value from isochronous

load-strain curves reported for laboratory tests on unconfined samples.
8) Interlock between geogrids and the surrounding granular soil is good.

9) When an expansive soil is used as the fill material, strains near the slope

surface are larger than at locations deep in the embankment.

10) The strength of reinforcement samples excavated from embankments

some time after construction could be 0 to 50% less than the original values.

11)  Geogrid layers do not provide preferential drainage paths by which

pore water pressures are more readily dissipated.
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Chapter 3. Devon Geogrid Test Fill

3.1 Introduction

Slope reinforcement using geosynthetics is a relatively new construction
technique developed during the past two decades. In order to achieve a better
understanding of the reinforcement mechanism in cohesive soil slopes and to
provide guidance for future design practices, the Devon geogrid test fill was
constructed beginning in 1986.  The test fill, 12 m high with 1:1 side slopes, is
located near Devon, Alberta, approximately 30 km south west of Edmonton.
There are four sections in the test embankmewni (Fig. 3.1), three are reinforced
with different types of geogrids, namely Tensar SR2, Signode TNX5001 and
Paragrid 50S, and the fourth slope is unreinforced. This chapter summarizes
the properties of the fill, the foundation soils and the geogrids. Then, the
propertics of interaction between the two types of maierials are presented.
Finally, the details of the construction and the field instrumentation of the test

fill are described.

Since the primary objectives of the test fill were to determine how
individual layers of geogrid reinforced a mass of cohesive soil and to measure
the stress transfer between the soil and the geogrids during the construction
of the embankment, the slopes were designed with a low factor of safety so that
lateral strains in the soil would develop thus mobilizing the tensile resistance
of the geogrids. To ensure that lateral strains occurred and to ensure that
each reinforcing layer acted independent of the others, only three primary
reinforcing layers spaced at 2 m were installed in the 12 m high fill (Fig. 3.2).
This low number of geogrid layers was chosen so that both the local and
overall stability of the slope was maintained while allowing the soil to deform.

3.2 Properties of Soils

The properties of the fill and foundation soils were studied by Hofmann
(1989). Drained and undrained triaxial compression tests were carried out on
compacted samples of the soil used to construct the fill and Shelby tube and
block samples of the foundation soils. The main results of Hofmann's studies
are summarized in the following sections and details of the laboratory testing

are given by Hofmann (1989).
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3.2.1 Properties of Foundation Soils

Details of the bedrock and surficial geology in the Devon area are given by
Gabert (1968). The bedrock in the area is the lowest member of the Upper
Cretaceous Edmonton Formation with alternating bentonitic carbonaceous
shales and light grey sandstones containing coal seams. The deposits above
the bedrock consist of three major geological units. The soil immediately
above the bedrock is sands and gravels, deposits of the North Saskatchcwan
River. It was overlain by glacial basal till.  This till is composed of materials
from large granite boulders to fine silty clay and is heavily overconsolidated.
A glaciofluvial deposit, well-bedded silts, sands and gravels, was sandwiched
into the till as the glacier retreated and advanced again. This was then
overlain by the glaciolacustrine sediments of Lake Edmonton. These
sediments range from well-bedded sand, silt and clay to 1ill-like materials
deposited by melting of ice floating in Lake Edmonton. The geological history
of the glaciolacustrine deposit suggests that the soil is normally consolidated.
This layer of sediment at the location of the test fill, however, may have

become overconsolidated 45 sand dunes formed and moved :cross tke arca.

Boreholes were drilled at the test fill site using a wet ratary drill rig which
allowed Shelby tube samples, 73 mm in diameter by 610 mm long, to be iaken.
A typical borehole profile of the foundation soils is shown in Figure 3.3. The
upper most 4.6 m of soil consists of a brown sandy silt to silty clay with some
grey pockets.  Block samples were taken fron: this layer of soil at a depth 4.5 m
below the ground surface. The average SPT (standard onenetration test) blow
count in the upper soil indicates that the material is of medium consistency.

The variation of water content with depth suggests the presence of a

desiccated crust near the surface. The groundwater table is 5 m below the
ground surface. This upper soil is underlain by a stiff to very stiff clay till
which is heavily overconsolidated. The till is then uaderlain by a very densc
sand beyond a depth of between 9 and 10 m from the ground surface. From

the geological profile of the surficial sediments, it was obvious that the
deformation of the foundation soils due to the construction of the test
embankment would mainly occur in the glaciolacustrine deposits. Therefore,

the studies focused on the upper most silt or silty clay.
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The upper soil has an average water content of 32%, liquid limit of 37.2%
and piastic limit of 23.9%. The dominant particle size of the soil is silt waile
the clay sizes are only 10 to 20%.  According to the results of X-ray diffraction
tests, the clay fraction contains up to 50% il'ite and up to 60%
montomorillonite. Field observation in two test pits i:dgicated vertical fissurss
at a spacing of 10 to i5 cm and horizontal fissures at a spacing of about 15 cm.

‘e

The former seems to be related to some degree of stress relief and the ‘sir:

associated with the nature of the lacustrine deposit.

Consolidation tests on the foundation soil were conducted using a floating-
ring oedometer, 25.4 mm high by 63.5 mm in diameter. The test were carried
out on both block and Shelby tub:s samples. The specimens were subject tc a
load sequence which was carefully chosen svch that the estimated
preconsolidation stress of approximately 350 to 500 kPa could be well defined.
A seating load of 5 kPa wac applied to each speciinen before . . dial gauge was
set to zero and the specimen was then ioaded to the in-situ vertical effective
stress. The specimens were allowed to consolidare or swell for 24 hcurs under
each load increment. The vertical strains of each specimen versus time were
plotted as log-time and squaic-root-time consolidation curves and the time to
complete 90% of the primary consolidation was obtained. Due to the fact that
the immediate deformation and the primary consolidation of the specimens
took place within several minutes after each load, the log-time consolidation
curves werec essentially straight lines which indicated secondary
consolidation. Thus, it was only possible to determire the coefficient of
consolidation, cy, from the square-root-time plots for ecach load step.
Moreover, it was difficult to calculate cy fromn the consolidation curves at low

normal stresses and the accuracy of the calculated cy is questionable.

The results of the consolidation tests of thc upper foundation soil are
summarized in Table 3.1. It was observed that the primary consolidation was
complet: within several minutes. Even though the drainage paths in the field
are much longer than in the laboratory, the consolidation of the foundation
soil would occur as the embankment was constructed slowly. In other words,
high excessive pore water pressures would not be expected to develop in the

foundation soil.
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Bas~' or the above consolidation characteristics, consolidated undrained
triaxia’ <% with pore pressure measvrements were conducted on  saturated
5Gil specim+:. 76 mm long by 38 mm in diamecter, obtained from both block
and Shelby tube samples. Back pressures of 300 APa and 400 kPa were used
rex;, ~ively for the block samples and thc tube samples and the specimens
were sheared at a displacement ratc which gave a strain rate of 5.5% per hour.

The specimens showed eivher a hyperbolic or an ciastic-perfcctiy piasiic

stress-strain.  behavior, Therefore, the failure was defined by the maximum
principal effective stress ratio. The pore pressure during shcaring were
positive indicating compression of the soil througi:nut the test. Skempton's

pore pressure parameter at failure Ag tended to increase from 0.1 under a low
confining stress to 0.83 under a strcas of 275 kPa. A summary of the results of

the consolidated undrained triaxial test are presentcé in Tahle 3.2
3.2.2 Properties of the Fill Soil

To meet the design requiremen: that the fill soil Jcforms sufficiently to
induce strain in the geogrids, the upper mosi foundation soil, silty clay which
is relatively soft, in the test <i.ec azrcx: was selected as the material to construct
the cmbankment. In order to characterize the physical propertics and the
stress-strain  behavior of the fill material, large ba; samples were remeved
from the borrow area. During the construction of the embankment, Shelby
tube samples, 254 mm in diameter, and a large bag sample were removed from
the compacted lifts of fill to determine the propertics of the soil actually placed

during the construction.

The Atterberg limits and grain size distribution for the fill soil arc shown
in Table 3.2 and the grain size distribution curves arc given in Figure 3.4.
Even though the plastic index and the percentage of clay sized particles of the
soil from the borrow site are higber than the values of the soil from the test
fill, both soils are classified as inorganic clays or silty c¢lays of low to medium
plasticity, accordirig to the Unified Soil Classification System. Compaction tests
of the fill material were conducted by Bobey (1988) using both the kneading
and the dynamic methods. ''e two compaction methods resulted in essentially
the same rclationship between dry density and water content. The

compaction curves of the fill material were established using the kneading
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method and are shown in Figure 3.5.  The optimum water content is 20.5% and

the maximum dry density is 1.68 g/cm3.

In order to determine how the strength and stress-strain behavior of the
fill soil varies with chonges in water content and density, unconfined
compression ‘csis  of compacted fill soii samples were conducted on specimens

with a water costent ranging between 14% and 22% and a dry density between

1.49 and 1.6% gjcm3. The specimens were prepared using  kneading
compaction technique. Two 39 i sier diameter Shelby tubes were pushed
into each compaction sample mould and spccimens were extruded. The stress-

strain curves from the unconiined compression tests vary from one specimen
to orhers as the water conten. changes. The specimens compacted at water
.onten:s less than 18% exhibited brittle stress-strain curves, while the
specimens compacted at waicr contents grealer than 18% c<nowed a slightly
plastic stress-strzin behavior until the maximum shear stress was reached at
larger stiains and then gradually dropped off. Again, to satisfy the design
-cquirement that the fill deforms extensively without undcrgoing shear

failare, the fill soil had to be compacted wet of its optimum water cuitent of

20.5%.

Th~ variation of the maximum undrained shear strength with changes of
water -u..ent is iilustrated in Figure 3.6. The maximum shear strength of the
¢oil increases with incrrasing water content up to about 16.5% and then
decreases rapidly with further increase in water content. According to the
variation in the undrained shear strength, the water content for field
compaction was specified at between 22% and 24% (dry density ranging from
1.66 to 1.59 g/cm3) such that the corresponding undrained shear strength
would be between 6C and 40 kPa yielding a factor of safety against a shear

failure in the 12 m high embankment, immediately after construction, of

slightly greater ihan 1.0.

Unconsolidated undrained triaxial compression tests were conducted on
Shclby tube specimens obtained from the compacted fill in the field to
determine the variability of the actual shear strength throughout the
embankment. The specimens were taken from the bottom 3 m of the
compacted fill soil at different locations and elevation levels. Some specimens

were saturated using a back pressure to examine the effect of the saturation on
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the undrained shear strength of the .2t soil. The specimens were sheared at a
ratc of 0.76 mm/min. The results of the unconsolidated undrained triaxial
tests are compared in Table 3.4, The undrained shear strengths of the
unsaturated specimens, subject to the same confining stress, showed a
considerable amount of scatter, indicating the importance of moisture control
in the fill construction to maintain a homogencous shear strength within the
test embankment. The tests conducted on the back pressure saturated
specimens showed that neither the undrained shear strength nor the stress-
strain behavior was affected by saturation, most likely duc to the fact that the
average degree of saturation of the soil compacted in the ficld is 92%.

Unconsolidated undrained triaxial tests were also conducted or laboratory
compacied samples prepared from the fill soil. The soil was compacted using
the standard kneading methed at water contents betweer 22% ard 24% and test
spccimens were extruded from: 38 mm diameter Shelby tubes which had been
pusked inte: the compaction sample mould. The specimens were saturated
under a back pressure of 600 kPa and were sheared at a displacement rate of
(.76 mm/min. The specimens tested uncdecr confining stresses of 80, 160 and
240 kPa showed approximately the same stress-strain behavior, deviator
stresses increasing with strain to large strain values. This stress-sirain
behavior of the fill soil indicates that the test fill slopes may decform

considerably in their undrained state before consolidation commeaces.

Consolidated undrained (riaxial compression tesis with porc pressure
measurements were conducted on the fill soil to cvaluate the pore pressure
response during shear. The specimens were prepared, at an average water
content of 24%, in the same manner as those prepared for the unconfined
compression  Iests. The specimens were ailowed to saturate under a back
pressure of 400 kPa for 24 hours prior to consolidation. The consolidativa
phase under a predetermined stress gave an average tgp of 55 minutes and an
average coefficient of consolidation of 4.14 x 103 cm2/s. Once primary
consolidation was complete the specimens were sheared at a displacement rate
of 0.15 mm/min. without allowing drainage while the internal porc pressures
were recorded. Failure of the specimens was defined by the maximum

principai effective stress ratio. (The strains at failure defined by the
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maximum principal effective stress ratio are about 6% smaller than the failure

strains defined by the maximum deviator stress.)

Table 3.5 summarizes the results of the consolidated undrained tests. The
stres¢-strain curves genecrally show a strain-hardening behavior. There is an
initi~! steep portion in cach stress-strain curve which gives a high tangent
moduius; beyond about 2% strain, the stress rises slowly with increasing strain
to failure. Peaks in the deviatcr stress of the specimens consolidated above
150 kPa can be observed in the stress-strains curves. The slress-strain curves
of the samples consolidated at stresses less than 150 kPa, however, do not
exhibit a peak in the deviator stress even up to 24% strain. Corresponding to
the stress-strain curves, the por~: pressures in the specimens rise sharply
below 5% strain and then slowly decresse with increasing strain throughout
the rest of the test. The prr pressures developed during shearing increase
with 1ncreases in confining stresses. Skempton's pere pressure param-‘. %
failure, Af, increases approximately iinearly from about 0.02 to 0.5 ..o

increasing confining pressure.

The results of the consolidated undrained tesis were interpreted using the
total and effective stress p-q plots and the strength parameters were obtained.
The total and effective stress friction angles calculated from the slope of the Kf
lines were 17.6° and 28° respectively; the cohesive strength ranges from 23 to
24 kPa in terms of total stress and from 8 to 14 kPa in terms of effective stress.

To evaluaic ihe long terts stress-strain behavior of the fill soil, consolidated
drained triaxial tests were carried out. The so0il was compacted at an average
water content of 21% which was 2% lower than that used for thc consolidated
undrained tests but close to the placement water content of the bottom 3 m of
soil in the embankment. The specimens were prepared in the same manner as
those prepared for the unconfined compression tests, saturated with a back
pressure of 600 kPa, consolidated under different cell pressures and then
sheared slowly under drained conditions while volume change measurements
were recorded. The stress-strain curves of the consolidated drained tests
appear to be hyperbolic, again indicating a strain-hardening behavior. The
curves of volume change versus axial strain show that the specimens first
contracted and then dilated at high strains. This behavior agrees well with

the pore pressure response in the consolidated undrained tests. The results of
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the drained tests were tepresented in the total/effcctive stress p-q plot and the
strength parameters were obtained from the Kg line. The cffe. ive stress
friction angle ranges from 27° to 28° and the cohesive strength varies from 23
to 27 kPa.

3.3 Properties of Geogrids

Three types of high tensilc strength geogrids, Tensar SR2, Signode TNX5001
and Paragrid 50S, werc used as reinforcing materials in the tcst fill, Their
physical pronerties provided by the manufacturers are summarized in Table
3.6. Before the geogrids were used in the test fill, wide strip tensile tests were

conducted on the materials and the results are given in Figure 3.7.

Tenszr SR2 grids. uniaxially oriented and made by Tensar Corp., are
probably the miost - .dely used geogrids for soil reinforcement. The grids
begin as a sheet with uniformly pre;:: .ch=¢ holes. The sheet is then stressed
in the longitudinai direction and, consequentiy, the holes arc clongated in the
longitudinal direction. The final draw ratio of about 8:1 causes ibe high
density polyethylene to go into a post-yield state: its molecular structure is
highly elongated and in a preferential state so that the strength, modulus and
resistance to creep are increased dramatically over the original non-deformed
material. This product has desirable properties for applications in which the

major principal stress direction is known, such as reinforced slopes and walls.

Signode TNX:001, rectangle grids and a product of ITW-Signode Corp., is
made from polyester strips. The longitudinal and transverse strips are
ultrasonically bonded to one another forming the junctions. Similar to the
Tensar SR2 grids, Signode TNXS5001 grids are used when the major principal
stress direction is known. Unfortunately, the production of this material was

kalted by thc manufacturer after it was incorporated in the test fill.

Paragrid 50S, square grids and marketed by Mirafi Inc., consists of high-
tenacity polyester filaments held together by a polypropylene sheath. At the
joints between the longitudinal and transverse ribs, the contacting
polypropylene sheaths are melt-bonded to one another. There were defects in
the Paragrid material supplied and placed in the test fill. It was found during

laboratory tests that some of the high strength fibers in the tension members
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were weakened or damaged at the intersections of the grids. This damage was
most likely caused by overheating of the polypropylene sheath during the
welding process. Because of the defects, the strains developed in the gcogrids

arc highly localized as will be discussed in more detail in subsequent chapters.

Other than the primary reinforcing materials mentioned above, Tensar SR1
and SS1, Signode TNX250 and Paragrid 5T grids were used in the three
rcinforced sections of the test fill as secondary reinforcing materials to
provide additional reinforce:nent against shallow slope failures and failures of
the stcep soil slopes caused by the heavy equipment during the constructic
process. Those geogrids were not instrumented and, hence, detailed

discussions on the properties of the secondary reinforcing materials are

beyond thc scope of this thesis.
3.4 Interaction between Soil and Geogrid

When a soil structure is reinforced with a geosynthetic material, the force
in the reinforcement is mobilized by the soil movement through shearing
along the interface between the soil and the reinforcement. Therefore, the
inicraction between the two materials becomes a key factor to understand how
the recinforced structure behaves. There are three mechanisimis involved
when reiative movements occur along the interface between soil and geogrid.
They include interfacial shearing between the soil and geogrid, shearing
between soil and soil in the open areas and bearing resistance of the soil
against the anchor (transverse) members of the geogrid. These threc
mechanisms do not occur simultaneously at all locations along the interface.
Different mechanisms are involved at different locations, such as within the
active zone or resistant zone, of a reinforced soil structure.  More details of the
various mcchanisms and their involvement within reinforced slopes will be

discussed in later chapters.

There are mainly two types of laboratory tests, the direct shear test and
pullout test, used for studying the interfacial characteristics between soil and
geogrid. Direct shear tests evaluate the overall interfacial shearing while
pullout tests examine shearing between soil and geogrid and the bearing of
the soil against anchor members. These two types of te.ts were conducted by
Bobey (1988) and Costalonga (1988) to study the interaction between the fill
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soil and the geogrids uscd in the Devon test fill and the results of the studies

are summarized in the following scctions.
3.4.1 Direct Shear Tests

The direct shear test is a well known and widely accepted method 1o study
interface behavior of soils. A Wykcham Farrence large capacity dircct shear
machine was modified by Bobey (1988) 1o study the interface characteristics
between the fill soil and the geogrids used in the Devon test fill. The major
mechanical details of the shear apparatus are shown in Figurc 3.8. A sample
dimension of 30 x 30 cm2 was chosen to minimize the size cffect and to
accommodate large open area and aperture size. Vertical load was cxerted by a
diaphragm air evlndey which is extremely sensitive to rmall pivssure
variations. The -....»! !>ads applied from the diaphragm air cylinder to the
shear box were measuteii using a load cell able to monitor the vertical siress to
an accuracy of *0.1 kPFa. Shear loads werc applicd 1o the apparatus by an
electrical motor driving a mechanicai screw jack via a 42 speced gearbox which
can provide shear displacement rates varying from 0.00012 to0 6.1 mm per
minute, The loads were applied through a displacement control device and
measured by a proving ring which has a capacity of 100 kN and an accuracy of
+10 N of the shear force.  The shear displacements of the two halves of the box
were measured by a Linear Varizpiz Differential Transformer (LVDT) which
has 50 mm of travel and can measure the horizontal displacement to tie
nearest 0.005 mm. All measuring devices, load cell, LVDT and proving ring,

were calibrated prior to the tests.

Normal stresses of 50, 100, 175 and 250 kPa was chosen to coasolidate the
testing specimens. These stresses were selected to represent the vertical
stresses experienced by a 25 m, 5 m, 875 m and 12.5 m high embankment, at
the foundation interface. A displacement ratc of 3.05 mm/min. was chosen to
represent the most critical situation of an undrained shear failure at the end
of the fill construction. During the early stage of the test program, trial tests
were performed to study the influence of sample thickness and numbers of
compacted layers. From the comparison of the trial test results, a thickness of
approximately 10 cm and three layers of compaction were specified for cach
sample. A series of preliminary. tests demonstrated that io obtain a dry
density of 1.68 g/cm3, 64 blows per layer had to be applied to the soil using a
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4.5 kg manual compaction hammer attached with a 10.2 cm? steel plate. The
geogrids were clamped in the shear box such that the tension members were
placed in the direction parallel to the shzaring while the anchor members

were placed transversely to the shearing direction.

The specimens were preparcd and the tests were conducted based on the
specifications mentioned above. A fresh bag of soi! was prepared for ei.u. test
at a water content of 23.0%.  After mixing with tap water, the soil was cured in
a moisture room for at least 18 hours to allow moisture content equalization
and then sified through a 12 mm sieve to break up any clumps. The soil was
compacted in three layers by spplying the blows in four series of 16 blows for
cach layer. (More details of the sample preparation are presented in Bobey
(1988).) The geogrids were placed in the compacted soil along a plane
between the top and bottom halves of the shear box, as shown in Figure 3.8.
Once the compaction was completed, filier papers, saturated porous stones and
loading plates were placed on both sides of the specimen and the shear box was
positioned inside the direct shear apparatus. After the load transducer and
LVDTs were placed and initialized, the required normal load was gradually
applied to the specimen by the diaphragm air cylinder and the vertical
compression was measured continuously by the LVDTs until the primary
consolidation was complete. The specimen was then set to shear after the
normal pressure was checked, the initial readings of the LVDTs and the
proving ring were taken and a 2.5 mm spacing between the two halves of the
box was achieved by loosening the locating pins and adjusting the spacer
SCrews. The samples were sheared at a rate of 3.05 mm/min. and readings of
the horizontal displacements, changes of sample height and shear forces were
recorded by a datalogger at specified time intervals. Shearing was ceased
when the shear force became constant, or passed beyond a peak and decreased
o a constant residual value. The normal load and the measuring devices were
removed from the shear apparatus and the relative position of the soil-

reinforcement interface and the intended shear plane were checked visually

after the test was finished.

The consolidated undrained direct shear tests were first conducted on silty
clay samples without reinforcement. The samples were consolidated under
stresses varying from 140 to 175 kPa. The dynamically compacted soil showed
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either an elastic-perfectly plastic or a strain-hardening stress-displacement
type of behavior. The shear strength increased rapidly with increasing shear
displacement before it leveled off to achieve a peak value: or it kept increasing
slightly after the "pecak" strength. Only a few samples which were shcared
under normal stresses less than 50 kPa showed a strain-softening type of
behavicr. The results of the direct shear tests on the compacted soil withou?
reinforcement were compared with the results of the soil with reinforcement

to obtain the interfacial shearing efficiency.

The direct shear tests were also conducted on the compacted silty clay
samples with reinforcement placed along the shearing surface. Strain-

hardening was found 1o be the typical stress-displacement behavior of the

reinforced samples. Similar to the unceinforced samples, the deformations
required to mobilize the :-rak undrair . sirength increased with increasing
normal stresses. The muimivdes of tic shear displacements o the peak

strength (8 1o 17 mm) were :'50 simiiar to those of the unreinforced samples (8

to 15 mm).

The result of a direct shear test is usually interpreted by Mohr-Coulomb

theory:
T =cC + Op 1an@ (3.1)

where T is the shear strength, Gp 1s the normsi siress, and ¢ and @ arc the

strength parameters. Accordingly, the total interfacial shear strength of a

reinforced sample in undrained conditions should be expressed as:
TT= a (cG + On tandg) + (1-a) (cy + Op tan Q) (3.2)
where,
Tt = total interfacial shear strength
a = area of the solid grid (members) in a unit arca of the geogrid materiaj
cg = interfacial adhesion between the solid and the soil

angle of interfacial friction between the solid grid and the soil

o
Q
it
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cy = undrained cohesion of the soil

@y = undrained angle of intemnal friction of the soil

In other words, the total interfacial strength along the shearing plane
consists of the adhesion and friction resistance between the soil and the solid
reinforcement and the cohesion and friction resistance of the soil in ih? open
area. Due to the lack of published results for large shear box tests on
reinforced clays and the lack of knowledge on tiae contributions of the
diffcrent components to the total interfacial shear strength, it was impossible
to interpret the undrained direct shear tests in the form of equation 3.2, Thus,
the results of the direct shear tests on the reinioiced silty clay were compared
in terms of total interfacial shear strength or the Mohr-Coulomb failure

envelope.

The Mohr-Coulomb failure envelopes of the ur.:inforced aad reinforced
(with Tensar SR2 or Signode TNX5001) samples are shown in Figure 3.9. The
interfacial shear strength of the reinforced clay is less than the unreinforced

ciay. All failure envelopes are gently curved indicating the nonlinear
relationship between the normal stress and the shear s:-v - th. It is seen
from the figure that the interfacial shear resistances of the Signode
reinforced samples are slightly higher than that ¢! the Tensar geogrid. Since

the open arcas of the two materials are similar to each other (58% or a=0.42 for
TNX5001 and 55% or 2=0.45 for SR2), the difference in the interfacial behavior

may be attributed to the difference in their aperture sizes. The higher cross-
rpachinc-direction aperture size of the Signode material allows more soil-soil
shearing to develop than could occur with the Tensar grid. Consequently, a
larger overall shear strength developed alung the interface. (The adhesion

and friction parameters bitween the soil aid the solid reinforcement
members, cG and 8g. are generally smaller than the cohesion and inicrnal

friction parameters, cy and ¢y.)

The interfacial shear strength is generally expressed in terms of

efficiency, Ec and Eg,, which are defined as:
Ep=tan 6T/tan @ (3.3)

EC=CT/CU (3.4)
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where,
Eg, Ec = efficiency in terms of friction and cohesion

dT = overall friction angle along interface between geogrid and soil
¢ = intenal friction angle of the soil.

cT = total cohesion or adhesion along interface

¢y = cohesion of the soil

Data in the literature show that Ep ranges from 0.4 to 1.0 and E; from 0.1 to 0.9
and vary with the applicd normal stress, particle size and gecomciry of the
reinforcement. Hence, for simplicity. the cfficiency is expressed in tcrms of

total interfacial shear strength:
E=11/T (3.5)
where TT and T are the total (overall) interfacial shear suength and the shear

strength of the soil respectively. The efficiecncy of the interfacial shear
resistance for each reinforced test is shown in Figure 3.10. It ranges from
0.74 to 1.0 and appears to decrease wiith increasing normal stress. The

efficiency of the Paragrid 50S material is greater than the other geogrids most
likely due to its larger open area and aperture size. When the area of the solid
grid is small, there is more soil 1o secil interaction. As a result, the iaterfacial
shear strength approaches that of the unrecinforced soil and the cfficicncy
approaches unity. If this area becomes large, the shear strength is dominated
by the friction between the soil and the reinforcement material and the
interfacial behavior is characterized bty the paramecters of cg and OG.

The consolidated undrained dircct shear tests on compacted iill samples

with and without reinforcement provided a way of evaluating the interfacial

behavior between the soil and the geogrids. The tests determined the
interfacial shear strength in terms of efficiency. The efficiency of the three
reinforcing materials ranges between 0.74 and 1.0 varying with the normal
stress and the geometry of the materials. The presence of the reinforcement

seems not to significantly affect the strain-hardening behavior of the soil nor
the amount of the horizontal shear displacement required to mobilize the peak
strength. Other than the soil propertics, thc geometry of the geogrid material
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secems to have the most important influence while other factors, such as the
surface roughness and the thickness of the anchor members, have only minor

effects on the measured interfacial behavior.

3.4.2 Pullout Tests

Pullout test is another important method of evaluating the interaction
between soil and reinforc:ment. In the category of internal siability
problem. of geogrid reinforced slopes, there are three possibilities of failure:
sliding of a soil mass alorg the gzecgrid surface, tearing or rupturc of the

reinforcing materials and pullout of the geogrid from either the active zone or

the resistant zone. In the iast mode of failure, the reinforcemeni functions to
bond together the resistant and active zones. Therefore, it must have an
adequate capacity to resist pullout from the surrounding soil. The pull-out test

.ms to be the most appropriate test to model this type of interaction between

sl and reinforcemcent.

The typical configuration -nd the basic mechanisms of a pullout test are
shown in Figure 3.11. Thzre are two mechanisms of interaction involved in
the test: shearing between the soil and the solid grid members and bearing of
the soil against the anchor members which is similar to the interaction at the
basc of a deep foundation in soil. The total pull-out resistance mainly depends
upon the properties of the soil, the geometry of the reinforcing material and

the normal stress acting along the reinforcement plane.

The pullout force and the corresponding displacement are the two majer
measurements made during the pullout tests. The results of the tests can be
interpreted in several ways. They are often used to determine the bonding
between soil and reinforcement, but they are also used to estimate the
distribution of the tensile force along the reinforcement. In drained
conditions, the tota! pullout force (particularly for Tensar geogrid) can be

cxpressed as (Mitchell, 1987):
P = Le-b+Y-z[2a-1andG + t-ap G'p/(C'n+ Sx)] (3.6)

for 5 < 0'y/0'y < 100

where,
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P = total pullout force or pullout capacity
Le = effective embedded length of reinforcement

b = width of reinforcement

Y = unit weight of soil

z = depth

C'p = bear : offective stress on anchor members

O'n = n..mu. effective stress on reinforcement

Sx = space between Iwo consecutive anchor members

ap = fraction of geogrid width over which bearing surface extends

t = ihickness of anchor member

The first term of the equation (Le+bey-z-2a.tandg) represents the shear
resistance vetween soil and solid reinforcement members while the sccond
term represents the bearing resistance of the soil against the anchor

members. Bearing capacity theory gives the lower and upper bound for
6'b/G'n.  The values of G',/G'y can be obtained from pullout tests and the

bonding between the two materials is estimated in terms of coefficient of bond

f*:
f* = a (tan 8G / tan@) + t-ap-G'p/(G'y- Sy 2tan () (3.7)

By knowing the values of 8G and G'p/6'y from pullout tescs and other tests,

such as direct shear tests, not only the pullout capacity can be determined, the
contributions of the two components to the pullout capacity can alse be

estimated.

In undrained conditions, the total pullout force can be similarly ecxpressed

as (Ingold, 1980).

P=Nc'Cu'Zab+B'cU'za (3.8)

where,
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N¢ = undrained bearing capacity factor

B = interfacial stress factor

The first term of equation 3.8 represents the undrained bearing resistance
of the anchor members while the second term relates to the surface adhesion,
Bcu, generated on the surface area parallel to the direction of pullout, The
values of Nc and B can be determined based on pullout or other tests and the
undrained pullout capacity can be estimated using equation 3.8. Table 3.7
shows the values of the interfacial stress factor from consolidated undrained

direct shear tests reported by Costalonga (1988).

To study the interaction behavior between the fill soil and the geogrids
used in the Devon test fill, a series of pull-out tests were conducicd by
Costalonga (1988) using a modified large direct shear test apparatus. The
pullout box is 106 cm long, 36 cm wide and 20 cm deep. The front and back
plates of the pullout box are 1.27 cm thick cach with a 2 cm high slot that runs
the full width of the box. The middle height of the slots coincides with the
middle height of the soil sample.  Vertical loads were applied to the pullout box
using two symmetric lever sysicms and weights through a flexible loading
system which consists of a series of prismatic elements forming a pyramid
shaped loading head. This loading system allows differential settlement and
ensures a uniform distribution of the normal stress on the sample. Horizontal
pullout forces were applied by an electric motor and measured using a load cell
(capacity of 4500 kg) mounted between the travel arm of the motor and the
jaws which grab the geogrid. In order to prevent slippage of the geogrid and
to minimize stress concentration at the grabbing point of the geogrid,

different steel jaws were designed to fit different geogrids.

The geogrids and the entire pullout box were well instrumented during the
tests. LVDTs were used to measurc displacements of the geogrids at different
locations outside the box. They were also used to monitor the consolidation
settlements of the soil samples and the changes in height during a puliout test.
The deformations of the geogrids inside the sample box were mcasured using
LVDTs attached to prestressed wires which passed through the soil sample and
were attached through holes drilled at the center of the anchor members, In
addition, four load cells were instalied inside the front end of the pullout box to
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measure the soil pressure acting on the front end and to evaluate the passive

force developed in the soil.

Before the pullout tests were carried out, calibration tests were conducted to
cxamine the performance of the apparatus and the instrumentations as well as
to check the consistency of the strain rate. A strain rate of 3%/min., (12
mm/min.) was selected to ensure undrained test condition. Due to the
limitation of the capacity of the pullout reaction frame, confining stresses of
only 20, 50 and 100 kPa were used during all tests.

The silty clay taken from the borrow site of the Devon test fill was used in
the pullout tests. The soil was air dried, crushed and mixed with water to the
final moisture content which ranged from 24% to 25%. It was then kept in a
moisture room for water content equalization before it was compacted in the
pullout box. Immediately after approximately 1.15 kg of soil was placed in the
box, the soil was compacted dynamically using a 4.5 kg hammer with a steel
plate (12 x 12 cm2) attached to one end at a drop height of 17.5 cm. 440 blows
were applied to each compaction layer and the dry density ranged from 1.49
g/cm3 1o 1.58 g/em3.  When the compaction of the first layer was finished, the
layer was leveled. After half of the second layer was placed, the geogrid
sample was placed on the top of the loose soil and the horizontal loading system
was assembled. The other half of the soil was then placed and the layer was
compacted. The third layer of soil was placed and compacted following the
same procedures as the first layer and the finished sample had a final
thickness of about 10 cm. A polyethylene sheet was placed on the top of the
sample and wax was used in both the front and back slots in the test apparatus

to prevent loss of water from the soil during the test.

The wvertical load was applied immediately after the completion of the
compaction and leveling and the sample was consolidated under the

preselected normal stress. When consolidation was complete, the horizontal
load was applied and the geogrid was pulled out of the soil at the designated
displacement rate. The pullout force, the deformations of the geogrids inside

and outside of the box and the vertical displacement of the sample were
monitored by the instrumentations and recorded continuously using a
datalogging system. When the test was finished, the sample was unloaded, all
instrumentations were removed and the soil in the box was removed for post-

73



test obseérvation. Evidence of slippage and bearing failure of the soil against

the anchor members of the grids were clearly observed.

The three types of geogrids, Tensar SR2, Signode TNX5001 and Paragrid S0S,
used in the Devon test fill were tested by Costalonga (1988) and the results of
the puliout tests on the silty clay with SR2 and TNXS5001 were analyzed. The
fesults of the samples with Paragrid 50S were not analyzed since the grids
failed prematurely because of the damage at the junctions which resulted
during the geogrid manufacture. A summary of the laboratory pullout test
data is presented in Table 3.8.  The average initial water content of the test soil
is 24.9% and the average dry unit weight is 15.1 kN/m3 The samples had an
average saturation of 89.6%. Consolidation of the specimens under the normal

stress was small, averaging around 3.8% vertical strain.

The load - displacement curves of the specimens with SR2 and TNXSG01 arc
shown in Figure 3.12 and 3.13. It is seen from the figuses that the failure
occurred by pullout rather than rupture of the geogrids. Comparing the
curves using SR2 with thc curves using TNXS5001, it was found that the pullout
resistance develops faster for the geogrid with higher modulus (Signode
TNXS5001). The pullout curves of TNX5001 show a nearly elastic perfectly
plastic shape with the peak pullout resistance mobilized at a puilout
displacement (outside the box) less than 20 mm. The curves of SR2 show a
hyperbolic shape: the pullout resistance increases with increasing
displacement until it reaches a peak value at a displacement which varies

between 40 and 60 mm.

Horizontal displacements of the anchor members inside the pullout box
were measured by LVDTs and designated as progressive displacements
(implying that the displacements of the anchor members near the end of the
geogrid layer are smaller than the anchor members closer to the front of the
pullout box). The progressive displacenicnts versus the pullout displacements
are shown in Figure 3.14 and 3.15 for Tensar SR2 and Signode TNX5001 geogrids
respectively. Figure 3.16 and 3.17 show the progressive displacements
developed in the two geogrids versus the pullout force. It is obvious that the
anchor members close to the front of the pullout box displace more than the
anchor members within the soil mass. The differences in the displacements

between adjacent anchor members give the elongations of the grid which are
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directly related to the tensile force developed in the grid. It was found from
the measured data that the progressive displacement curves of the SR2 grid are
more varied than the curves of the TNX5001 grid. This indicates that the SR2
grid underwent larger tensile deformations than the TNXS5001 grid during the

pullout experiments. The parallel and nearly straight lines in Figure 3,15
show that the Signode geogrid behaves during the pullout tests like a rigid
mesh. Even though the TNX5001 grid has a larger open area and cross-

machine-direction aperture size and, consequently, a larger interfacial
bording efficiency (Bobey, 1988), the pullout capacities of the two geogrids
are similar to each other, because the larger deformation in the SR2 grid
mobilizes the shear resistance in a larger volume of soil and a higher
interfacial resistance since more geogrid participated. This feature has an
important implication in design practices, as will be discussed in subsequent

chapters.

The results of the pullout tests, performed on the scil and the geogrids used
in the Devon test fill, were further interpreted by Costalonga (1988) using a
load transfer approach, The entire length of the embedded geogrid was

divided into a number of elements. The total pullout force was expressed by
equation 3.8 for the undrained test conditions. The interfacial stress factor, B,

between soil and geogrid was assumed to be 0.5 and the bearing capacity
coefficient, Nc, to be 7.5 based on data previously reported in the literature.

The soil shear strength was assumed to be a function of the displacement of the
geogrid and a hyperbolic relationship y=ax/(b+x) was used to model the
mobilization of the soil shear strength. The behavior of the tensile force

versus deformation of the geogrid was also assumed to be hyperbolic, i.e.,
Fi = a-g/(b+€) = A (a(X;-Xi+1)/L)/(b+(X;-Xj+1)/L) (3.9)
where,
Fi = pullout force at the beginning of element i (from the pullout test)
a,b = curve fitting parameters from tensile test of the geogrid alone
A = cross section area of element i

Xi = displacement of element i (from the pullout test)
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Xi+1 = displacement of element i+1, unknown
From equation 3.9, the value of Xj4+1 is calculated. For the soil:

Fi-Fi+1 = mobilized shear force along element i

Fi-Fi+1 = 2B+ Api* A+ Xj+1/(B+Xi41) (3.10)
where,

Fis1 = tensile force at the beginning of element i+1

A, B = curve fitting parameters of soil shear strength

Api = plan arca of element i
At junctions, the shear resistance in the soil includes two components:

Fi-Fis1 = (2B Api + Api*Nc) A-Xis1/(B+Xi41) (3.11)
where Apj = bearing area of element i.

From either equation 3.10 or 3.11, the value of Fi+1 is obtained.
Substituting the axial force transferred, Fj.;, into equation 3.9, the
displacement X492 is calculated. The process is carried on until the last

element. If the calculated force in this element (at the end of the geogrid
length) is not zero, the calculation is repeated using different values of F; and
Xi from the original pullout test results. When convergence is achieved, the
displacements and the tensile forces along the length of the geogrid are

estimated.

The parameters used in the analyses of the load transfer approach and

some results of the calculation are summarized in Table 3.9. The predicted
displacements along the embedded length of the geogrids were compared with
the measurements from the pullout tests and the agreement was favorable. It

was, therefore, concluded that the load transfer method can be used to predict
the pullout mechanism of a soil-geosynthetic reinforcement system and to
assist in the design of the required embedded length of a geogrid. The

contribution of each interaction mechanism between the soil and the geogrid
to the total pullout force was also evaluated assuming that the values of B=0.5
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and N¢=7.5 were reasonable. It was found that for the Tensar SR2 grid, 79% of
the maximum pullout force was due to shear along the surface of the grid
while the same mechanism represented 88% for the Signode TNX5001. In
other words, for the types of soil and geogrids used in the pullout tests, the
mechanism of shearing alorg the planar surface of the grids prevails over the

mechanism of bearing of the soil against the anchor members.

3.5 Construction of the Test Fill

The construction of the Devon test fill was commenced in the summer of
1986. Prior to the fill construction, a number of boreholes were drilled in the
foundaiion soils and Shelby tube samples and auger samples were taken for

soil identification and laboratory testing purposes. Soil block samples were
also taken from the foundation. The foundation instrumentation was then
installed to establish the zero reference values. Four concrete monuments,
one at each test section, and a bedrock benchmark for survey purposes were
installed and field survey was carried out. In addition to the field work, wide
strip laboratory tensile tests were carried out on the three types of geogrids,
Tensar SR2, Signode TNX5001 and Paragrid 50S, to obtain the force-

displacement curves.

As shown in Figure 3.18, the construction of the test fill was carried out in
three stages. The site and foundation preparation was started on June 8, 1986
with grading of the site to a foundation elevation of 702 m. The horizontal
instrumentation pipes were installed on the ground level prior to the
placement of the fill soil. On September 4, 1986 (day 0) placement of the
embankment fill began. The fill soil was hauled from the borrow area by
dozer pulled scrapers and dumped on the fill site. The soil was then spread
using dozers and compacted by a four wheel compactor. A small dozer and a
small compactor were used along the edge of the slopes and near the locations
of the vertical instrumentation. The fill was usually placed and compacted in
lifts varying between 0.15 m and 0.4 m. Field density tests (nuclear and in-situ

methods) were conducted and the water content of the fill was monitored for

quality control purposes during the construction. Due to the rainy weather
during the summer, the fill placed was often wet of the designed water content
range. Thus, the soil was spread and left for a period of time to reduce the

water content before it was compacted. @ When the fill height reached 1 m, the
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fill was leveled using a dozer. The leveling was carried out under the
supervision of surveyors to ensure the elevation control. The bottom primary
reinforcement geogrid layer was then laid on the top of the soil and the cables
were attached to the strain gauges, which had been previously bonded to the
geogrids in laboratory before the instrumented geogrid sections were shipped
to the fill site. A set of field readings were taken as the initial measurcments
immediately after the instrumented geogrids were laid out. More fill soil was
placed and compacted on the top of the first primary reinforcing layer and the
embankment was constructed to a height of 3 m on October 23, 1986, when
construction stopped due to the onset of freezing air temperatures. The
horizontal soil instrumentation and one layer of secondary reinforcement

geogrids were placed at the 2 m level during the first construction season.

The construction of the test fill was resumed on August 30, 1987. The top
sandy soil was removed with a bull dozer and new fill was placed and
compacted.  The fill was then leveled at the 705 m elevation.  The second or
middle primary reinforcement layer of geogrids was placed at the 3 m level
and all cables were connected to the strain gauges. Fill soil was then placed
and compacted on the top of this reinforcing layer, following the same
procedures mentioned above, after the initial strain gauge readings had becen
taken. When the fill height reached 5 m, the fill soil was again lcveled to
allow the placement of the top primary reinforcement 1layer. The same
procedures were carried out and the fill height reached 6 m at the end of the
second construction season on November 3, 1987. The horizontal soil
instrumentation and one layer of secondary reinforcing geogrid was placed at

the 4 m level during the second construction season.

The construction of the test fill continued in the summer of 1988, The
additional 6 m of soil was filled to reach the 12 m design height on October 29,
1988. Six layers of secondary reinforcing geogrids were placed during the
1988 construction season. Due to rainy weather and the limitation of available
construction time, the top 6 m of the fill soil was placed and compacted
considerably wet of the design water content and at larger lifts than used in
the bottom 6 m of the fill. No quality control tests were conducted during the

summer of 1988 and the construction was not closely inspected. The water
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content of the top 6 m of the fill was estimated at about 3 to 5 % higher than

the bottom 6 m of the fill.

There were several problems during the construction of the test fill.
Firstly, due to rain, the water content of the fill varied significantly from one
location to another in the fill.  Secondly, when the fill was too wet, some drier
soils were added and mixed with the wet soil.  Finally, because of the steep side
slopes, the compaction of the fill along the edge of the slopes was poor
compared to the soil in the fill center. All the above problems reduced the

consistency and uniformity of the properties throughout the test fill.

After the fill construction was completed, surface protection and erosion
control materials were placed on the surface of the test fill during the fall of
1988 and the spring of 1989. During the rainy season in the early summer of
1989, some surface movements of the soil occurred, especially at the
instrumented sections. The soil movements occurred mainly in the bottom 6 m
of the fill and were about 0.5 m deep and parallel to the slope surface.
Horizontal extensometer and inclinometer tubes at the ground level and the 2
m level were covered by the debris requiring some repair work to be carried

out. The instrumentation was recovered by hand-digging and the field
measurements were carried on. During the summer of 1990, similar but more
severe surface soil movements occurred. Although the depth of the

movements remained about 0.5 m, the movements migrated along the surface
soil to the 8 or 9 m level and more soil was involved on the slope surface. A
great effort, including hand and machine work, was required to finally
recover the instrumentation. The surface movements again occurred during

the summer of 1991 and more debris accumulated at the toe of the slopes.

These surface movements were most likely related to the weakness within
the surface soil caused by cyclic freeze-thaw of the suriace soils. When
freezing penetrated into the soil, ice lenses likely formed parallel to the slope
surface. Upon thaw, the shear strength of the soil decreased while the
permeability of the soil parallel to the slope surface increased, which provided
conduits for water infiltrated during the rainy periods. As a result, the
surface soil moved down the slopes. Both the primary and secondary
reinforcing geogrids were unable to prevent this type of soil movements.
Also the surface protection and erosion control materials were ineffective.

79



Some possible minor instabilities in the unreinforced slopc were observed.
In the summer of 1989, tension cracks werc found near the crest of the
unreinforced slope. The cracks were several centimeters wide and several
meters long parallel to the crest. Tension cracks were also observed on the
slope surface about 1 to 2 m below the crest. In July 1989, the extensometer
access tube at the 4 m level became blocked at a location about 4 to S m from
the slope surface in the unreinforced section following a hecavy rainfall,
During the summer of 1990, the tension cracks near the crest of the

unreinforced slope became wider and more cracks devcloped on the surface

beyond the crest. At the same time, the tension cracks on the slope surface
became longer and more obvious. In May of 1991, after a heavy rain fall, a
shallow soil movement occurred in the unreinforced slope. A back scarp

could be seen on the slope surface about 1 10 2 m below the crest. A scrics of
tension cracks parallel to the crest were obscrved on the top of the fill beyond
the crest. The maximum width of the cracks was about 10 cm and the crack
closest to the center line of the test fill was about 2 t0 3 m beyond the crest of
the slope. There was no such obvious instability observed in the reinforced

sections.
3.6 Field Instrumentation of The Test Fill

Extensive instrumentation was installed to monitor the performance of the
foundation, the fill soil and the geogrids. The instrumentation inciudes
electrical wire resistance strain gauges, inductance coils, multipoint magnetic
extensometers, inclinometers and pneumatic piezometers. Field surveys were
carried out during and after the fill construction as a part of the ficld
instrumentation to assist in understanding the readings from the
instrumentation. The layout of the instrumentation in the test fill is
illustrated in Figure 3.19 aad 3.20. The main goal of the instrumentation was
to record the overall deformation of the fill and the foundation soils, the
interaction between soil and geogrids, and the pore pressure response within
the test fill. The following sections discuss the details of the field

instrumentation.
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3.6.1 Electrical Wire Resistance (EWR) Strain Gauges

Electrical wirc resistance strain gauges. code number CEA-13-250UN-
350, madec by Micro Measurements Group Inc., were used on the longitudinal
micmbers of the geogrids placed in the test fill. This type of general purpose
strain gauge has a wide range of operating temperature (-75°C to +205°C) and a
large range of strain (up to 5%). They are less expensive than other types of
EWR strain gauges with specified features.  The readout system is based on the
principle of the Wheatstone Bridge; a quarter bridge system with a minimum

rcading of ten microstrain units was adopted in this program.

Each strain gauge was bonded to the longitudinal member of geogrids
using epoxy (AE 10/15 adhesive, made by Micro Measurements Group Inc.)
after pretreating the surface by sanding, cleaning, degreasing and
neutralizing (Soderberg, 1990). The gauge was then sealed with a waterproof
rubber coating after the electrical leads had been soldered. A pair of
aluminum splints were installed to protect the gauge from damage during
transportation and installation of the geogrids in the test fill. The splints
were removed during installation and the gauges were covered with a piece of
styrofoam to protect them from damage during fill placement. At each
instrumented location, a pair of strain gauges were installed on the top and the
bottom of the longitudinal member to monitor the elongation as well as
bending of the geogrid. Since the mechanical properties of the geogrids are
temperature dependent, a thermocouple was placed with each pair of strain
gauges. Dummy electrical strain gauges were also installed in the test fill at
0.5, 1 and 5 m distances from slope surface to account for temperature

influences in the strain gauges.

Figure 3.20 shows the locations of the EWR strain gauges. The
instrumentation positions began at 0.5 m and then were spaced at 1 m intervals
beyond 1 m from the slope surface. = The strains were measured, in units of 10
microstrains, by a readout box, mode! P-3500, made by Measurements Group,
with a gauge factor of 2.12 and balance setting of 0.979. In order to overcome
systematic errors, the same readout box was used in the majority of the field
measurements. On occasions when a different readout box had to be used, the
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field readings were adjusted using the readings obtained from the dummy field

strain gauges.

Initial or zero ficld rcadings were taken for cach gauge immediately
after the layer of geogrid was laid out on the test fill.  The differences between
the initial readings and the subsequent rcadings gave the strains which
developed in the geogrids due to loading applied by the embankment soil. The
apparent strains, which were calculated from the measured temperature
increments and the coefficient of thermal expansion  of the geogrid-gauge
system, were subtracted from the measured strains. At cach location, an
average grid strain was obtained from the measurements of  the top and
bottom gauges. When one of the two gauges failed, the representative  strain
was determined from the sum of the average beforc faiture and the
increments of strain measured in the remaining gauge. In a total of 96 strain
gauge locations, there were only 8 locations where both EWR strain gauges

failed to work.
4.1.2 Inductance coils

Inductance coils, model 4101A, made by Bison Instruments Inc., were
used to monitor strains across adjacent transverse members of the geogrids.
The coils measure the electromagnetic coupling between two sensors of 5.3 c¢m
in diameter and 0.68 cm in thickness. The coupling is cxtremely sensitive to
axial distance between the sensors; it is capable of measuring strains from
0.01% to as large as 50%.  This range is greater than the working range of the
EWR strain gauges and is not influenced by moisture content and temperature
variation within the soil, as claimed by the manufacturer. The coils have
other advantages, such as a durability, low costs and ease of installation and
operation. The readout indicator is hand-portable and completely self-

contained.

The inductance coils installed were designed to measure axial strains
between two sensors. In other words, the pair of disk shaped sensors arc
designed to be placed in parallel and coaxial oricntation separated by a
distance over which the strain is averaged. In the case of monitoring the
strain in a layer of geogrid, however, the relative transverse movement

between the sensors is measured, i.c., the pair of sensors havé to be placed
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approximately in the same plane. To evaluate the accuracy and sensitivity of
the inductance coils to the transverse movement, a series of calibration tests
were conducted before installing the coils. Figure 3.21 and Figure 3.22 show
calibration curves indicating the relationships between the amplitudes in the
readout indicator and central distances of two sensors. The calibration tests
were conducted on two sets of inductance coils and the results were consistent
and repcatable. From calibration tests, it is found that the minimum
detectable strain is between 0.02% to 0.05% within the range of working

distance between sensors in the test fill.

Inductance coils were attached to the geogrids by plastic bolts placed
through the center of adjacent transverse members. They were placed at the
same depth, several centimeters from the EWR gauges. Electrical leads were
connected after the geogrids were placed in the field. The coils were
protected in the field using plywood and styrofoam. Initial readings were
taken immediately after the completion of field installation. Measured
amplitudes from the readout indicator were converted into distances between
sensors according to the calibration curves. The distances measured
thereafter were compared with the initial distances and displacements and
strains, developed in the geogrids due to construction and load transfer within
the test fill, were calculated. = Between August 1986 to September 1990, only 10

from a total of 87 inductance coils failed.

4.1.3 Inclinometers

Two types of inclinometers were used in the test fill. A horizontal
digital uniaxial inclinometer, model P/N 50329, made by Sinco Slope Indicator
Co. and operated in a 7.2 cm inner diameter casing which was installed during
the construction, was employed to measure vertical deflections between two
pairs of supporting wheels (61.0 cm apart). Measurements were taken from
one side of the embankment to the other with the wheels of the sensor
running along a set of grooves nearly vertically oriented over the entire
length of casing. A vertical digital biaxial inclinometer, model P/N 50325,
made by Sinco Slope Indicator Co. and operated in a 59 cm inner diameter
casing, was used to monitor horizontal deflections between two pairs of wheels
(61.0 cm apart), in directions parallel and perpendicular to the axis of the

embankment. Measurements were taken from the top of casings to the bottom
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with wheels of the sensors running along a set of grooves oriented cither

parallel or perpendicular to the axis of the embankment.

The layout of inclinometer casings is shown in Figure 3.19. The
horizontal inclinometer casings, model 51103, werc installed at levels 0, 2, 4
and 6 m above the ground surface, i.c., at levels 1 m below and above the
geogrid layers, continuously from one side of the fill to the another, The
vertical casings, model 51111, were placed bencath the toe and the crest of the
slope in each instrumented section. Each vertical casing was installed to a
depth 12 m below ground surface to ensure that it was founded in the siff soil
and its bottom would not be displaced laterally by the test fill.

Deflections in both the horizontal and vertical casings werc detected by
accelerometers contained within the sensors and the output signals were
recorded using a digital indicator read at the surface of the fill. Field readings
were taken for opposite directions, in which the accelerometers were facing,
to eliminate zero errors caused by either the sensors or the indicator. Ficld
records from the digital indicator were interpreted into deflections according
lo calibration test results obtained in the laboratory. Initial deflections werc
subtracted from the measurements and therefore, the soil deflections due to
the embankment were obtained. From calibration tests, it was found that
accelerometers and the indicator are capable of detecting an angular
deflection of 0.003 degree, or 0.03 mm relative displacement over a 61.0 cm

distance.
4.1.4 Magnetic Extensometer

Magnetic probe extensometers were used to monitor horizontal and
vertical movements of the fill and foundation soils. During construction of
the test embankment, ring magnets, made by the Department of Civil
Engineering, were placed in the foundation soils (through a borehole) and in
the fill soil at locations where soil movement was to be monitored. A PVC
central access tube was then placed in each installation. A scnsing probe
incorporating a reed switch traveled within the access tube and sensed the
position of magnets along the outside of the tube. The reed switch closed on
entering the magnet field, activating a buzzer at the surface. A steel
measuring tape used to suspend the probe measured the distance from the
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collar of the access tube to each magnet. The accuracy of the steel measuring

tape is +1.0 mm.

The layout of exicnsometer access tubes is the same as the inclinometer
casings as shown in Figure 3.19. Along the vertical access tube, the bottom
magnet, used as a datum to measure the relative vertical displacements of the
magnets placed above, was placed 11 m below the ground surface in the stiff
till. During the 1988 construction season, the horizontal access tubes at the 6
m level and the vertical access tubes beneath the crest of all test sections were
damaged. The access tube at the 4 m level in the south part of the test fill was
blocked during the summer 1989 at a location 2 to 4 m from its west end due to
localized excessive vertical soil displacements within the test embankment.

The magnetic extensometers measured the distances between magnets
and the coliar of the access tube. When the horizontal displacements of the
fill were mecasured, the probe was pulled through an access tube from one side
of the embankment to the other and the distances between magnets and one
end of the access tube were measured. A tension of 45 to 60 Newtons was
applied onto the steel measuring tape. To eliminate systematic errors, the
horizontal and vertical measurements were taken with the probe approaching
the magnets from the same direction during all field measurements.
Measured distances between the magnets and the collar of the access tube were
converted into distances between a reference magnet and the other magnets
allowing the soil displacement to be calculated when the initial distances the

measured distances were subtracted from the measured distances.

4.1.5 Piezometers

Pore pressures within the fill and foundation soils were monitored by
pncumatic piezometers. Pore pressure transducers, model 51417 and made by
Sinco Slope Incdicator Co., were placed at locations where pore pressures were
to be measured. The reading station was coupled to the pore pressure
transducers by means of twin nylon tubing covered by a common water-proof
polyethylene jacket. A readout indicator, model C-6300 and made by Terra
Technology Corp., was employed as the readout terminal. The indicator is
hand-portable with a self-contained air-pressure tank and a resolution of %1

kPa.

85



Figure 3.19 shows the layout of piezometers in the four sections of the
test fill. Measurements were taken during, immediately afier the construction
as well as at regular time intervals after completion of the test fill. To
eliminate pressure loss in the access tube, a low flow rate was maintained
during the field measurements. The piezometers performed well: only 4 in a
total nuinber of 55 piezometers failed during the research program.
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Parameters Stress Range Block Sample Tube Sample
(kPa)
Pc'(kPa) | e 458 417
Ce 800 - 1600 0.535 0.344
Cr 20 - 500 0.053 0.015
t90 (min.) 300 196 0.84
800 243 124
00 0.008 0.018
Mv (m /kN) 500 L61E-4 R 36E-S
200 141E-4 9 23E-5
K (cm/s) 500 1L37E-7 1.98E-7
200 L0O3E-7 LS5E-7

Table 3.1

Results of Consolidation Tests on Upper Foundation Soil
(from Hofmann, 1989)

Specimen type ¢ (kPa) 9 ) ¢’ (kPa) )
range | 25.0-26.7 13.0-13.0 23.0-253 24.0-24.8
lock
Bloc design | 25.0 13.0 23.0 24.0
range 100-11.6 15.0-18.0 6.0-16.5 244 -33.0
Tube
design 10.0 15.0 6.0 33.0

Table 3.2 Summary of CU Triaxial Test Results on Upper Foundation Soil
(from Hofmann, 1989)
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Soil
Sample W (%) W1 (%) [Wp (%) Ip (%) | %sand | %silt %oclay
42.3 20.7 21.6 28 44 28
‘Borrow
site - 40.0 19.6 20.4 25 43 32
40.0 19.2 20.8
33.3 18.1 15.2 22 60 18
23 57 20
Test
fill 20.0 374 209 16.5 5 73 22
19.1 34.5 23.0 11.5 20 62 18
a—-- 20 61 19

Table 3.3 Atterberg Limits and Grain Size Distribution of Fill Soil
(from Hofmann, 1989)

Sr < 100% Sr=100%
C3(kPa) G1-03) (kPa)  [er (%) O1-03) (kPa) [t (%)
0 166 12.7
80 182 15.0 235 20.7
160 178 15.0 244 16.4
244 14.0 274 15.0
240
271 21.7

Table 3.4 Comparison of UU Triaxial Test Results on Shelby Tube
Samples of Fill Soil (from Hofmann, 1989)
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p,:gllm W (%) | St(%) o1-o3f kor/onf | U ler (g A

(kPa) (kPa) (kPa)
25 21.3 | 94.7 100 546 24 3.0 0.024
50 25.1 | 92.7 104 3.81 126 | 6.1 0.121
75 243 1 94.5 125 3.60 2701 70 0.216
100 23.6 | 90.6 143 6.02 71.7 1 44 0.501
125 23.7 | 877 165 340 56.0 | 13.7 0.339
150 23.0 | 99.1 187 3.37 710 | 7.0 0.380
175 2291 929 211 426 J110.3 52 0.523
200 23.1 | 909 230 336 [102.7 10.1 0.446
203 225 | 94.9 258 2.30 910} 110 0.353

Table 3.5 Summary of CU Triaxial Test Results on Fill Soil
(from Hofmann, 1989)
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. Signode
Geogrid Tensar SR2 TNX5001 Paragrid 50S
high density polyester
Type of Polymer polyethylene polyester polypropylene
L. . rectangular
Structure uniaxial grid grid square gric
Junction planar welded welded
Weight (g/m ) 930 544 530
Open Area (%) 55 58 78
*MD 99.1 89.7 66.2
Aperture
Size@mm) | apl 152 262 66.2
) #T 1.27 T 0.75 T 2.50
Thickness
(mm) A 457 J 150 ] 375
Color black black yellow

* MD: machine direction; CMD: cross machine direction
#T: tension member; A: anchor member; J: joint

Table 3.6 Physical Properties of Geogrids (from Bobcy, 1988)

Normal Undrained Efficiency Interfacial

S orm Shear Stress Factor

;(’;SS Strength

(kPa) (kPa) SR2 TNXS001 | SR2 TNX5001
20 40 0.75 0.97 0.44 0.93
50 60 0.76 0.92 0.47 0.81
100 90 0.77 0.87 049 0.69

Table 3.7 Values of Interfacial Stress Factor from Direct Shear Tests

(from Costalonga, 1988)
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Normal | Wi [Dry Unit Peak  [Displ. at Residual Displ. at

Geogrid Stress Weight Pullout  [Peak Pull- Pullout Residual

€8NC lpa) | (%) |(kN/m) | Force fout Force Force Pullout

(kN/m) (mm) (kN/m) Force (mm)

I SR2 20 234 15.1 30.1 43.2 25.3 50.0
SR2 50 254 15.1 229 58.6 22.3 70.0
SR2 51 253 15.3 26.8 420 26.7 60.0
SR2 102.5 244 15.1 415 58.2 39.5 70.0
TNX5001 | 20 25.2 15.0 214 25.0 196 70.0
TNX5001 | 50 24.7 14.6 30.2 22.0 29.2 70.0
TNX5001 ] 51.7 25.6 15.5 30.8 19.0 30.2 70.0
TNX5001 {100.7 25.5 154 38.0 17.0 345 70.0

Table 3.8 Summary of Pullout Test Results
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Geogrid SR2 SR2 SR2 SR2 NXS001[TNXS001ITNX5001 NX5001
Normal

Stress 20 50 51 102.5 20 50 517 100.7
(kPa)

Geognd

Tensile aJl115500 (105000 1100000 {190000 102.1 102.1 102.1 102.1

Para-

meters bl 3.95 7.0 437 9.5 429 4.29 429 429

Soil

Shear Al 4725 3594 2.1 65.0 43.0 60.5 61.6 75.0

Streng

Para-

meters B| 0.20 0.25 0.20 0.15 0.15 0.10 0.075 0.085
Pullout

Force 9.82 7.46 8.75 13.53 7.08 10.0 10.2 12.25
(kN)

Pa* (kN) 7.78 591 6.93 10.70 6.24 8.78 8.94 10.89
Pb (kN) 2.04 1.55 1.82 2.81 0.77 1.08 1.10 1.34

* Pa: resisting force due to adhesion; Pb: resisting force due to bearing

Table 3.9 Parameters and Some Rcsﬁlts of Load Transfer Analyscs on
Pullout Tests (modified from Costalonga, 1988)
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Chapter 4. Interpretation of Field Measurements

4.1 Introduction

Performance of the Devon geogrid test fill was monitored using extensive
field instrumentation. The instrumentation includes electrical wire
resistance strain gauges (EWR), inductance coils, multipoint magnetic
extensometers, telescoping inclinometers and pneumatic piezometers. In
addition, surface survey measurements were also carried out. Field readings
have been taken during and after construction of the test fill. The number of
field readings obtained are summarized in Table 4.1. In this chapter, details of
the interpretation of field measurements arec presented, coupled with the
analyses and justification of the interpretation. Performance of the geogrids
and the soils in different test sections within the embankment is illustrated.

4.2 Strains in Longitudinal Members of Geogrids

Strains in the Ilongitudinal members of geogrids were measured using
electrical wire resistance strain gauges. Field readings were taken using a
readout box. The reading taken immediately after laying out of a geogrid
layer was adopted as the datum. In some locations, however, where the strain
measured during the second field measurement was unreasonably large or
small (negative), the second reading was taken as the datum. This adjustment
was based on a review of the measurements of adjacent strain gauges, to

eliminate the errors caused by localized construction activities.

In order to estimate apparent strains developed in geogrids due to variation
in temperature, thermal expansion tests were conducted in laboratory. EWR
strain gauges were bonded to pieces of geogrid materials, Tensar SR2, Signode
TNX5001 and Paragrid 50S, in the same manner as they were bonded for use in

the test fill. Strains were measured at different temperatures under stress-
free condition, i.e., without confinement due to the soil and without load being
applied to the geogrid. Thermal expansion coefficients of the geogrids were
calculated to be 0.017, 0.027 and 0.011 percent strain per K for the Tensar,
Signode and Paragrid materials respectively. The measured coefficient of
thermal expansion for the Tensar SR2 geogrid was confirmed by the
manufacturer. (The thermal expansion coefficient of the strain gauges is one

order of magnitude lower than that of geogrids.)
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During the field measurements, the temperature at each instrumentation
location was monitored using a thermocouple. (Since no record of
temperature measurement for the first set of field reading was found, the
regional average temperature of the day, obtained from Environment Canada,
was used as the initial value.) The temperature induced strains were then
calculated as the product of the thermal expansion coefficients of the geogrids
and the temperature differences. The temperature induced strains were
subtracted from the measured total strains, resuiting in strains developed in a

geogrid due only to the loading applied by the test fill.
4.2.1 Tensar Bottom Layer

There are nine pairs of EWR strain gauges installed on the instrumented
strip of the Tensar geogrid in the bottom primary reinforcement layer. They
were installed at distances of 0.5, 1, 2, 3, 4, 5, 6, 7 and 8.5 m respectively from
the slope surface. The pair of gauges at the 0.5 m location and one gauge at
the 1 m location failed in September 1987. At the 2 and 3 m locations, one

gauge in each pair failed in November 1988.

At locations where one gauge failed, bending of the geogrid could not be
determined. From field measurements, however, it was found that bending
occurred mainly during the summer of 1986, due to the construction activities.
At the 3 m location, for example, during the first construction season (fill
height up to 3 m), the strains measured in the top and bottom gauges were
0.343 and 0.445%, with a difference of 0.102% strain indicating bending
deformation of the grid at the location. In contrast, the strain increments in
the top and bottom gauges between November 1986 and November 1987 were
0.151 and 0.139%, indicating a nearly pure tensile deformation of the geogrid.
Even during the first construction season, strain differences measured by the
top and bottom gauges on the geogrid were less than 0.2% at most instrumented
locations. Figure 4.1 shows the strains measured from the top and bottom
gauges installed at the 5 m location. The strains measured by the top and
bottom gauges varied consistently throughout the observation period.
Therefore, failure of one gauge in a pair did not significantly affect the strain

measurements at that location.
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At locations where both strain gauges worked properly, average values
were used to indicate the strains within the geogrids. At locations where one
of the pair failed, summations of the average strains before failure and the
strain increments, measured thereafter by the remaining gauge, were used to
represent the strain. For instance, at the 2 m location where one gauge failed
in November 1988, the total strain determined by averaging the measured
values of the two gauges before failure was 0.608%; the strain increment
measured by the working gauge which did not fail was 0.33% between
September and November. Hence, the strain in November 1988 was to be
0.938% (0.608%+0.33%). Since bending of geogrids occurred mainly during
the first construction season, the reading from one strain gauge could
reasonably indicate the deformation of the geogrid at each location
subsequent to the construction activities in 1986. At the 0.5 m location, where
both gauges failed in September 1987, strains after the failure were estimated
based on the strains at the 1 m location and the ratio of the measured strains at
the two locations prior to the failure. For example, the average ratio between
strains at the 0.5 and 1 m locations before the failure was 0.6; the strain at the 1
m location was measured to be 0.564% in November 1988.  Therefore, at the 0.5
m location, the strain of the geogrid in November 1988 was estimated to be
0.338% (0.6x0.564%). According to finite element analyses (Chalaturnyk,
1988) on a geogrid reinforced slope, the peak of the strain profile within a
geogrid layer tends to move into the slope as the embankment height
increases. The peak of the strain profile in September 1987 occurred at the 1
m location. Hence, it seemed unlikely that the geogrid at the 0.5 m location
would develop a higher strain than occurred at the 1 m location. Therefore, it
was reasonable to assume that the strains at the 0.5 m location was developed in
the same ratio (relative to the 1 m location) as before the failure of the pair of

strain gauges at the 0.5 m location.

The first set of field measurements, taken in September 23, 1986, were
considered as the initial strains and were subtracted from the total strains
measured thereafter. Adjustment was made to the strains at the 8.5 m location.
The initial field reading indicated -0.023% of strain; a reading taken two days
later gave -0.087%, showing that construction activities caused localized

compression of the geogrid. To eliminate further negative strains, the
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measurement of -0.087% was used as the initial value and subtracted from

future measured total strains.

Figure 4.2 shows the strain profiles within the Tensar bottom geogrid layer
before the adjustment to the field measurements: Figure 4.3 presents the
adjusted strain profiles. To limit the number of figures but not to reduce the
information presented, strain profiles are organized to represent the bchavior
of the geogrid during the construction and during the subsequent
consolidation under different fill height in construction stages. The strain
development within the geogrid, from the time of installation to two years
after completion of construction, at typical locations is illustrated in Figure
44, The development of the strains can be directly related to the construction

stages, as shown in Figure 3.18.

Strain profiles of the bottom layer of the Tensar geogrid arc shown in
Figure 4.3. At the end of the first construction season when the fill height
was 3 m, the tensile strain of the geogrid increased from the slope surface and
reached a maximum of about 0.5% at the 1 m location; it gradually decreased
further into the fill. Immediately after the 1987 construction, when the fill
height increased to 6 m, no significant change occurred in the strain profile.
The location and the magnitude of the peak strain remained the samec and the
strains along the geogrid after the peak showed slight increases due to the fill
construction. The strain profile, however, differed significantly when the
fill reached 12 m at the end of the 1988 construction season: the peak of the
strain profile moving to the 3 m location and increasing to a magnitude of
1.1%.  The tensile strain within the geogrid dropped rapidly to 0.65% at the 4 m
location and decreased gradually further into the fill. Strain profiles one and
two years after completion of construction were almost identical to that at the

end of construction (November 1988).

Figure 4.4 shows an entire view of the strain development, at the 2, 3, 5 and
7 m locations, from the installation until two years after completion of the fill.
The tensile strain of the geogrid increased during the first construction
season and remained nearly constant through the first winter; the strain
dropped between 0.1 and 0.15% due to consolidation which occurred during
the spring of 1987. During the second construction season and during the

subsequent consolidation the strains developed in a similar manner to the first
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year but were smaller in magnitude even though the increment of fill height
was also 3 m. The strains then increased significantly during the 1988

construction season and remained virtually unchanged thereafter.

The decrease of strains during spring can be attributed to two possibilities.
First, as the fill and foundation soils consolidated, a portion of the load might
transfer from the geogrid to the fill soil due to increase in soil stiffness,
resulting in a decrease in the tensile strains within the geogrid. The other
possibility is related to thermal expansion of the geogrid. In the
interpretation of field strain measurements, the apparent strains, product of
the thermal expansion coefficient of the geogrid and the temperature
variations, were subtracted from the measured total strains. The thermal
expansion coefficient of the geogrid was measured in the laboratory in a
stress-free condition. In other words, the geogrid was free to expand or
contract when the temperature was varied. In the test fill, however, the
geogrid was confined with the fill. The geogrid thus might not be able to
expand or contract in the same manner as when it was stress-free in the

laboratory. As a result, the apparent strain of the geogrid might be
overestimated during summer when the temperatures in the test fill were
higher than that in winter. Hence, this phenomenon might result in the

decrease of strains during the spring.
4.2.2 Tensar Middle Layer

Eleven pairs of EWR strain gauges were installed in the middle primary
reinforcement layer, at locations of 0.5, 1, 2, 3, 4, 5, 6, 7, 8, 9 and 10.5 m
respectively from the slope surface, in the Tensar section. No strain gauge

failed during or subsequent to the fill construction.

Strain profiles of the geogrid in the Tensar middle layer are illustrated in
Figure 4.5. Immediately after the 1987 construction season, the tensile strain
increased smoothly from the slope surface into the fill, reached the maximum
of 0.71% at the 4 and 5 m locations and decreased gradually further into the
fill.  The strain profile at the end of the 1988 comstruction differed.  Near the
slope surface, the tensile strain did not change. At the 2 m location, for
example, the strain increased from 0.31% in November 1987 to 0.48% in
November 1988.  However, at the 5 m location, the strain increased from 0.7 to
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1.75%. The profile was characterized by high strain localization at the pecak
location 5 m from the slope surface. The strain profile in October 1990 was
almost identical to that in November 1988 except at locations beneath the fill
crest where strain increments of about 0.15% were developed due probably 1o

differential consolidation settlement of the fill and the foundation soils.

The development of the tensile strain within the geogrid, at the 1, 3, §, 7
and 10.5 m locations, during and subsequent to the construction seasons is
shown in Figure 4.6. The strain increased during the 1987 construction
season and decreased slightly during the winter shut-down: it increased again
during the 1988 construction and remained nearly constant thereafter. It is
interesting to note that the amount of strain reduction during the spring of
1988 increased as the distance from the slope surface decreased. In other
words, the closer tc the slope surface, where the temperature varied
significantly, the larger fluctuation of the strain were observed. This
phenomenon corresponds to the possibility of an overestimation of the
apparent strains in thermal expansion correction on field measurements, as

discussed in last section.
4.2.3 Tensar Top Layer

There are eleven pairs of EWR strain gauges, placed at locations 0.5, I, 2, 3,
4, 5, 6, 7, 8, 9 and 10.5 m from the slope surface, in the top primary
reinforcement layer of the Tensar geogrid. Three pairs of gauges at the 0.5, 1
and 3 m locations and one gauge at the 4 m location failed during the 1988
construction season. Since no significant bending of the geogrid was
observed, tensile strains at the 4 m location were represented by the
summation of the average strain before the failure and the strain increment

of the remaining gauge.

At the 0.5 and 1 m location, strains after August 1988 were estimated from
products of the measured strains at the 2 m location and the average ratio
between the strain at each location and the strain at the 2 m location. Because
the maximum strain before the failure of the gauges occurred at the 3 m
location, the method of estimating strains at the two locations was reasonable,
as discussed in an earlier section. The strains of the geogrid at the 3 m
location, where the pair of gauges failed when the fill height was 10.5 m, could
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be cstimated in two ways: either taking average values of strains measured in
two adjacent locations (2 and 4 m from the surface) by assuming that the
maximum strain occurred at the 4 m location, or taking products of the strains
at the 4 m location and the ratio between strains at the two locations before the
failure by assuming that the peak of the strain profile remained at the 3 m
location. The later seemed to be more reasonable according to the inductance
coil measurements, which indicated that the maximum strain after September

1988 remained at the 3 m location.

Figure 4.7 shows profiles of the tensile strain in the top layer of the Tensar
geogrid. The maximum strain of 0.24% occurred at the 1 m location after the
1987 construction, At the end of 1988 construction season, however, when the
fill reached the final height of 12 m, the peak strain moved to the 3 m location
and the maximum increased to 2.95%; beyond the 5 m location the strain
decreased rapidly and dropped to 0.53% at the 8 m location. Comparing the
strain profile of October 1990 with that of November 1988, only minor
increments of 0.1 to 0.15% were observed at locations beneath the crest and

further into the fill.

Diagrams indicating entire strain development at the 2, 4, 7 and 10 m
locations are shown in Figure 4.8. The field measurements were consistent

and showed the same tendency of seasonal fluctuation, as discussed before.

4.2.4 Signode Bottom Layer

Nine pairs of EWR strain gauges were installed, at locations 0.5, 1, 2, 3, 4, 5,
6, 7 and 8.5 m from the slope surface, on the instrumented strip of the bottom
primary reinforcement layer of the Signode geogrid. At the locations 3, 5 and
8.5 m from the slope, one gauge in each pair failed during the 1986
construction, so strains at these locations were estimated based on
measurements of the remaining gauges. The pairs of gauges at the 2, 3 and 4
m locations failed totally during the 1988 construction season. The peak strain
before the failure was located 6 m from the slope. Thus, strains at the 2, 3 and 4
m locations were estimated from interpolation of strains a: the 1 and 5 m
locations based on the ratios of the strains before the failure in the summer of
1988. At the 7 m location, one gauge failed in October 1986. Even though the
other gauge kept working throughout the monitoring period, the
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measurements showed no change of the strain occurred as the fill was placed
to the final 12 m height. Therefore, this pair of gauges was considered as
having failed and strains at the location were estimated by taking avcrages of

the strains at the 6 and 8.5 m locations.

Profiles of the strain distribution along the bottom layer of Signode geogrid
are shown in Figure 4.9. At the end of the first construction scason, the
maximum tensile strain of 0.79% occurred in the geogrid at the 0.5 m location
and strains at other locations were of magnitudes between 0.6 and 0.71%. The
peak of the strain profile moved to the 6 m location after the sccond
construction stage and increased to 0.84%. At the cnd of the final
construction season, the strain increased from the slope surface into the f{ill
and reached the maximum of 1.58% at the 6 m location: it then decreased
further into the fill and dropped to 1.07% at the 8.5 m location. The strain
profile in October 1990 is almost identical to that in November 1988, whercas
the profile in June 1989 shows differences between 0.02 and 0.25% along the
geogrid. The differences were most likely caused by the thermal cxpansion

correction, as discussed in the previous section.

The development of tensile strains at locations along the Signode bottom
layer of geogrid is illustrated in the strain-time diagrams, shown in Appendix
A.

42,5 Signode Middle Layer

Twelve pairs of EWR strain gauges were installed to monitor the tensile
strains developed in the middle primary reinforcement layer of the Signode
geogrid.  The gauges were placed at locations 0.5, 1, 2, 3, 4, 5, 6, 7, 8, 9, 10.5 and
12 m from the slope surface. At the 1 and 8 m locations, one in cach pair of

gauges failed at the end of the 1988 construction season.

Profiles of strain distribution along the geogrid are illustrated in Figure
4.10. Immediately after the 1987 construction season, the strain varied
smoothly from zero at the slope surface to its maximum of 0.57% at the 5 m
location and to 0.13% at the 12 m location. No localization of strain is obscrved
in the profile. At the end of the 1988 construction, when another 6 m of fill

was placed on the test embankment, the field measurements showed
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significant changes in the strain distribution. The peak of the profile moved
to the location 7 to 9 m from the slope surface and the magnitude was up to
1.99%. The profile shows a rapid increase from 0.59% at the 3 m location to
1.98% at the 7 m location and a decrease from 1.99% at the 9 m location to 0.58%
at the 12 m location. This variation apparently indicates the movement and

shearing devclopment of the soil within the reinforced slope.

Mecasurements after November 1988 did not show any significant changes
in the magnitude and shape of the strain profiles except at some locations close
to the slope surface where fluctuation of strain occurred due to thermal
correction. The full development of the tensile strain at locations along the

geogrid layer can be observed in the strain-time diagrams shown in Appendix

A.
4.2.6 Signode Top Layer

Twelve pairs of EWR strain gauges were installed, at locations 0.5, 1, 2, 3, 4,
5, 6, 7, 8 9, 10.5 and 12 m from the slope surface, in the top primary
reinforcement layer of geogrid in the Signode section. One gauge in the pair
at the 1 m lccation failed at the end of the 1988 construction season and the
strains were determined by the remaining gauge. The pair of gauges at the
0.5 m location failed at the beginning of the 1988 construction, so the strains at
the location were estimated from the measurements at the 1 m location.

Figure 4.11 shows the profiles of strain distribution along the geogrid

layer. The strains developed during the 1987 construction season were
negligible since only one metre of the fill had been placed on the top of the
layer. At the end of the 1988 construction, the strain rapidly increased from

0.6% at the 1 m location to 1.32% at the 5 m location; it then gradually
increased until the peak of 1.68% at the 10.5 m location was reached; the strain
after the peak dropped to 0.64% at the 12 m location. Besides the seasonal
fluctuaiion of the strain, measurements taken after the completion of the test
fill did not show significant changes in either the profile or the magnitude of
the strain except at the locations near the slope surface where large
increments of the tensile strain were observed. These increments were

induced by the excessive shallow movement of the soil, caused most likely by
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freezing-thawing cycles. The development of the strain can also be observed

in the strain-time diagrams shown in Appendix A.
4.2.7 Paragrid Bottom Layer

Nine pairs of EWR strain gauges were installed in the bottom primary
reinforcement layer of the Paragrid geogrid at locations 0.5, 1, 2, 3, 4, 5, 6, 7
and 8.5 m from the toe of the test embankment.  All gauges worked well during

the monitoring period.

Profiles of tensile strain of the geogrid are illustrated in Figure 4.12. At
the end of the first construction season, the strain increased from the slope
surface to a maximum of 0.73% at the 2 m location and then decreased
gradually further into the fill. The profile of the tensile strain measured at
the end of the second construction shows the same distribution as the profile
in November 1986. A maximum increment of the strain of 0.17% was
developed during the second construction season with an additional 3 m of fill
placed. Different from geogrids in the other sections, there were no dramatic
changes of the strain measured in the Paragrid geogrid, in either the
distribution or the magnitude, during the third construction season. The peak
strain increased from 0.87% in November 1987 to 1.19% in November 1988 and
the maximum increment of 0.5% occurred at the 4 m location. Profiles of the
strain measured one and two years after the final construction are almost

identical to the profile at the end of the construction.

The development of the tensile strain at different stages of construction

and consolidation is shown in the strain-time diagrams in Appendix A.

4.2.8 Paragrid Middle Layer

Twelve pairs of EWR strain gauges were installed, at locations 0.5, I, 2, 3, 4,
5,6, 7, 8 9 105 and 12 m from the slope surface, in the middle primary
reinforcement layer of the Paragrid geogrid. No gauges failed after the 1987

construction season.

Figure 4.13 shows profiles of the strain distribution along the middle layer
of the Paragrid geogrid at different stages of construction and consolidation.
The strain developed during 1987 had magnitude less than 0.23%.© At the end
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of the 1988 construction season, the total strain at the 0.5 m location increased
to 0.5% due possibly to shallow movement of the fill soil; beyond the 2 m
location into the fill, the strain increased gradually and reached a maximum of
0.55% at the 9 m location.  The strain of the geogrid at locations near the slope
surface kept developing during the subsequent consolidation period as
freezing-thawing affected wue surface of the slope and weakening the soil
near the surface; the strain increment of the geogrid at locations deep into the
fill, on the other hand, was small during the period. @ The increment at the 9 m

location was 0.06%.

4.2.9 Paragrid Top Layer

Twelve pairs of EWR strain gauges were installed in the top primary
reinforcement layer of the Paragri¢ geogrid at locations 0.5, 1, 2, 3, 4, 5, 6, 7, 8,
9, 10.5 and 12 m from the slope surface. = One gauge at the 0.5 m location and
one at the 1 m location failed during the 1988 construction season.  The strains
after the 1988 construction at the two location were estimated using the
measurements of the remaining gauges, as previously described. At the 12 m
location, the measurement, taken on October 23, 1987 when only 0.5 m of fill
soil was placed above the top layer, indicated compressive strains in the
geogrid in the longitudinal direction. This compressive strain was apparently
not the real behavior of the geogrid. Therefore, the measured strains were

adjusted by taking the -0.25% as the initial measurement.

Profiles of the tensile strain distribution along the top layer of the
Paragrid geogrid were illustrated in Figure 4.14. The strains developed during
the 1987 construction season were less than 0.28% with a maximum at the 1 m
location. At the end of the 1988 construction season, the peak strain moved to

the 4 m location and jumped to 1.27%. In the profile, the strain increased
rapidly from the slope surface to the 4 m location, dropping to 0.54% at the 6 m
location and then gradually decreased. There was no significant change in

the strain during the consolidation period from November 1988 to October

1990.
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4.3 Strains Between Adjacent Transverse Members of Geogrids

Strains between adjacent transverse members of geogrids were mcasured
using inductance coils. Ten inductance coils were installed along each
instrumented primary reinforcement layer of the geogrids at locations 1, 2. 3.
4,5, 6,7 8 9 and 10.5 m from slope surface except in the bottom layer of Tensar
geogrid, in which nine pairs of gauges were placed at locations 1, 2, 3, 4, 5, 6,
7.75 and 8.5 m from the slope surface.  Field readings in terms of amplitudes
were taken using a readout indicator then converted to distances between
centers of pairs of sensors, using laboratory determined calibration curves.
By subtracting the initial distances from the measured central distances,
deformations and strains of the geogrids were calculated. In some
instrumented locations where the second set of field readings were affected by
the construction activities, the central distances from the second set of
readings were used as the initial values. Dummy inductance coils were used to
account for zero drift of the readout box.  (For example, the amplitudes read in
May 1989 were excessively large due to improper set up of the readout box.
Therefore, that set of the field measurements were adjusted based on the
variation in the amplitude from a set of dummy gauges.) No other specific

corrections were applied to account for influences of temperature and

moisture content of the soil.
4.3.1 Tensar Bottom Layer

The two sensors of each inductance coil were placed about 105 to 115 mm
apart in the Tensar geogrid. All gauges installed in the bottom layer of the

Tensar geogrid worked well throughout the monitoring period.

The first field reading was taken in September 1986, immediately after the
bottom layer of geogrid was placed. Sensor spacing measured in the first set
of readings was supposed to be the initial set. However, at most instrumented
locations, the spacing measured in the second set of field readings, taken in
October 1986, was even smaller. In other words, the geogrid appeared to be
compressed in the longitudinal direction, instead of elongated. The sensor
spacing measured in November 1986 again indicated compression. These
fluctuations can be more clearly observed in the measurements during the
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1989-1990 scasons when the fill construction was complete. As shown in
Figure 4.15, at the 1, 5 and 8.5 m locations, the measured strains decreased from
0.56, 1.04 and 0.8% to 0.25, 0.78 and 0.5% respectively between July 1989 (1054
days) and January 1990 (1237 days). The strain fluctuation in the magnitude
between 0.25% and 0.3% appeared to be independent of difference in locations
where temperature variation differed significantly. This tendency of
fluctuation with season was probably caused by the effect of air-temperature
variation on the readout indicator, which induced electric current . and
converted the electromagnetic coupling into an amplitude by means of an
inductance bridge, even though the sensor itself might not be sensitive to

temperature variation, as claimed by the manufacturer.

To eliminate the compression of the geogrid along the slope direction,
which was unlikely to occur, during the first construction season and to adjust
the subsequent strains to average values, the sensor spacings measured in
October 1986 were taken as the initial values (air temperature in October is
close to the annual average) and the average increments of strains between
October 1986 and January 1987 were adopted as the strains in November 1986.
Because the maximum fluctuation of strains was less than 0.3%, errors due to

this adjustment on the initial sensor spacing was estimated to be less than

0.2%.

Strain profiles from the inductance coil measurements are illustrated in
Figure 4.15. Strains due to the fill soil in the first construction season were
less than 0.2% and therefore, were of little significance. At the end of the
1987 construction season, the strains developed uniformly along the geogrid
with a maximum of 0.73% occurring at the 1 m location.  Immediately after the
last construction season in 1988 when the fill height reached 12 m, the strains
showed significant localization. The strain jumped from 0.67% at the 1 m
location to a maximum of 3.08% at the 3 m location; it dropped to 1.1% at the 4 m
location and then decreaseed gradually within the fill. During the two year
consolidation subsequent to the completion of the fill, the shape of strain
profiics remained unchanged except for some small strain increments well

into the fill.

Figure 4.16 shows the strain development in the geogrid at the 1, 2, 3, 5 and
8.5 m locations. The correspondence of the strain development with
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construction activities can be observed except during the first construction
season in which the measured elongation of the geogrid was negligible due
possibly to the influence of air temperature on the recadout indicator, as
discussed earlier. In the figure, the location of the peak strain shifted into
the slope as the fill height increased, and the strains fluctuated with the

seasons.
4.3.2 Tensar Middle Layer

Several problems occurred at instrumented locations along the middle
layer of the Tensar geogrid. The inductance coil at the 2 m location stopped
working during September 1988. Even before September 1988, measured
strains at the 2 m location varied randomly between positive and ncgative
values in a series of field readings. These variations suggested that the coil
failed at the beginning of 1987 construction season. At the 6 m location, ficld
readings were continuously taken, but the measured strains showed virtually
no change occurred between September 1988, when the fill height was at 4.6
m, and October 1990. This might also indicaie failure of the coil. Hence,
strains at these two locations (2 and 6 m from the surface) were estimated by
taking the average of the strains measured in the adjacent coils. At the 3 m
location, field measurements showed that the geogrid had been compressed in
the slope direction since the beginning of the 1988 construction season. This
phenomenon of compression, which was contrary to both the theoretical
analyses and the readings of the electrical wire resistance strain gauges,
apparently indicated failure of the monitoring system, although the coil was
still providing erroneous readings. At this location, strains after September
1988 were estimated from the measurements of the inductance coil at the 5 m
location, where the measured strains were very consistent, and the average

ratio of strains at the two locations before failure.

The spacing between centers of the two sensors at cach location, measured
in the first set of field readings on September 1, 1987, was taken as the initial
value.  However, the strains at the 7 and 9 m locations were 0.52 and 0.37% on
September 29, 1987 when the fill height was 4.6 m.  These two strains deviated
from the trend of the strain profile. To eliminate systematic errors, possibly
initiated by construction activities, strains at the two locations were adjusted
based on the shape of the strain profile obtained from the EWR strain gauge
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measurements for the same time and the same geogrid layer. Strains at the
two locations were adjusted to 0.21 and 0.11% respectively; strains measured

thereafter at the two locations were also adjusted accordingly.

Figure 4.17 illustrates the strain profiles of the middle primary reinforcing
layer of the Tensar geogrid. At the end of the 1987 construction season, the
strain increased from the slope surface into the fill and reached a peak of
0.49% at the 5 m location; it decreased gradually further into the fill and
dropped to 0.11% at the 10.5 m location. After the 1988 construction season,
the location of the maximum strain remained the same, but its magnitude
increased to 1.02%. The shape of the profile did not change compared with the
November 1987 profile, except at the 1 m location where a strain increment of
0.8% was measured. Since the strain measured by EWR gauges on the same
geogrid only changed by 0.08% between these two measurements, the large
strain increment at the 1 m location was localized and not representative of
overall strain behavior. From November 1988 to October 1989, the strain
profiles were almost identical, whereas the profile in October 1990 showed a
uniform increase of 0.1 to 0.15% at all locations along the geogrid. This
change of the strain was probably caused by the influence of air temperature,

as discussed in last section.

The entire strain development in the geogrid, at locations 1, 5, 7 and 10.5 m

from the slope surface, is shown in Figure 4.18. It is similar to other strain-
time diagrams discussed before and the variation of the strain is closely related
to construction activities. The fluctuation of strain development with the

scasons, as mentioned in last section, was not obvious during the 1987-1988
season because the fluctuation might have been compensated by loading from
the fill during the construction. On one hand, strains were developed in the
geogrid due to the fill placement; on the other hand, field readings, from the
readout indicator, tended to decrease as air temperature decreased. The strain
fluctuation between 1988 and 1990, however, was very clear, as shown in
Figure 4.18. The rapid increase of the strain at the 1 m location can also be
observed in Figure 4.18. From September (fill height of 10.5 m) to November
1988 (fill height of 12 m), the strain at the 1 m location jumped from 0.22 to
0.81%, whereas strain increments at other locations, including the location of
the peak strain, were less than 0.15%. Therefore, it is reasonable to conclude
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that the measurement of 0.81% does not represent the overall behavior of the

geogrid within the test fill.
4.3.3 Tensar Top Layer

Among the ten inductance coils installed in the top layer of the Tensar
geogrid, the coil at the 1 m location failed in September 1988; other coils
worked well during the construction and the operation of the test fill. At the 1
m location, strains after September 1988 were estimated based on the strains at
2 and 3 m locations and the shape of strain profiles obtained from the EWR

strain gauges.

Strain profiles of the geogrid in the Tensar top layer are shown in Figure
4.19. The strain developed during the 1987 construction was of minor
significance since only 1 m of fill was placed on the geogrid. At the end of the
final construction season when the fill height was 12 m, the strain increased
sharply from the surface into the fill and reached its peak value of 2.28% at
the 3 m location; it decreased to 1.71% at the 6 m location and then dropped
rapidly to 0.38% at the spot 8 m from the surface.  The strain profile of October
1990 was almost identical to that of November 1988, excluding minor
increments of 0.15 to 0.2% at some locations. Figure 4.20 illustrates the full
development of the strain at locations 2, 3, 5, 7 and 10.5 m from the slope
surface, The strain increased a small amount in 1987, jumped significantly
during the 1988 construction season and remained nearly constant during the
subsequent consolidation. The fluctuation of strain with the seasons is clearly

shown in the strain-time diagrams.
4.3.4 Signode Bottom Layer

The pairs of inductance coil sensors attached to the Signode geogrid werc
placed about 100 mm apart. The coils at the 7 and 8 m locations in the bottom
layer of the Signode geogrid failed at the beginning of the first construction
stage.  The coils at the locations 1, 2, 3 and 4 m from the slope failed during the
final construction season. Before the failures, the peak strain had occurred at
the 5 m location. Therefore, it appeared reasonable to estimate the strains at
the four locations according to the measured strain at the S m location and the
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ratios between strains at the 5 m location and the each other locations before

the failure.

Adjustment was made on the field measurements at the 2 and 3 m locations,
The second field reading, taken on October 20, 1986 when the fill height was
2.1 m, showed strains of 1.64 and 0.18% at the two locations. = The former was
excessively large and the later was much smaller than the values in the trend
of the strain profile and the measurements of the EWR gauge at the same
location. These errors were caused either by construction activities or
mistakes made during the original field reading. Thus, the strains at the two
locations were adjusted by interpolating the strains at the 1 and 4 m locations.

Strains measured thereafter were adjusted accordingly.

Figure 4.21 illustrates the profiles of tensile strain distribution along the
bottom Signode geogrid layer. At the end of the first construction stage, the
strain increased smoothly from the slope surface into the fill, reached the
maximum of 1.28% at the 4 m location and decreased gradually further into the
fill. The profile at the end of the second construction stage remained the
similar shape with increments of the strain between 0.4 and 0.6% at different
locations. During the final construction season, the strains did not change
significantly at locations close to the slope surface and locations more than 7
m from the slope. The peak strain, however, moved to the 5 m location and
increased to 2.35%. The strain around the peak was localized, whereas the

strain at the 10.5 m location was of negligible magnitude.

The strains subsequent to the completion of the fill remained unchanged
except for minor seasonal fluctuations, as discussed in previous sections. This
feature can also be observed in the strain-time diagrams, shown in Appendix
A,

4.3.5 Signode Middle Layer

The inductance coil at the 10.5 m location in the Middle layer of the Signode
geogrid failed during the 1988 construction season. The strain at the location
was estimated based on the measured strain at the 9 m location and the average

ratio of strains at the two locations before the failure of the coil.
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The middle layer of the Signode geogrid was placed on the field in carly
August, 1987 and a set of initial field readings were taken on August 17.
Adjustments were made to the field measurements at the 7 m location. From
August 17 to September 18, when the fill height increased from 3 10 4.3 m, the
measured strain increased 0.8%, whereas the increments at the 5, 6 and 8 m
locations were 0.29, 0.03 and 0.12% respectively during the same period.  This
excessive increment of the strain, possibly induced by construction
equipments, was not representative of the real deformation of the geogrid at
the location when compared with the EWR gauge measurcments and the
measurements in the Tensar section. Therefore, the average increment of
strains measured at the 5, 6 and 8 m locations was assumed to have developed at
the 7 m location during this period. The strains from the subsequent ficld

measurements were adjusted accordingly.

Profiles of the strain distribution along the middle layer of the Signode
geogrid are shown in Figure 4.22. During the 1987 construction season, the
developed tensile strain varied smoothly along the geogrid layer with the
maximum of 0.92% at the 4 m location.  After the 1988 season, peak strain of
1.88% at the 4 m location continued, but another peak strain of 2.08%

developed at the 7 m location. The largest increment of the strain between
Novemier 1987 and November 1988 occurred at the 8 m location with a
magnitude of 1.84%. This increment of the strain might indicate the

development of a shear zone within the soil of the reinforced slope while the
final 6 m fill was placed on the test embankment. The measurements taken
one and two years later did not show any significant changes either in the

shape or in the magnitude of the strain profiles.

4.3.6 Signode Top Layer

The inductance coil at the 1 m location in the top layer of the Signode
geogrid failed during the 1988 construction season, so the strain was cstimated
according to the measurements at the 2 and 3 m locations. Figure 4.23
illustrates the strain distributions along the geogrid. The tensile strains
developed during the 1987 construction season were rather uniformly
distributed along the geogrid except at the 2 m location where the measured
strain was about 0.7% larger than the average value at the other locations.
After the 1988 season, the strains at most locations increased considerably,
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especially at the 7 and 9 m locations where strain increments of 2.04 and 1.76%
were measured. At the 2 m location, the strain increased from 1.09% in
November 1987 to 2.41%.  Besides the 2 m location, the 9 m location developed
the maximum strain of 2.28% and the 7 m location had the largest strain
increment during 1988. No significant changes in strain other than the
seasonal fluctuation were measured subsequent to the 1988 construction

s¢ason.

The strain measurements at the 2 m location were questionable. From the
very beginning of monitoring, the developed strains were considerably
higher than at adjacent locations. For example, on October 23 and November
20, 1987, when the fill height was 5.5 and 6 m, i.e., only 0.5 and 1 m of fill above
the geogrid layer, the strains were 0.58 and 1.09%, whereas the average strains
at the adjacent locations were 0.21 and 0.38%.  After the 1988 season, the strain
at this location increased 1.32%, but the strain at the 3 m location increased by
only 0.69%. The excessive strain, appeared to be loading-related can be
attributed to either weak spot within the fill soil at this location or unknown
problems with the instrumentation such as damage to the materials prot~cting
the gauge. The former was less likely since the EWR strain gauge
measurements did not show the same behavior (Figure 4.11). Nevertheless,
the strain at the 2 m location, even if it did indicate the real deformation of
the geogrid and shallow movement within the fill soil, would not affect the
analysis of reinforcement mechanism and the overall behavior of the

reinforced embankment slope.
4.3.7 Paragrid Bottom Layer

Sensors of inductance coils installed in the Paragrid geogrid were spaced
between 145 and 155 mm. Although all coils in the bottom primary
reinforcing layer of the Paragrid geogrid kept providing data during the
monitoring period, there were several problems with the field measurements.
At the 4 m location, strains measured during and shortly after the first
construction season were negative ( compression of the geogrid in the
longitudinal direction ). These negative strains were likely caused by
construction activities, They were adjusted to the average values of the
strains measured at the 3 and 6 m locations. Strains at the location after the

first construction season were adjusted accordingly. At the 5 m location, the

123



measurement in October 1986 indicated a strain of -3.92%; from November 1986
to February 1987, the strain increased from 1.74% 1o 4.06%:; after February
1987, the strain fluctuated between 2.6 and 5% .  This indicates that the coil at
the 5 m location failed during the first construction season. Therefore, the
strains at the 5 m location were estimated by taking the averages of strains at
the 4 and 6 m locations.  The same problem occurred at the 9 m location where
the strain varied irregularly between 3.8 and 5.3% after October 1986. The
averages of strains at the 8 and 10.5 m locations was used to estimate the strains
at the 9 m location. At the 10.5 m location, the strain measured on October 20,
1986, when only 1.3 m of fill was placed above the geogrid, was 2.17%. It was
adjusted according to the trend of strain distribution in the other geogrids.
The measurements after October 1986 were adjusted accordingly at the

location.

Profiles of tensile strain distribution, after the adjustment, along the
bottom layer of the Paragrid geogrid are shown in Figure 4.24. A maximum
strain of 1.27% was developed at the 3 m location during the first construction
season, At the end of the second construction season, the distribution of the
strain remained the same; the magnitude increased about 0.8 to 1.1% with the
peak strain of 2.31% occurring at the 3 m location. During the final
construction season, in which the top 6 m of the fill was placed, no significant
change of the strain was measured at all instrumented locations except the 4 m
location where the strain jumped from 2.02% to 3.56%. In the consolidation
period after the final construction, the strain remained constant except for
fluctuations possibly caused by air temperature variations, as discussed in
previous sections. The variation of the strain, at typical locations in the
bottom Paragrid geogrid layer, at different stages of construction and
consolidation can also be seen in the strain-time diagrams in Appendix A.

4.3.8 Paragrid Middle Layer

Measured strain distributions along the middle layer of the Paragrid
geogrid, at different stages of construction and consolidation, were plotted in
Figure 4.25. At the 1 and 7 m locations, the strains developed to 1.31 and -0.35%
at the end of the 1987 construction season, to 2.54 and 0.78% during 1988 and to
3.41 and 1.03% in October 1990. If the negative strains developed during the
1987 construction season are adjusted to the averages of strains at the 6 and 8
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m locations, the strains at the 7 m location become 1.34%, 2.47% and 2.71% at
the above three stages respectively. At other locations, however, as also
shown in Appeadix A, the strains remained nearly unchanged, excluding the
fluctuations duc to temperature, during the 1988 construction season and the
subsequent two years of consolidation. The peak strain at the end of the 1987
construction was 1.95% at the 5 m location and the strain measured thereafter

at the 5 m location varied between 1.67 and 2.37% .

4.3.9 Paragrid Top Layer

At the instrumented incation 8 m from the slope surface in the top primary
reinforcing layer of the Paragrid geogrid, the strain measured by the
inductance coil varied randomly between -0.78 and 0.06% before the coil
stopped working in November 1988. Irregular variation of the strain also
occurred at the 7 m location. The inductance coils at the 7 and 8 m locations
were considered being failed during the 1987 construction season and the
strains at the two locations were estimated by interpolating strains at the 6 and
9 m locations. The coil at the 9 m location stopped providing data in September

1988 and the strains since then were estimated from the measurements at the

10.5 m location.

Figure 4.26 illustrates distributions of the strain in the top layer of the
Paragrid geogrid. Strains developed during the 1987 construction season were
less than 1.1%. At the end of the 1988 construction season, a maximum strain
of 49% was developed at the 1 m location; the strain decreased with distance
from the slope surface except at the 5 m location where the strain was greater
than at the 4 m location. The increment of the strain developed due to
consolidation between November 1988 and October 1990 varied between 0.14%
and 1.35% with the maximum increment occurring at the 5 m location. The
increments of the strain beyond the 6 m location were insignificant.

4.4 Horizontal Movement of Fill and Foundation Soils

Horizontal movements of the fill soil at four levels, 0, 2, 4 and 6 m above the
ground surface, were monitored using magnetic probe extensometers. By
travelling through the PVC central access tube at each instrumented level, the
probe measured distances between the target magnets and the west end of the
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access tube. The field measurements were then converted into distances
between the target magnets and the center magnet, placed along the center
long axis plane of the test embankment. The center magnet was assumed not
to move during the construction of the test fill. This assumption was justified
by the field mecasurements that the induced error would be of little
significance comparing with the amount of measured displacement. as
discussed later. By subtracting the initial distances between the target
magnets and the center magnet from the measured distances, the horizontal
displacements of the target magnets, relative to the center magnet, were
determined. Moreover, by comparing horizontal displacements at adjacent
magnets which were approximately 2 m apart, average horizontal strains of
the soil were calculated. To be consistent with the designation of the strain in

the geogrids, extensive strain within the fill soil was designated as positive.

Horizontal movements of the fill and the foundation soils along vertical
lines beneath the toe and the crest of each test section were monitored by
using a vertical digital biaxial inclinometer operated in casings installed
during the construction of the test fill. Field readings were taken from a
digital indicator and converted into horizontal deflection between two pairs of
wheels 60.96 cm apart, in directions parallel and perpendicular to the long axis
of the embankment. Mcasurements were taken from the bottom of a casing,
placed 12 m below the ground surface in a stiff till (assumed fixed), to the top
and accumulated deflections along the casing were calculated. Field readings
were recorded twice with the pairs of wheels rotated 180°, to ecliminate zero
errors caused by either the sensor or the indicator. Horizontal displacements
at different locations along the vertical alignment were obtained by
subtracting the initial configuration of the casing from the measured

accumulated deflections.

During the summer of 1988, some severe damage was caused by the
construction activities. The vertical casing at the crest of all test sections and
the horizontal casing at the 6 m level in both the south and north
instrumentation zones were blocked when the fill height reached 8 m. The

horizontal casing at the 4 m level in the north zone was also damaged and

blocked.
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44.1 0 m Level in Tensar Section

Profiles of the average horizontal strains of the soil at the ground level in

the Tensar section are shown in Figure 4.27. During the first construction
season, the fill soil moved into the slope with a maximum displacement of 7
mm; the magnitude of the strain was less than 0.1% at all locations. As

consolidation occurred and more fill was placed in the 1987 construction, the
soil at the 0 m level moved outwards. @ Within the slope, the soil was extended;
at the locations near the toe, however, the soil was compressed due to the
boundary effect at the toe. The magnitudes of the strain were less than 0.2%
after the second construction season when the fill height was 6 m. The trend
of the compression and extension zone development in the soil at the 0 m level
became obvious after the third construction season in 1988 when the fill
height reached 12 m, as shown in Figure 4.27. The average strain of the soil
close to the toe was -0.45%; the strain gradually increased further into the fill
and developed to its maximum of 0.65% in the soil at 14 to 18 m from the toe.
The profiles of October 1989 and September 1990 show the same strain

development pattern.

Figure 4.28 shows the strain-time diagrams of the soil at typical locations.
In the first construction season, the strain of the soil was of small magnitude.
After the 1987 construction season, the strain within the slope remained small,
but the soil close to the toe steadily developed compressive strain. During the
1988 construction season, both compressive and extensive strains of the soil
increased. these strains remained approximately constant throughout the

subsequent consolidation.

When field readings were taken, the probe was pulled from the west side of
the embankment to the east, i.e., from the Tensar section through the center
magnet to the Paragrid section. Therefore, it is worthwhile toc compare
displacements between the center magnet and its adjacent magnets on both
sides. Before the third construction season, the displacements between the
two magnets in the Tensar section ‘were positive (outwards movement) and less
than 3 mm. The displacements on the other side, i.e., in the Paragrid section,
were similar. Even after the third construction, the displacements on both

sides were of the same magnitudes between 11 and 16 mm. Hence, the
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assumption that the center magnet did not move was valid, at the 0 m level of

the north part of the test fill.
44,2 2 m Level in Tensar Section

Fourieen sets of field measurements were taken at the 2 m level in the
Tensar section, between October 1986 and September 1990. The distances
between the target magnets and the center magnet measured in the first field
reading in October 1986 were considered as the initial values. However, the
results of the second field reading, taken when the fill height was 3 m,
indicated 0.85% compression of the soil 4 to 6 m from the slope surface and
0.7% extension in the soil 8 to 10 m from the surface. This highly localized
phenomenon appeared not to represent the overall behavior of the soil since
only one metre of the fill was in place above this level. To climinate
systematic errors, possibly caused by construction activities, the displacements
of magnets at the 6 and 8 m locations in December 1986 were adjusted to the
average values of their adjacent magnets. Displacements at the two locations

measured thereafter were adjusted accordingly.

Profiles of the horizontal strain of the soil at the 2 m level in the Tensar
section are shown in Figure 4.29, During the first construction season, the
soil moved into the slope and thc magnitude of the strain was less than 0.2%.
During the second construction season, the soil moved outwards. In the soil
less than 4 m from the slope surface (under the crest of the embankment at
the time), the soil displaced off the fill, comparing with the original position
of magnets; in the area further into the fill, the soil dis;;laced still to the slope,
but the magnitude of displacement decreased. The maximum strain occurred
in the area 4 to 6 m from the slope surface. At the end of the final
construction season, the strain of the soil increased uniformly about 0.5 to
0.6% along the instrumented level except in the soil 10 to 12 m from the
surface where the strain was up to 1.65%. Profiles of the strain measured one
and two years later were almost identical. The features of the strain
development can also be observed in the strain-time diagrams, shown in

Figure 4.30.

Comparing the deformations of the soil between the center magnet and its
adjacent magnets on the both sides of the test embankment, it was found that
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the center magnet might have moved. Before the end of the 1987
construction, the deformations in the Tensar section were between-12 and -15
mm, whereas the deformations in the Paragrid section were between 3 and 8
mm; the average deformations between the two magnets after the 1988
construction were 0 and 23 mm for the Tensar and Paragrid section
respectively, It was estimated that the center magnet might have moved 5 to
10 mm towards the Paragrid section. This amount of movement was small
comparing with the maximum relative displacement of 132 mm measured in
the Tensar section and 226 mm in the Paragrid section. Moreover, the
deformation of the soil within the slope was of more significance than the
absolute displacement when considering the soil-geogrid reinforcement
mechanism. Therefore, the possible 5 to 10 mm movement of the center

magnet did not affect the accuracy of the extensometer measurements.

443 4 m Level in Tensar Section

Five sets of field extensometer readings were taken at the 4 m level in the
Tensar section before the access tube was blocked, during the 1988
construction season, at a location about 19 m from the west end of the tube. No
rcading was taken since then until October 1989, when an effort was made and

another set of measurements were tzken.

Strain profiles of the fill soil at the 4 m level in the Tensar section are
shown in Figure 4.31. At the end of the 1987 construction season, the soil
displaced outwards with a maximum movement of 27 mm near the slope
surface; the maximum strain of 0.25% occurred in the soil 2 to 4 m from the
surface. After nine months of consolidation, the strain of the soil increased
slightly in all locations at this level. From the measurement taken one year
after the fill completion, it was seen that the strain of the soil developed due to
loading of the 6 m fill in the 1988 construction was large. In the soil 2 to 4 m
from the slope surface and the soil 10 to 12 m from the surface, for example,
the strain jumped from 0.3 and 0.35% in August 1988 to 3.0 and 2.1% in October
1989. The profile of strain in October 1989 was highly localized in the two

locations.
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444 6 m Level in Tensar Section

Two sets of cxtensometer readings werc taken in the summer of 1988
before the access tube at the 6 m level was blocked by the construction. The
first reading was taken in early June when the fill height was 6 m: the sccond
reading was taken in the middle August when the fill height was 8 m. A
maximum strain of 1.9% was measured in the soil 2 to 4 m Trom the slope
surface. Since only one set of field measurements, excluding the initial
reading, was taken during the construction season in which severe damagces

occurred, the reliability and accuracy of the measurements were questionable.
4.4.5 Vertical Alignment beneath Toe in Tensar Section

Figure 4.32 shows the accumulated deformations in the foundation soils, in
the slope direction (designated as direction A, which will be used throughout
this thesis), along the casing installed vertically beneath the toe of the slope
in the Tensar section. At the end of the first construction season, the
foundation soils beneath the toe moved outwards a small amount. During the
second construction stage, the soils around the upper part of the casing moved
outwards a smaller amount than occurred the previous year, whereas the
lower part of the casing moved slightly inward to the slope. The former,
decreasing outward movemeni, was perhaps caused by differcntial settlement
of the foundation soils which made the casing tilt into the fill; the later might
be explained as buckling of the casing as it was dragged down by settlement of
the foundation soils. After the 1988 construction, the soils deformed slightly
into the fill around the bottom of the casing; the outward movement then
increased approximately linearly as the elevation increased and reached about
12 mm near the ground surface. Increments of 3 to 4 mm horizontal
movement developed rather uniformly along the vertical alignment from
November 1988 to October 1989 and the displacement profile maintained the

same shape.

Profiles of the horizontal displacements in the direction parallel to the
long axis of the test embankment (designated as direction B, which will be used
throughout this thesis) are shown in Figure 4.33. In November 1986, the

amount of horizontal movement was less than 2 mm. During the 1987
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construction season, the horizontal displacement increased from the bottom to
the top of the casing. It is interesting to note that the horizontal displacement
profile measured in November 1987 remained the same through the
subsequent measurements. In other words, the horizontal deflections in the
direction B were not sensitive to placement of the fill. Moreover, the
magnitude of the deflections were smaller than in the slope direction. This
characteristic of displacement development provides valuable indication of
the state of stress and strain within the test fill, as will be discussed later in

this thesis.

Figure 4.34 shows the horizontal deflection development with time in the
direction A, The development of horizontal displacement with the
construction activities is obvious. The outward movement increased in the
first construction season and dropped during the following consolidation; it
increased again in the second and third construction season and remained
approximately constant after the construction. The features of horizontal
deflection development in the direction B were similar. The horizontal
displacement varied with respect to the construction activities in the 1986 and
1987 seasons; the displacement, however, did not respond to the third
construction season during which 6 m of fill was placed on the embankment.

4.4.6 Vertical Alignment beneath Crest in Tensar Section

Horizontal movements of the soils along the vertical line beneath the crest
of the test embankment were also monitored using the inclinometer. The
casing of the inclinometer was extended during the construction of the fill so
as to allow for measurement of the horizontal displacements of the fill soil
along this alignment. Due to the construction activities, soil movements
during the construction season could not be properly indicated. For example,
the configuration of the casing in the bottom 3 m of the fill at the end of the
first construction stage can only be considered as the initial configuration
from which the fill would deform under subsequent fill placement. Because
the vertical inclinometer casing beneath the crest was blocked during the

1988 construction season, only the horizontal deflections before August 1988

could be measured.
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Horizontal deflections of the fill and the foundation soils in the slope
direction (A) and the direction normal to the slope (B) are illustrated in Figure
4.35 and Figure 4.36. Both figures show movements of less than 2 mm in the
two directions after the first construction. After the 1987 construction season,
the outward movement of the foundation in the A direction occurred in the top
3 to 4 m soils and increased with elevation until it reached a maximum
displacement of 12 mm near the ground level (elevation 702 m) in August 1988.
The horizontal displacement of the foundation soils in the direction B showed
the same fecature of increasing with elevation, but the magnitude was smaller

than in the direction A.
447 0 m Level in Signode Section

Profiles of the horizontal strain of the soil at the ground level in the

Signode section are illustrated in Figure 4.37. The sirains developed during
the first construction season were less than 0.1%. The soil moved into the fill
at most locations with a maximum value of 6 mm during the period. During

the second construction season, only minor changes less than 0.2% of strain
occurred at locations along the elevation except for the soil near the slope
surface where a strain of 0.3% developed. At the end of the final construction
season, the strain in the fill had the same distribution as was found in the
Tensar secrion. The soil near the toe was compressed as the fill was placed to
12 m height; the strain of the soil increased from the toe into the fill and
reached a maximum of 0.65% at the 17 m location. No significant changes
were observed from the strain profiles measured one and two years after the
fill was completed. The development of the strains at representative locations
along the instrumented elevation with respect to the construction and
consolidation stages of the test fill can be seen in the strain-time diagrams

shown in Appendix A.

Similar to the discussion in previous sections, to check the assumption that
the center magnet did not move, it is worthwhile to compare the relative
movement between the center magnet and its adjacent magnets on thc east and
the west side of the fill. After the final construction season, the magnet in the
Signode section displaced between 4 and 7 mm outwards; the magnet in the

unreinforced section moved about 8 mm outwards. This fact justified again
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the validity of the assumption that the center magnet remained fixed in its

original position within the fill.
448 2 m Level in Signode Section

Fifteen sets of horizontal extensometer field readings were taken at the 2 m
level in the Signode section. The second field reading was taken at the end of
the first construction season when 1 m of fill was placed above this level.  The
magnet at the 16 m location moved 12 mm inward in the fill. It meant that
about 1% of extension strain developed within the fill between 14 and 16 m
from the slope surface, while the average horizontal strains within the soil at
other locatiors were less than 0.1%. This movement was most likely induced
by construction equipment. Thus, a zero extension strain was assumed in the
soil between 14 and 16 m from the slope surface and the movement of the

magnet at the 16 m location was adjusted systematically.

Figure 4.38 shows the horizontal strain profiles of the soil at different
stages of construction and consolidation. The strain within the soil developed
during the 1986 construction season was of little significance since only 1 m of
the fill was placed above this level. At the end of the 1987 construction, the
strain varied smoothly along the level with a maximum average strain of

0.65% occurring in the soil 4 t0o 6 m from the slope surface. After the
placement of the top 6 m of the fill during the 1988 construction season, the
strain distribution changed significantly. The average horizontal strain

increased sharply from 0.6% near the slope surface to 2.65% at the 3 m
location. The strain remained nearly unchanged within the soil 2 to 8 m from
the surface and dropped to 1.1% within the next 2 m. It then decreased
gradually at further locations in the fill. The maximum strain increment of
2.2% occurred in the soil between 6 and 8 m from the surface.  The horizontal
strains developed due to consolidation after completion of the fill were small,
as seen in Figure 4.38 and the strain-time diagrams shown in Appendix A.

The movement between the center magnet and its adjacent magnet in the
Signode section varied between 7 and 15 mm after the 1988 construction
season; the movement between the two magnets on the other side of center
line ( in the unreinforced section ) was 10 to 13 mm. Therefore, it appeared
that the center magunet did not displace significantly as the fill was placed.
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449 4 m Level in Signode Section

Figure 4.39 illustrates profiles of the horizontal strain within the soil at the
4 m level in the Signode section. The strain developed during the 1987
construction season distributed smoothly with the maximum average strain of
0.3% occurring in the soil 2 10 4 m from the slope surface. During the 1988
construction season, the strain distribution changed considerably. In
September when the fill height was 10.5 m, the maximum strain and the
maximum strain increment occurred in the soil between 4 and 6 m from the
surface. At the end of the 1988 construction season, a maximum strain of 2.5%
remained in the soil between 4 and 6 m from the surface, but the maximum
strain increment of 2.35% ( from November 1987 to November 1988 ) occurred
in the soil between 8 and 10 m from the surface. The strain and strain
increment .of the soil greater than 10 m from the slope surface decreased
gradually to 1.45% at the location 14 m from the surface. The profile of the
strain measured two years after the completion of the fill was identical to the

profile in November 1988.

Again, the relative displacements between the center magnet and the
adjacent magnets in both sides were compared. The movements were 21 mm
in the Signode section and 15 mm in the unreinforced section at the end of the
1988 construction season. The possible movement of the center magnet was

also of minor significance.
44.10 6 m Level in Signode Section

Three sets of extensometer field readings were taken at the 6 m level in the
Signode section during the summer of 1988 before the access tube was blocked
by construction activities. The first set of readings were taken before the
construction as the initial measurements. The second set of readings, taken in
August when the fill height was 8 m, showed some unexpected movements of
the magnets. At the 0 and 6 m locations, the magnets moved 38 and 24 mm
towards the slope; at the 2 and 4 m locations, however, the magnets moved 2
mm outwards and 46 mm inwards respectively. This set of measurements
indicated an average horizontal compression strain of 3.5% developed in the
soil between 4 and 6 m from the slope surface.  This compression strain, which
seemed not to be generated by the load of the 2 m of fill above the level, was
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most likely caused by construction activities at the beginning of the
construction season. By comparing this set of measurements with the
measurements taken in early September, the maximum increment of the
average horizontal strain, when the fill height increased from § to 9.5 m, was
found to be 1.25% and it occurred in the soil between 6 and 8 m from the
surface. Since no more field readings were available, it is impossible to make

adjustment for the construction activities to produce strain profiles along the

level.
4.4.11 Vertical Alignment beneath Toe in Signode Section

Fourteen sets of field readings were taken along the vertical casing
installed beneath the toe of the slope in the Signode section between
September 1986 and September 1990. Profiles of the horizontal deflection of
the foundation soils along the casing in the direction A, at different stages of
construction and consolidation of the test fill, are illustrated in Figure 4.40.
During the first construction season, the foundation soils moved into the fill
less than 2 mm. At the end of the second construction season, the soils below
the -6 m level showed almost no displacement, whereas the deflections of the
soils above this level increased with elevation and reached a maximum of 8.4
mm near the ground surface. After the final construction stage, the shape of
the displacement profile remained the same as during the previous year, but
the magnitude of the movement increased considerably. Above the -6 m level,
the deflection of the foundation soils increased approximately linearly with
elevation to its maximum of 30.3 mm near the surface. Increments of the
horizontal deflection between 2 and 3 mm developed above the -6 m level
during the consolidation period from November 1988 to September 1990.

Profiles of the horizontal deflection of the foundation soils in the B
direction are shown in Figure 4.41, The deflection increased with elevation in
all profiles, similar to the profiles in the A direction.. The magnitudes of the
deflection in the B direction, however, were much smaller than in the A
direction. Moreover, the sclationship between the development of the
horizontal movement and placement of the fill was not as clear as in the A
direction. Apparently, the horizontal movement in the direction normal to
the slope (B) was of minor significance compared to the movement in the slope
direction (A). The development of the horizontal displacement of the
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foundation soils beneath the toe of the slope in both directions can also be
seen in the displacement-time diagrams, shown in Appendix A.

4.4.12 Vertical Alignment beneath Crest in Signode Section

Ten sets of vertical inclinometer measurements were taken in the vertical
casing beneath the crest of the slope in the Signode section beforc the casing
was blocked by construction equipment in the summer of 1988. Figurc 4.42
shows profiles of the horizontal deflection of the fill and foundation soils
along the vertical alignment in the A direction. Profiles at different stages of
construction show the same features of increasing outward movement with
elevation except at the ground level where inward displacement of the casing
of about 15 mm was detected throughout the monitoring period. This
displacement indicated possible buckling of the casing at the ground surface.
Therefore, the measurements at the ground level was omitted and the profiles
of the horizontal movement was adjusted, as shown in Figure 4.43. In the
foundation soils, the movement during the first construction season was little;
the movement after the second construction increased gradually with
elevation, with a maximum displacement of 7.3 mm occurring near the ground
surface in August 1988. This amount of displacement was slightly smaller
than the displacement beneath the toe at the same time. The horizontal
movement of the fill soil increased nearly linearly with elevation in all
profiles, but the rate of the increase in 1987 was much higher than in 1986.
During the period between November 1987 and August 1988, average
increments of displacement of 8 to 10 mm were measured in the bottom 3 m of
the fill soil.

Profiles of the horizontal movement of the soils beneath the crest of the
slope in the B direction are illustrated in Figure 4.44. The measurcments
showed that the displacement increased with clevation, but the magnitude of
the movement in the foundation soils was less than 4 mm. These were smaller

than the movement in the A direction, as discussed in previous sections.
4413 0 m Level in Paragrid Section

Profiles of the average horizontal strain of the soil at the ground level in
the Paragrid section are shown in Figure 4.45. The horizontal strain
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developed sequentially, in a manner similar to the Tensar and Signode
sections, as the fill was constructed. The strain developed during the first
construction season was less than 0.15%. The increment of the strain due to
fill placemeént in the second construction stage was about 0.05% at most

instrumented locations at the ground level and the strain was distributed

rather evenly. After the final constructior - - the strain distribution
changed. Near the toe of the slope, the soi! . “ssed about 0.1%; the
strain increased with distance from the slopc ar ! a maximum of 0.6%
at the location near the center of the tes: i;. ‘icre were no significant

changes to the strain pattern during the twe ycw.is of consolidaiion subsequent
to the final fill placement. The development of the strain at the ground level

is presented in the strain-time diagrams in Appendix A.
44.14 2 m Level in Paragrid Section

The first field reading of extensometers at the 2 m level in the Paragrid
section was taken in October 1986. The second measurement, taken at the end
of the first construction season whem 1 m fill was placed above the level,
indicated 0.15% compression in the soil between 12 and 14 m from the slope
and 0.95% of extension in the soil 14 to 16 m from the slope. These
unreasonable movements of the soil were likely due to the excessive outward
displacement of the magnet at the 14 m location, perhaps caused by
construction equipments. The strains in the soil at these locations at the end
of the first construction season were, therefore, adjusted based on the trend of
the strain profiles in th¢ other sections and the strains measured thereafter at

the locations were adjusted accordingly.

Profiles of the horizontal strain at the 2 m level are illustrated in Figure
4.46. The strain developed during the first construction season was smoothly
distributed along the level with a maximum of 0.65% arcund the S m location.
During the second construction, the maximum increment of the strain was
0.3% at the 7 m location and the perk strain remained at the 5 m location.
After the final construction season, the peak strain moved to the 7 m location
and increased to 2.05% with a high degree of localization at this location.
Further into the fill, the strain decreased t6 about 0.7% near the center of the
fill. The distribution and the magnitude of the strain during the following

two year consolidation remained nearly unchanged.
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44.15 4 m Level in Paragrid Section

The extensometer magnets and the access tube at the 4 m ievel in the
Paragrid section were installed in Scptember 1987. The second set of ficld
readings taken in October showed that the magnet at the 12 m location moved 6
mm inwards while adjacent magnets moved outwards, This inward
displacement, likely induced by localized activities, was adjusted to the avecrage
value of the displacements at the adjacent magnets and the mecasurcments

after the second set of field readings were adjusted accordingly.

The access tube at the 4 m level was blocked during the 1988 construction
eason in the middle of August when the fill height was 8 m. Figurc 4.47
shows the strain profiles prior to August 1988. The strain developed during
the 1987 construction was less than 0.2%. When another 2 m of fill was placed
above the level, the strain jumped considerably near the slope surface,
increasing about 0.2% at the middle locations and remained approximatcly the

same near the center of the fill.
4.4.16 6 m Level in Paragrid Section

Two sets of field horizontal extensometer measurements were taken at the 6
m level in the Paragrid section before the access tube was blocked by
construction equipments. The second set of field readings indicated that a
maximum horizontal strain of 3.05% developed in the soil between 2 and 4 m
from the slope surface when the fill height was § m. The consistency and the
reliability of the measurements were not evaluated since no additional ficld

readings were available.
4.4.17  Vertical Alignment beneath Toe in Paragrid Section

The vertical inclinometer operating casing installed beneath the toe of the
Paragrid geogrid reinforced slope was blocked during the 1988 construction.
The horizontal deflection profiles in the slope direction (A), prior to the late
August 1988 when the fill height was 8 m, are illustrated in Figure 4.48. The
horizontal deflections developed during the first construction season were
negligible. The profile of the deflection at the end of the second construction
and the profile in August 1988 show steady increases of the deflections from

the bottom of the casing to the ground surface. Near the ground surface, the
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rate of the increasc was larger than at other locations along the casing.
Figure 4.49 shows the horizontal deflection profiles of the soils in the B
direction. Although the profiles indicate the same feature of increase with
clevation, the magnitude of the deflection in the A direction was considerably

larger than in the B direction after the second construction season.
4.4.18 Vertical Alignment beneath Crest in Paragrid Section

Ninc sets of field readings were taken along the vertical inclinometer
casing bencath the crest in the Paragrid section before the casing was blocked
during the 1988 construction season. At the elevation 701.1 m, field
measurements showed that the horizontal deflections after the beginning of
the second construction season were considerably different from the

deflection profiles at locations above and below this elevation. This
discrepancy most likely indicated buckling of the casing around the elevation
701.1 m. To represent the overall behavior of the soil deformation, the

horizontal deflection at this location was adjusted by taking the average value
of the deflections at locaiions 0.6 m above and below the elevation. At the
beginning of the 1987 construction season, a horizontal deflection value of
29.5 mm was measured between elevation 704.2 m and 704.8 m. This
excessively large movement was likely induced by construction equipment
operating near the casing. Therefore, the deflection between the two
elevation levels was estimated based on the measurements in the other sections

and the deflections measured thereafter were adjusted accordingly.

Profiles of the horizontal deflections of the soils, in the A direction are
shown in Figure 4.50. The deflections of the foundation soils were less than 5
mm prior to August 1988. The deflection of the fill soil generally increased
with elevauon and increased as more fill was placed. Figure 4.51 illustrates
the profiles of the deflection in the B direction. The profiles show that the
casing buckled immediately above the ground level. Again, the magnitude of
the deflection in the B direction was significantly smaller than in the A

direction.
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4419 0 m Level in Unreinforced Section

The first set of horizontal extensometer readings at the ground level in the
unreinforced section were taken in ecarly September 1986, immediately after
the installation of the casing. The magnet located 4 m from the slope surface,
however, indicated 14 mm of inward movement, § mm larger than the
movements at the 2 and 6 m locations, when the fill height was less than 1 m.
This excessive " ovement, apparently caused by construction activitics, was
adjusted to the average value of the adjacent magnets and the futurce rcadings

were adjusted accordingly.

Profiles of the average horizontal strains of the fill along the ground level
are shown in Figure 4.52. During the first and the second construction
seasons, the strain was of magnitudes less than 0.2% at all locations. After the
third construction season, changes to the strain distribution occurred.
Excluding the 7 m location where almost no deformation was measured
throughout the monitoring period, the strain increased gradually from zcro at
the toe into the fill, reaching about 1% at the 13 m location and decreased
further into the fill. Although some fluctuation of the strain were detected,
the strain distribution along the g:ound level did not change significantly
during the consolidation. The horizontal strain distributions of the soil at the
ground level in the unreinforced slope were similar to the distributions in

reinforced slopes, as discussed in previous sections.
4420 2 m Level in Unreinforced Section

Magnets and the access tube were installed at the 2 m level of the
unreinforced section in October 1986 and the first field reading was taken
immediately after. The second reading, taken at the end of the 1986
construction when the fill height was 3 m, indicated 0.25% of “orizontal
compression strain in the soil between 12 and 14 m from the slope surface.
This deformation was much larger than the deformations of the soil at adjacent
locations and was likely induced by construction activities. Therefore, it was
adjusted according to the measurements at the adjacent locations and the
related strain distribution in other sections of the test fill. Strains measured

thereafter were adjusted accordingly as well.
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The profiles of the average horizonial strain, after the -djustment, are
illustrated in Figure 4.53. The strains were small during the first and the
seccond construction seasons at most locations other than the 7 m location
where average strains of 0.8 to 0.9% were measured. At the end of the final
construction season when the upper 6 m of fill was placed, the distribution of
the strain in the soil changed significantly. The strain distribution was
characterized by localizations at three locations: 0.9% strain at the 1 m location
due mainly to shallow movement of the fill, a maximum of 1.6% and sharp
variation at the 7 m location and another peak of 14% occurred at the 13 m
location. During the consolidation period between November 1988 and
September 1990, the strain distribution of the soil remained nearly

unchanged, as shown in Figure 4.53 and the strain-time diagrams in Appendix

A.
44.21 4 m Level in Unreinforced Section

Eight sets of horizontal extensometer measurements were taken at the 4 m
level before the access tube was blocked, at 2 to 4 m from the slope surface,
during the summer of 1989, Figure 4.54 shows the profiles of the average
horizont:. strain along the 4 m level The strains developed during the 1987
construction season was of negligible magnitude. A maximum increment of
the strain of 0.5% developed in the six month consolidation period subsequent
to the 1987 construction. The strain increased rapidly during the 1988
construction season and reached a peak of 2.45% at the 3 m location at the end
of the fill placement. The profile shows a sharp increase in the strain from
zero at the slope svrface to the peak and a drop from the peak to 1% at the 7 m
location. Beyond the 7 m location, the strain increased slightly further into
the fill. No significant changes appeared in the profile of the strain
distribution six months after completion of the test fill. The maximum

increment of the strais was 0.2% which occurred at the 3 m location during

the period.
4422 6 m Level in Unreinforced Section

Three sets of field extensometer readings were taken at the 6 m level in the
unreinforced section. The first set of readings were taken as the initial

mcasurements before the upper 6 m of fill was placed. The second set of
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measurements indicated 2.5 and 1.5% of average horizontal strains in the soil
at the 3 and 5 m Jocation when the fill height was 8 m; the strains measured in
Septembes 1988, when the fill height was 9.5 m, were S and 2.5% at the two
locations. The strains of the soil at other locations were relatively small in the

two sets of field measurements.
4.4.23 Verucal alignment beneath Toe in Unreinforced Scetion

Profiles of the horizontal deflections of the toundation soils, in the slope
direction, iiong the casing voftically instulled beneath the toe of the slope in
the wunreinforced section, are shown in Figure 4.55, The horizontal
displacement developed during the first comstruction season was of negligible
magnitudes. Al the end of the secoad construction stage, the casing was bent
towards the fill with displacement magnitudes less than 8 mm. The inward
movement increased from the bottom of the casing to the -3 m level and then
decrcased as aear the ground surface. After the final construction season, the
displacement below the -6 m level remained constant: above this level, the
outward displacement increased with elevation and reached 10 mm near the
ground surface. The displacement of the soil above the -6 m level kept
increasing with consolidation. The maximum increment was 10 mm which
occurred near the ground surface. The profile of the deflection measured in

September 1990 is almost identical 10 the profile in October 1989.

Profiles of horizontal deflections of the soils in :the B direction are
illustrated in Figure 4.56. The horizontal movements of the foundation soils in
this direction showed the same features as in the A directior, but the
magnitudes of the former were considerably smaller except at the ground
surface where the measurements were possibly affected by disturbance necar
the casing. Below the -1 m level, the horizontal movements in the B dircction

were of negligible magnitude.
4.424  Vertical Alignment beneath Crest in Unreinforced Section

Nine sets of inclinometer measurements were taken along the vertical
casing bencath the crest of the slope in the unrzinforced section before the
casing was blocked. The ‘ast set of field readings were taken in August 1988
when the {ill height was 8 . Figure 4.57 and 4.58 show the profiles of the
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horizontal deflections in the direction A and B. The horizontal displacements
of the foundation soils along the vertical alignment bencath the crest were
ncgligible in both directions before August 1988. In the fill soil, the
horizontal movement in th A direction increased with elevt jom, whereas the
movement in the B direction scattered along the casing. Nevertheless, the

magnitude of the movement in the B direction were significantly smaller than

in the A direction.
4.5 Vertical Movements of Fill and Foundation Soils

Relative vertical movements of the fill soil within the test embankment at
level 0, 2, 4 and 6 m above the ground surface were monitored using a
horizontal inclinometer. The inclinometer was operated in horizontally
installed casings. By travelling through a casing from one side of the
embankment to the other, the probe detected vertical deflection of the casing
at intervals of 61.0 cm. Field readings, taken from the digital indicator, were
converted into deflections between each set of two measuring points. From
comparison of measured configurations of the casing with its original
configuration, obtained in the first field reading, accumulated vertical
displacement at each point with respect to a reference point along the casing
was calculated. To eliminate systematic errors, field measurements were take»
consistently with the indicator connecting to the west end of the inclinomeicr
probe. Therefore, the west end of the casing became the reference point.
The locations of the reference points were established by surveying

techniques throughout the field research.

Continuous field readings had been taken since the installation of the
horizontal casings. Results of the field measurements before May 1988 showed
remarkable consistency; later results were also consistent and repeatable.
The two scries of results, however, did not match each other at all levels.
Configurations of the casings measured after May 1988 differed dramaticaily
and unreasonably from configurations measured before. There is neither a
theoretical basis nor practical reason for this abrupt change. Obviously, some
technical problems occurred with the measuring system for unknown
reasons. Calibration tests on the probe and the digital indicator were,
therefore, conducted again in February 1990 and the calibration coefficient

was found to be identical to that cbtained before May 1988. Most likely, this
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change was caused by a zero drift or other similar instrumentation problcm.
In order to maintain consisiency, field measurcments were adjusted by taking
the configuration of cach casing measured in May 1988 as another initial
configuration for measurements taken thereafter. A summation of the
relative vertical displacement before May 1988 and an increment of the
displacement from May 1988 to the time when field rcadings were taken
became the total vertical movement of the soil at the instrumentcd point
relative to the reference point. For example, at a point, the displacement
measured in November 1987 was A, referred to the west end of the casing; the
vertical deflections were B in May 1988 and C in November 1988, Therefore,
the total relative vertical displacement of the point in November 1988 was
calcuiated as (A+C-B). The results after the adjustment were consistent,
reasonable and meaningful. However, soil dcformations in the period from
November 1987 to May 1988 were missed in the adjustment, because of the
problems which occurred with the measuring system. Nevertheless, since no
construction was carriecd out and soils on the surface was frozen during this

period, errors of soil deformation in the period would not be significant.

The horizontal inclinometer measurcd vertical deflections of the casings
relative to a certain datum point, Where the settlement within the test fill was
concemed, however, the absolute movement of the datum point was rcquired.
The sums of the relative vertical displacements along the casing and the
absolute movement of the soil at the datum point provide the settlement profile
at the instrumentation level. There were two approaches to monitor the
absolute movements of the casings in the test fill. Elevation survey measured
the vertical movements of each ends of a casing; vertical extensomelers
detected vertical movements between target magnets. The vertical movements
of the casing at the locations beneath the crest were obtained by interpolating
the displacements of the magnets located above and below the horizontal
casing. Comparatively, measurements from the vertical extcnsometer were
more reliable and more accurate than the elevation survey, because more

potential errors existed in the survey.

There were four specific points, both ends of each horizontal casing and
the locations beneath the crest of the east and west sections, at which absolute

vertical displacements could be obtained. Hence, four settlement profiles of
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the soil along the instrumentation level wouid be available after each set of
measurcments. These profiles were supposed to represent the same picture of
soil deformations along the same horizontal casing, but, as a matrer of fact,
they did not. Profiles of settlement based on different measurements of
absolute vertical movements showed the same shape but significantly
differcnt magnitude. Nevertheless, in most cases, there were usually two or
three profiles, for each horizontal casing and each set of measurements,
which matched to each other reasonably well. Moreover, from: cvzlveation of
settlement profiles at different sections and levels, it was found that the
profiles obtained based on the results of the vertical extensometer
measurements on the west side of the embankment, i.e., in the Tensar section
and the unreinforced section, were usually consistent and compatible with one
or 1wo profiles based on independent other measurements, i.e., vertical
cxtensometer measurements on the east side or elevation survey
measurements. Therefore, it appeared appropriate to use the absolute vertical
displacements measured beneath the crest on the west side of the test fill for
settlement calculation. The absolute vertical displacement were checked and

adjusted by other related field measurements.

Since the vertical extensometer tubes beneath the crest of all test sections
were blocked during the 1988 construction season, the absolute vertical
movements of the casings at different levels after incident could only be
obtained from the elevation survey. Unfortunately, no survey records during
the 1988 construction season were available in the field documents.
Therefore, the settlement after completion of the fill ¢an only be evaluated
from the profiles based on the elevation survey at the west end of each casing
(the bench mark for elevatiosi survey is located on the west side of the test
fill.) in May 1989 and October 1990 when the survey was carefully carried out.

Vertical movements of the fill and foundation soils along vertical
alignments beneath the toc and the cvest of each test section were monitored
using extensometers. The extensometer measures distances between target
magnets and datum magnets at the bottom of access tubes. The datum magnets
were installed at locations 12 m below the original ground surface in stiff till,
to ensure that they would not be displaced by the test fill. Subtracting the
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original distances, obtained during the first field reading, from the mecasured
distances, the vertical displacements of target magnets were delermined,

45.1 0 m Level in Tensar Section

Fifteen sets of field mcasurements were taken along the horizontal
inclinometer casing at the 0 m level of the Tensar scction between September
1986 and September 1990, Before November 1988, the absolute vertical
displacements at the location beneath the crest were determined by
interpolating the displacements, obtained from the vertical extensometer
measurements, at the locations 0.5 m above and 0.5 m below the ground
surface; after November 1988, the absolute vertical displaccments at the west
end of the casing were determined from ground clevation survey. The
deflections of the casing and the absolute vertical displacements at the specific
points provided a view of the seutlement of the test fiil at the ground level, i.c.,

a view of the deformations of the foundation soils,

Settlement profiles at the ground level in the Tensar section are shown in
Figure 4.59. During the first construction season, a maximum secttlement of 21
mm occurred at the center of the fill. Uniformly distributed settlements of 5
to 8 mm developed during the consolidation subsequent to the first
construction. At the end of the second construction season, the settlement at
the ground level increased gradually from 20 mm at the toe to 68 mm a: the
center of the fill, It then had increments between 15 and 25 mm due to
consolidation and the placement of another 2 m of the fill. During the final
construction season and for a period of six month of consolidation, the
settlement  distribution changed significantly. Near the toe (The large
vertical movement at the toe was likely caused by the construction of a
drainage ditch at the toe near the instrumented zone in the carly summer of
1989.), the amount of settlement was 56.4 mm. The increment was only 20 mm
when comparing to the previous year. The total settlement increased rapidly
from the toe into the fill and reached the maximum of 221 mm at the center.
The amount of the consolidation settlement during the pericé from May 1989 10
September 1990 varied between 3 mm near the toe and 12 mm at the center.

From Figure 4.59, it is seen that the measurements of the horizontal

inclinometer are consistent. The settlement at the ground level varied in a
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uniform manner: nearly linearly increasing from the toe to the center. No

significant localization of settlement is observed.

The development of tne settlement at typical locations along the casing at
the ground level is presented in Figure 4.60. The vertical displacements
increased following the construction and subsequent consolidation periods.
The displacements due to placement of the fill varied at different locations:
near the center, there were larger increments of displacement than at
locations near the slope surface. This feature can be clearly observed during
the 1988-1989 seasons. For example, within 276 days (day 718 to day 994), the
sctitlement at the 1 m location increased from 36.6 to 56.4 mm, whereas the
settlement at the center increased from 93 to 221 mm. At different locations,
the displacement was developed in different rates, as shown by the slopes of
the settlement-time diagrams in Figure 4.60. Comparatively, the differences
in the settlement due to consolidation were small. The settlement-time

diagrams during consolidation periods are nearly paraliel.
452 2 m Level in Tensar Section

Settlement profiles of the soil at the 2 m level, indicating the overall
movements of the foundation soils and the fill soil below the 2 m level, in the
Tensar section are shown in Figure 4.61. The settlement due to the placement
of the fill during the first construction season were rather uniformly
distributed and varied between 12 and 31 mm along the instrumentation level.
An increment of about 13 mm developed during the subsequent consolidation
period. After the second consiruction season, the total settlement at the level
increased gradually from 77 mm at the slope surface to 109 mm near the center
of the fill. The increments of vertical displacement due to the consolidation
and the placement of 2 m of the fill also increased slightly from the surface to
the center where an increment of 52 mm was measured. The measurements
taken in May 1989 showed considerable increases in the settlement. The total
settlement varied between 167 mm near the slope surfacc and 310 mm near the
center. The settlement increased approximately linearly from the surface to
the center of the fill without significant indications of localization. During
the consolidation period from May 1989 0 September 1990, the increments of
the settlement were measured between 13 mm around the slope surface and 36
mm near the center. The development of thc settlement at different stages of
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construction and consolidation and the settlement at different locations along
the instrumented level at 2 m can also be clcarly seen in the secttlementi-time

diagrams shown in Figure 4.62.
4.5.3 4 m Level in Tensar Section

The settlement profiles, indicating the overall movements of the fill and
the foundation soils below the 4 m level, are shown the Figure 4.63.  After the
1987 construction season, the measured settlement varied between 51 mm at
the slope surface and 83 mm at the center of the fill. Rather uniform
increments of vertica! displacement between 50 and 62 mm developed from
May to August 1988 when the fill height was 8 m. The profile of setilement in
May 1989 showed large differences in both shape and magnitude when
compared to the profile of August 1988. The amounts of the total vertical
displacement increased to 166 mm near the slope surface and 304 mm at the
center of the embankment with an obvious localization at the location between
3 and 4 m from the surface. The amount of the settlement developed during
the corsolidation period between May 1989 and September 1990 varied between

30 and 40 mm at most locations along the instrumented level.

The devclopment of settlement at the 4 m level throughout the whole
monitoring period is illustrated in Figure 4.64. The same features of the
vertical displacement variation, as discussed in the previous sections, can also

be seen in the settlement-time diagrams.
454 6 m Level in Tensar Section

Three sets of field inclinometer readings were taken at the 6 m level in the
Tensar section during the 1988 construction season. The first rcading was
taken in May 1988, before the fill construction was resumed, as the initial
measurement. Since neither vertical extensometer nor elevation survey
results were available, only vertical deflection profiles could be obtained from
the horizontal inclinometer measurements. The wvertical deflections were
calculated relative to the center of the fill. In other words, the displaccments
were relative to the center of the fill (upward relative movement is positive ).

The deflection profiles of the soil at the 6 m level in the Tensar section are
illustrated in Figure 4.65. The profile in August 1988, when the fiil height was
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8 m, gave a clear view of the soil movements. The downward movements of
the soil decreased from the center to the crest; it increased rapidly with a
magnitude of 15 mm from the 7.5 m location to the 5 m location and then
increased slightly to the slope surface. The profile in November 1988 showed
the same features of the deflection variation, but it also showed considerable
localization of settlement. At two locations 2.5 and 5 m from the surface,
measurements indicated large downward movements. The field records of the
measurements at the two locations appeared to be reasonable and no errors
were found. Since no field measurements were taken thereafter due the
blockage of the casing, the consistency of the field readings could not be
checked. Nevertheless, the localization of the vertical movement can be
considered as an indication of the development of shear zones within the

reinforced soil.
4.5.5 Vertical Alignment beneath Crest in Tensar Section

Vertical movements of the fill and foundation soils along the vertical
alignment beneath the crest of the test embankment were monitored using
extensometers. Magne: - were installed in the foundation soils, through a
borehole, and in the fill soil at locations 6, 2.5 and 0.5 m below the ground
surface and 0.5, 1.5, 2.5, 3.5, 4.5 and 5.5 m above the surface. The access tube
was blocked during the 1988 construction and no field reading was taken after
August 1988.  Because the magnets in the fili soil were added when the fill was
placed, the meas:red settlements indicated the displacement accumulated since
the time of magnet installation. For example, the measured seitlement at the -
0.5 m level represented the movement of the point since early September of
1986, whereas the settlement at the 1.5 m level indicated the displacement of

the point since early October, 1986.

Figure 4.66 shows the profiles of the settlement along the vertical
alignment. Measured settlement at the -6 m location were considerably larger
than at the -2.5 m location. This phenomenon indicated extension
deformation of the foundation soils between the two locations. This extension
seemed impossible. As mentioned in last chapter, the soils between the two
magnets are silty clay; the soils 6 m below the ground are stiff sandy clay and
very dense sand. This measured displacement was apparently caused by
buckling of the access tube.  Therefore, the settlement at the -6 m location was
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adjusted based on the settlement measurements at the -6.5 m location bencath

the toe of the slope in the Tensar section.

The adjusted profiles of settlement are illustrated in Figure 4.67. The
settlement developed following construction and consolidation, As shown in
Figure 4.67 and 4.68, the seutiement increased during the first construction
season and kept developing, but with a smaller magnitude, during subsequent
consolidation; this process repeated during the second construction and the
following consolidation period at a larger ratc than during the previous year.
In each profile, below the -2.5 m level, the vertical displacement was small;
above the level, the displacement increased approximately lincarly 1o the
ground surface and in the fill soil as the elevation increased. However,
because the measured settlement indicated the displacement accumulated since
the magnet installation, the real compression of the fill soil for cach fill
placement or consolidation period was larger than the compression of the

upper foundation soils.
4.5.6 Vertical Alignment beneath Toe in Tensar Section

The development of the settlement at the locations 6.5, 3.5 and 0.5 m below
the grouni surface along the vertical alignment bencath the toe of the slope
in the Tensar section is illustrated in Figure 4.69. No szulement was detected
during the 1986-1987 seasons. A maximum of 3 mm vertical displacement was
developea in the foundation soils beneath the toe during the 1987-1988
seasons. At the end of the 1988 construction, the maximum settlement

increased to 6 mm.
4.5.7 0 m Level in Signode Section

As discussed in previous sections, the settlement profiles were obtained by
combining the relative vertical deflections with the absolute vertical
displacements which were determined from the vertical extensometer
measurements (before August 1988) bereath the crest of the west slope of the
fill and the ground elevation survey meay-..cments (after August 1988) at the
west ends of the casings. The settlement profiles on the cast side of the test fis
(Paragrid and Signode sections) were obtained from the relative deflections

and the absolute vertical displacements at the center point of cach casing
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which werc calculated based on the measurements on the west side of the fill

(Tensar and unreinforced sections).

Scttlement profiles at the ground level in the Signode section are
illustrated in Figure 4.70. A rather uniform settlement about 10 mm was
developed during the first construction season and another 3 mm in the
subsequent five months of consolidation. At the end of the second
construction season, the settlement increased gradually from the toe into the
fill and reached a maximum of 45 mm at the location 10 m from the toe.
Beyond the 10 m location, the settlement decreased slightly. The settlement
due to the consolidation and s placement of another 2 m of the fill varied
between 11 mm near the toe and 19 mm at the center of the fill. In the spring
of 1989, six months after the completion of the fill, the settlement near the toe
remained almost the same, whereas the settlement into the fill changed
dramatically. The settlement increased linearly from 13 mm at the toe to 129
mm beneath the crest and remained approximately the same beyond the crest
further into the fill. The maximum increment of the vertical displacement of
about 85 mm, induced by the placement of the top 4 m of the fill and the
consolidation during the following six months, occurred near the center of the
fill. The settlement developed during the consolidation period between June
1989 and September 1990 varied between § mm near the toe and 13 mm near

the center.

The settlement at the ground level varied mainly with locations along the
casing. No significant localization was observed in the profiles. The
development of the settlement at representative locations can be seen in

scttlemeni-time diagrams shown in Appendix A.

4.5.8 2 m Level in Signode Section

The profiles of the settlement at the 2 m level in the Signode section,
indicating the overall deformation of the foundation soils and the bottom 2 m
of the fill soil since October 1986, are shown in Figure 4.71. The total
settlement  developed during the first construction and the subsequent
consolidation period was distributed randomly along the level and was less
than 23 mm. At the end of the second construction season when another 3 m
of the fill was placed, the increments of the vertical movement of about 35 mm
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were developed at most locations along the instrumented level. The
increments of settlement between May and August 1988, when the fill height
was 8 m, varied between 12 mm near the surface and 19 mm at the center.  The
profile of settlement measured in June 1989 had a similar shape as the profile
in August 1988, but the magnitudes at most locations changed considcrably.
The 1otal settlement increased from 25 mm near the surface of the slope 0 167
mm at the location beneath the crest. In the soil beyond the 10 m location, the
total settlement fluctuated a range of 30 mm. This profile also showed
localization of the vertical dcformation at the 5 and 7 m locations from the
slope surface. The settlement developed during the consolidation period
between June 1989 and September 1990 increased gradually from 22 mm ncar

the surface to 36 mm at the center of the fill.

The settlement-time diagrams, shown in Appendix A, provide a view of the
entire development of the settlement related to loading and consolidation of

the fill at typical locations.
459 4 m Level in Signode Section

Seitlement profiles at the 4 m level in the Signode section are illustrated in
Figure 4.72, The total settlement developed during the 1987 construction
season varied smoothly between 40 and 60 mm. A uniformly distributed
increment of the venical displacement of about 35 mm was measured in the
subsequent consolidation period. In Junc 1989, the measured total vertical
displacement increased from 120 mm at the slope surface (0 245 mm bencath
the crest, decreased slightly in the next 3 m of the soil and then remained
constant further into the f{ill. The maximum increment of 148 mm from
August 1988 to June 1989 appeared in the soil beneath the crest. Increments
of settlement during the consolidation period from June 1989 to Scptember
1990 varied between 12 and 40 mm at locations along the 4 m level.

4.5.10 6 m Level in Signode Section

Two sets of horizontal inclinometer measurements were taken at the 6 m
level in the Signode section before the casing was blocked during the 1988
construction season. The first set of readings was taken as the initial

measurements before the construction; the second was taken in late August
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when the fill height was 8 m. Figure 4.73 shows the measured deflection
profile of the soil at the 6 m level.  The value of the deflection in the profile
represents the vertical displacement at each point relative to the center point,
as discussed in the Tensar section. Within the 6 m from the center of the fill,
the vertical displacement remained constant; further towards the slope
surface, the downward movement of the soil decreased and reached the
minimum beneath the crest. Beyond the crest to the slope surface, the
downward movement of the scil increased 28 :nm sharply in 2.5 m of the soil.
It then decreased gradually from the 3.5 m location to the slope surface. The
features of the deflection profile are similar to the profiles described for the
Tensar section. In spite of the fact that the set of measurements was taken
during the construction season, the sharp increase in the downward
displacement might ipdicate the development of shear zones within the fill.

4.5.11 Vertical Alignnicnt beneath Crest in Signode Section

Vertical movements of the soil beneath the crest of the slope in the Signode
section were monitored by measuring the displacements of the magnets placed
at locations 6, 3 and 1 m below the ground surface and 0.5, 1.5, 2.5, 3.5, 5 and 5.5
m above the ground surface. Because the access tube was blocked during the
1988 construction season, only the movements before August 1988 are

reported.

Settlement profiles along the vertical alignment beneath the crest of the

Signode section are illustrated in Figure 4.74. As mentioned in the Tensar
section, the measured settlement at the -6 m level were unrealistically large.
for some unknown reasons. The settlement at the -6 m level was adjusted in

'he same way as discussed in the section on the Tensar reinforced slope.  From

: profiles, it is seen that the settlement increased with elevation; the rate of
the variation ( with elevation ) increased as more soil was placed on the test
fill. The foundation soils near the ground surface displaced much more than
the soil lying underneath. In spite of the linearity between the settlement
and clevation above the -1 m level, the actual compression of the upper fill
was larger than the lower fill soil and of foundation soils, as discussed in the

Tensar section.
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4.5.12  Vertical Alignment beneath Toe in Signode Section

The development of the settlement of the foundation soils at locations 1, 3.5,
6 and 9 m beneath the toe of the slope in the Signode section is shown in
Figure 4.75. The settlements developed during the first and sccond
construction and consolidation periods were of small magnitudes. A maximum
settlement of 10 mm was measured at the -1 m level at the end of the final

construction stage.
4.5.13 0 m Level in Paragrid Section

Figure 4.76 Illusirates the settlement profiles at the ground level in the
Paragrid section. The vertical deformation of the foundation soils was

developed closely following the construction sequences of the test

embankment. During the first construction season, a maximum seilement of
32 mm was developed near the center of the fill. It decreased gradually as the
distance from the slope surface decreased. In the following six month

consolidation period, increments of about 10 mm were measured along the
ground level. At the end of the second construction season, the total
settlement increased from 12 mm close to the slope surface t0 83 mm near the
center, The amount of the vertical deformation due to the subscquent
consolidation and the placement of another 2 m of fill varied between 4 mm a:
the surface and 25 mm at the center. In May 1989, seven months after the
completion of the fill construction, the maximum settlement increased to 230
mm near the center of the fill; the settlement decreased gradually to 30 mm as
one approached the slope surface. The settlement developed during the
consolidation period from May 1989 to September 1990 was about 10 mm.

The overall vertical deformation of the foundation soils varied
proportional to the height of the fill soil above the instrumented locations at
the ground Ilevel. Besides the pore pressure dissipation, no other factors, such
as over-stressed zones, appeared to be related to the development of the
settlement at the ground level. The characteristics of the settlement

development can also be seen in the scttlement-time diagram in Appendix A.
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4.5.14 2 m Level in Paragrid Scction

Profiles of the scttlement at the 2 m level in the Paragrid section are shown
in Figure 4.77. These protiles represent the distribution of the settlement
along the 2 m lcvel as well as the variation of the settlement as the fill was
scquentially constructed. The settlement during the first construction season
varied between 15 and 35 mm. The increments of the vertical deformation due
i0o the subsequent six month consolidation were ahout 12 mm. At the end of
the second construction season when the fill height was 6 m, the settlement
profile was smooth varying from 58 mm near the slope surface to 119 mm close
to the center of the fill. The average increment of the veitical deformation
due (o the consolidation and the placement of the 2 m fill soil at the beginning
of the 1988 construction was 50 mm. In June 1989, the measured settlement
distrit-ation changed significantly. Near the slope surface, the vertical
displacement only increased 33 mm since August 1988; beyond the crest, the
displacement increased about 130 to 145 mm. Moreover, some localizations of
the displacement, around the 4 m location, for example, can be observed in the
profile. The setilement developed due to the consolidation from June 1989 to

September 1990 varied between 28 mm near the slope surface and 36 mm at che

center of the fill.

Features of the entire developmeant of the vertical deformaticn of the soils

below the 2 m level a:c seen in the settlement-time diagrai:s in Appendix A,

4.5.15 4 m Level in Paragrid Section

Figure 4.78 shows the profiles of the settlement at the 4 m level in the
Paragrid section. The sctilement developed during the 1987 construction
distributed uniformly along the instrunientation level with an average
magnitude about 75 mm. The increment of the vertical displacement due to
the consolidation and the piacement of the 2 m fill in the period between
November 1987 and August 1988 increased slightly from 50 mm near the slope

surface to 61 mm at the cenier of the fill. In May 1989, the total settlement
varied from 210 mm near the slope surface to about 290 mm beneath the crest
and ther remained constant further into the fill. Although the settlement

profile appeared to be smooth, certain localization of the vertic:! displacement
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around the 4 m location can be observed. The settlement due 10 consolidation
from May 1989 to Septemb:. 1990 varied briween 20 mm near the surface and

47 mm at the center of the icst embanl ~ent,
4.5.16 6 m Level in Paragrid Section

Three scis of horizonsal inclinometer field rcadings were taken before the

casing was blocked in November '088. The obtained vertical deflection
profiles at the 6 m level are shown a Figure 4.79, The deflections in the
profiles was the displacements relative (0 the center of the fill. The

deflections measured in August 1988 distributed as expected: the soil ciuse to
the center settle. more than the soil close to the slope surface. The profilc of
the displacements measured at the eud of the 1988 construction, however,
show significant localizations. Large differential movements of the soil
occurred at the 7 m and 4 m locations, indicating possible developmei: of over-

stressed zones at the locations.
~...17  Vertical Alignment beneath Crest in Paragrid Section

Eleven sets of vertical exiensometer field rcadings were taker slong the
access tube bencath the crest of the Paragrid geogrid reinforced siope before

.
4

the tube was blocked in the 1988 constructior season. In mrost of he field

readings, the measurements indicated that the magnets  installed in the

foundation soils displac:.! upwards as the fill soil was placed. These
displacements, which were obviously not the real behavior of the foundation
soils, could be related to two possibilities. One was that the magicis in the
foundaiion soils along the access tube were not properly fixed at the
instrumenicd locations. In other words, those magnets were shifting and
providing erroneous data. The other possibility was that the datum point at
the bottom of the tube had moved. Ry comparing with the measurements in

the Tensar section which has the same geological profile of the foundation
soils, as discussed in the last chapter, it was found that the vertical
displacements in the Paragrid section ‘'vere consistently smailer at all
instrumented locations. It seemed more likely that the datum point had moved
for some unknown reasons. Therefore, the measurements of the vertical
extensometers in the Paragrid section were adjusted by the amount of

cstimated movements of the datum point by assuming that the v agnet al the -3
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m location in the Paragrid section displaced in the same amount as the magnet

at the same location in the Tensar section.

After the adjustment, the same problem occurred that the magnct at the -6
m location settled more than at the -3 m location, as mentioned in previous
sections. Hence, the measurements were adjusted again in the same way as
discussed in the Tensar and Signode sections. Settlement profiles after the
adjustment are shown in Figure 4.80. The zettlement was developsd as the fill
was constructed. It increased as the elevaticn increased. The rate of the
increase in the fill soil was larger than in the foundation <oils. T he
characteristics of the verticai displacement of the svils benes:s the wrest in

the Paragrid section are similar to the soiis in other sections, as  discussed

before.
4.5.18 Venical Alignment beneath Toec in Paragrid Section

The development of the scuilement of the foundation soils beneath the toe

of the Paragrid reinforced slope is illustrated in Figure 4.81. At the -1.5 m
location, the vertical displaccment was devciopzid clearly corresponding to the
-onstruction and consolidation stages of the test fill. The settlement-time

diagram at the -1.5 m location is comparable to the diagrams of the fill soil, as
discussed in previous sections. At lozations below the -3.5 - ‘:.el, the
correspondence was not as obvious a»d the magditude of the settiement was

considerably smaller tian at the -1.5 - location,
45.19 0 m Level in Unrcinforced Section

Figure 4.82 illustrates the settlement profiles at the ground level in the
unreinforced section. “he vertical deformation due to the placement of the
bottom 3 m of the fill during the first construction season was less than 9 mm.
Increments of the seitlement up 10 9 mm were developed during the following
six month period of consolidation. At the end of the second construction stage,
the total settlement increased from the toe to the 9 m locationn and remained at
about 23 mm further into the fill. Thz increments of the vertical movement
developed in the following consolidation period and the placement of two more
meters of the fill *- 1988 construction season varied between 10 mm near the
toe and 20 mm at the center of the fill. In June 1989, six months after the
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completion of the 12 m fill, the settlement profile changed significanrly. The
vertical deformation of the foundation soils incrcased sharply fron: zcen at the
toe to 120 mm at the 1! m location. Beyond the 11 m location. only minor

fluctuation occurred with a range of !5 mm.

It is scen from the profiles that the distribution and the variation of the
vertical deformation of the foundation soils were rather uwniform. No
significant localization was indicated. The development of the settlement
closely followed the construction and consolidation stages, as also shown in
scttlement-time diagrams in Appendix A., indicating the consistency and

repeatability of the field measurements.
4.5.20 2 m Lcvel in Unreinforced Section

rofiles of the scttlement at the 2 m level in the unrcinforced scction are
showrn in Figure 4.83. The overall vertical movement of the foundation soils
and the fill : ..I below the level since the installation of the casing arc
represented i the profiles with respect 10 different stages of construction and
consolidation. The settlement developed during the first construction season
fiuctuated between -4 and 15.6 mm. Increments of the vertical deformation in
ihe soils due to the -.x month of consolidation were about 5 to 10 mm uniforiuly
distributed along the casing. The maximum total settlement of 56 mm occurred
at the 8 m location at the end of iiie second construction season: the settlement
decreaseri gradually at locations approaching the slope surface and the center
of the fill. Increments of the settlement, from November 1987 to August 1988
when the fiit height was 8 m, varied between 19 and 32 mm with the largest
increment appeared around the 8 m location. After the third construction
season and the following six months of consolidation, the total settlement near
the surface cnly changed from 60 to 78 mm, whereas the settlement ai the
center of the fill increased from 47 to 150 mm.  The soils close to the center of
the fill developed a large amount of settlement due to the placement of the
upper 6 m of the fill. The increment of the deformation due to consolidation
from June 1989 to September 1990 increased gradually from 26 mm near the

surface to 36 mm at the center of the fill.

The settlement profile after the third construction stage is characterized by

localization. Around the 8 m location, the settlement changed dramatically.
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For example, between August 1988 and June 1989, the increment of the
settlement increased from 11 mm at the 2 m locations 10 37 mm at the 7 m
Iccation; within the next 2 m of the soil beyond the 7 m location, however, the
increment jumped from 37 mm to 75 mm. Beyond the 9 m location, the rate of
the increase was much smaller. This localization of the vertical displacement

would provide an indication of a shear zone deveioprient within the

unreinforced slope.
4521 4 m Level in Unreinforced Section

Figure 4.84 illu:.vates settlement profiles at the 4 m level in the
unreinforced section. The settlement, developed during the 1987 construction
scason when 2 m of fill was placed above the level, distributed smoothly along
the casing, varying betweeqt 43 and 63 mm. An average increnier® f about 35
mm was developed from: “oyember 1987 to August 1988 when the fill height
was 8 m.  In June 1989, six months after the completion of the 12 m fill. a large
amount of the secttlement increased in the soil around the central part of the
fill. The 1otal settlement gradually increased from 128 mm near the suiface 1¢
207 mm beneath the crest and 10 215 mm at the center. The maximum total
scttlement of 237 mm occurred at the 12 m location; the largest rate of the
increment variation appeared at the 5 m location where the increment of the
vertical displacement (from August 1988 to June 1989) varied from 26 to 90 mm
within 2 m of soil. In the period from June 1989 to September 1990, the
increment of the settlement due to consolidation increased from 25 mm at the 2
m location to 35 mm near the ceater of the fill.  The excessive displacement of

the soil within 1 m from the surface represented the shallow movement of the

fill soil weakened by freeze-thaw cycles.
4522 6 m Level in Unreinforced Section

Only two sets of horizontal inclinometer readings were taken at the 6 m
ievel in the unreinforced seciion before the operating casing was %lacked
during the 1988 construction season. The profile of the vertical deflections,
obtained from the field measurements taken in August 1988 when the fill
height was § m, is shown in Figure 4.85. The profile indicates relative vertical
displacement at different points along the casing with respect to the center of
the fill.  The smallest settlement occurred at the 9 m location; at the 5 and 7 m
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locations. excessive downward displacements were measured. The feature of
the deflection profile is similar to the profiles in rcinferced sections, but the

locations of the displacement localization are different.
4 5.23  Vertical Alignment beneath Crest in Unreinforced Scction

Magaets were installed at locations 9, 6, 3 and 0.5 m below the ground
surface and 1, 2, 3, 4, 5 and 6 m above the ground surface along the vertical
alignment beneath the crest of the slope in the unreinforced section.
Vertical movements of the soils at these locations, before August 1988, were
measured. Same as in other sections of the test fill, the vertical uesplacement
at the -6 m level was cxcessively iorge for some unknown reasons. It was
adjusted in the same way as in other sections. Profiles of the settlement, after
the adjustment, are shown in Figure 4.86. Therc was almost no movement
detected 9 m below the ground surface. From the -© m level approaching the
ground surface, thc vertical displacement increased wrodually, Abovc the
ground level, the displacement of the fill soil increased ncarly liness%. with

elevation.
4.5.24  Vertical Alignment beneath Toe in Unrcinforced Section

The development of the vertical displacement of the foundation soils 0.5, 2.5
and 6 m below the toe in the unreinforced section is illustrated in Figurc 4.87.
The measured settlement scatters with time in the diagrams and no clear
relationship is found between the development of the displacement  and
construction activities. Nevertheless, the amoun! of the settlement in the
foundation soils beneath the toe is of minor significance for cngincering

purposes.
4.6 Pore Pressure

Pore pressure within the fili and the foundation soils were monitoted using

pneumatic piezometers. Two piezoiaeters were installed at each 1astrumented
level, 3 and 6 m below the ground surface and 1, 3, 5 and 8 m above the surface,
in each test section. Most of the piezometers at the 8 m level were damaged

during the 1988 construction season; pofe pressrres measured by the
remaining piezometers at the R m level fluctuated with time and were less than

10 kPa in all sections. Seven piezometers were placed in the fill and the
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feindation soils in the center plane of the test fill. Pore pressures were
detected using a readout indicator with a resolution of 1.0 kPa. A low flow rate
was mair:ained throughout the monitoring period to limit the error due to
hcad loss in the leading tubes. The field measurements were plotted in terms

of pore pressure development versus time.
4.6.1 Fill Soil in Tensar Section

The development of pore pressures within the fill soil at differemt locations

in the Tensar section is illustrated in Figure 4.88, 4.89 and 4.90. The
correspondence of the pore pressure development with respect to the
construction activities can be clearly observed in ali diagrams. Pore
pressures in the ‘wuiit up during the construction seasons and
dissipated in the ¢ wohsolidation periods. The ratc of the dissipation
was smaller in the . <onsolidation periods than during the first period,
possibly due to changes of the soil structure during the consol:daticn. The
closer to the center of the embankment, the higher the pore pressure built up
during the construction. But the pore pressures at different locations tended
to cquilibrate as the pore water migrated within the fill soil during the
consolidation periods. The induced pore pressure at each individual location,
however, depended predominantly upon the degree of saturation of the fill soil
at the location. The ratio between the induced pore pressure and the total
vertical stress varied significantly from one location to others. Generally, the

ratio was larger in the soil placed during the 1987 construction season than in
the soil placed during the 1986 season because the former has a higher degree

of saturation. No pore pressure measurements were obtained within the

upper 6 m fill soil.

The ratio between the induced pore pressure and the total vertical stress
changed considerably at different locations within the fill soil due to the
variation in the degree of saturation. However, the differences of the ratio
tended to decrease after the first consolidation period. In other words, the soil
improved in homogeneity during the consolidation phase. For example, at two
locations 4 and 8 m from the slope surface at the 1 m level, the ratio changed
from 0.1 and 0.61 at the end of the 1986 construction to 0.19 and 0.28 at the end
of the 1988 construction; at the two locations at the 3 m level, as shown in
Figure 4.6.2, the ratio changed from 0.57 and 0.15 to 0.3 and 0.22 respectively
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afrer the 1987-1988 consolidation period. This feawure made it possible 1o
obtain a general view of the pore pressure response in different zones of the
test fill from field piezometer measurements. This general view of pore

pressure is important for the stability analysis of the test reinforced slopes.
4.6.2 Foundation Soils in Tensar Section

The measured pore pressure response of the foundation soils in the Tensar
section is shown ‘n Figure 4.91. The variation of ihe pore pressure in the
foundation soils did respond to construction activities, but it was complicated
by other factors such as groundwater table fluctuation. Nevertheless, the
magnitude of the induced pore pressurc in the foundation soils was of liule

significance for the purposes of this research.
4.6.3 Signode Section

The development of pore pressures within the fill soil in the Signode
“ection is shown in Figure 4.92. The pore pressure variation with respect to
construction stages can be observed in the measurements at ali locations.
Pore pressures increased during the construction seasons and dissipated in
consolidations; the ratc of dissipation tended to decrcase as the construction-
consolidation circle repeated. At the same levels, higher pore pressures were
buift up at the locations closer to the center; the pore pressures at different
locations, however, tended to equilibrate during consolidation perious. The
characteristics of the pore pressure response are identical to that discussed in
the Tensar section, although the magnitude of induced pore pressure varied
considerably due to the differences in ucgrece of saturation of the soil placed in

the test fill.

Pore pressures developed in the foundation soils in the Signode section are
shown in Figure 4.93. The correspondence of the porc pressure development
with construction activities is indicated in the diagrams. The magnitudes of
the pore pressures are within the same range as in the foundation soils of the

Tensar section.
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4.6.4 Paragrid Scction

Figure 4.94 and 4.95 show the development of pore pressures in the iill soil
of the Paragrid section. The pore pressure response of the foundation soils is
illustrated in Figure 4.96. The characteristics of the pore pressure variation

with construction and consolidation of the test fill are same as in the Tensar

and Signode sections.

4.6.5 Unreinforced Seciion

Pore pressure response of the fill soil in the unreinforced section is shown
in Figure 4.97. and 4.98. The variation of pore pressurcs with respect to
construction and consolidation stages in the reinforced slope was nearly
identical to the wvariation in reinforced slopes. The magnitude of pore
pressure developed at cach location, however, depends predominantly upon
the degree of szturation of the soil at the location. The figures show the
development and dissipation of pore pressures during construction and
consolidation periods and the equilibration of pore pressures at different

locations due to pore water migration within the slope.

Figure 4.99 illustrates the pore pressure response of the foundation soils in
thq_yf.f-.rcinforced section. No significant changes of pore pressure were

mecasured after the third construction season in 1988.
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Instrumentation Paragrid Signode Tensar Unreinforced
34 36 38
EWR B
Gage M 23 25 23
T 17 19 20
B 18 20 18
Inductance
Coil M 11 15 14
T 11 13 12
m 13 17 15 17
Horizontal H?_m 14 15 14 15
Extensometer m 6 12 _ 6 12
5 m 2 3 2 3
15 14 15 14
Horizontal m 13 13 183 8
inclinometer |y - 10 10 10 I 10
6 m 3 2 3 : 2
11 10 11 10
Vertical  [reSt .
Extensomete toe 14 15 14 15
9 10 9 9
Vertical crest
Inclinometer toe ) 14 14 14
Piezometer 55 piezometers in four sections of Tes! Fill
Maximum 21 field readings taken

B--bottom layer of geogrid
M--raiddle layer of geogrid
T--top layer of geogrid

Table 4.1  Summary of Field Measurement
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Figure 4.2 Strain (EWR) in Tensar Bottom Layer (before adjustment)
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Figure 4.7 Strain Distribution (EWR) in Tensar Top Layer
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Figure 4.8 Strain Development (EWR) in Tensar Top Layer
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Figure 4.16 Strain Development (coil) in Tensar Bottom Layer
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Figure 4.20 Strain Development (coil) in Tensar Top Layer
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Figure 4.25 Strain Distribution (coil) in Paragrid Middle Layer
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Figure 4.26 Strain Distribution (coil) in Paragrid Top Layer
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Figure 4.28 Development of Horizontal Strain of Soil at 0 m Level
in Tensar Section
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Figure 4.31 Distribution of Horizontal Strain of Soil at 4 m Level
in Tensar Section

;gf ——ground surface Nov,88, (795 days) |
:';‘Jov,as (83 days) Pl /‘
E 700 3 - A
L L—Nov,87 (440 days)/. -
E . P /;. Oct,89 (1136 days)
v 7 P
A "- ./‘ ‘/A
T e
| ‘/./l Sept,90 (1485 days)
)
N
L FoWal | 4 e 4 2 2 g2 A 2 3
-2 0 2 4 6 8 10 12 14 16

HORIZONTAL DEFLECTION (mm)

Figure 4.32 Horizontal Deflection (A) of Soils beneath Toe of Slope
in Tensar Section
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Figure 4.33 Horizontal Deflection (B) of Soils beneath Toe of Slope
in Tensar Section
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Figure 4.34 Development of Horizontal Deflection (A) of Soils
beneath Toe of Slope in Tensar Section
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Figurc 4.36 Horizontal Deflection (B) of Soil beneath Crest
of Slope in Tensar Section
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Figure 4.38 Distribution of Horizontal Strain of soil at 2 m Level
in Signode Section
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Figure 4.44 Horizontal Deflection (B) of Soils beneath Crest
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Figure 4.46 Distribution of Horizontal Strain of Soil at 2 m Level
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Figure 4.47 Distribution of Horizontal Strain of Soil at 4 m Level
in Paragrid Section
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Figurc 4.48 Horizontal Deflection (A) of Soils beneath Toe
of Slope in Paragrid Section
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Figure 4.55  Horizontal Deflection (A) of Soils beneath Toe
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Figure 4.56  Horizontal Deflection (B) of Soils beneath Toe
of Slope in Unreinforced Section
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Figure 4.59 Settlement at Ground Level in Tensar Section
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Figure 4.60 Development of Settlement at Ground Level in Tensar Section
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Chapter 5. Summary of Field Measurements
5.1 Introduction

The performance of the Devon geogrid-reinforced test embankment was
discussed in Chapter 4. Detailed interpretation and adjustment of the ficld data
were presented and justified in that chapter. For non-functioning
instruments and missing data in the geogrid layers, the strains of the geogrids
were estimated based on the measurements at adjacent locations. Most of the
adjustments were made to the measurcments of the inductance coils: only a few
minor adjustments were made to the measurements of the electrical wire
resistant (EWR) strain gauges. The analyses of the reinforced slope were
mainly based on the EWR gauge measurements for two reasons. First, the EWR
gauge measurements were found to be more consistent, reliable and accurate
for this test fill. Second, the tensile strains in the tension members of the
geogrids can be directly related to the tensile loads in the geogrids according
to laboratory wide strip tensile tests of the geogrids. The mecasurements of the
inductance coils were only used to assist the interpretation of the EWR gauge
data. Therefore, the adjustments in the previous chapter will not
significantly affect observations and conclusions presented in following

chapters.

In this chapter, the field measurements from the test fill are summarized in
terms of the geogrid strains, vertical and horizontal soil movements and pore
pressure response within the embankment soilz. Results from the different
test sections are compared. Analyses of the data and the response of the test

fill will be presented in the following chapters.
5.2 Strains in Geogrids

Strains in the geogrids in the test fill were monitored using clectrical wire
resistance (EWR) strain gauges and inductance coils. EWR gauges mecasured
the strains in longitudinal (tension) members (or ribs) of the geogrids;
inductance coils measured strains between adjacent transverse members
(anchor members or bars). In spite of some errors induced by thermal
expansion correction, as discussed earlier, the EWR gauges mecasured strains

are more accurate and meaningful, especially when tensilec forces in the
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reinforcement are concerned. The inductance coil measurements were
mainly used to check the strain distributions and to provide valuable estimates

at instrumented locations where the EWR gauges failed or had other problems.

5.2.1 Strains in Tensar Geogrid

Excluding the 2 and 3 m locations in the bottom layer, the distributions of
the tensile strain measured by EWR gauges and inductance coils were nearly
identical to each other in the Tensar geogrid. Profiles of the strains in the
three primary reinforcing layers at the end of the final construction season
are shown in Figures 5.1 and 5.2, as measured by EWR gauges and inductance
coils respectively. The magnitudes of the strains from the EWR gauges were

slightly larger than the strains from inductance coils at most locations.

The tensile strains in the geogrid developed as the fill was sequentially
constructed. The development was, however, not directly proportional to the
fill height. The peak strains in the bottom, middle and top layer were 0.49,
0.71 and 0.18% at the end of the 1987 construction season while the peak
strains at the end of the 1988 construction were 1.05, 1.75 and 2.9% in the same
three layers. The bottom layer had the smallest increment of strain and the
top layer had the largest increment as the fill increased from 6 to 12 m.
Moreover, due to the increase of the fill height, the peak strains in the bottom

and top layers translated from the 1 m location to the 3 m location as measured

from the slope surface.
5.2.2 Strains in Signode Geogrid

Figures 5.3 and 5.4 show the profiles of the tensile strains, measured by
EWR and inductance coils at the end of the 1988 construction season, in the
three primary reinforcing layers of the Signode geogrid. As shown in the
figures, the strain distributions obtained from the two types of measurements
were similar to each other, whereas the magnitudes of the strains from
inductance coils were larger at most locations. The differences could be
caused not only by different deformation mechanisms which were influenced
by both the geometrical and mechanical properties of the geogrids, but also by

problems in the measuring systems such as thermal correction and read-out

box sensitivity.
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Similar to the discussion on the Tensar geogrid, the tensile strains in the
Signode geogrid did not develop proportional to the placement of the fill. The
peak strains at the end of the 1987 construction season were 0.84, 0.57 and
0.06% in the bottom, middlc and top layers; then they increased respectively to
1.58, 1.98 and 1.68% immediately after the final construction stage. As the fill
height increased from 6 to 12 m, the strains in the top layer incrcased the
largest amount and the bottom layer the smallest amount. However, the total
strains in the three reinforcing layers were of similar magnitudes when the

test fill was completed in November 1988.
5.2.3 Strains in Paragrid Geogrid

As mentioned in Chapter 3, some of the high strength fibers in the tension
members of the Paragrid geogrid were weakened or damaged at the
intersections of the geogrid. This damage was most likely caused by over
heating during manufacturing of the geogrid. As a result, the 1iensile strains
measured using the EWR gauges differed significantly from the strains
measured using the inductance coils. Also, there were scveral problems with

the coil measurements as discussed in the last chapter.

Figures 5.5 and 5.6 show the profiles of the strains measured at the cnd of
the final construction season using the two types of measurements. The
measured strains in the longitudinal members (0.87, 0.23 and 0.28% pcak
strains in the bottom, middle and top layers at the end of the 1987 construction
season and 1.19, 0.55 and 1.27% at the end of the 1988 scason) were
considerably smaller than the strains in the other two geogrids (Tensar and
Signode), because the terision members were weakened by the defective welds
and thus less load was carried by the tension members. On the other hand, the
strains between adjacent transverse members (2.77, 1.95 and 0.47% in the
three layers at the end of the 1987 construction season and 3.56, 1.67 and 4.89%
at the end of the 1988 construction season) were larger than the other
geogrids. Nevertheless, the strain profiles from the two types of
measurements do indicate that the middle layer of the Paragrid geogrid had
the smallest strain and the bottom and top layers had strains of similar

magnitudes.
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Due to some unknown problems with the inductance coil measurements in
the Paragrid laycrs and due to the seasonal fluctuations, it was difficult to
cvaluate the creep bechavior of the geogrid. However, the inductance coil
measurements did show some time-dependent strains occurred in the Paragrid
material. Comparing the strains measured in November 1988, October 1989
and October 1990 (the air temperatures during the three sets of the field
rcadings were presumably similar to each other), it was found that the strains
increased at most instrumented locations as time passed. The magnitudes of

the increases varied considerably from one location to the others.

5.2.4 Comparison of Strains in geogrids

There are some common features in the strain profiles of the three
different geogrids. The tensile strain increases from zero at the slope surface
to the maximum at a certain depth in the fill and then decreased as the
distance increases. As the placement of the fill soil continued, the locations of
the peak strains moved inwards further away from the slope surface. The
strain increments in the geogrid developed during the second construction
season were smaller than during the first season. During the final
construction season, the tensile strains in all three layers increased at a rate
considerably higher than in the previous iwo construction seasons. No
obvious creep strains were observed in the Tensar and Signode geogrids except
at a few locations close to the slope surface where excessive shallow soil
movements developed during the consolidation of the fill subsequent to its
completion. In the Paragrid geogrid, the inductance coil measurements

indicated some time dependent strains, which likely occurred at the damaged

joints in the grid.

The magnitude and the location of the peak strains varied in the different
layers and the different geogrids. A comparison of the magnitude (from EWR
gauge measurements) and the location of the peak strains in the primary

reinforcing gcogrids, at the end of the final construction season, is presented

in Table 5.1.



5.3 Horizontal Movements of Soils

Horizontal movements of the soils in the test fill werc monitored using
horizontal extensometers and a vertical inclinometer. The wvertical
inclinometer measured the horizontal deflections of the soils referred to a
datum point 12 m below the original ground surface. The horizontal
extensometers provided average horizontal strains of the fill at 0, 2, 4 and 6 m
levels, by assuming that the magnet placed at the center point of cach
instrumented level did not move. By comparing the total displacements of
each side of the test embankment, it was found that the assumption was

reasonable with induced errors of less than 10 mm in the total horizontal

displacement.
5.3.1 Movements of Fill Soils

Horizontal movements of the fill were closely related to the construction
activities of the test fill. During the first construction season, the horizontal
movements of the fill were small. The soil at many instrumented locations
moved towards the center of the fill due to the settlement which occurred in
the foundation soils. As more fill was placed during the second and third
construction seasons, the fill began to deform outwards and localized zones of
the horizontal displacement developed. At the ground level, profiles of the
horizontal strain distribution in the different sections showed similar
features. Near the toe of the slopes, the soil was compressed in the slope
direction and negative strains were measured. As the distance from the slope
surface increased, the horizontal strain increased. The strains at the ground
surface level in all test sections were less than 1%. At the 2, 4 and 6 m levels,
the magnitudes and the distributions of the horizontal strains varied
considerably from one test section to another. Typical profiles of the soil
strain distribution in the four test sections, at the end of the final construction
season in November 1988 when the fill reached the 12 m designed height, arc
shown in Figures 5.7 to 5.10. No sigrificant creep strains in the soil were

measured in any section.

In the Tensar section, the total soil strain at the 2 and 4 m levels was
distributed rather evenly with the maximum less than 0.4% before the last
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construction season. After the top 6 m of the fill was placed, the horizontal
soil strain at the 2 m level was highly localized at the 11 m location with a peak
strain of 1.7%; two peak strains of 2.9 and 2.1% were measured at the 3 and 11 m
locations at thc 4 m instrumented level. At the 6 m level, a maximum strain of
1.9% was mcasured in August 1988 when 8 m of fill was placed.  This strain was
much larger than the comparable peak strain at the 4 m level. As shown in
Figure 5.7, the peak horizontal strain increased from the ground level to the 2
m level and further to the 4 m level, whereas the strain at the 6 m level was
larger than the three levels below according to the one set of field

measurements taken before the access tube was blocked by the construction

activities.

In the Signode <cction. the peak strains at the 2 and 4 m levels were 0.65
and 0.3% at the end of the second construction season. After the final
construction stage, the peak strains jumped to 2.65 and 2.5% for the soil at the 2
and 4 m levels. At the 6 m level, the maximum increment of the horizontal
strain was 1.25% at the 7 m location when the fill height increased from 8 to
9.5 m. This increment was considerably larger than the maximum increment
at the 2 m level (0.65%) and the 4 m level (0.6%) during the same period. From
Figure 5.8, it is seen that the peak soil strains at the 2 and 4 m levels were of
similar magnitudes which were larger than the strains at the ground level.
Beyond the peak strain location, the strains at the 4 m level were higher than
the 2 m level The horizontal strains at the 6 m level appeared to be

considerably larger than at the other instrumented levels.

In the Paragrid section, the maximum horizontal strains at the end of the
1987 construction season were 0.9 and 0.2% for the soil at the 2 and 4 m levels.
After the 1988 construction during which the top 6 m of the fill was placed, the
peak strain at the 2 m level increased to 2.05% at the 7 m Jocation.  The access
tube at the 4 m level were blocked during the 1988 construction season when
the fill height was over 8§ m. Examining the strain increment during the
period when the fill height increased from 6 to 8 m, it was found that the
maximum increment at the 4 m level (0.3%) was larger than the maximum
increment at the 2 m level (0.2%). The maximum strain developed during the

same period at the 6 m level was measured to be 3.05% at the 3 m location.
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In the unreinforced section, a peak strain of 0.9% was mecasurcd, at the cnd
of the second construction season, 7 m from thc slope face at the 2 m level. At
the 4 m level, the strain due to the second construction stage was negligible,
but a maximum strain increment of 0.5% devcloped at the 1 m location during
the consolidation after the second construction scason. After the final
construction season, a maximum strain of 1.6% at the 7 m location and the
maximum increment of 1.4% at the 13 m location were mecasured at the 2 m
level; the highly localized peak strain of 2.45% occurred at the 3 m location of
the 4 m level. At the 6 m level, large horizontal strains of 2.5 and 1.5% were
measured at the 3 and 5 m locations when the fill height was 8 m: the strains
increased to 5 and 2.5% respectively at the two locations when the fill height
increased to 9.5 m. As shown in Figure 5.10, the peak strain at the 4 m level
was larger than the strains at the 0 and 2 m levels. The strains in the soil
avove the top reinforcing layer were considerably larger than in the soil

below this layer.

From the above discussion, a common feature of the horizontal strain in the
soil was found. Within the reinforced soil, the horizontal soil strains at the
upper levels were larger than the strains at lower levels, similar to the
observations for the unreinforced slope. The differences between the strains
at the upper and lower levels depended upon the propertics of the gcogrids.
Although the measurements at the 6 m level werc questionable since the
magnets might have been disturbed by the heavy construction equipment and
the reliability and consistency of the measurements were not ecvaluated
because of the limited number of field readings, the strain distribution at the 6
m level did provide some valuable information. Examining the strain
increment during the period when the fill height increased from 8 to 9.5 m, it
was found that the maximum increment in the Signode section (1.25%) was
significantly smaller than in the unreinforced section (2.5%). The magnitude
and the location of the maximum horizontal strains in different levels and test

sections at the end of the final construction season are sumwmarized in Table

5.2.
5.3.2 Deformations of Foundation Soils

Examining the horizontal deformation of the foundation soils in different

test sections, several common features were observed. During the first and
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second construction seasons, the horizontal deformation due to differential
scttlement of the foundation soils was an important part of the total movement.
At many locations, the soils moved towards the center of the fill. As more fill
was placed during the final construction season, the overall movements were
outwards. The amount of outward movement of the foundation soils increased
close to the original ground surface. The maximum horizontal deflections of
the soils beneath the toe of the slopes varied from 12 to 30 mm in the different

test scctions except in the Paragrid section where a maximum of 42 mm was

measured in the last ficld reading when the fill height was 8 m. The
horizontal deflections of the foundation soils beneath the crest were slightly
smaller than the soils beneath the toe. The maximum deflections in different

sections varied between 5 and 10 mm before the casings became blocked in

August 1988.

The horizontal deflections of the foundation soils, in the long axis direction
of the test embankment, had similar features to the deflections in the slope
direction, Their maximum values varied between 5 and 12 mm and were

considerably smaller than the deflections in the slope direction.

5.4 Vertical Movements of Soils

Vertical movements of the soils in the test fill are illustrated in settlement
profiles at different instrumented levels. Each profile represents the overall
vertical deformation of the soils below the instrumented level after the
installation of the horizontal inclinometer casing at the particular level. The
vertical deformations of the soils developed following the construction and
consolidation sequences of the test fill. The deformation increased rapidly
during the construction seasons and continued during the consolidation.
Reinforcement layers appeared to have no significant effects on the total
amount of the settlement. The distribution of the settlement at the ground
surface were smooth and nearly identical for each of the four sections. The
distributions of the vertical displacement at the upper instrumented levels,
however, varied from one section to the others. Figures 5.11 to 5.14 show the
typical profiles of the vertical displacements, measured six months after the
completion of the fill. The total vertical displacement might have been
influenced by errors in ground elevation survey which were used to
determine the displacements. The distributions of the di.splacemcm are
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reliable and provide a great deal of insight into how the fill was deforming in

the wvertical direction.

In the Tensar section, the secttlement varied smoothly along all
instrumented levels. Excluding the downward movement of the soil necar the
slope surface, the settlement increased gradually with distance from the slope
surface. From Figure 5.11, only one obvious localization of the vertical
displacement was observed at the 3 m location on the 4 m level where the
measured settlement was 25 mm larger than the expected value from the
variation along the level. At the 2 m level, a possible localization was found
near the 8 m location with a settlement 15 mm larger than the surrounding
values. At the 6 m level, excessive vertical displacements were measured at
the 2.5 m location (35 mm larger than normal value) and at the 5 m location
(50 mm larger). All the localizations appeared to be induced by placing of the

fill above each location.

In the Signode section, as shown in Figure 5.12, excessive vertical

displacements of 25 to 30 mm larger than the normal values were mecasured at

the 5 and 7 m locations of the 2 m level. No obvious localization of the
settlement was observed at the 4 m level. The only possible location of a
shear-zone development would be around 7.5 m from the slope surface. The

sharp change at the 14 m location does not have significant meaning beccause
it disappeared in the profile measured in September 1990. At the 6 m level, a
localization zone with a maximum 40 mm larger than the normal was detected

near the 4 m location when the fill height was 8 m.

In the Paragrid section (Figure 5.13), two localized vertical displacement
zones were detected at the 4 m location (40 mm larger than normal valuc) and
the 8 m location (20 mm larger) at the 2 m level. The large variation around
the 17 m location seemed to be related to construction activities during the
1986 summer. Another excessive movement (about 15 mm larger) was
measured at the 4 m location of the 4 m lcvel. At the 6 m level, two
localizations were found at the 6 m location (40 mm larger) and the 3 m
location (45 mm larger). All the localizations appeared to be induced by

placing of the upper fill.
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In the unrcinforced secction (Figure 5.14), an excessive vertical
displacement zone (20 mm larger than normal value) was detected around the
6 m location on the 2 m level.  Another localized displacement of about 15 mm
larger than normal value occurred at the 3 m location on the 4 m level
Around the 12 m location on the 4 m level, the soil settlement was about 30 mm
larger than at adjacent locations, but the profile was smooth. At the 6 m level,
two obvious localized zones of the vertical displacement were detected at the 7
m lc.ion (25 mm larger) and the 5 m location (20 mm larger), according to

the mecasurements taken in August 1988 when the fill height was 8 m.

Lacations of possible localized vertical displacements in the test fill at the
end of the final construction stage are summarized in Table 5.3. Estimated

amounts of the excessive displacements are included in the table as well.

5.5 Pore Pressure

Even though the pore pressures in the test fill depended predominantly
upon the degree of saturation at the different locations, some common features
of the pore pressure development were observed. As discussed in the last
chapter, the pore pressures in the fill soil increased with fill placement

during the construction seasons and dissipated during the subsequent

consolidation periods. The rate of the dissipation decreased as the
construction-consolidation phases were repeated. At a given instrumented
level, the pressure increased highest at the center of the fill. The pore

pressures at different locations on a given level equilibrated during the

consolidation phase as the pore fluid drained toward the fill boundaries.

Figures 5.15 to 5.17 summarize the pore pressure measurements in the fill
at the end of the second and the final construction seaso..s and one year after
the fill completion. The pore pressure ratio Iy is also indicated in the figures.
The pore pressure ratio in the fill soil at the end of the second construction
stage in 1987 varied over a range 0.01 to 0.95, indicating the extremely non-
homogencous water content and the degree of saturation conditions in the fill.
At the end of the 1988 construction season, the variation of the pore pressure
ratio narrowed to the range 0.14 to 0.43, as shown in Figure 5.16.  The soil in
cach test section could be divided into three zones: the bottom 3 m of the soil

with an average pore pressure ratio 0.25 (standard deviation 0.05), the 3 to 6 m
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levels with an average pore pressurc ratio 0.33 (standard deviation 0.04) and
the top 6 m of the fill. There were no reliable pore pressure measurcments
available from the top 6 m of the fill. According to ficld records, the water
content of the upper 6 m of the fill was considerably higher than the lower 6
m of fill. Therefore, the pore pressurc ratio in the upper soil would
presumably be larger than in the lower 6 m of the fill soil. The pore pressure
ratio in the fill soil decreased at most locations during the ycar of

consolidation following fill completion. as shown in Figure 5.17.

The pore pressures measured in the foundation soils of the test fill did show
correspondence with the cycles of construction-consolidation. The
magnitudes of the pore pressures in the foundation soils were so small that

they had little significance to this research.
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) Tensar Signode Paragrid
Geogrid Layers
BIM[T|BIM]T|BIM|T
Location of Peak Strain
(meters from slope surface) 3 5 B-5 6 |79 10} 4 9 4
Magnitude of Peak Strain (%) 1.05 |1.75 [2.90 [1.58 {1.98 [1.68 {1.19 0.55 [1.27

B-- bottom layer; M-- middle layer; T-- top layer

Table 5.1 Summary of Peak Strains in Geogrids
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Instrumented Level Location of Peak Strain Magnitude of Peak Strain
(meters from slope) (%)
0 m level 15 0.65
2 m level i1 1.65
Tensar
Section | 4 mlevel 3 (1) 3.0 (2.1)
6 m level 3#
0 m level 17 0.65
2 mlevel 3-7 2.6
Signode
Section | 4 evel 5 (9) 25 (2.4)
6 m level 7#
0 m level 17 0.6
Paragrid 2 m level 7 2.15
Section
4 m level - -
6 m level 3# -
0 m level 13 1.0
Unreinforced 2 m level 7 (13)° 1.6 (1.3)°
Section
4 m level 3 245
6 m level 3 5#

( ): second peak location & strain; ( )*: maximum increment location & strain
#: possible location of peak strain, during the 1988 construction season

Table 5.2 Summary of Peak Horizontal Strains in Fill Soil
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Location of Possible Displacement Localization
Instrumented (meters from slope surface)
Level
Tensar Signode Paragrid Unreinforced
2m level 8 (15) 5(25), 7(30) 4(40), 8(20) 6 (20)
4 m ievel 3 (25) 75 4 (15) 3 (15)
6 m level R2.5(35), 5(50) 4 (40)" 3(45), 6(40) 5(20), 7(25)*

( ): estimated excessive vertical displacement in mm

*: from measurement taken in August 1988

Table 5.3 Summary of Localized Vertical Displacements in Fill Soil
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Figure 5.15 Pore Pressure and Pore Pressure Ratio in Fill Soil at End of

1987 Construction Season
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Chapter 6. Limit Equilibrium Analyses
6.1  Introduction

Limit equilibrium analysis is still the most commonly uscd approach in
desigin of soii slopcs. Advantages and disadvantages of limit cquilibrium
methods hkave beer well discussed in the geotechnical literature. The design
of unreinforced slopes using limit equilibrium methods has proven successful
and confidence in the methods exists in engineering practices. The usc of
limit equilibrium methods to design reinforced slopes, however, is relatively
new with some uncertainties. Firstly, the failure modes of the reinforced
slopes have to be assumed.  Secondly, the concept of safety, defined in terms of
the factor of safety, has not been clearly related 1o its conventional
geotechnical engineering definition. Finally, the sclection and use of design
parameters for both the soil and reinforcement is still debated duc 10 the

complexity of the soil-reinforcement systems.

Various limit equilibrium methods have been proposed for use in analyzing
the stability of reinforced soil slopes based upon differing assumptions about
the failure modes and slip surfaces. This chapter analyzes the internal
stability of the reinforced and urreinforced slopes of the Devon test fill using
different limit equilibrium methods. (The external stability of the reinforced
slopes can be analyzed using conventional limit equilibrium methods, as
discussed in Chapter 2.)  The dimensions and the soil profile of the test slopes
are illustrated in Figure 6.} The purpose of this chapter is to evaluate the
validity of different design approaches, to compare the difference in the
calculated factor of safety using varicus ways of incorporating the
reinforcement and to examine the influences of factors such as the design
working strains within the reinforcement and use of wvarious parameters 1o

represent both the soil and the reinforcement.

L. the majority of the existing design approaches, only cohesionless fill
materials are considered. When cohesive soils are considered, the shear
resistance associated with the cohesion is usually neglected for long term
stability considerations. Thus, another purpose of this research is to
investigate the validity and the degree of conservatism associated with

neglecting the cohesion. Various limit equilibrium methods arc applied to the
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reinforced slopes and the calculates actors of safety and potential slip
surfaces are compared. These results for the reinforced slopes are compared
with the results from the unreinforced slope to illustrate the ecffects of the
reinforcement. The implications of the limit equilibrium analysis on design

practiccs will be discussed in the following chapters.

As another comparison, the limit equilibrium methods are used to analyze
Chalaturnyk's model embankment (Chalaturnyk, 1988). This model
cmbankment, up to 18 m high with 1:1 side slope and built on a rigid
foundation, was constructed using silty clay, ¢'=33 kPa and ¢'=17°, and
reinforced with an equivilent Tensar SR2 geogrid at 1 m vertical spacings.
The results of the limit cguilibrium analysis are compared with the results of
the finite clement analysis (non-linear elastic models), reported by
Chalaturnyk (1988). The main purpose of the analysis and comparison is to
investigate the validity and the accuracy of the limit equilibrium methods
when applied to hecavily reinforced slopes in contrast to the analysis of slopes,

in the test fill which were lightly reinforced.

Propertics of the fill and foundation soils have been reported by Hofmann
(1988), ac discussed in Chapter 3. Since the fill material shows strain
nardening characteristics, the peak shear strength parameteis, in terms of
cffective stresses, are used for the limit equilibrizin analysis. The shear
strength  parameters of the fill soil were determined using laboratory
consolidated undrained and consolidated drained triaxial compression tests
conducted on compacted soil samples. The consolidated undrained tests,
conducted on specimens with an average dry demsity of 1.59 g/cm3 and a water
content of 23.3%, gave c'=10 kPa and ¢@'=30° the ccnsolidated drained tests,

carried out on samples with an average dry density of 1.65 g/cm3 and a water
content of 20.9%, yielded c¢'=22 kPa and ¢'=27°.  The strength parameters of the

soil in the test fill were determined from the laboratory test results and the

ficld mecasurements of dry density and water content at different locations in

the test fill. The specimens in the laboratory tests were saturated using back
pressures and the soil in the fill was unsaturate. However, the degree of
saturation was greater than 90% for the fill soil. Therefors. the strength

parameters from the laboratory tests were considered tc 2 reasonably

representative of the f{ill soil. As previously explained, there were no insitu
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measurements taken in the top 6 m of the fill soil placed during 1988: the water
content of the soil was significantly above the optimum water content
according to field records. Hence the strength parameters of the top 6 m soil
were estimated assuming that the water content is about 5% above the
laboratory optimum. The related propertics of the fill material are
summarized in Table 6.1. Mecasured pore watcr pressures, in terms of average
pore pressure ratio (Bishop and Morgenstern 1960), were incorporated into

the stability analysis.

Tensile forces in the reinforcement, which were determined in two
different ways, are incorporated into the limit equilibrium analysis. The
forces were first determined based on the measured field tensile strains and
the force-displacement diagrams obtained from laboratory tensile tests of the
geogrids (designated as the mecasured reiniorcement force). For most
geotextile materials, the in-situ stiffness differs significanily from the
stiffness in an unconfined laboratory tensile test. For geo, .. materials,
however, the diffcrences between the in-situ stiffness and the unconfined
stiffness are rather small. Thercfore, it is rcasonable to estimate the
reinforcement forces using the field strains and the stiffness of the
reinforcing materials in unconfined tensile tests (McGown 1984, Fannin and
Hermann 1988). The maximum tensile forces in the top, middle and bottom
primary reinforcing layers are 27.3, 16.4 and 9.9 kN/m for the Tensar section,
25.1, 29.9 and 23.7 kN/m for the Signode section and 6.8, 2.7 and 6.4 kN/m for
the Paragrid section. The tensile forces in the reinforcement were also
estimated based on the tensile strength obtained from laboratory tests
(designated as the designed reinforcement force). Jewell and Greenwood
(1988) and Jewell (1991) proposed that the allowable design tensile force
equals the long term tensile strength of the reinforcement (obtained from
isochronous load-extension curves) factored for mechanical damage fyq,
environmental effects feny, material uncertainty fy, and a reference factor,
which reduces the average value from the laboratory tests to a value
comparable to the characteristic value (achieved by 19 out of 20 samnlcs).
Christopher et al. (1990) suggested that the allowable design tensile force can
be determined from the ultimate tensile strength (from wide strip temsile testy)
reduced by durabii«y factor of safety, construction damage factor of safety,

creep reduction factor and an overall factor of safety, which i$ to account for



uncertainties of the structurc gcometry, fill and reinforcement properties and
cxternal loads. For this research purpose, the designed reinforcement forces
were estimated from the peak laboratory tensile strength (wide strip tests)
factored by fg=1.3, fenv=1.2 f;=1.4 and a reference factor 1.15 (creep was not
accounted for based on the ficld measurement:}. for Tensar SR2 and Signode
TNX5001 materials (peak tensile strength 78.8 and 87.5 kN/m respectively), the
designed forces are estimated as 30 and 35 kN/m, which refer to a working
strain range of 2-4% as recommended by other researchers. For Paragrid 50S
material, the estimated force is 20 kN/m which refers to a working strain of
about 6%. The purpose of using two reinforcement forces in the limit
equilibrium analysis is to evaluate the influence on tae factor of safety caused

by the method used to determine the reinforcement force.

The meaning of the factor of safcty for a reinforced slope is still a point of

debate, as outlince in Chapter 2. Conceptually, the factor of safety for a
rcinforced slope represents the same degree of confidence in the safety as for
a flauter unreinforced slope with the same factor of safety. The research by

Cheng and Christopher (1991) shows that a reinforced slope would actually be

safcr than the unreinforced flatter slope when designed to the same factor of

safety. Therefore, in this limit equilibrium analysis, the conventionally
defined factor of safety (Bishop and Morgenstern 1960) is applied to the shear
strength parameters of the fill soil. Partial factors of safety for the

rcinforcement materials will be discussed separately.
6.2 Biskop's Modified Methods
6.2.1 Introduction

Bishop's modified method (BMM) is a limit equilibrium method which
analyzes the stability of reinforced slupes by incorporating reinforcement
into Bishop's simplified method. B'snop's simplified method, which has been
onc of the most commonly used slepe stability analysis methods in
geotechnical engineering practice, is based on the methsd of slices. A slip
circle is assumed to represent the failure surface. Vertical force equilibrium
for each slice and overall moment equilibrium (around the center of slip
circle) are satisfied, while the horizontai force equilibrium for each slice is

neglected. Forces acting on a single slice are shown in Figure 6.2 and the full
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derivation of equilibrium equations is given by Bishop and Morgenstern
(1960).  In spite of the fact that it does not satisfy all conditions of cquilibrium,
Bishop's simplified method has been found to be an accurate method of

analysis for circular slip surfaces (Duncan and Wright, 1980).

In Bishop's simplified method, the factor of safety is defined as the factor
by which the shear strength parameters in terms of effective stress. ¢ and ¢
can be reduced before the slope is brought into a statc of limit cquilibrium
(Bishop and Morgenstern, 1960). The factor of safcty for an unreinforced

slope is expressed as:

FS=————1—.Z[{c'b+W(l-ru) lan(p'} scco ]
W sina l‘I_tanon tang'
Fs (6.1)

Equation 6.1 is solved by iterating the term Fs on noth sides until the crror is

reduced to an acceptable valuc.
6.2.2  Incorporation of reinforcement forces

There are two basic approaches to incorporate reinforcement into the limit
equilibrium analysis. The common method is to treat the reinforcement force
as a "free body" force, providing additional resisting force (or moment)
against failure. The other approach divides the reinforcement force into two
components, the component parallel to the slip surface, providing additional
pseudo-cohesive resisting moment, and the componeat normal to the slip
surface, thus increasing the shear resistance of the soil. In this case, by
assuming that the reinforcement forces arc oriented horizontally, the

cquation for the factor of safety becomes:

Fs=—1 Z[{c'b+W(l-ru) tang' }-—SCLX 4T sina lan(p'/Fs]
SW sina '1+tana tang’
Fs (6.2)

where T is the reinforcement force at the base of the individual soil slice.
Since the reinforcement forces are a type of passive forcc which are mobilized
only when the surrounding soil displaces, most rescarchers agree that the

normal component of the reinforcement force should not be included in the

stability analysis.



It the reinforcement force is considered as a free body force, it is applied to
the sliding soil body at an angle to the assumed slip surface. The inclination
of the reinforcement force affects the calculated resisting moment. In the
case that the reinforcement is layered horizontally, which is the most common
situation in practice, as the soil starts to displace along the slip circle, the
rcinforcement force acts nearly horizontally. After sufficient displacement,
the force will act tangentially to the slip surface. Obvicusly, the resisting
moment provided by the geogrid reinforcement ranges between the

magnitudes corresponding to the horizontal force and the tangential force

orientation.

If we express the stability equation of an unreinforced slope in terms of

overall moment equilibrium, equation 6.1 becomes:

Fs=M/M¢ (6.3)

where Mr and Md are resisting and disturbing moments of the soil. The

resisting moment M, provided by the reinforcement can be incorporated into

cquation 6.3 in various ways. It may be added to the numerator, as shown in
equation 6.4,

Fs=(M+M)/Mq (6.4)
assuming it increases the resisting moment. Equation 6.4 can aliso be

expressed as Fs=(My/My)+(M/My)=Fo+AF;, where Fy is the factor of safety for
unrcinforced slope and AF; is the increase in the factor of safety due to the
reinforcement. The resisting moment may also be subtracted from the

denominator, as shown in equation 6.5,
Fs=Mr,~i(Md'M[) (6.5)

assuming it reduces the disturbing moment. In the former case, the same
factor of safety is also applied to the reinforcement force as was applied to the
soil strength parameters, whereas in the later, the full reinforcing effect is
assumed. The choice depends upon the confidence in the reinfc.cement force
mobilization and the philosophy used in applying the factors of safety during

the analysis and design.

244



As mentioned previously, equation 6.1 is solved by iterating the term Fs on
both sides of the ecquation until the crror is small. However, for reinforced
slopes, there are several iifferent ways to solve ecquation 6.4 or 6.5 to
determine the factor of safety. The simplest approach assumes that a
reinforced slope slides along the same slip circle as without reinforcement,
Hence, after M; and My are determined for thc most critical slip surface in the
unreinforced case, the factor of safety is obtained simply by adding M; 10 the
equation 6.4 or 6.5. Duc to the fact that the geogrid reinforcement changes
the stress state within the slope, the failure surface of the reinforced slope
differs from the unreinforced slope. Therefore, a more reasonable approach
is to search for the most critical slip surface based on equation 6.4 or 6.5
instead of 6.1. Moreover, when the term M; is involved in the equilibrium
equation, it changes the iteration requirement to solve the equation and
pussibly yields a different factor of safety. Thus, another approach is to
iterate equation 6.4 or 6.5 to obtain the factor of safcty for the reinforced
slope, rather than adding the additional factor of safety after the iieration,
that is, in the form of Fs=Fgp+AF,. The differences in the factor i safety
determined by these various approaches are governed by the relative
magnitude of reinforcement forces with respect to the slope geometry and soil

properties.
6.2.3 Results of Stability Analyses by Bishop's Modified Method

A computer program, RSSABM, has been written to analyze the stability of
Devon test fill using Bishop's modified method. Comparing the results from
similar computer programs, such as STABGM, in which the factor of safcty is
expressed as Fs=(Mr+M1)/Md (Duncan ct al., 1985), RSSABM has more
capabilities to incorporate the reinforcement forces. Both cquations 6.4 and
6.5 are used to solve the factor of safety. The assumption that the
reinforcement force increases the soil shcar strength is also cxamined using
the program. Three ways of solving the cquilibrium equation for the
reinforced case, as discussed in the last section, are investigated. The main
purpose of the program is to examine the differences in the factors cf safety
when the reinforcement forces are incorporated differently. Another
purpose of the program is to investigate the different failure mechanism
predicted by the various approaches of incorporating the effect of the



reinforcement. The failure mechanism of reinforced slopes, as discussed in
the next chapter, has more significant and direct meaning than that of
unrcinforced slopes because the design of the reinforcement layout is based
on the predicted failure mechanism. According to the fact that the measured
horizontal movement of the foundation soils is small, it seems reasonable to
assume that all potential slip circles pass through the toe of the slope. This
assumption is also wvalid for Chalaturnyk's model embankment slopes

(Chalaturnyk, 1988) because it is on a rigid foundation.

The program RSSABM is first applied to and tested on Chalaturnyk’s model
rcinforced embankment slopes. The results from RSSABM are compared with
the results from the finite element analysis (Chalaturnyk, 1988) and tic
results from the program STABGM. The factors of safety calculated for the
unrcinforced slope are shown in Table 6.2. The results from RSSABM match
well with those from the finite element analysis. The factors of safety
c.s'culated for the reinforced slopes (with an estimated reinforcement force of
26 kN/m at cach reinforcing layer) are summarized in Table 6.3. Some

features of the analysis which can be observed from the results are:

1. The presence of reinforcing layers changes the critical slip surface. The
factor of safety obtained by assuming that the slip surface is the same as for

the unreinforced slope is not the minimum for most cases.

2. When the reinforcement forces are added to the equilibrium equation and
the factor of safety is calculated by iterating equation 6.4 or 6.5, the Fs
obtained is larger than the value determined by adding Mt to 6.4 or 6.5 after

the iteration of 6.3, i.e., in the form of Fs=F0+AFr.

3. By assuming that the reinforcement forces improve the soil shear
strength, the factor of safety obtained increases and it depends on the relative

magnitude of the reinforcement forces.

4, When the fill height is small and the assumed reinforcement force
remains unchanged (26 kN/m for each reinforcing layer), the differences
caused by changing the orientation of the reinforcement forces become
significant. As the fill height increases, the differences decrease. When the
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overall factor of safety for the reinforced slope is around 1.3, cven for a

heavily reinforced slope, the differences are less than 10%.

By comparing the results to those of the finite clement analysis, it is found
that RSSABM gives reasonable estimates of the stability of the reinforced slope.
The differences are less than 10% and arc on the conservative side for the

slope having a factor of safety less than 1.2 without reinforcement.

Bishop's Modified Method is also applied to the four test scctions in the
Devon test fill.  Table 6.4 shows the factors of safety of the slopes in the four
sections for the unreinforced case. As the fill was designed, the factor of
safety at the end of the construction is close to unity. It was found that the
factors of safety in the slopes were dominated by the pore pressurc ratios
within the embankment. Using the unrcinforced slope as an cxample, when
the pore water pressure ratio Tu decreases from 0.30 to 0.23 during the first
year after completion of the fill, the factor of safety incrcases from 1.00 to
1.06. If the pore pressures dissipaic completely, the factor of safety increases
to 1.31. In other words, for the long term stability of the slope, no

reinforcement is required to satisfy 2 gencral design.

The factors of safety of the reinforced slopes in the Tensar, Signode and
Paragrid sections are presented in Table 6.5, 6.6 and 6.7 respectively. The
effects of the different ways of incorporating the reinforcement force in the
stability analysis are presented. The calculated factors of safety for the case
of incorporating the designed reinforcement forces and the mecasured
reinforcement forces are summarized in the 1tables. The coordinates of the
centers of the most critical potential slip circles are also presented in the

tables. From the tables, some important features can be obscrved:

1. The differences between the factors of safcty calculated using the
designed rcinforcemc'+ forces and the measured reinforcement forces are
significant for a fill height of 6 m. The differences bocome less as the fill
height increases to 12 m. Since the reinforcement forces are passive forces
which can only be mobilized with soil movement, the rcai forces in the
geogrids depend significantly on the fill height. At a low height of fill, the

reinforcement forces can easily be ovcrestimated.



2. Even at a fill height of 12 m at which the factor of safety for the
unrcinforced casc arc around unity, and even for such lightly reinforced
slopes, the designed factors of safety are larger than the most likely values.
The crrors are around 10% for the three differcnt reinforced test secuons.

3.  Errors caused by the different ways of incorporating the reinforcement
force in the analysis depend upon the relative magnitude of the force. For the
casc of *he designed reinforcement forces, the errors are large (the maximum
about 40%; when the fill height is 6 m. The errors then decrease as the fill
height increases. When the fill height reaches 12 m, the errors are small
because the resisting moment provided by the reinforcement is only a .mall
fraction of the total resisting moment. For the case of the meas.icd

reinforcement forces, however, the ecrrors are less than 10% for both H=6 m

and H=12 m.

4, For slopcs reinforced with relatively strong materials (Tensar and
Signode), the predicted slip circles are usually slightly deeper than the slip
circles for the unreinforced cases; for slopes reinforced with weak materials

(Paragrid), the predicted slip circles arc nearly identical to the circles for the

unreinforced cases.

5. The improvement of the stability due to the reinforcement is controlled by
the gcogrid materials installed in the slopes. For instance, at the end °f the
final construction season in 1988, the increases in the factor of safety are 9.5.
11.6 and 1.9% for the Tensar, Signode and Paragrid sections respectively.

6. For the reinforced slopes in the test fill, the increases in the factors of
salety due to the assumption that the reinforcement forces improve the shear

strength of the soil and the assumption that the reinforcement forces act

tangentially are insignificant.

7. The factors of safety calculated by iterating equation 6.4 or 6.5 are larger
than the values from the other soluticns. The estimated factors of safety
assuming that the horizontal forces reduces the disturbing moment seem to be
reasonable for the conditions evaluated. They also are close to the results of
the finite element analysis presented by Chalatumyk (1988).
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g. Pore pressure ratio affects the calcytated factof ol safety. As the pore
pressures decrease duc 10 dissipation. the factor of safety increascs

significamly.

Where the 1ong erm behavior of a cohesive soil slope 18 concerned, it S
sometimes suggested that cohesion of the soil should be ncglecied 10 the
stability analysis. Table 6.8 illustrates the calculated faclors of safety for the
slopes in the three reinforced test sections when ¢ is sct to Zero The results
are significamly smaller than the factors of safcty with ¢ considered.
Obvicusly. the assumption of ¢'=0 is 100 conscrvative for ceinforeed slopes

gimilar 10 the slopes constructed in the Devon test fill.
6.3 Spencer's Modified Method

6.3.1 Formulation

Spencer's modified method (SMM) is a limit cquilibrium method which
incorporates reinforcement into Spencer's gtability method. Speacer's
method, pased on the method of slices and 2 circular sliding failure
assumption, 18 considered as one of the most accurate slope stability methods.
Similar 10 janbu's and Morgensicra and Price’s methods. Spencer's mcthod
satisfies all conditions of equilibrivm. One assumption in Spencer's method s
that the inter-slice forces are parallel. The same agsumption 1% made in the

formulation of sMM for analyzing ccinforced s1opes:

Forces acting on a single slice are illustrated in Figure 6.3 Resolving
forces normal and paral\el 10 the base of the slice for limit cQuilibrium

(assuming horizontal reinforcement force), we have
N'+Q sin(e-9)-W cosa-T sinu+u-b-seca=0 (6.6)
S-Q cos(a—e)-w sino+T coso =0 (6.7
Based on Mc:-hr-Cou\omb criterion:
(6.8)

S=c'-b- secu/Fs+N' .rang'/Fs

Solving equations 6.6, 6.7 and 6.8, we have:
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c'b sina/Fs+tang' (W _cosa+T sina-ub seca)/Fs-W sina+T coso
cos(a-8)+tang' sin(a-6)/Fs (6.9)

Q=

Il tangential reinforcement forces are assumed, the equation becomes:

Q=c'b sina/Fs+tan@'(W_cosa-ub_seca)/Fs-W_sina+T
cos(a-8)+tang' sin(a-9)/Fs (6.10)

If the extermal forces are in equilibrium, the sum of both the horizontal

and vertical components of the inter-slice forces must be zero:

Z[{Qcosel=0 (6.11)

3 sin@ =0 (6.12)

Since it is assumed that inter-siice forces are parallel, 6 is a constant for all

slices.  Hence, equations 6.11 and 6.12 become:

Q=0 (6.13)

Morcover, if the sum of the moments of the external forces about the center of

rotation is zero, the sum of the moments of the inter-slice forces must also be

ZCro:
2 [Q cos(a-0)] =0 (6.14)

For a given slope, there is a unique combination of 6 and Fs such that both
cquations 6.13 and 6.14 are satisfied. A 1rial and error method is generally
used to calculate the factor of safety which satisfies both force and moment

equilibrium.
6.3.2 Results of Stability Analyses by Spencer's Modified Method

A computer program, RSSASM, based on above formulation, has been
written to analyze the stability of reinforced slopes using Spencer's moslified
method. Two reinforcement orientations, horizontal and tangential which are
gencrally considered as the lower and upper bound estimations, are
incorporated in the program. The assumption that reinforce:ient forces

increase the shear strength of the surrounding soil is also acconiinodated by

the program.



The program RSSASM is applied to the model embankment slope
(Chalaturnyk, 1988) and the results ar: shown in Table 6.9. For the
unreinforced case, the factors of safety arc ncarly identical to the results from
Bishop's method and very close to the results of the finite clement analysis.
For the reinforced case, the factors of safety estimated by SMM are slightly
larger than the values from the finite element analysis. The differences
between the results of the two analyses decrease as the factors of safety of the
slope decrease. Comparcd with the results of the finite clement analysis, the
tangential reinforcement force assumption in SMM overestimates the safety
by 21.7, 8.4 and 2.6% for the fill height of 10, 15 and 18 m respectively.  The
assumption that reinforcement force acts horizontally and does not improve
the soil shear strength yields the factors of safety which are closest to the
finite element analysis results. The errors are estimated to be less than 5% for

this type of slope with the factor of safety less than 1.2 without reinforcement.

The program RSSASM was used to analyze the stability of the rcinforced
slopes in the Devon test fill and the results are illustrated in Table £.10, 6.11
and 6.12 for the Tensar, Signode and Paragrid scctions respectively. The

following observations can bec made:

1. The factors of safety of the reinforced slopes bascd on the designed
reinforcement forces are greater that the values based or the forces estimated
from the field strain measurements. At a fill height of & m, the differences
are up to 25%; at a fill height of 12 m, the differences arc usually less than
10%.

2. The assumption that reinforcement forces improve soil shear strength
does not significantly increase the factors of safety. In other words, treating
the reinforcement force as a free body force in the stability analysis is

reasonable and not (00 conscrvative.

3. By assuming that reinforcement forces are tangential, the safety of the
reinforced slopes might be ovcrestimated, especially when the designed
reinforcement forces are relatively large for a low fill height. The errors are
small for the lightly reinforced slopes in the test fill. For some heavily

reinforced slopes, however, the assumption should be used wiih caution.



4. At a fill height of 6 m, the predicted slip circles vary with the magnitude
and the orientation of the reinforcement forces, cspecially for the case of the
designed reinforcement forces. At a fill height of 12 m, "uwever, the

predicted slip circles are similar for the threc reinforced slopes ai: similar to

the unreinforced casc.

5. The angle of the inter-slice force increases as the fill height increases.
In spitc of this, the resuits of SMM are ciose to the resuits of BMM, which

assumes that the inter-slice force acts horizontally.

6. The pore pressure ratio in the embankment significantly 2ffects the

factors of safety of the slopes.
6.4 Two Part Wedge Mecthod

6.4.1 Formuiation

The two-part wedge method is a slope stability analysis method based on
force cquilibrium. It has become a common method to analyze the stability of
reinforced slopes (Jewell ct al. 1984 and Schmertmann et al. 1987). Some
details of using the two-part wedge method for design cf reinforced slopes are
discussed by Woods and Jewell (1990). Since only force equilibrium is
considered in this method, the location of the reinforcing layers does not
significantly affect the result of the stability analysis. This feature of the
method makes the design of reinforced slopes simpler. The two-part wedge
method assumes that failure of reinforced slopes occurs along two planar slip
surfaces. The slip surfaces are defined by the coordinates of the nodal point,

A(x.y), and the inclination angles of the two slip surfaccs,0; and €2, as shown

in Figure 6.4.

Forces acting on the two wedges are illustrated in Figure 6.4. The two

wedges are considered as scparate soil bodies related by the interwedge force Q
and the interwedge cohesion Cy. Considering the equilibrium of wedge I, the

forces acting on wedge I in the direction parallel and normal to the slip

surface arc:

UpicosB1+Cpysin1+Qcos(8,-8)-Wsin0+Tyy sin@1+T 1 cos01+81=0  (6.15)
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Un1sinBq-Chicosu+Q in(01-8)+Wcos81-U|-Tyy cos81+T)p sinB-Ny'=0 (6.16)

From the Moh:-Coulomb criterion, we have:

Si=(cy' Li+Nj .ang')/Fs (6.17
Rearrange 6.16, gives:

N1" = UpysinB-Cp1cos01+Qsin(81-8)+ W cos8-U-Ty. cos€{+Th sinf (6.18)
Substituting Np' in equation 6.17 with equation 6.18, gives:

S1=ci' L1/Fs + Qg sin(01-8) tan@!'/Fs +A, (6.19)
where A1=(Upj sin61-Cpy cosO|+Wy cos81-U|-T}y cosB+T p sin@)) tzn@1'/Fs

Substituting the term §; in equation 6.15 with 6.19 and rearranging the

equation, we have:

Qi (‘Wi-T1v-Cbl) sin€1-(Ubl + Tlh) cos@.- Al- c1' L1/Fs

cos(91-3)+tan@1’ sia(01-§)/Fs (6.20)

Similarly, considering the equilibrium of wedge 1!, produces:

Qz:(WZ-T2v+Cb2) sing2-( T2h-Ub2) cosH2- A2- ¢2' L2/Fs
cos(02-9)+tan@2’ sin(B2-8)/Fs (6.21)

where A2=(Cp2 cos82+W2 costiz-12-Upy sin62- Tay cos82+Tap sinB9) tan@2'/Fs

For -a given configuration of sliding wedge, defined by the nodal
coordinates (x,y) and wedge angles (0), 63), therc 1s a uniquc Fs at which

Q1+Q2=0 (6.22)

The minimum Fs for a given nodal point is obtained by trying different
combination of wedge angles 6; and 0,. This prozess determines the possible

configuration of the sliding wedge for tke gi-n nodal point. Finally, the
overall minimum Fs is .ichieved after searching at different nodal points, and

the most critical failure mechanism for a givern reinforced slope is then

determined.
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6.4.2 Uncertaintics in Two-part Wedge Method

The two-part wedge method is not as widely used as Bishop's or Spencer's
method for slope stability analysis in the gewviechnical engineering practice.
It is adopted for stability design of reinforced siopes mainly because of its

simplicity and the scparation between the stsbility and the reinfoicement

layout. There are some unceitainties i« i ..g this method. The first
uncertainty concerns the inter-wedge cohesinn Cp. .t could be assumed that
the interwedge cohesion equals zero if onc desires to be conservative. shis

assumption might be 1easonable for gracular soils, but may not be so for
cohcsive soi's, The inter-wedge cohesion could also be assumed the same as
the cohesion along the slip surface, that is, Cp=C'/Fs, wliere ' is the maximum
available cohesive resistance of the soil along the interwedge surface. As a
matter of fact, since the movement along the slip surface is much greater than
that within the sliding soil body, the value of the inter-wedge cohesion monst
likely lics between zero and C'/Fs. The value of the inter-wedge cohesion

directly affects the results of the stability ana'vsis.

To soive cquati~: 6.22, the inclination angle (8) of the interwedge force has
to be predetermic ! This s another unceriainty in the two-part wedge

method because the precise value of & is unknown. The angle & can be
expressed in terms of the internal friction angle of the soil, that is, tan & = f

tan @', where fg is defined as the interwedge roughness factor (Woods and
Jeweli, 1990). For the same reason regarding the difference between the soil
movement along the slip surface and the movement witkin the sliding body. fs
obviously lies in the range of 0 to 1. Woods and Jewell (1990) discussed fsin
detail and concluded that ihe adoption of fs = 0 is prudent. Avparently, the

assumption is conservative, but the use of fg> O appears difficult to justify.

6.4.3 Results of Two-part Wedge Analysis

A computer program, RSSAWM, based on the formulation described earlier,
has been written to analyze the stability of reinforced slopes using the two-
part wedge method. Prepared for research purposes, the program is capable
of examining the effects of the reinforcement force orientation, the
interwedge cohesion and the inclination of the interwedge force. Since no

significant horizontal movements were measured in the "nundation soils, the
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potential slip <urfaces are assumed to occur within the slope and pass through

the toe of the iest embankment.

Tne program is first used to analyze the model cmbankment slope
(Chalaturmnyk, 1988) and the results are illustrated in Table 6.13, 6.14 and 6.15
for the cases of Cp=0, Cy=C'/2Fs and Cp=C'/Fs respectively, where C' is the
maximum available cohesive resistance of the soil along the interwedge
surface and Fs is thc factor of safety applicd to the soil strength parameters.
The following important features can be scen observed iu the summarized

results:

1. The angle (8) of the interwedge force inclination affects the calculated

factor of safety. As shown in Figure 6.5 and 6.6, the facter of safety incrascs
approximately linearly as the assumed @angle of inclination increases. The
rate of the increase reduces as the fill height becomes larger. For example,

the increzsing rate of Fs with & for the case of H=15 m is larger than that for
the case of H=18 m. In other words, as the slopc approaches a limit
equilibriuny, the errors due to the assumed 3§ become smaller. At the fill

height of 18 m for which the factor of safety in the unrcinforced situation is
slightly above unity. if it is assumed f{5=0.5 and Cp=0, the factors of safcty will

be 4.7% and 6.1% larger than the results of fz=0 for the unreinforced and
reinforced (horizontal reinforcement force) cases respectively: il fx is
assumed to be 1.0, the factors of safety will bec 8.6% and 11.5% larger for the
two cases. If Cp is assumed equal to C'/2Fs, the errors will be 3.0% and 5.2% for
the unreinforced and reinforced cases with f3=0.5 and 5.6% and 9.6% for the

two cases with f5=1.0. It seems that the assumption of 8=0 is not too

conservative for practical design purposes.

2. The interwedge cohesion (Cp) significantly affects the magnitude of the
calculated factor of safety. Comparing the results to those from the finite
element analysis, the factor of safety is overestimated if Cp is assumed to have
the same value as the cohesive resistance along the slip surface, i.c., Cp=C'/Fs.
Even under the assumption of Cp=C'/2Fs, the factors of safety arc still slightly
overestimated for both the reinforced and the urnreinforced cases in this
model embankment slope. Therefore, it appears reasonable that Cp should be
kept between 0 and C'/2Fs. It must be recognized, however, that the effects of
both 8 and Cp on the results of stability aralysis vary with soil properties, pore
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pressures, homogeneity and geometry of the slopes. A general conclusion can

only bc drawn when various types of slopes are investigated and compared.

This comparison is beyond the scope of this thesis.

3. The ecstiniated factor of safety assuming that the reinforcement forces act
as the same inclination as the slip surface is larger than that by assuming the
iorces acting horizontally. The differences in thesc factors of safety decrease

as the fill height increases. At a fill height of 18 m, the differences are

within 5% for all cases.

4. Comparing Figure 6.5 with Figure 6.6, it is found that the differences
petwesi the factors of safety obtained from the finite clement analysis and the
factors of safetv calculated using the two-part wedge method are larger in the
recinforced slope than in the unreinforced slope fo: zll cases of Cp and 8. This
fact illusirates that the designed reinforcement forces might be larger than
the mobilized forces in the finite element analysis. In other words, the
reinforcement forces which are designed based on a factored tensile strength
of the reinforcing material could be cverestimated, especially for such a

heavily reinforced slope.

Stability analyses of the slopes in the Dcvon test fill were carried out using
the two-pait wedge method. The factors of safety for the case of the designed
reinforcement forces and the case of forces estimated from the field strain
measurements were calculated. The effects of the iierwedge cohesion (Cp)
and the angle of interwedge force inclination (§) were also examined. The
results of the stability analysis of the slopes in three reinforced test sections of
the test fill are shown in Table 6.16, 6.17 and 6.18.  Some observations from the

tesults awz Jiscwssed in the following:

1. Comparing the calculated factors of safety with field observations, it was
found that the two-part wedge method slightly underestimates the stability of
both the reinforced and the unreinforced slopes in the test fill. In the
unreinforced section, for example, the two-part wedge method (with
assumptions of Cp=C'/2Fs and §=0) yields a factor of safety of 0.91 for the slope
at the cnd of the 1988 construction season when the pore pressure ratio was
0.3.  (The factors of safety of the reinforced slopes are also calculated to be less

than unity even when the measured reinforcement forces are incorporated
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into the calculation. All slopes in the test fill were predicted to fail.)
Comparing these to the results of Bishop's method which is widely accepted as
an accurate mecthod. it was further found that, when the pore pressure ratic is
greater than a certain valuc, the larger the pore pressurc ratio. the more the
undercstimation; below a certain value, the differences between the results
from the two mecthods are approximately the same. As shown in Figurc 6.7. in
the unreinforced section. when the pore presiere ratio decrcases from 0.3 to
0.15, the difference in the factors of safety obtained from Bishop's and the two-
part wedge (Cp=C'/2Fs and &=0) methods decreases from 0.097 to 0.033: below
ru=0.15, the difference is about 0.045 for different values of the pore pressure
ratio. The same feature can be seen in the reinforces scctions. In the
Signode section, for example, u:: difference in the factor of safety (designed
reinforcement forces) from the two methods decresses “Jom 0.13 {0 G.084 as the
pore pressure ratio decreases fromm (.31 in 1988 1o 2.2 in 1989, The differences
in the factors of safety from the two mcthods arc also affected by the
magnitude of the reinforcement forces. As a comparison o the Signode
section where the designed reinforcement forces are 35 kN/m in cach layer,
the difference in the faciors of safety in the Paragrid section (designed
reinforcement forces 20 kN/m in cach layer) changes from 0.109 to 0.054 as
the pore pressure ratio decrcases from 0.3 in 1988 10 0.17 in 1989,
Nevertheless, the effects of the magnitude of the reinforcement forces arce

insignificant compared to the effects of the pore pressure ratio.

2. The factors of safety calculated by the two-part wedge method are affected
by the value of the interwedge cohesion (Cp) and the angle of the interwedge
force inclination (8). The effects of Cp and & arc illustrated in Figurc 6.8 for
the unreinforced cases and in Figure 6.9, 6.10 and 6.11 for the reinforced cascs.
As discussed -earlier. the calculated factors wf safety increase as Cp and &
increase. For both the reinforced and the unreinforced cases, the intcrwedge
cohesion influences the factors of safety more significantly than the
interwedge force inclinatinn does. In the cases of reinforced slopes in 1988, if
the assumed interwedge cohesion increases from Cp=0 to Cp=C'/2Fs, the
calculated factors of safety (based on the measured rcinforcement forces)
increase about 8% on average for the three reinforced sections; if the assumed

inclination angle of the interwedge force incrcases from 0 to 20° (f5=0.8), the

increases in the Fs are less than 3%, which illustrates again that the
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assumption of 8=0 may not be 0o conservative in estimating Fs.  Comparing to
the ficld observation, the assumption of Cp=C'/2Fs appears to yield a reasonable
cstimation of the factors of safety of the reinforced and the unreinforced
slopes a‘though the results are still slightly (less thaz 10%) on the
conservative side.  The effects of Cp and § depend upon the pore pressure ratio.
As shown in Figurc 6.8 and 6.10, as the pore pressure ratio decrcases. the
variation of the factors of safety with Cp and 6 becomes more obvious. The
effects of Cp and & also depend on the magnitude of the reinforcement forces,

wn in Figure 6.9 and 6.11, but the influence (the magnitude of

:ment forces) is rather iasignificant for these lightly reinforced

3. As discussed in previous sections, the factors of safety calculaied using the
designed rcinforcement forces are overestimated. The amount of
overestimation depends not only upon the differences between the designed
forces and the real mobilized forces, but aiso upon the pore pressure in the
slopes. For example, in the Tensar section, the overestimations on Fs arc
43.4%, 6.6% and 6.5% for the slope in 1987 (H=6 m, r.=0.33), 1988 (H=12 1w,
ry=0.29) and 1989 (H=12 m, r,=0.28) respectively, whereas in the Signode
section, the overestimations are 56.7%, 10.1% and 7.9% for the slope in 1987
(ry=0.53), 1988 (r,=0.31) and 1989 (ry;=0.2). This fact illustrates that attention
and caution should be given to the anticipation of the strains (and
conscquently the tensile forces) in the reinforcing materials, especially when
the pore water pressures in the slope are high, as occurred in the test fill

during 1987 and 1988.

4, The assumptior that the reinforcement forces act at the same inclination
as the slip surface does not make a difference in the factor of safety for the

slopes in the test fill when compared to the results of assuming that the forces

act horizontally.
5. Pore pressure is an important factor in the stability analysis.

Comparing the results of the two-part wedge stability analysis of the model
slope av+! the slopes in the Devon test fill with the results of the finite element
analysis and the field observations and measurements, the assumption of 8=0
and Cp=C'/2Fs seems to yield reasonable estimations of the stability of
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reinforced and unreinforced slopcs. Morcover, the assumption that the
reinforcement forces act horizontally appears appropriate. The results of the
stability analysis of the slopes in the test fill arc summarized in Table 6.19. It
was found from the table that the peometry of the possible sliding soil body
varies with the fill height, the magritude of the reinforcement forces and the
pore pressure ratio. Nevertheless, the analysis does give a general view of

possible failure modes of the slopes, as discussed in the next chapter.
6.5 Summary and Discussion of Results of Limit Equilibrium Analyses

Bishop's modified method ani *he two-part wedge method, which are e
most commonly wused limit .. :Gi¢vium  stability analysis methods for
reinforced slopes, together with $p7acer's modified method, were applied 10
the model reinforced slope (Chalaturnyk, 1988) and the constructed slopes in
the Devon test fill, The modcl slope is heavily reinforced, whereas the slopes
in the test fill are lightly reinforced. The analyses performed on these two
slopes should well represent the stability of reinforced slopes having similar

geometrical configurations and soii propertics.

The factors of safety of the model slopes, calculated using three different
methods, are summarized in Table 6.20; the factors of safety of the slopes in the
Devon test fill are shown in Table 6.21. The main purposes of the stability
analyses were to evaluate the validity of different methods applied to
reinforced slopes, to cxamine the effects of the assumptions cmployed in the
methods and to investigate rcasonable ways of incorporating reinforcement
forces into the stability analysis. The analyses arc performed through
comparison between the results of the limit equilibrium methods and the
results of the finite element method (for the model slopes) as well as the field
observations and measurements (for the constructed slopzs in the test fill).
From the discussion in the previous scctions, the following conclusions can be

summarized:

1. Bishop's and Spencer's modified methods, which are based on the
assumption of circular slip surface, provide good estimates of the stability of
the reinforced slopes in both the model embankment (Chalaturnyk, 1988) and
the Devon test fill.  For the model slope, the difierences betwcen the results of

the limit equilibrium analysis and the finite elemeat analysis are less than 5%;

259




for the slopes in the test fill, the circular methou, predict the factor of safety
around unity for the unrcinforced slope (H=12 m} and between 1.1 and 1.2 for
the reinforced slopes, which matches well with the field observations and
measurements. The results of Spencer's modified method appear to be closer
to the actual factors of safety. However, due to the fact that Spencer's method
is more complicated and needs much more computing time, Bishop's metnod
has more advantages for use in practices. Bishop's modified method is slightly

(less than 10%) on the cons<-rvative side for both the heavily and lightly

recinforced slopes.

2. In using Bishop's modificd method for the stability analysis of reinforced
slopes, the resisting moment provided by the reinforcement should be added to
the original equilibrium equation. The equation is then solved, using the

technigue of iteration, to obtain the factor of safety.

3. In the limit equilibrium analysis of rcinforced slopes, the factor of safety
should be only applied to the strength parameters of the soil, so that the
concept of the safety margin will be the same as the traditional concept in
geotechnical engineering. (In other words, being designed to the same factor
of safety, the reinforced slope is as safe as the unreinforced but flatter or
lower slope.) The magnitude of the reinforcement force should be estimated
based on the anticipated strains in the geogrid and a partial factor of safety.
(Strain compatibility in a reinforced slope will be discussed in the next
chapter.) The equilibrium equation in Bishop's modified method could be
expressed cither as Fs=M/(M{¢-M,) or as Fs=(M;+M)/Mq depending upon the

confidence on the reinforcement force mobilization.

4  The results of the stability analysis using the two-part wedge method are
affected by assumptions made about the interwedge cohesion and the
interwedge force inclination. The calculated factors of safety under the
assumption of Cb=C'/2Fs and &=0 appear to match the results of the finite

clement analysis and the field observation reasonably well for both the model

slope and the slopes in the test fill.

S. The two-part wedge method provides reasonable estimates for the stability
of the reinforccd slopes. For the model slope, the two-part wedge method

slightly overestimates the factor of safety; for the slopes in the test fill, the
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factor of safety is a little underestimécted. The crror most likely comes from
the assumed value of the intecrwedge cohesion. When a slope is heavily
reinforced, only a small portion of thc available interwedge cohesion might be
mogailized. Therefore, Cb=C'/4Fs would be morc appropriatc for a heavily
reinforced slope. For most reinforced slopes, howcver, the assumption of
Cb=C'/2Fs should yield a rcasonable result in geotechnical engincering design
practice. Due to the simplicity and the special advantage that the location of
the reinforcement layers does not affect the results of the stability analysis,
the two part wedge method could be a wuscful approach for designing
reinforced slopes although it may not be as accurate as Bishop's and Spencer's

method in most cases.

6. If the reinforcement forces are -:suprad to act av the same inclinaiion as

the base of the sliding soil body raither inan horizonially, the obtained factors

of safety arc slightly larger. However, to satisfy the assumption, sufficient
movement in the reinforced slope must orzur. Thus, assuming the

rcinforcement forces act horizontally scems more appropriaie.

7. The assumption that reinforcement forces improve the shear strength of
the soil is not supported on ecither theoretical or practical grounds. The
increase in the factor of safety due to the assumption 1s :asignificant, even for
heavily reinforced slopes. Therefore, the reinforcement forces should be

assumed to act only as free body forces.

8. The assumption of c¢'=0 for long term stability purposes yiclds factors of
safety considerably smaller than the rcal values. It leads to very conscrvalive
designs of reinforced cohe:wve soil slopes and, consequently, results in a large
unnecessary expense. Thus, it is not appropriate to adopt the assumption in

the stability analysis and design of reinforced slopes of silty clay or clay.

9. Pore water pressure in a slope significantly affects the stability. For the
slopes in the Devon test fill, the factor of safety will reach about 1.3 cven
without reinforcement when the pore pressure fully dissipates. This fact
illustrates a different philosophy in the design of reinforced cohesive soil
slopes. In designing a reinforced granular soil slope, the resistance provided
by the reinforcement is counted on for the design life of the structure.

Hence, the long term behavior of the reinforcing material must be considered
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as an imporant aspect during the design. For a cohesive soil slope, however,
the resistance of the soil itself increases as the pore water pressure dissipates.
In other words, the rcinforcement may only be designed to provide additional
resistance for the short term after the construction or initial loading.
Therefore, the long term behavior of the reinforcing material may not be of
major concern during the design. Moreover, it would be desirable that the
reinforcing material have the capability of acceleraiing the pore walter
pressure  dissipation by providing additional drainagc aihs within the

reinforced fill.

262




Elevation lDry Density w (%) in w (%) in Field ' (kPa) ¢ )
3 Laboratory range average
(g/cm )
0-3m 1.67 20.9% ]18.6-24.1 20.6 (1.8)* 27 28
3-6m 1.64 23.1% PR0.0-25.3 22.7(1.5) 13 30
6-12m 10 20
*(1.8): standard deviation
Table 6.1 Soil Properties in Devon Test fill
Method H=5m H=10m H=15m ! H=18m
RSSABM 2.63 1.60 1.26 1.13
STABGM 2.62 1.59 1.24 1.11
Finite Element Method 2.78 1.67 1.30 1.16

Table 6.2 Factors of Safety of Model Slope (Unrcinforced) from BMM
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method and reinforcement
force incorporation H=5m } H=10m| H=15m| H=18m
, * Fs=(M r+M)/Md 3.10 1.86 1.46 1.27
assuming —
the same H,Fs=Mr/M d-Mp) | 437 2.16 1.57 1.32
slip circie
25 the un- .
reinforeed #, Fs=(M r+Mt)/Md 3.30 1.96 1.52 1.30
slope
T, Fs=Mr/(M d-Mt) 792 2.50 1.69 1.37
r .
: H, Fs={M r+M d 3.11 1.86 1.41 1.23
R Mt added in s=M MM
S lfgf’g:"g H,Fs=Mi/M d-M) | Mi>Ma! 215 1.46 1.26
S minimu .
A | Fs T, Fs=(Mr+M t)/Md 332 1.93 1.43 1.26
F‘ T, Fs=Mr/(M d-Mut) 6.35 2.36 1.50 1.28
¥, Fs=(Mr+M1t)/Md 3.20 1.89 1.44 1.24
H, Fs=Mr/(M d-Mt 2.22 1.49 1.28
Mt added in M M) | Mi>Md
i iterating -
for Fs T, Fs=(Mr+M t)/Md 3.35 1.97 1.46 1.27
T. Fs=Mr/(M d-M1) 6.49 2.46 1.50 1.28
' ,-‘f?‘.sn 1n iterating,
mproving soil _ . .
thear strength H, Fs=Mr/(M d-M) 541 2.24 1.48 1.27
STABGM, I ,=(Mr+M1)/Md 3.01 1.82 1.41 1.26
Finite Element Method 312 1.96 1.55 1.35

* H-- assuming reinforcement forces horizontal

# T-- assuming reinforcement forces tangenial

Table 6.3 Factors of Safety of Model Slope (Reinforced) from BMM
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_H=6m(87) H=12 m (88} H=12.m (89}
Test Section
—lu Fq Iu Fg I _Fq
Tensar section 0.33 1.688 0.29 1.001 0.28 1.009
Signode section 0.53 1.424 0.31 0.981 0.20 1.096
Paragrid section oY 1.437 | 0.30 1.002 | 0.17 1.128
Unreinforced section ‘ A 1.638 0.30 1.002 0.23 1.064

Table 6.4 Factors of Safety of Slopes in Test Fill (Unreinforced)

from BMM
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Appendix B. Description and Source Code of RSSABM

This appendix presents the source code of the computer program RSSABM
which analyzes stability of reinforced slopes using modified Bishop's method.
This program was written in standard FORTRAN 77 and can be run with a
Microsoft FORTRAN Compiler 3.2 or a FORTRAN compiler of higher version.

This program can be easily changed to fit other types of computers.

A typical profile of a reinforced slope is shown in Figure 6.1. The
geometry of the slope is characterized by the coordinates of the toe and the
crest of the slope. A soil layer in the foundation or within the slope is defined
by the coordinates of the upper boundary of the layer. The tensile forces in a
reinforcement layer are controlled by the coordinates of sampling points

along the layer and the magnitude of the force at the sampling points.

Some assumptions were made:

1) Slip circle passes through the toe of the slope.

2) Reinforcement force does not improve the shear strength of the soil.
3) Reinforcement force acts horizontally.

4) Reinforcement force reduces the disturbing moment.

The following is an example of irput data for the program RSSABM

(corresponding to the slope configuration in Figure 6.1):

Tensar Reinforced Section, H=12m at 1988
434.,5,
22.0,19.0,9.0,14.0,21.0,2.0,0.0,1.0,0.29,
0.0,2.0,30.0,2.0,23.0,0.419,20.0,
0.0,5.0,18.0,5.0,27.0,0.488,20.2,
0.0,8.0,15.0,8.0,13.0,0.524,20.2,
0.0,14.0,9.0,14.0,10.0,0.349,20.0,
3.0,20.0,0.0,19.0,30.0,10.0,30.0,9.0,0.0,
5.0,18.0,0.0,1.0,30.0,6.0,30.0,5.0,0.0,
7.0,16.0,0.0,1:.0,30.0,3.0,39.0,2.0,0.0,
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oXpXe]

910
915
920
930

Program RSSABM for stability analysis of reinforced slopes by Bishop
modified method, written by Liu Yixin (Bill), June 1991,
Assume reinforcement force:
1) doesn't improve soil strength;
2) horizontal
3) reduce disturbing moment

Explanation:

NSL-- number of soil layers, in slope and foundation

NRFL-- number of reinforcement layers

NSST-- numbers of searching steps of the minimum Fs

NSP-- number of sampling points at cach reinforccment layer

X0.Y0-- coordinate of the center of first circle to bc analysed

XC,YC-- coordinate of crest

XT,YT-- coordinate of toe

DC-- designed final spacing of grid in scarching

AFA-- slope angle of top surface

N-- numner of slices

SP(1,J)-- coordinate(upper boundary of thc soil layers) and

properties of soil layers (from bottom to top).i.c. (xl.yl,

x2,y2,C,Fi,Gama)

YH(I)-- boundary of horizontal layers (interpolation)

YS-- coordinate of slope and top sucface

R-- radius of slip circle

SW-- width of slices

WT(D-- weight of slices

MOMT,MOT(I)-- moment by reinforcement force horizontal

CO(l),FI(I)-- cohesion and friction angle at basc of each slice

RU-- pore pressure coefficient

H(I)-- Y-coordinate of reinforcement layers

XCO(LJ)-- X-coordinate of sampling points at cach rcinforcement layer

F(1,J)-- reinforcement force at sampling points

RF(I)-- reinforcement force at intersection with slip circle

CHARACTER FIN*14,FOUT*14,TITLE*72
COMMON/GERN/NSL,NRFL,NSP,NSST.DC,N,RU
COMMON/GEOMT/X0,Y0,XC,YC.XT,YT.AFA.R,SW,YH(10),YS
COMMON/PROP/SP(20,8),H(20),XC0O(20,20),F(20,20)
REAL MOMT ,MOT(20)

DIMENSION FM(4),XM(4),YM(4),RF(20),XX(20)
DIMENSION WTO0(50),WT(50),BT0(50),BT(50)

WRITE(*,910)

FORMAT(5X,'slope stability analysis of reinforced slopes’)
WRITE(*,915)

FORMAT(5X,'by Bishop modified method,written by Liu Yixin(BIll)")
WRITE(*,920)

FORMAT(5X,'input the number of slices')

READ(*,930)N

FORMAT(12)

WRITE(*,935)
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935
940
945
950
960
970

1000

1002
1003
1004

oXoXe!

1050

aonon

1060

olpXe!

1070

oXoNp!

1085
1080

ololo NN

FORMAT(5X, input thc name of data file')
READ(*,940)FIN

FORMAT(A14)

WRITE(*,945)

FORMAT(5X,'input the name of output file ')
READ(* 950)FOUT

FORMAT(A14)

WRITE(*,960)

FORMAT(5X,'input the partial Fs for reinforcement force’)
READ(*970) FP

FORMAT(F4.2)

OPEN (6,FILE=FOUT,STATUS='NEW' ACCESS='SEQUENTIAL')
OPEN (5,FILE=FIN,STATUS="OLD', ACCESS="SEQUENTIAL))

WRITE(6,1000)
FORMAT(5X, Slope Stability Analysis by Bishop Modified Method')

WRITE(6,1002)
FORMAT(5X,'Assuming reinforcement force: 1) horizontal’)

WRITE(6,1003)
FORMAT(7X,2) reducing resisting moment; 3) not improving soil’)

WRITE(6,1004)N
FORMAT(5X,'Number of slices:",I2)

input and output data

READ(S,1050) TITLE
FORMAT(A72)
WRITE(6,1050) TITLE

input control data

READ(5,*)NSL,NRFL,NSP,NSST
WRITE(6,1060) NSL,NRFL,NSP,NSST
FORMAT(5X.4(15,3X))

input geometry and pore pressure data

READ(,*) X0,Y0,XC,YC,XT,YT,AFA,DC,RU
WRITE(6,1070) X0,Y0,XC,YC,XT,YT,AFA,DC,RU,FP
FORMAT(5X,9(F6.2,1X),'FP:',F4.2)

input soil parameters by layers
DO 1080 I=1,NSL
READ(S.*) (SP(1.)),J=1,7)
WRITE(6.1085) (SP(1.)),J=1,7)
FORMAT(5X,7(F8.3,2X))
CONTINUE
IF(NRFL.EQ.0) GOTO 1100
input reinforcement force data by layers

DO 1055 I=1,NRFL
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READ(5,*) H(I),(XCO(1.J),F(1,]).J=1,NSP)

C from the point closest to slope surface, where X at maximum
WRITE(6,1065) H(I),(XCO(L.J),F(L.)),J=1,NSP)

1065 FORMAT(5X,30(F7.2,1X))

1055 CONTINUE

control the calculation

oXoXe]

1001 WRITE(*,1053)
1053 FORMAT(3X.,'inpit your choice: unreinforced-0;rcinforced-1;
* stop-2')
READ(*,1057)NC
1057 FORMAT(12)
IF(NC.EQ.0) GOTO 1100
IF(NC.EQ.1) GOTO 1150
[F(NC.EQ.2) GOTO 1270
WRITE(*,1058)
1058 FORMAT(3X,'wrong input, choose again')
GOTO 1001

calculate Fs of unreinforced slope at first trial circle

CALL BISHOP(FS,WT,BT)

searching for the slip circle with minimum Fs in unrcinforced slope

oYoYo TN oYoYo!
)
=

—
ot
o
W

FS1=FS

DO 1107 lI=1,N
WTO(II)=WT(I)
BTO(II)=BT(II)
1107 CONTINUE
X00=X0

Y00=Y0

DO 1110 I=1,NSST
DO 1115 J=1,2
DO 1115K=1,2
X0=X00+DC*I*(-1)**]
Y0=Y00+DC*I*(-1)**K

C control the center of slip circle to be above toe
IF(YT.GT.Y0) GOTO 1115

C restrain the slip circle within the slope
D1=SQRT((X0-XT)**2+(Y0-YT)**2)
D2=SQRT((X0-XC)**2+(Y0-YC)**2)
IF(D2.GT.D1) GOTO 1115

C prevent the center of circle within the slope
YS0=(X0-XT)*(YC-YT)/(XC-XT)+YT
IF(YO.LE.YS0} GOTO 1115

CALL BISHOP(FS,WT,BT)
IF((FS+0.01).LT.FS1) GOTO 1105
1115 CONTINUE
1110 CONTINUE
c
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aoon O

1120
1210

1212

1215
1220
1226

Q_000 O

1155

1157

1165
1160
C
C

calculate the radius of the most possible slip circle
RO=SQRT((X00-XT)**2+(Y00-YT)**2)

print the result for unrcinforced slope stability analysis

WRITE(6,1210)

FORMAT(5X,'stability analysis of unreinforced slope')
WRITE(6,1212) X00,Y00.RO

FORMAT(5X,'center of slip circle: X0='F8.3,5X,'Y0="F8.3,5X,
'R0=",F10.3)

WRITE(6,1215) FS1

FORMAT(5X,'factor of safety='F8.3)

WRITE(6,1220) SW

FORMAT(5X,'WIDTH OF SLICE:"F10.3)
WRITE(6,1226)(WTO0(I),BTO(I),I=1,N)

FORMAT(5X,'WT:' F10.3,5X,'BT:"F10.5)

GOTO 1001
calculate Fs for reinforced slope
CALL BMMR(FS,WT,BT,MOMT,FP)

FS1=FS

DO 1157 II=1,N
WTO(ID=WTII)
BTO(II)=BT(II)
CONTINUE
X00=X0

Y00=Y0

DO 1160 I=1,NSST

DO 1165 J=1,2

DO 1165 K=1,2

X0=X00+DC*I*(-1)**J

Y0=Y00+DC*I*(-1)**K

control the center of slip circle to be above toe
IF(YT.GT.Y0) GOTO 1165

restrain the slip circle within the slope
D1=SQRT((X0-XT)**2+(YO0-YT)**2)
D2=SQRT((X0-XC)**2+(Y0-YC)**2)
IF(D2.GT.D1) GOTO 1165

prevent the center of circle within the slope
YSO0=(X0-XT)*(YC-YT)/(XC-XT)+YT
IF(Y0.LE.YS0) GOTO 1165

CALL BMMR(FS,WT,BT,MOMT,FP)
IF((FS+0.01).LT.FS1) GOTO 1155
CONTINUE
CONTINUE

calculate the radius of the most possible slip circle
RO=SQRT((X00-XT)**2+(Y00-YT)**2)
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print the result for rcinforced slope stability analysis

WRITE(6,1211)

FORMAT(3X,'stability analysis of reinforced slope')
WRITE(6,1212) X00,Y00,R0

WRITE(6,1215) ¥S1

WRITE(6,1220) SW
WRITE(6,1226)(WTO0(I),BTO(I),I=1,N)

GOTO 1001

STOP
END

SUBROUTINE BISHOP(FS,WT,BT)

COMMON/GERN/NSL,NRFL,NSP,NSST,DC,N,RU
COMMON/GEOMT/X0,Y0,XC,YC.XT,YT,AFA,R,SW,YH(10),YS
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
DIMENSION CO(50),FI(50),BT(50),WT(50)

determine strength parameters at base of each slice

CALL GEOMETRY(BT,WT)
DO 800 I=1,N
=XT-(1-0.5)*SW
Y=Y0-SQRT(R**2-(X-X0)**2)
DO 810 J=1,NSL
YH(J)=(X-SP(J,1))*(SP(].4)-SP(J,2))/(SP(J,3)-SP(J,1))+SP(J,2)
IF(Y.GT.YH(J)) GOTO 810
CO(I)=SP(.5)
F1(I1)=SP(J,6)
GOTO 800
CONTINUE
CONTINUE

iterate and calculate Fs

FS=1.2

A=0.0

B=0.0

C=0.0

RO=FS

DO 830 I=1,N

A=A+WT(I)*SIN(BT(I))
C=COS(BT(I))*(1+TAN(BT(I))*TAN(FI(I))/F0)
B=B+(CO(D)*SW+WT(I)*(1-RU)*TAN(FI(1)))/C
CONTINUE

FS=B/A

IF(ABS(FS-F0).GT.0.01) GOTO 840
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RETURN
END

SUBROUTINE BMMR(FS,WT,BT,MOMT.,FP)

COMMON/GERN/NSL,NRFL,NSP,NSST,DC,N,RU
COMMON/GEOMT/X0,Y0,XC,YC,XT,YT,AFA,R,SW,YH(10),YS
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
DIMENSION CO(50),FI(50),BT(50),WT(50),T(50)

REAL MOMT MOT(20)

determine strength parameters at base of each slice

CALL GEOMETRY(BT,WT)
DO 600 I=1,N
X=XT-(I-0.5)*SW
Y=Y0-SQRT(R**2-(X-X0)**2)
DO 610 J=1,NSL
YH(J)=(X-SP(J,1))*(SP(J,4)-SP(},2))/(SP(J,3)-SP(J,1))+SP(J,2)
IF(Y.GT.YH(J)) GOTO 610
COo(N=SP(J.5)
FI(I)=SP(J,6)
GOTO 600
CONTINUE
CONTINUE

iterate and calculate Fs

CALL REINF(MOMT,FP,XX)

F$=1.2

A=0.0

B=0.0

C=0.0

FO=FS

DO 630 I=1,N

A=A+WTI)*SIN(BT(I))
C=COS(BT(I))*(1+TAN(BT(I))*TAN(FI(I))/F0)
B=B+(CO(I)*SW+WT(I)*(1-RU)*TAN(FI(I)))/C
CONTINUE

FS=(B*R)/(A*R-MOMT)
IF(ABS(FS-F0).GT.0.01) GOTO 640

RETURN
END

SUBROUTINE GEOMETRY(BT,WT)
COMMON/GERN/NSL,NRFL,NSP,NSST,DC,N,RU
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COMMON/GEOMT/X0,Y0.XC,YC XT,YT.AFAR.SW.,YH(10),YS
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
DIMENSION BT(50),WT(50)

calculate width of slices

R=SQRT((X0-XT)**2+(YO0-YT)**2)
X1=X0-SQRT(R**2-(YC-Y0)**2)
DY=(XC-X1)*TAN(AFA)
Yi=YC+DY
XS8=X0-SQRT(R**2-(Y1-Y0)**2)
SW=(XT-XS)/N

calculate weight and base angle (BT(I)) of each slice

DO 500 I=1,N

X=XT-(1-0.5)*SW
Y=Y0-SQRT(R**2-(X-X0)**2)
BT(I)=ATAN((X0-X)/SQRT(R**2-(X-X0)**2))
WT(I)=0.0

AB=0.0

DO 510 J=1,NSL

YH(J)=(X-SP(1,1))*(SP(].4)-SP(1,2))/(SP().3)-SP(J,1))+SP(J,2)

IF(Y.GE.YH(J)) GOTO 510
IF(XC.GE.X) GOTO 520
YS=(X-XC*(YT-YO/(XT-XC)+YC
[F(YH(J).GE.YS) GOTO 525
W=SW*(YH(J)-Y-AB)*SP(J,7)
AB=YH(J)-Y

WT(I)=WT(I)+W

GOTO 510
W=SW*(YS-Y-AB)*SP(J,7)
WT{)=WTI)+W

GOTO 500
YS=(XC-X)*TAN(AFA)+YC
IF(YH(J).GE.YS) GOTO 540
W=SW*(YH(J)-Y-AB)*SP(J,7)
AB=YH(])-Y

WT)=WT(I)+W

GOTO 510
W=SW*(YS-Y-AB)*SP(J,7)
WT(D=WT(I)+W

GOTO 500

CONTINUE

CONTINUE

RETURN

END

SUBROUTINE REINF(MOMT,FP,XX)
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calculate reinforcement force and moment

REAL MOT(20),RF(20),MOMT,XX(20)
COMMON/GERN/NSL,NRFL,NSP,NSST,DC,N.RU
COMMON/GEOMT/X0,Y0,XC,YC,XT,YT AFA,R,SW,YH(10),YS
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)

MOMT=0.0

DO 700 I=1,NRFL
XX(I)=X0-SQRT(R**2-(H(I)-Y0)**2)
MOT(1)=0.0

jump over the case that circle doesn't insect reinforcement

IF(XX(I).GT.XCO(1,1)) GOTO 715
IF(XX(I).LT.XCO(IL,NSP)) GOTO 715

DO 710 J=1,NSP
IF(XCO(1.J).GT.XX(I)) GOTO 710
RF(D)=(XX(I)-XCO(L,J-1))*(F(1.J)-F(1,J-1))/(XCO(1,1)-XCO(1,J- 1))
+F(1,]-1)
MOT(I)=RF(I)*(YO0-H(D))/FP
MOMT=MOMT+MOT(I)
GOTO 700
CONTINUE
RF(1)=0.0
CONTINUE

RETURN
END
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Appendix C. Description and Source Code of RSSASM

This appendix presents the source code of the computer program RSSASM
which analyzes stability of rcinforced slopes using modified Spencer's method.
This program was written in standard FORTRAN 77 and can be run with a
Microsoft FORTRAN Compiler 3.2 or a FORTRAN compiler of higher version.
However, it may take considerable long time if it is run in a PC typc computer.

This program can be easily changed to fit other types of computers.

A typical profile of a reinforced slope is shown in Figure 6.1. The
geometry of the slope is characterized by the coordinates of the toc and the
crest of the slope. A soil layer in the foundation or within the slope is defined
by the coordinates of the upper boundary of the layer. The tensile forces in a
reinforcement layer are controlled by the coordinates of sampling points

along the layer and the magnitude of the force at the sampling points.
Some assumptions were made:

1) Slip circle passes through the toe of the slope.
2) Reinforcement force does not improve the shear strength of the soil.

3) Reinforcement force acts horizontally.

The following is an example of input data for the program RSSASM

(corresponding to the slope configuration in Figure 6.1):

Tensar Reinforced Section, H=12m at 1988
4,34,5,
22.0,19.0,9.0,14.0,21.0,2.0,0.0,1.0,0.29,
0.0,2.0,30.0,2.0,23.0,0.419,20.0,
0.0,5.0,18.0,5.0,27.0,0.488,20.2,

0.0,8.0,15.0,8.0,13.0,0.524,20.2,
0.0,14.0,9.0,14.0,10.0,0.349,20.0,
3.0,20.0,0.0,19.0,30.0,10.0,30.0,9.0,0.0,
5.0,18.0,0.0,17.0,30.0,6.0,30.0,5.0,0.0,
7.0,16.0,0.0,15.0,30.0,3.0,30.0,2.0,0.0,
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Program RSSASM for stability analysis of reinforced slopes by Spencer
modified method, written by Liu Yixin (Bill), July 1990.
Assume reinforcement force: 1) horizontal

2) not improve soil strength.
Assume circular slip surface pass through the toe of slope
Explanation:
NSL-- number of soil layers, in slope and foundation
NRFL-- number of reinforcement layers
NSST-- numbers of searching steps of the minimum Fs
NSP-- number of sampling points at each reinforcement layer
X0,Y0-- coordinate of the center of first circle to be analysed
XC,YC-- coordinate of crest
XT,YT-- coordinate of toe
DC-- designed final spacing of grid in searching
DST-- degree of searching angle of interslice force inclination
DSTF-- maximum expected angle of interslice force inclination
AFA-- slope angle of top surface
N-- numner of slices
SP(1,J)-- coordinate(upper boundary of the soil layers) and
properties of soil layers (from bottom to top)i.e. (xlyl,
x2,y2.C,Fi,Gama)
YH(I)-- boundary of horizontal layers (interpolation)
YS-- coordinate of slope and top sueface
R-- radius of slip circle
SW-- width of slices
WT(I)-- weight of slices
CO(),FI(I)-- cohesion and friction angle at base of each slice
RU-- pore pressure coefficient
H(I)-- Y-coordinate of reinforcement layers (from bottom to top)
XCO(1,J)-- X-coordinate of sampling points at each reinforcement layer
F(1,J)-- reinforcement force at sampling points
RF(D)-- reinforcement force at intersection with slip circle
FS,FM,FF-- factor of safety in terms of overall, moment and force

equilibrium

OOO0O0OO00OO00OONOO0O0NNNNOONNOONONNNNONOA

CHARACTER TITLE*72,FIN*14,FOUT*14
COMMON/GERN/NSL ,NRFL,NSP,.DC,N,RU,DST.DSTF
COMMON/GEOMT/X0,Y0,XC,YC,XT,YT,AFA R,SW,YH(10),YS
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
DIMENSION FM(4),XM(4),YM(4),RF(20),XX(20)
DIMENSION WT0(50),WT(50),BT0(50),BT(50),T(50)

WRITE(*,910)

910 FORMAT(5X,'internal stability analysis of reinforced slopes')
WRITE(*,905)

905 FORMAT(5X,'assuming circular slip surface passing througl: toe')
WRITE(*,915)

915 FORMAT(5X,'by Spencer Modified Method,written by Liu Yixin(BIl)")
WRITE(*,920)

920 FORMAT(5X.'input the number of slices’)
READ(*,930)N
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930 FORMAT(12)
WRITE(*,935)
935 FORMAT(5X,'input thc name of data file")
READ(*,940)FIN
940 FORMAT(A14)
WRITE(*,945)
945 FORMAT(SX,'input the name of output file ')
READ(*,950)FOUT
950 FORMAT(A14)
WRITE(*,953)
953 FORMAT(3X,'input the degrce of scarching angle for interslice
* force inclination')
READ(*,952)DST
952 FORMAT(F8.2)
WRITE(*,956)
956 FORMAT(3X,'input the expecting meximum angle of interslice
* force inclination')
READ(*,957)DSTF
957 FORMAT(F8.2)
WRITE(*,960)
960 FORMAT(SX,input the partial Fs for reinforcement force')
READ(*,970) FP
970 FORMAT(F4.2)

OPEN (6,FILE=FOUT,STATUS='NEW' , ACCESS="SEQUENTIAL")
OPEN (5,FILE=FIN,STATUS='OLD',ACCESS='SEQUENTIAL)

WRITE(6,1000)

1000  FORMAT(5X,'stability analysis of reinforced slopes by')
WRITE(6,1002)

1002 FORMAT(SX,'Spencer modified method, written by Liu Yixin(Bill)')
WRITE(6,1003)

1003 FORMAT(5x,'horizontal rein-force and not improving soil strength')
WRITE(6,1004)N,DST ,FP

1004 FORMAT(5X,'Number of slices:'.12,5X,'DST & FP:',2F8.3)

DST=DST*3.14/180.0
DSTF=DSTF*3.14/180.0
C input and output data

READ(5,1050) TITLE
1050 FORMAT(A72)
WRITE(6,1050) TITLE

READ(5,*)NSL ,NRFL,NSP,NSST
WRITE(6,1060) NSL,NRFL,NSP,NSST
1060 FORMAT(5X,4(15,3X))

READ(S,*) X0,Y0,XC,YC,XT,YT AFA,DC,RU
WRITE(6,1070) X0,Y0,XC,YC,XT,YT,AFA,DC,RU,FP
1070 FORMAT(5X,9(F6.2,1X),'FP:'F4.2)

DO 1100 I=1,NSL
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READ(5,*) (SP(1.))J=1.7)
WRITE(6,1110) (SP(L,J),J=1,7)
1110 FORMAT(5X,7(F8.3,2X))
1100 CONTINUE

IF(NRFL.EQ.0) GOTO 1150

DO 1140 I=1,NRFL
READ(5,*) H(I),(XCO(L.1),F(1.]),J=1,NSP)

C from the point closest to slope surface, where X at maximum
WRITE(6,1120) H(I),(XCO(L,J),F(1.]),J=1,NSP)

1120 FORMAT(5X,30(F7.3,2X))

1140 CONTINUE

calculate Fs of unreinforced slope at first trial circle
150 CALL SPR(FS,WT,BT,ST0.FT0)

IF(FS.EQ.0.0) GOTO 1270
searching for the slip circle with minimum Fs in unreinforced slope

125 FS1=FS
ST1=STO
FT1=FT0
DO 1127 [I=1,N
WTO(I)=WT(II)
BTO(IT)=BT(lI)

1127 CONTINUE
X00=X0
Y00=Y0

C

DO 1155 I=1,NSST
DO 1160 J=0,7
X0=X00+DC*I*SIN(J*3.1416/4)
Y0=Y00+DC*I*COS(J*3.1416/4)

C control the center of slip circle to be above toe
IF(YT.GT.Y0) GOTO 1160
C restrain the slip circle within the slope

D1=SQRT((X0-XT)**2+(Y0-YT)**2)
D2=SQRT((X0-XC)**2+(Y0-YC)**2)
[F(D2.GT.D1) GOTO 1160

C prevent the center of circle within the slope
YS0=(X0-XT)*(YC-YT)/(XC-XT)+YT
IF(Y0.LE.YS0) GOTO 1160

CALL SPR(FS,WT BT,ST0,FTO0)
IF((FS+0.01).LT.FS1) GOTO 1125
1160 CONTINUE

1155 CONTINUE

C

C calculate the radius of the most possible slip circle
RO=SQRT((X00-XT)**2+(Y00-YT)**2)

Cc

C
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print the result for unrcinforced slope stability analysis

00N

1200 WRITE(6,1210)

1210 FORMAT(5X,'stability analysis of unrecinforced slope')
WRITE(6,1212) X00.Y00.RO

1212 FORMAT(5X,'center of slip circle: X0='[F8.3,5X.,"Y0="F8.3,5X,

+ 'RO=",F10.3)

WRITE(6,1215) FS1,ST1

1215 FORMAT(5X,'factor of safety,Fs="F8.3."angle of in-force',F10.3)
WRITE(6,1220) SW FT1

1220 FORMAT(SX,WIDTH OF SLICE:'F10.3.5X,'crror of Ff and Fm: F1(.3)
WRITE(6,1226)(WTO0(1),BTO(I),I=1,N)

1226 FORMAT(SX,'WT:' F10.3,5X,'BT: F10.5)

C

C calculate Fs for reinforced slope
[F(NRFL.EQ.0) GOTO 1270

C
X0=X00
Y0=Y00

C first try
1250 CALL SPRRF(FS,.STO,FT0,FP)

C searching minimum Fs for reinforced slope
C
1300 FS1=FS
ST1=STO
FT0=FT1
X00=X0
Y00=Y0
C
DO 1310 I=1,NSST
DO 1320 J=1,2
X0=X00+DC*I*SIN(J*3.1416/4)
Y0=Y00+DC*I*COS(J*3.1416/4)
C control the center of slip circle to be above toc
IF(YT.GT.Y0) GOTO 1320
C restrain the slip circle within the slope

D1=SQRT((X0-XT)**2+(Y(0-YT)**2)
D2=SQRT((X0-XC)**2+(Y(0-YC)**2)
IF(D2.GT.D1) GOTO 1320

C prevent the center of circle within the slope
YSO0=(XO0-XT)*(YC YT/ (XC-XT)+YT
IF(Y0.LE.YS0) GOTO 1320

C
CALL SPRRF(FS.STO,FTO,FP)
IF((FS+0.01).LT.FS1) GOTO 1300
1320 CONTINUE
1310 CONTINUE
C
C print results of reinforced slope stability analysis
C

WRITE(6,1206)

1206 FORMAT(SX,'STABILITY OF REINFORCED SLOPE')
WRITE(6,1330)X00,Y00

1330 FORMAT(5X,'center of slip circle, X0='F10.3,'Y0=",F10.3)
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WRITE(6,1340)FS1,ST1

FORMAT(5X,'factor of safety, Fs=',F8.3,'angle of in-force',F10.5)
WRITE(6,1345)FT1

FORMAT(5X,'error between Ff amd Fm:'.f10.5)

STOP

END

SUBROUTINE SPR(FS,WT,BT.STO,FT0)

stability analysis for unreinforced slope
COMMON/GERN/NSL,NRFL,NSP,DC,N,RU,DST,.DSTF
COMMON/GEOMT/X0,Y0,XC,YC,XT, YT, AFA R,SW,YH(10),YS
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
DIMENSION CO(50),FI(50),BT(50),WT(50),T(50)

determine strength parameters at base of each slice

F$=0.0
CALL GEOMETRY(BT,WT)
DO 800 I=1,N
X=XT-(1-0.5)*SW
Y=Y0-SQRT(R**2-(X-X0)**2}
DO 810 J=1,NSL
YH(J)=(X-SP(J,1))*(SP(J,4)-SP(],2))/(SP(J,3)-SP(J,1))+SP(],2)
IF(Y.GT.YH(J)) GOTO 810
CO()=SP(1,5)
FI(I)=SP(J,6)
GOTO 800
CONTINUE
CONTINUE

try at different angle of interal force inclination

NN=INT(DSTF/DST)
FT0=10.0

DO 802 I=0,NN
ST=I*DST

working for Fs in terms of force equilibrium
searching Sum(Q)=0 at large steps

F0=4.0

Q0.0

DO 815 11=0,18

FB=F0-11*0.2

QQ

Q=00

DO 805 J=1.N
A=CO(J)*SW/FB/COS(BT(J))+TAN(FI(I))*(WT(J)*COS(BT(J))-
RU*WT(J)/COS(BT(J)))/FB-WT(J)*SIN(BT(J))
B=COS(BT(J)-ST)*(1+TAN(FI(J))*TAN(BT(J)-ST)/FB)
Q=Q+A/B

CONTINUE
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solving Sum(Q)=0
TES=Q*Q0

IF(TES.LT.0.0) GOTO 816
CONTINUE

FS=4.0

GOTO 850

searching Sum(Q)=0 at small steps

FO=FB+0.2

Q=00

DO 817 11=0,20

FB=FO0-11*0.01

Q=Q

Q=0.0

DO 807 J=1,N
A=CO(1)*SW/FB/COS(BT())+TAN(FI(J))*(WT(J)*COS(BT(J))-
RU*WT(J)/COS(BT(J)))/FB-WT(J}*SIN(BT(J))
B=COS(BT(J)-ST)*(1+TAN(FI(J))*TAN(BT(J)-ST)/FB)
Q=Q+A/B

CONTINUE

solving Sum(Q)=0

TES=Q*Q0

IF(TES.LT.0.0) GOTO 819

CONTINUE

FF=FB+0.005

working for Fs in terms of moment ecquilibrium
searching Sum(Q)=0 at large steps

F0=4.0

Q=00

DO 835 [1=0,18

FB=F0-11*0.2

Q=Q

Q=00

DO 825 J=1,N
A=CO()*SW/FB/COS(BT(I))+TAN(FI(I)*(WT(J)*COS(BT(}))-
RU*WT(J)/COS(BT(J)))/FB-WT(J)*SIN(BT(J))
B=COS(BT)-ST)*(1+TAN(FI()))*TAN(BT(J)-ST)/FB)
Q=Q+A*COS(BT(J)-ST)/B

CONTINUE

solving Sum(Q)=0

TES=Q*Q0

IF(TES.LT.0.0) GOTO 836

CONTINUE

FS=4.0

GOTO 850

searching Sum(Q)=0 at small steps

FO=FB+0.2
Q=00
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DO 837 11=0,20

FB=F0-11*0.01

Q=Q

Q=00

DO 827 J=1,N
A=CO(J))*SW/FB/COS(BT(J))+TAN(FI()y*(WT(J)*COS(BT(J))-
RU*WT(J)/COS(BT())))/FB-WT(J)*SIN(BT{J))
B=COS(BT(J)-ST)*(1+TAN(FI(J)))*TAN(BT(J)-ST)/FB)
Q=Q+A*COS(BT(J)-ST)/B

CONTINUE

solving Sum(Q)=0

TES=Q*Q0

IF(TES.LT.0.0) GOTO 8359

CONTINUE

FM=FB+0.005

searching for minimum difference between Fs in force and Fs in moment

IF(FM.EQ.FF) GOTO 849
FT=ABS(FM-FF)
IF(FT.GT.FT0) GOTO 802

FTO=FT
FS=(FF+FM)/2.0
ST0=ST*180.0/3.14
CONTINUE

GOTO 850

FTO=FT

FS=FM
ST0=ST*180.0/3.14
RETURN

END

SUBROQUTINE SPRRF(FS,ST0.FT0,FP)

stability analysis of reinforced slopes
COMMON/GERN/NSL,NRFL,NSP,DC,N,RU,DST,DSTF
COMMON/GEOMT/X0,Y0,XC,YC,XT,YT,AFA,R,SW,YH(10),YS
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
DIMENSION CO(50),FI(50),BT(50), WT(50),T(50),RF(20),XX(20)

determine reinforcement force at the base of each slice
calculate reinforcement force at intersection of the circle
RO=SQRT((X0-XT)**2+(Y0-YT)**2)

DO 700 I=1,NRFL

XX()=X0-SQRT(RO**2-(H(I)-Y0)**2)

jump over the case that circle doesn't insect reinforcement

[F(XX(I).GT.XCO(I,1)) GOTO 715
IF(XX(I).LT.XCO(I,NSP)) GOTO 715
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DO 710 J=1,NSP

IF(XCO(L)).GT.XX()) GOTC 710
RE(D=(XX(D-XCO(LI-1))*(F(1.D)-F(LI-HY/(XCO(1.J)-XCO(LJ-1))
+F(1,J-1)

GQTO 700

CONTINUE

RF(1)=0.0

CONTINUE

secarch for reinforccment force at base of cach slice

CALL GEOMETRY(BT.,WT)
N0O=1
DO 720 I=1,N
X=XT-SW*]
T(1)+0.0
IF(N0O.GT.NRFL)GOTO 720
DO 730 J=NOO,NRFL
IF(X.GT.XX(J)) GOTO 730
TI)=T(I)+RF(J)/FP
N00=N00+1
CONTINUE
CONTINUE
determine strength parameters at base of cach slice

FS=0.0
DO 740 I=1,N

X=XT-(I-0.5)*SW

Y=Y0-SQRT(R**2-(X-X0)**2)

DO 745 J=1,NSL
YH(J)=(X-SP(J,1))*(SP(J,4)-SP(J,2))/(SP(J,3)-SP(J,1))+SP(J,2)
IF(Y.GT.YH(J)) GOTO 745

CO(D)=SP(J,5)

FI(1)=SP(J,6)

GOTO 740

CONTINUE
CONTINUE

try at different angle of interal force inclination

NN=INT(DSTF/DST)
FT0=10.0

DO 750 I=0,NN
ST=I*DST

working for Fs in ierms of force equilibrium
searching Sum(Q)=0 at large steps

F0=4.0

Q=00

DO 753 11=0,18
FB=F0-I1*0.2
Q=Q

Q=00
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766

763
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773

770

DO 756 J=1,N
A=CO)*SW/FB/COS(BT(J))+TAN(FIUN*(WT(I)*COS(BT(J))-
RU*WT(J)/COS(BT(J)))/FB-WT(J)*SIN(BT(1))+T(J)*COS(BT(J))
B=COS(BT(J)-ST)*(1+TAN(FI(J))*TAN(BT(J)-ST}/FB)
Q=Q+A/B

CONTINUE

solvin~ Sum(Q)=0

TES=Q*Q0

IF(TES.LT.0.0) GOTO 760

CONTINUE

FS=4.0

GOTO 799

searching Sum(Q)=0 at small steps

FO=FB+0.2

Q=00

DO 763 11=0,20

FB=F(-11*0.01

QQ

Q=00

DO 766 J=1,N
A=COJ)*SW/FB/COS(BT(I))+TAN(FI(J))*(WT(J)*COS(BT(J))-
RU*WT(J)/COS(BT(J)))/FB-WT(J)*SIN(BT(J))+T(J)*COS(BT(J))
B=COS(BT(J)-ST)*(1+TAN{FI(1))*TAN(BT(J)-ST)/FB)
Q=Q+A/B

CONTINUE

solving Sum(Q)=0

TES=Q*Q0

IF'TES.LT.0.0) GOTO 769

CONTINUE

FF=FB+0.005

working for Fs in terms of moment equilibrium
searching Sum(Q)=0 at large steps

F0=4.0

Q=00

DO 770 11=0,18

FB=F0-11*0.2

QQ

Q=00

DO 773 J=1,N
A=CO(N)*SW/FB/COS(BT())+TAN(FI()*(WT(J)*COS(BT(J))-
RU*WT(J)/COS(BT(])))/FB-WT(J)*SIN(BT(J))+T(J)*COS(BT())
B=COS(BT(J))-ST)*(1+TAN(FI(J))*TAN(BT(J)-ST)/FB)
Q=Q+A*COS(BT(J)-ST)/B

CONTINUE

solving Sum(Q)=0

TES=Q*Q0

IF(TES.LT.0.0) GOTO 780

CONTINUE

FS=4.0
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GOTO 799

C
C searching Sum(Q)=0 at small steps
C
780 FO0=FB+0.2
Q=0.0
DO 783 11=0,20
FB=F0-I1*0.01
Q=Q
Q=0.0
DO 786 J=1,N
A=CO®)*SW/FB/COS(BT(J))+TAN(FI()))*(WT(J)*COS(BT(J))-
@ RU*WT(®J)/COS(BT(J)))/FB-WT(J)*SIN(BT(J))+T(J)*COS(BT(J))
B=COS(BT(J)-ST)*(1+TAN(FI(J))*TAN(BT(J)-ST)/FB)
Q=Q+A*COS(BT(J)-ST)/B
786 CONTINUE
C solving Sum(Q)=0
TES=Q*Q0
IF(TES.LT.0.0) GOTO 789
783 CONTINUE
780  FM=FB+0.005
C
C searching for minimum difference between Fs in force and Fs in moment
C
IF(FF.EQ.FM) GOTO 790
FT=ABS(FM-FF)
IF(FT.GT.FT0) GOTO 750
C
FTO=FT
FS=(FF+FM)/2.0
ST0=8T*180.0/3.14
750 CONTINUE
GOTO 799
790 FS=FM
FT0=0.0
ST0=ST*180.0/3.14
799 RETURN
END
C
SUBROUTINE GEOMETRY(BT,WT)
C
COMMON/GERN/NSL,NRFL,NSP,DC,N,RU,DST,DSTF
COMMON/GEOMT/X0,Y0,XC,YC,XT, YT, AFA,R,SW,YH(10),.YS
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
DIMENSION BT(50),WT(50)
C calculate width of slices
C

R=SQRT((X0-XT)**2+(Y0-YT)**2)
X1=X0-SQRT(R**2-(YC-Y0)**2)
DY=(XC-X1)*TAN(AFA)

Y1=YC+DY
XS=X0-SQRT(R**2-(Y1-Y0)**2)
SW=(XT-XS)/N
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525

520

calculate weight and basc angle (BT(I)) of each slice

DO 500 I=1,N

X=XT-(I-0.5)*SW
Y=Y0-SQRT(R**2-(X-X0)**2)
BT(I)=ATAN((X0-X)/SQRT(R**2-(X-X0)**2))
WT(1)=0.0

AB=0.0

DO 510 J=1,NSL
YH(J)=(X-SP(J,1))*(SP(J,4)-SP(J,2))/(SP(J,3)-SP(J,1))+SP(J,2)
IF(Y.GE.YH(J)) GOTO 510
[F(XC.GE.X) GOTO 520
YS=(X-XC)*(YT-YONXT-XC)+YC
IF(YH(J).GE.YS) GOTO 525
W=SW*(YH(J)-Y-AB)*SP(J,7)
AB=YH(J)-Y

WTD=WT(I)+W

GCTO 510
W=SW*(YS-Y-AB)*SP(J,7)
WT()=WT()+W

GOTO 500
YS=(XC-X)*TAN(AFA)}+YC
IF(YH(J).GE.YS) GOTO 540
W=SW*(YH(J}-Y-AB)*SP(].7)
AB=YH(])-Y

WT()=WT()+W

GOTO 510
W=SW*(YS-Y-AB)*SP(J,7)
WT)=WT()+W

GOTO 500

CONTINUE
CONTINUE

RETURN
END
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Appendix D. Description and Source Code of RSSAWM

This appendix presents the source code of the computer program RSSAWM
which analyzes stability of reinforced slopes using the two-part wedge
method. This program was written in standard FORTRAN 77 and can be run
with a Microsoft FORTRAN Compiler 3.2 or a FORTRAN compiler of higher

version. This program can be easily changed to fit other types of computers.

A typical profile of a reinforced slope is shown in Figure 6.1. The
geometry of the slope is characterized by the coordinates of the toe and the
crest of the slope and the bilinear failure surface is characterized by the
coordinates of the nodal point A and the inclination angle 8 along the base of
wedge I (Fig. 6.4). A soil layer in the foundation or within the slope is defined
by the coordinates of the upper boundary of the layer. The tensile forces in a
reinforcement layer are controlled by the coordinates of sampling points
along the layer and the magnitude of the force at the sampling points. It was
assumed that the slip surface passed through the toe of the slope.

The following is an example of input data for the program RSSAWM
(corresponding to the slope configuration in Figure 6.1 and 6.4):
Tensar Reinforced Section, H=12m at 1988

4,345,
5.3,3.3,9.0,14.0,21.0,2.0,0.0,0.19,0.29,

-30.0,2.0,30.0,2.0,23.0,0.419,20.0,
-30.0,5.0,18.0,5.0.27.0,0.488,20.2,
-30.0,8.0,15.0,8.0,13.0,0.524,20.2,
-30.0,14.0,9.0,14.0,10.0,0.349,20.0,
3.0,20.0,0.0,19.0,30.0,10.0,30.0,9.0,0.0,
5.0,18.0,0.0,17.0,30.0,6.0,30.0,5.0,0.0,
7.0,16.0,0.0,15.0,30.0,3.0,30.0.2.0,0.0,
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Program RSSAWM for stability analysis of reinforced slopes by
two-part wedge method, written by Liu Yixin (Bill), July 1991.
Explanation:

NSL-- number of soil layers, in slope and foundation

NRFL-- number of reinforcement layers

NSST-- numbers of searching steps of the minimum Fs

NSP-- number of sampling points at each reinforcement layer
X0,Y0-- coordinate of the node in the first searching effort
XC,YC-- coordinate of crest

XT,YT-- coordinate of toe

DC-- designed final spacing of grid in searching

AFA-- slope angle of top surface

SP(1,J)-- coordinate(upper boundary of the soil layers) and
properties of soil layers (from bottom to top).i.e. (xl,yl,
x2,y2,C,Fi,Gama)

YH(I)-- boundary of horizontal layers (interpolation)

YS-- coordinate of slope and top sueface

RU-- pore pressure coefficient

H(I)-- Y-coordinate of reinforcement layers

XCO(1,})-- X-coordinate or sampling points at each reinforcement layer
F(1,))-- reinforcement force at sampling points

RF(I)-- reinforcement force at intersection with slip surface
DTA-- inclination angle of interwedge force

CB-- cohesive force along the interwedge boundary

Q-- reduction factor of cohesive force along the interwedge boundary
varying between 0.0 and 1.0

UB-- pore pressure (force) in the interwedge boundary
W1,W2-- weight of two wedges

Rh1,Rh2,RV1,RV2-- horizontal and vertical component of
reinforcement forces in two wedges

TFI1,TF12-- weighted average coefficients of internal friction
C1,C2-- total cohesive resistant along slip surface in two wedges
L1,L2-- length of slip surface in two wedges

CT1,CT2-- inclination of two parts of slip surface

OOOOOOOOOOOGOOOOOOOOOOOOOOOOOOOOOOO

CHARACTER FIN*14,FOUT*14,TITLE*72
COMMON/GERN/NSL,NRFL,NSP,NSST,DC,RU,ATA,FP,NCON,NSIGN
COMMON/GEOMT/X0,Y0,XC,YC XT,YT,BT,CT2,W1,W2
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
COMMON/AVPROP/GMA,C1,C2,TFI1,TFI2,CB,Q,UB,U1,U2

REAL L1,L2

WRITE(*,910)
910 FORMAT(5X,'Stability analysis of reinforced slopes’)
WRITE(*,915)
915 FORMAT(5X,'by two-part wedge method, written by Liu Yixin(BIIl)')
WRITE(*,935)
935 FORMAT(5X,'input the name of data file')
READ(*,940) FIN
94) FORMAT(A14)
WRITE(*,945)
945 FORMAT(5X, input the name of output file ')
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950
952
953
957
960
970

1000
1002
1003

oXoKp]

1050

1060

1070

1080
1075

1077

00

READ(*,950) FOUT

FORMAT(A14)

WRITE(*,952)

FORMAT(3X,'input the reduction factor of the cohesive force")
WRITE(*,953)

FORMAT(3X,'along the interwedge boundary,i.e. CB=Q*C")
READ(*,957) Q

FORMAT(F8.4)

WRITE(*,960)

FORMAT(5X,'input the partial Fs for reinforcement force')
READ(*,970) FP

FORMAT(F4.2)

OPEN (6,FILE=FOUT,STATUS='"NEW' . ACCESS='SEQUENTIAL")
OPEN (5,FILE=FIN,STATUS='OLD', ACCESS='SEQUENTIAL')
WRITE(6,1000)

FORMAT(5X,'stability analysis of reinforced slopes by')
WRITE(6,1002)

FORMAT(5X,' two-part wedge method, written by Liu Yixin(Bill)")

WRITE(6,1003) Q
FORMAT(5X,'reduction factor of interwedge cohesion',F8.4)

input and output data

READ(5,1050) TITLE
FORMAT(A72)
WRITE(6,1050) TITLE

input controling and geometric data
READ(S,*)NSL ,NRFL,NSP,NSST
WRITE(6,1060) NSL,NRFL,NSP,NSST
FORMAT(S5X,'NSL,NRFL,NSP,NSST:'4(15,3X))

READ(S,*) X0,Y0,XC,YC,XT,YT,AFA,DC,RU
WRITE(6,1070) XC,YC,XT,YT,RU,FP
FORMAT(SX,’XC,YC,XT,YT:'"4(F6.2,1X),RU,FP:'2(F4.2,1X))

input soil property data and calculate average unit weight GMA
GMA=0.0

DO 1075 I=1,NSL

READ(5,*) (SP(1,J),J=1,7)
GMA=GMA+SP(1,7)

WRITE(6,1080) (SP(1,J),J=1,7)
FORMAT(5X,7(F8.3,2X))

CONTINUE

GMA=GMA/NSL

WRITE(6,1077) GMA
FORMAT(5X,'average unit weight:',F8.3)

IF(NRFL.EQ.0) GOTO 800
input reinforcement force data

DO 1090 I=1,NRFL
READ(,*) H(I),(XCO(1.J),F(1,]),J=1,NSP)
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C from the point closest to slope surface, where X at maximum
WRITE(6,1085) H(I),(XCO(1,J),F(1,J),J=1,NSP)

1085 FORMAT(5X,30(F7.3,2X))

1090 CONTINUE

C finish data input

800 WRITE(*,1100)
1100 FORMAT(5X,'make your choice, input control numbers')

WRITE(*,1105)

1105 FORMAT(5X,'stop--0; unreinforced--1; reinforced--2')
READ(*,1110) NCON

1110 FORMAT(12)

IF(NCON.EQ.0) GOTO 899
IF(NCON.EQ.1) GOTO 810
IF(NCON.EQ.2) GOTO 850
WRITE(*,1115)
1115 FORMAT(5X,'unvalid input, please make your choice again')
GOTO 800

calculate Fs of unreinforced slopes, starting at the given node

oloXe]

810 WRITE(*,1140)
1140 FORMAT(5X,'input the inclining angle of interwedge ferce')
READ(*,1145) ATA
1145 FORMAT(F8.3)
ATA=ATA*3.14/180
CT2=ATAN((YO-YT)/(XT-X0))
BT=ATAN((YC-YT)AXT-XC))
CALL WEDGE(FS,CT1,0.0,0.0,0.0,0.0)
NNN=1
820 FS1=FS
X00=X0
Y00=Y0
CT10=CT1
CT20=CT2
C10=C1
C20=C2
TFI10=TFI1
TFI20=TFI2
W10=W1
W20=W2
CB0=CB
UBO=UB
U10=U1
U20=U2

IF(NNN.EQ.2) GOTO 840

C searching the node having minimum Fs, at big (five times) steps
DO 830 I=1,NSST
DO 835 J=0,7
X0=X00+DC*5*I*SIN(J*3.1416/4)
Y0=Y00+DC*5*I*COS(J*3.1416/4)
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IF(X0.LT.0.0) GOTO 835
IF(X0.GE.XT) GOTO 835
IF(X0.EQ.XC) X0=X0+0.3

C control the node below the crest
IF(Y0.GE.YC) GOTO 835

C control the node above the toe
IF(YO0.LE.YT) GOTO 835

C control the node below slope surface
YY=(XT-X0)*TAN(BT)+YT
IF(Y0.GE.YY) GOTO 835

CT2=ATAN((YO-YT)/(XT-X0))
CALL WEDGE(FS,CT1,0.0,0.0,0.0,0.0)
[F((FS+0.003).LE.FS1) GOTO 820
835 CONTINUE
830 CONTINUE

c searching the node having minimum Fs, at small steps
NNN=2

840 DO 842 I=1,NSST
DO 844 J=0,7
X0=X00+DC*I*SIN(J*3.1416/4)
Y0=Y00+DC*I*COS(J*3.1416/4)
IF(X0.LT.0.0) GOTO 844
IF(X0.GE.XT) GOTO 844
IF(X0.EQ.XC) X0=X0+0.3

C control the node below the crest
IF(Y0.GE.YC) GOTO 844

Cc control the node above the toe
IF(YO.LE.YT) GOTO 844

C control the node below slope surface
YY=(XT-X0O)*TAN(BT)+YT
IF(YO.GE.YY) GOTO 844

CT2=ATAN((YO-YT)/(XT-X0))

CALL WEDGEC(FS,CT1,0.0,0.0,0.0,0.0)

IF((FS+0.003).LE.FS1) GOTO 820
844  CONTINUE

842 CONTINUE
C
C finishing searching
c
X0=X00
Y0=Y00

CT1=CT10*180/3.14
CT2=CT20*180/3.14
ATA=ATA*180/3.14
C print the result for unreinforced slope stability analysis

WRITE(6,1120)

1120 FORMAT(5X,'Stability of unreinforced slope')
WRITE(6,1125) X0,Y0,CT1,CT2

1125 FORMAT(5X,'X0,Y0:',2(F8.3,3X).'CTA1,CTA2:",2(F8.3,3X))
WRITE(6,1130) FS1,ATA
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1130
1135

1137
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850
1150

1155

1185
1188
1190

855

a0

FORMAT(5X,Fs=',F8.3,3X,'interwedge force inclication', F8.3)
WRITE(6,1135) W10,Ww20,C10,C20,TFI10,TFI20
FORMAT(5X,'W1,W2,C1,C2,TFI1,TFI2:",4(F9.2,2X),2(F7.4,2X))
WRITE(6,1137) CB0,UB0,U10,U20
FORMAT(5X,/BC,UB,U1,U2:",4(F9.2,2X))

GOTO 800

calculate Fs of reinforced slopes

WRITE(*,1150)
FORMAT(5X,'input the inclining angle of interwedge force')
READ(*,1155) ATA

FORMAT(F8.3)

ATA=ATA*3.14/180

WRITE(*,1185)

FORMAT/5X,'choice of reinforcement force orientation')
WRITE(*,1188)
FORMAT(5X,'horizontal--0; same inclination as slip surface--1')
READ(*,1190) NSIGN

FORMAT(I2)
CT2=ATAN{(YO-YT)/(XT-X0))
BT=ATAN({(YC-YT)/(XT-XC))

CALL WEDGE(FS,CT1,RV1,RV2,RH1,RH2)
NNN=1

FS1=FS

X00=X0

Y00=Y0

CT10=CT1

CT20=CT2

C10=C1

C20=C2

TFI10=TFI1

TFI120=TFI2

Wwi0=W1

W20=W2

RV10=RV1

RV20=RV2

RH10=RH1

RH20=RH2

CB0=CB

UBO=UB

U10=U1

U20=U2

searching the node having minimum Fs, at big steps
[F(NNN.EQ.2) GOTO 870

DO 860 I=1,NSST
DO 865 1=0,7
X0=X00+DC*5*I*SIN(J*3.1416/4)
Y0=Y00+DC*5*I*COS(J*3.1416/4)
IF(X0.GE.XT) GOTO 865
IF(X0.LT.0.0) GOTO 865
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[F(X0.EQ.XC) X0=X0+0.3

C control the node below the crest
IF(Y0.GE.YC) GOTO 865

C control the node above the toe
IF(YO.LE.YT) GOTO 865

C control the node below slope surface
YY=(XT-X0)*TAN(BT)+YT
IF(YO.GE.YY) GOTO 865

C

CT2=ATAN((YO-YT)/(XT-XO0))
CALL WEDGE(FS,CT1,RV1,RV2,RH1,RH2)
IF((FS+0.003).LE.FS1) GOTO 855

865 CONTINUE

860 CONTINUE

C searching the node having minimum Fs, at small steps
NNN=2

870 DO 872 1=1,NSST
DO 874 J=0,7
X0=X00+DC*I*SIN(J*3.1416/4)
YO0=Y00+DC*I*COS(J*3.1416/4)
IF(X0.GE.XT) GOTO 874
IF(X0.LT.0.0) GOTO 874
[F(X0.EQ.XC) X0=X0+0.3

C control the node below the crest
IF(Y0.GE.YC) GOTO 874

C control the node above the toe
IF(YO.LE.YT) GOTO 874

C control the node below slope surface
YY=(XT-X0)*TAN(BT)+-YT
IF(Y0.GE.YY) GOTO 874

CT2=ATAN((YO-YT)/(XT-X0))
CALL WEDGE(FS,CT1,RV1,RV2 RH1,RH2)
IF((FS+0.003).LE.FS1) GOTO 855

874  CONTINUE

872 CONTINUE
c finishing searching
X0=X00
Y0=Y00

CT1=CT10*180/3.14
CT2=CT20*180/3.14
ATA=ATA*180/3.14

C print the result for reinforced slope stability analysis

WRITE(6,1160)

1160 FORMAT(5X,'Stability of Rreinforced slope')
WRITE(6,1165) X0,Y0,CT1,CT2

1165 FORMAT(5X,'X0,Y0:',2(F8.3,3X),'/CTA1,CTA2:".2(F8.3,3X))
WRITE(6,1170) FS1,ATA

1170 FORMAT(5X,'Fs=',F8.3,3X,'interwedge force inclination'F8.3)
WRITE(6,1175) W10,w20,C10,C20,TFI10,TFIZ20

1175 FORMAT(5X,'W1,W2,C1,C2,TFI1,TFI2:',4(F9.2,2X),2(F7.4,2X))
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WRITE(6,1178) CB0,UB0,U10,U20
FORMAT(5X,'CB,UB,U1,U2:"4(F9.3))
WRITE(6,1180) RV10,RV20,RH10,RH20
FORMAT(5X,RV1,RV2,RH1,RH2:"4(F12.3,2X))

GOTO 800

STOP
END

SUBROUTINE WEDGE(FS,CT1,RV1,RV2,RH1,RH2)

COMMON/GERN/NSL,NRFL,NSP,NSST,DC,RU,ATA FP,NCON,NSIGN

COMMON/GEOMT/X0,Y0.XC,YC,XT,YT,BT,CT2,W1,W2
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20.20)
COMMON/AVPROP/GMA,C1,C2,TFI1,TFI2,CB,Q,UB,U1,U2
REAL L1,L2

determin the most critical surface for a given node
searching in big steps

DDO0=-100000.0

DO 600 1=2,25
CT1=3.14/2-1*3*3.14/180
IF(CT1.LT.CT2) GOTO 600
IF(CT1.EQ.BT) CT1=CT1-0.035
CALL GEOMETRY(L1,L2,CT1)
CALL PROPERTIES(L1,L2,CT1)
IF(NCON.EQ.1) GOTO 603
IF(NRFL.EQ.0) GOTO 603

CALL REINF(CT1,RV1,RV2,RH1,RH2)
FS=1.2

Al=(UB+RH1)*SIN(CT1)+(W1-RV1-CB*Q/FS)*COS(CT1)-Ul
B1=COS(CT1-ATA)+SIN(CT1-ATA)*TFI1/FS
T1=((W1-RV1-CB*Q/FS)*SIN(CT1)-(UB+RH1)*COS(CT1)
-C1/FS-TFI1*A1/FS)/B1

IF(T1.LT.DDO) GOTO 600

DDO=T1 '

CT0=CT1

CONTINUE

searching in small steps

DD0=-100000.0

DO 610 1=0,6
CT1=CT0-(I-3)*3.14/180
IF(CT1.LT.CT2) GOTO 610
IF(CT1.EQ.BT) CT1=CT1-0.035
CALL GEOMETRY(L1,L2,CT1)
CALL PROPERTIES(L1,L2,CT1)
[F(NCON.EQ.1) GOTO 613
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IF(NRFL.EQ.0) GOTO 613
CALL REINF(CT1,RV1,RV2,RHI,RH2)
613 FS=1.2

Al=(UB+RH1)*SIN(CT1)+(W1-RV1-CB*Q/FS)*COS(CT1)-U1
B1=COS(CT1-ATA)+SIN(CT1-ATA)*TFI1/FS
T1=((W1-RV1-CB*Q/FS)*SIN(CT1)-(UB+RH1)*COS(CT1)

@ -C1/FS-TFI1*A1/FS)/B1
IF(T1.LT.DDO) GOTO 610
DDO=T1
CT10=CT1

610 CONTINUE

C iterate to obtain the actual Fs about the most critical slip surface

CT1=CT10
CALL GEOMETRY(L1,L2,CT1)
CALL PROPERTIES(L1,L2,CT1)
IF(NCON.EQ.1) GOTO 623
IF(NRFL.EQ.0) GOTO 623
CALL REINF(CT1,RV1,RV2,RH]1,RH2)
C searching in big steps for the unique wminimum Fs
623 DDI1=0
DO 620 I=1,20
FS=3.5-1*0.15
Al=(UB+RHI1)*SIN(CT1)+(W1-RV1-CB*Q/FS)*COS(CT1)-U1
A2=(-UB+RH2)*SIN(CT2)+(W2-RV2+CB*Q/FS)*COS(CT2)-U2
B1=COS(CT1-ATA)+SIN(CT1-ATA)*TFI1/FS
B2=COS(CT2-ATA)+SIN(CT2-ATA)*TFI2/FS
T1=((W1-RV1-CB*Q/FS)*SIN(CT1)-(UB+RH1)*COS(CT1)
@ -C1/FS-TFI1*A1/FS)/B1
T2=((W2-RV2+CB*Q/FS)*SIN(CT2)-(-UB+RH2)*COS(CT2)
@ -C2/FS-TFI2*A2/FS)/B2
DD1=T1+T2
IF(DD1.GT.0.0) GOTO 620
FS0=FS+0.15
GOTO 622
620 CONTINUE
C searching in small steps for the unique minimum Fs
622 DDI=0
DO 640 I=1,25
FS=FS0-1*0.006
Al=(UB+RHI1)*SIN(CT1)+(W1-RV1-CB*Q/FS)*COS(CT1)-Ul
A2=(-UB+RH2)*SIN(CT2)+(W2-RV2+CB*Q/FS)*COS(CT2)-U2
B1=COS(CT1-ATA)+SIN(CT1-ATA)*TFI1/FS
B2=COS(CT2-ATA)+SIN(CT2-ATA)*TFI2/FS
T1=((W1-RV1-CB*Q/FS)*SIN(CT1)-(UB+RH1)*COS(CT1)
@ -C1/FS-TFI1*A1/FS)/B1
T2=((W2-RV2+CB*Q/FS)*SIN(CT2)-(-UB+RH2)*COS(CT2)
@ -C2/FS-TFI2*A2/FS)/B2
DDI1=T1+T2
IF(DD1.LT.0.0) GOTO 670
640 CONTINUE
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FS=FS+0.003
RETURN
END

SUBROUTINE GEOMETRY(L1,L2,CT1)

COMMON/GERN/NSL,NRFL,NSP,NSST,DC,RU,ATA ,FP,NCON,NSIGN
COMMON/GEOMT/X0,Y0,XC,YC.XT,YT,BT,CT2,W1,W2
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
COMMON/AVPROP/GMA,CI1,C2,TFI1,TFI2,CB.Q,UB,U1,U2
REAL L1,L2

L2=SQRT((X0-XT)**2+(Y0-YT)**2)
[F(XC.GT.X0) GOTO 500
CT0=ATAN((YC-Y0)/(X0-XC))

YB=TAN(BT)*(XT-X0)+YT

weight of wedge 2

SSi1=YB-Y0

$S2=SQRT((X0-XT)**2+(YB-YT)**2)
PP=(SS1+8S82+L2)/2
W2=GMA*SQRT(PP*(PP-SS1)*(PP-SS2)*(PP-L2))
pore pressure U2

XM2=(X0+XT)/2
HM2=(XT-XM2)*(TAN(BT)-TAN(CT2))
U2=HM2*GMA*RU*L2

weight of wedge 1

IF(CT1.GT.CT0) GOTO 510

L1=(YC-Y0)/SIN(CT1)

YN=TAN(CT1)*(X0-XC)+YO0

XN=X0-(YC-Y0)/TAN(CT1)
W1=GMA/2.0*((X0-XC)*(YB-Y0+YC-YN)+(XC-XN)*(YC-YN))
pore pressure Ul

XM1=(XN+X0)/2
HM1=(XT-XM1)*TAN(BT)+YT-(X0-XM1)*TAN(CT1)-YO0
IF(XM1.LE.XC) HM1=YC-(X0-XM1)*TAN(CT1)-Y0
Ui=HMI1*GMA*RU*L1

GOTO 530

XM=(X0*TAN(CT1)-XT*TAN(BT)+Y0-YT)/(TAN(CT1)-TAN(BT))
YM=TAN(CT1)*(X0-XM)+YO0
L1=SQRT({(XM-X0)**2+(YM-Y(0)**2)
$82=SQRT((XM-X0)**2+(YM-YB)**2)
PP=(SS1+SS2+L1)/2
W1=GMA*SQRT(PP*(PP-SS1)*(PP-SS82)*(PP-L1))
pore pressure Ul

XM1=(XM+X0)/2
HM1=(XT-XM1)*TAN(BT)+YT-(X0-XM1)*TAN(CT1)-Y0
Ul=HM1*GMA*RU*L1

GOTO 530
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YM=TAN(CT2)*(XT-XC)+YT
L1=(YC-Y0)/SIN(CT1)

S81=YC-YM
$82=SQRT((XC-XT)**2+(YC-YT)**2)
8$83=SQRT((XC-XT)**2+(YM-YT)**2)
PP=(SS1+SS2+S5S83)/2
W2=GMA*(SQRT(PP*(PP-SS1)*(PP-SS2)*(PP-§S3))+(XC-X0)*(SS1+YC-
Y0)/2)

W1=GMA*(YC-Y0)**2/TAN(CT1)/2

pore pressure Ul and U2

XM2=(X0+XT)/2
HM2=(XT-XM2)*(TAN(BT)-TAN(CT?2))
IF(XM2.LE.XC) HM2=YC-(XT-XM2)*TAN(CT2)-YT
HM1=(YC-Y0)/2

Ul=HM1*GMA*RU*L1

U2=HM2*GMA*RU*L2

RETURN
END

SUBROUTINE PROPERTIES(L1,L2,CT1)

COMMON/GERN/NSL,NRFL,NSP,NSST,DC,RU,ATA FP,NCON,NSIGN
COMMON/GEOMT/X0,Y0,XC,YC XT,YT,BT,CT2,W1,W2
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
COMMON/AVPROP/GMA,C1,C2,TFI1,TFI2,CB,Q,UB,U1,U2

REAL L1,L2,LL

calculate pore water pressure along interwedge boundary

YB=TAN(BT)*(XT-X0)+YT
IF(X0.LE.XC) YB=YC
UB=(YB-Y0)**2*GMA*RU/2

calculate average friction coefficient and cohesion
along slip surface 1, 2 and interwedge boundary

AA=0.0
BB=XT
C1=0.0
C2=0.0
TFI1=0.0
TF12=0.0
CB=0.0
EE=Y0
DD=0.0

DO 400 I=1,NSL

IF(SP(1,2).LE.YT) GOTO 400

IF(SP(I-1,2).GT.Y0) GOTO 410 -

average properties of the second wedge

XX--x coordinate of intersection between slip surface and soil

upper boundary
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XA--x coordinate of middle of vertical slice cut by slip surface

and soil upper & lower boundaries

XX=XT-(SP(1,2)-YT)/TAN(CT2)
[F(XX.LE.X0) GOTO 420
LL=SQRT((XX-XT)**2+(SP(1,2)-YT)**2)
C2=C2+SP(1,5)*(LL-AA)

XA=(XX+BB)/2
HA=(XT-XA)*(TAN(BT)-TAN(CT2))
[F(XA.LT.XC) HA=YC-(XT-XA)*TAN(CT2)-YT
TFI2=TFI2+HA*TAN(SP(1,6))

AA=LL

BB=XX

DD=DD+HA

GOTO 400

C2=SP(1,5)*(L2-AA)+C2

XA=(X0+BB)/2
HA=(XT-XA)*(TAN(BT)-TAN(CT2))
IF(XA.LT.XC) HA=YC-(XT-XA)*TAN(CT2)-YT
TF12=(TFI2+HA*TAN(SP(1,6)))/(DD+HA)

average properties of the first wedge

AA=0.0

BB=X0

DD=0.0

IF(XC.GT.X0) GOTO 413
CT0=ATAN((YC-Y0)/(X0-XC))
IF(CT1.LT.CT0) GOTO 413

XN=(X0*TAN(CT1)-XT*TAN(BT)+Y0-YT)/(TAN(CT1)-TAN(BT))

YN=TAN(CT1)*(X0-XN)+Y0

IF(SP(I-1,2).GT.YN) GOTO 400

IF(SP(1,2).LT.YN) GOTO 413

XH=XN

GOTO416

XX=X0-(SP(1,2)-Y0)/TAN(CT1)
LL=SQRT((XX-X0)**2+(SP(1,2)-Y0)**2)
C1=C1+SP(I,5)*(LL-AA)

XA=(XX+BB)/2
HA=(XT-XA)*TAN(BT)+YT-(X0-XA)*TAN(CT1)-Y0
IF(XA.LT.XC) HA=YC-(X0-XA)*TAN(CT1)-Y0
TFI1=TFI1+HA*TAN(SP(1,6))

AA=LL

BB=XX

DD=DD+HA

calculate total cohesion along the interwedge boundary

CB=CB+SP(I,5)*(SP(1,2)-EE)
EE=SP(1,2)

CONTINUE

TFI1=TFI1/DD
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RETURN
END

SUBROUTINE REINF(CT1,RV1,RV2,RH1,RH2)

COMMON/GERN/NSL,NRFL,NSP,NSST,DC,RU,ATA,FP,NCON,NSIGN
COMMON/GEOMT/X0,Y0,XC,YC XT,YT,BT,CT2,W1,W2
COMMON/PROP/SP(20,8),H(20),XC0(20,20),F(20,20)
COMMON/AVPROP/GMA,C1,C2,TFI1,TF12,CB,Q,UB,U1,U2

RF1=0.0

RF2=0.0

DO 700 I=1,NRFL

IF(H(I1).GT.Y0) GOTO 710

total reinforcement force in the second wedge

XX-- x coordinate of intersection between slip surface and
reinforcement

XX=XT-(H(I)-YT)/TAN(CT2)

jump over the case that slip surface doesn't intersect reinforcement

IF(XX.GT.XCO(,1)) GOTO 705
[F(XX.LT.XCO(I,NSP)) GOTO 705

DO 720 J=1,NSP

IF(XCO(1.J).GT.XX) GOTO 720
RF=(XX-XCO(1,J-1))*(F(1,J)-F(1,J-1))/(XCO(1,J)-XCO(1,I-1))
+F(I,J-1)

GOTO 730

CONTINUE

RF=0.0

RF2=RF2+RF

GOTO 700

total reinforcement force in the first wedge
XX=X0-(H(I)-Y0)/TAN(CT1)

jump over the case that slip surface doesn't intersect reinforcement

[F(XX.GT.XCO(,1)) GOTO 735
IF(XX.LT.XCO(I,NSP)) GOTO 735

DO 740 J=1,NSP

IF(XCO(L)).GT.XX) GOTO 740
RF=(XX-XCO(I,J-1))*(F(1.J)-F(1,J-1))/(XCO(1,1)-XCO(1,J-1))
+F(L,J-1)

GOTO 750

CONTINUE

RF=0.0

RF1=RF1+RF

CONTINUE

IF(NSIGN.EQ.1) GOTO 760
IF(NSIGN.EQ.0) GOTO 755
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WRITE(*,780)
780 FORMAT(5X,'unvalid reinforcement force orientation')
RV1=0.0
RV2=0.0
RH1=0.0
RH2=0.0
GOTO 790

C horizontal reinforcement forces

755 RVI1=0.0
RV2=0.0
RH1=RF1/FP
RH2=RF2/FP

GOTO 790
assuming reinforcement force inclined at same angles as slip surfaces

60 RVI=RF1*SIN(CT1)/FP
RV2=RF2*SIN(CT2)/FP
RH1=RF1*COS(CT1)/FP
RH2=RF2*COS(CT2)/FP

790 RETURN
END
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