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ABSTRACT

Steel plate shear walls are an innovative lateral load-resisting system capable
of effectively bracing a building against both wind and earthquake forces. The system
consists of vertical steel infill plates one storey high and one bay wide connected to
the surrounding beams and columns. The plates are installed in one or more bays for
the full height of a building to form a stiff cantilever wall. Steel plate shear walls are
well-suited for new cornistruction and they also offer a relatively simple means for the

seismic upgrading of existing steel or concrete structures.

A large-scale four storey, single bay specimen with unstiffened panels was
tested under controlled cyclic loading to determine its behaviour under an idealized
severe earthquake event. The shear wall had moment-resisting beam-to-column
connections, resulting in a lateral load-resisting system that possessed an inherent
redundancy. During the test, the specimen endured 30 cycles of loading, including 20
cycles in the inelastic range. Prior to failure of the specimen, the deflection reached in
the lowest storey was nine times the yield deflection. The test specimen proved to be
initially very stiff, showed excellent ductility and energy dissipation characteristics,
and exhibited stable behaviour at very large deformations and after many cycles of

loading.

Results of another large-scale test to evaluate the performance of the corner
detail to be used in the main test specimen are reported. Other ancillary tests included
an evaluation of residual stresses in the shear wall frame members and a series of

material tests on both the members and infill plates.

A non-linear finite element model for steel plate shear walls was developed
using the as-built dimensions and measured material properties of the test specimen.

A non-planar initial plate geometry and residual stresses obtained experimentally



were included. Cyclic and monotonic load vs. deflection responses and the internal

member forces are compared with experimental results.

A simplified method for predicting the monotonic response and two models
for predicting the hysteresis behaviour of steel plate shear walls are described. The
models account for inelastic behaviour in both the infill panels and the frame
members. The predicted behaviour of the four storey shear wall specimen is compared

with the test results.



RESUME

Les murs de refend en acier représentent un systéme innovateur résistant aux
charges latérales susceptible de contreventer efficacement un batiment contre les
forces de vent et de séisme. Ce systéme est constitué de plaques verticales en acier
placées a I’intérieur de la hauteur d’un étage et d’une largeur d’une baie, reliées aux
poutres et aux colonnes adjacentes. Les plaques sont installées dans une ou plusieurs
baies sur toute la hauteur du batiment pour former un porte-a-faux vertical. Les murs
de refend en acier sont bien appropriés pour les nouvelles constructions et ils offrent
aussi un moyen relativement simple pour rendre les structures existantes en acier ou

en béton conformes aux nouvelles normes para-sismiques.

Un échantillon d’une seule baie et de quatre étages, a grande échelle, avec des
panneaux non rigides a été testé sous un chargement cyclique controllé afin de
déterminer son comportement face a un séisme sévére idéallisé. Le mur de refend a
ét¢ congu avec des assemblages rigides poutres-poteaux, donnant au systéme une
résistance supplémentaire. Durant I’essais, 1’échantillon a subi 30 cycles de
chargement, incluant 20 cycles dans le dofnaine inélastique. Avant la rupture de
Péchantillon, le déplacement atteint au plus bas étage représentait neuf fois le
déplacement élastique. Le modéle expérimental s’est démontré initialement trés
rigide, mais a ensuite démontré une excellente ductilité et des caractéristiques de
dissipation d’énergie. L’échantillon a aussi présenté un comportement stable aprés de

trés grandes déformations et plusieurs cycles de chargement.

Des résultats d’autres essais & grande échelle pour évaluer la performance du
détail de coin utilisé dans DI’échantillon principal sont rapportés. D’autres essais
complémentaires ont inclu une évaluation des contraintes résiduelles dans les
membrures du mur de refend et des séries d’essais de matériaux sur les membrures et

les plaques.



Un mode¢le non-linéaire par éléments finis pour le mur de refend en acier a été
développé en utilisant les dimensions exactes de 1’échantillon et les propriétés des
matériaux mesurées par des essais sur éprouvettes. La géométrie initiale non plane des
plaques et les contraintes résiduelles obtenues expérimentalement sont inclus. Les
réponses charges cycliques et monotones en fonction du déplacement et des forces

internes des membrures sont comparées avec les résultats expérimentaux.

Une méthode simplifiée pour prédire la réponse monotone et deux modéles de
comportement hystérétique des murs de refend en acier sont présentés. Les modeéles
tiennent compte du comportement inélastique des panneaux insérés et des membrures
du cadre. Le comportement théorique du mur de cisaillement a quatre étages est

comparé avec les résultats des essais.



ZUSAMMENFASSUNG

Stahlschubwénde sind ein innovatives Seitenlastwiderstandssystem, mit dem
ein Gebidude wirksam gegen Wind- und Erdbebenkrifte gestiitzt werden kann. Das
System besteht aus senkrechten Stahlplatten, die ein Stockwerk hoch, ein Feld breit
und mit den umgebenden Trigern und Stiitzen verbunden sind. Die Stahlplatten
werden in ein oder mehrere Felder fiir die volle Hohe des Gebéudes eingebaut, sodaf}
sie eine steife Kragwand bilden. Stahlschubwinde eignen sich ausgezeichnet fiir
Neubauten, sind aber auch eine relativ einfache Moglichkeit zum erdbebensicheren

Umbau vorhandener Stahl- und Betonbauten.

Zur Bestimmung des Verhaltens bei einem schweren Erdbeben unter
idealisierten Bedingungen wurde ein groBes, vier Stockwerke hohes und ein Feld
breites Modell mit unversteiften Stahlplatten unter kontrollierten zyklischen
Belastungen getestet. Die Stahlschubwand besaB biegungsfeste Tréger-zu-Stiitzen-
Verbindungen, die ein Seitenlastwiderstandssystem mit inhdrentem Uberschuf®
ergaben. Wahrend des Versuchs hielt das Modell 30 Lastzyklen stand; wovon 20 im
unelastischen Bereich lagen. Vor seinem Versagen erreichte es im untersten GeschoB
die neunfache FlieBabweigung. Das Versuchsmodell erwies sich als am Anfang sehr
steif, zeigte ausgezeichnete Dehnbarkeit und Energieverzehrungsmerkmale und

stabiles Verhalten bei sehr groBen Umformungen und nach vielen Belastungszyklen.

Ergebnisse eines anderen GroBtests zur Auswertung der Leistung des im
Haupttest zu verwendenden Eckendetails werden beschrieben. In anderen Nebentests
erfolgte unter anderem eine Auswertung der Restspannung in  den
Schubwandrahmengliedern und eine Reihe von Materialtests an den Rahmengliedern

und Stahlplatten.

Es wurde ein nichtlineares, Finite-Elemente-Modell fiir Stahlschubwinde mit

den genauen Abmessungen und gemessenen Materialeigenschaften  des



Versuchsmodelles entwickelt. Es umfafite auch eine experimentell ermittelte unebene
anfingliche Stahlplattengeometrie und Restspannung. Zyklische und gleichformige
Belastung im Verhiltnis zu Abweichunsgreaktionen und die internen Stabkrifte

werden mit Versuchsergebnissen verglichen.

Es werden eine vereinfachte Methode zum Berechnen der gleichfSrmigen
Reaktionen und zwei Modelle zur Berechnung des Hystereseverhaltens von
Stahlschubwiénden beschrieben. Die Modelle erkldren das unelastische Verhalten in
den Stahlplatten und Rahmengliedern. Das vorhergesagte Verhalten des vierstockigen

Schubwandmodelles wird mit den Versuchsergebnissen verglichen.



ACKNOWLEDGEMENTS

This project was conducted with research funding from the Natural Sciences
and Engineering Research Council of Canada. The first author wishes also to
acknowledge personal financial support in the form of scholarships from the
University of Alberta, the Province of Alberta, the Steel Structures Education
Foundation, the Alberta Research Council, the Canadian Society for Civil

Engineering, and the Izaak Walton Killam Trust.

Many people contributed to the success of the physical testing programme.
Those who made particularly significant contributions are Prof. S. Alexander
(interactive data acquisition interface), A.Boucher, J. DiBattista, and R. Savage
(construction), R. Helfrich (instrumentation), and M. Medhekar (testing and

DTM

photography). Several of the AutoCA drawings of the tests in the thesis were

created by T. Manuel.

Cooperation of the staff at the Centre for Engineering Research (C-FER), and
in particular T. Zimmerman, G. Beaulac, and A. Betts, is gratefully acknowledged.
Allowing the test to be conducted in their facility, and making an effort to ensure that
the logistics of moving many tonnes of equipment in and out proceeded smoothly,

contributed greatly to the success of the project.

The helpful comments of Profs. L.-W. Lu of Lehigh University, H.G.L. Prion
of the University of British Columbia, and M.G. Faulkner and A.E. Peterson of the

University of Alberta are also very much appreciated.



TABLE OF CONTENTS

1. INTRODUCTION ....ociiiriretimsensstsensensnssessssesessessssassssesssssessesensessesssennes 1
A FOMEBWOIT ...ttt ee e e e e e e e e e 1
1.2 Objectives and SCOPE .........ceevcuiieiieieececeece e e e 3
1.3 Organization of the TheSiS .........c..ccueiieiiiieiiieeeeeeeeeeeeeeeeeeeeeeeeeee e 4

2. PREVIOUS STEEL PLATE SHEAR WALL RESEARCH........cooveeereernenne. 7
2.1 INtrOGUCHION ... 7
2.2 Takahashi ef al. (1973) ....coooiiieeeeeeeeeeeeeeeeeee e e, 8
2.3 Mimura and AKIYama (1977) .......oouveeeeeeeeeeeeeeeee e 10

- 2.4 Agelidis and Mansell (1980) ...........ccoiiie oot 12
2.5 Thorburn et al. (1983) .....ooiueiiieceeeeeeeeeeeeeee e 13
2.6 Timler and Kulak (1983) .......c.coieiiiicieceeeeeeee e e 14
2.7 Tromposch and Kulak (1987)...........ooveueeeeeeeeeeeeeeeeeeeeeeeeeeeeeeeee o, 15
2.8 Elgaaly and Caccese (1990) ..........coeeeeeieeeneeeeeeeeeeeee oo, 17
2.9 Sabouri-Ghomi and Roberts (1991) .........ccoovveooeeeeeeeeeeeeeeeeeeen 19
210 Xue and LU (1994) .....oviiieieeeeeeeecec e 21
2.11 Other Related RESEAICH ............ocoeuiimiiiiiiiieeeeeeeeeeeeeeeeeeeee e 23

3. PRELIMINARY FINITE ELEMENT MODEL........cccoovememreremseessnsenreessessesns 32
BT INrOAUCHION ... 32
3.2 Description of MOdel ..........cc.ooueiiiiiiiiiieiceeeeeeeeeeeeeeee e 32

321 EIBMENTS......ccucuimiiireiiereree ettt es e ese e s s s e s s e e s es s e e senons 32
3.2.2 Material PrOPEITIES.......ceeueuereiererereriisisieceecaeseseseaeeeee e e eeseeeeseseesesessnees 34
3.2.3 Initial CONdItIONS ......cccoerererueeeiereresiseeiescseseeseseeee e eeseeeseee s s sssesesens 35
3.2.4 SOIULION SHALEZY .....ccvuevrrerirreererereirtereess e setossessenseseeseeensessessssassseans 35
3.3 Numerical Analysis of Timler and Kulak Specimen............cccoevveuenn.... 36
3.3.1 Finite Element MOdel ........cccouvvmunruereruereeecriecieecne e seseeseseses e eseeseseaees 36
3.3.2 ReSults Of ANALYSIS .....ceceurvrrrnininrcrerrceee et eseeeesnsenes 39

3.4 SUMIMANY ...ttt e et e et e e e eeeeeseeseeeeeeeeees 39



4. EXPERIMENTAL PROGRAMME — GENERAL ......c.coccevverncrccrcnninnriensnnnnc 49

4.1 ODJECHVES ..ottt ree e et 49
4.2 Specimen Details and Fabrication Procedures ...........ccccccoeeevueveennnnen.. 50
4.3 Test Design Considerations and Constraints.............ccccccoovenveeeneennnnn. 52
4.4 Preliminary Numerical Analysis of Specimen...........ccccocceeevvovveveennnnnn.. 54
4.5 As-built Measurements ...........cc.ooeeoveieeiiecieeecece e 56
4.6 SUMMAY ...coouiiiiiiiieeienieaeee sttt eaae e s e e ste s ressbeeeeseteesaessesbesbeesaens 58
5. ANCILLARY TESTS.....coitiitinmernincrsssnesssasnssssnsisssnsesssssessonsmsssssesessssessassns 04
5.1 INOAUCHION ..ot 64
5.2 Corner Detail TESt.........oooiiiiiiei e 64
5.2.1 INtrodUCHION ....vivtiririieeecereccteee ettt re et ear b e eaeeeessressesssessseeeesnessesssnen 64
5.2.2 Test Set-up and Procedures.........c.cocceverurerencrinnierennenensesseseeeessesssenes 65
5.2.3 TESt RESUILS .....eeeeiicreiiicnictecteietete ettt srebeee e sssseseesaesaesneassensensens 67
5.2.4 CONCIUSION ....oovereiiieiiriseerecreeticreirreseesesteseeeessssssss st essessessessenssssesseneesnans 69
5.3 Residual Stress Measurements .................ooovviiieeiiiieiicceeeeeeeeeeeene. 69
5.3.1 INtrOAUCHION.....cotertererteeteereieeecrteste et sn e ebessneseesaeeseessesenessssesneens 69
5.3.2 Standards and Procedures ............coeveeereeeererentenreeecrineessssessesseesessesssessessens 69
5.3 3 RESUILS ...ttt et ae et et re st es s besnt st e saesaen 73
5.3.4 SUIMIMATIY ..oovtiiieeiieeiieitestectesteieseeee s saessesneseensessessesssssossesssssesssssssssensessens 75
5.4 Tension Coupon TeSES .....cccuiiiiiiiei et 75
5.4.1 INTOAUCHION.....couirtieiiirieeerir ettt tessstesreseesssssessesssesasseenesnseneenes 75
5.4.2 Standards and ProCedures ............cccvveevrerrreieienrereneirreeieseseeeeseeneeeessenns 75
5.4.3 TeSt RESUILS.....eoviriiiiteietitrircerecrereee ettt sre s e st sr e vesnsssesnsensenes 76
5.4.3. 1 INFIIL PlAteS....ccveueriireirerieecriereeirseeesse s e een et bese s s s sene 76
5.4.3.2 Boundary Members.........cocveierirrererreneeienreiseerieseereesesessesessesssnesesnenses 76



6. MULTI-STOREY STEEL PLATE SHEAR WALL TEST......cccccvvemvccrnrcennee 89

6.1 INtrodUCHON ... 89
B.2 TESE SEI-UP.....eeiiiiie et e e e e s 89
6.3 Instrumentation and Data AcquUISItion .............cccceoeeveiiiee i, 91
6.4 Load and Deflection HiStory ...............ooooveiiieoiiiiiiiiieee e 92
6.5 Specimen Behaviour During Test............cocoeeiviiiciiiiiicieee e 96
6.5.1 Gravity Load Application .........ccccceeereeresreesieceeiereecrceeecesesreste s seones 96
6.5.2 Cycles Prior to Significant Yielding.......c.occocveveeeviviveivreereeereeeeeceeeeenen. 96
6.5.3 Cycles Subsequent to Significant Yielding........c.ccocovvvvevieivrievnrerereeeeennene. 97
6.5.4 Specimen FailUre.........ccoviveriieninieeieeceeeeeeeeteeeee et 99
7. DISCUSSION OF SHEAR WALL TEST RESULTS.....ccccccccrimreenrinrsannns 108
7.1 INtrodUCHON ...t 108
7.2 Hysteretic BEhaVIOUN .............c.oooiiiiiiiceiecceeeeeee e 108
7.3 General ObSEervations ..............couveeieeeiiiceeceee e 113
T4 Failure Mode ........cccoviiiiiiie e, 117
7.5 Force Modification Factor, R (NBCC 1995a)..........cccceevvveeeveeeeeean 119
8. FINITE ELEMENT ANALYSIS OF TEST SPECIMEN ........cccccvvereuernnnne. 132
8.1 IMFOAUCHON ... eeeeeee s se e eee e 132
8.2 Description of Model .............oooiiiiiiiiie e, 132
8.2 1 EIEMENLS.....coivivieieiiieereereerenenisisisss ettt ens st st enesess b ssssesesenenanns 132
8.2.2 GEOMIELIY ....cuiiireeeeriiteieteieiere ettt r bbbt sas st emestenesesneneas 133
8.2.3 Connectivity and Bracing...........cecevuueeeerererererererennenesreesesseeisessssesssesssssses 134
8.2.4 ResidUal SIESSES.......ocvueierrrriiieireiereteteeeseiressssesesssesssseseresssssssseesesesenes 134
8.2.5 Material PrOPEItiEs........c.ccveveurrrieririrrrnrrennsssessessssssssssssssesesessesssesessssssnses 136
8.2.6 Geometric NON-lINEATILY ......c.oceveverrrirererrerererersreeesineessssesesees s nseesans 136
8.3 Results Of ANalYSES.........coueiiiiicicieceeeceeeeeeee e, 137
8.3.1 Monotonic Loading..........ccccvevrirrneererieereeeeeerseessee et sseeaes 137
8.3.2 CyClic LoadiNg......cceeuvereeieirirrereiieere ettt senere s enssss s s sassans 139

8.4 SUMIMAIY ...ttt e et e et e e s e s e e e eaeeeeee e e e 140



9. SIMPLIFIED ANALYSIS.......ccceicminticinmminnennnssnniieiisnssesmionsressnsncnssasans 152

9.1 INtrOAUCHION ....eoiiirieeee et 152
9.2 Strip MOdEl ..o 153
9.2.1 Analysis Method .........cccocveeereeceerreniinircennrectesensesesressesessesssensenssssenaens 153
9.2.2 Angle of Inclination of Tension Field..........cccccocuneveriennvirinnesnierecrnnnne 156
9.3 Comparison with Test Results..........cccccooveeiicivieiccciee e, 158
9.3.1 INtrOQUCHION....ccuerverrerriereeeeteiestetsnresiessreresseeseessessessaseessessesenssessessaessanenns 158
9.3.2 Analyses and ReSultS ......ccccecuvververernnieenrcerenieircesieneciesesesnnsssessesesssene 158
9.4 Hysteresis Models............cccoiviiviiiieriiiiee et 163
9.4.1 Hysteresis Model of Tromposch and Kulak (1987)........cccceevevvevrveveevunnens 163
9.4.2 Proposed Hysteresis Model......... e, 166
9.4.3 Comparison of Hysteresis Models..........ccoceerveeinreenrevenrecrenenineiereeerenns 172
9.5 General DISCUSSION ..........coecveriieniienie et 174
9.6 SUMMAIY ....coiiiiiiie ettt e e e s e s e e e 177
10. EVALUATION OF STRAIN DATA .....ccccviriiinirismnsnserssnrssessessessasasessenans 194
10.1 INtrodUCtioN ......cooiiiiiii e e 194
10.2 Beam and Column Strains ..........ccoevevviveciiniicee e 195
10.3 Panel 2 SHrains.........cccoiiieieiiiicreee et e e 199
10.4 General DiSCUSSION .......c.ccevviiieiiiiiiiee e e 201
10.5 SUMMANY ...ccoiiiii e 203
11. SUMMARY, CONCLUSIONS, and RECOMMENDATIONS ................. 214
LU IR 1 L4101 1 OO 214
11.2 Conclusions and Recommendations...............ccccvecveeniiieeieesieeenen, 216
11.3 Recommendations for Future Research ...........cccccoccoviiieiiincneenenns 219



Table

5.1
5.2
5.3
5.4

10.1
10.2

LIST OF TABLES

Page
Infill Panel Tension Coupon Test Results...........coevvereiienecnicrieinirseereeeen 79
W310x118 Tension Coupon Test Results.........cccoeeeueiicieeeeieiiciieereeeeeeenenan. 80
W310x60 Tension Coupon Test ReSUlts........cccvieveereveeieineeneieecieeeeeeeeens 81
W530x82 Tension Coupon Test Results.........ccceeevevriiieeiieieieeeeeeeeeeeenn, 82
Panel 2 Stress Data at Rosette LoCations ...........c.oevevviuiuieieeeneeeneesensnnn. 205

Force Effects at Base of Panel 1



LIST OF FIGURES

Figure Page
2.1  Idealized Deformed Panel (Mimura and Akiyama 1977) .......ccocveeeevrerernnn.. 27
2.2 Hysteresis Model (Mimura and Akiyama 1977) ......ccoeeveeeevererereeeeereeennn, 27
2.3 Strip Model Representation of a Typical Storey (Thorburn ef al. 1983)........... 28
24  Schematic Diagram of Test Specimen (Timler and Kulak 1983) .................... 29
2.5  Schematic Diagram of Test Specimen (Tromposch and Kulak 1987).............. 30
2.6  Load vs. Deflection Curve (Tromposch and Kulak 1987) ........cccocoevvvevuveennnn.. 31
3.1  Cross-section of the ABAQUS B32 Beam Element ..........ccooveveevevereeeerrnnn, 41
3.2 Modified Riks SoIUtion Strategy ...........cceevvveeeiireeerereeeeeeeeseseessseseseeserene, 42
3.3 Schematic Diagram of Test Specimen (Timler and Kulak 1983) ..................... 43
3.4  Timler and Kulak Specimen — Finite Element Model...........oovooveoooooeoeooo 43
3.5  Timler and Kulak Specimen — Infill Plate Material Model............coovevvevveonn.. 44
3.6  Timler and Kulak Specimen — Initial Imperfections............cocovveveerererererennn, 45
3.7 Load vs. Elongation Response of Test Strips..........coceueveveereeeeereeerereressrererennn. 46
3.8  Load vs. Panel Deflection of Timler and Kulak Specimen..............cccoeueeen...... 47
3.9 Load vs. Panel Deflection — Sensitivity to Material Properties......................... 48
4.1  Steel Plate Shear Wall Test Specimen (North Face)...........ooeveevvvreveeeensrnn. 59
4.2 Fish Plate Detail Used in Test SPECIMEN .....covvvveeeeeeeeeeeeeeeeeeeeeseoeeeeesoos 60
4.3 Finite Element Model of Test Specimen (Deflected Shape)............cceveeenn..... 61
4.4  Predicted Storey Shear vs. Storey Deflection............c.eovveeeerereeveerereeeeerersonn., 62
4.5  Predicted Base Shear vs. Top DefleCtion ...........ovveeeeueeeeeeereeeeseseeeeeeooseen, 63
5.1  Corner Test Set-up — South Elevation..........c.cccceeveeevereeeeeeeeeeeeereeeesereressrns 83
5.2 Corner Test Specimen (INOIth FACE).......c.ccvvevuiviveinieineieceeereeeeeeeeresesesesesns 84
5.3 Tears in Corner Region at Conclusion of Test (North Face)............cooervueen...... 85
5.4  W310x118 Residual Stress DiStribution ...............coveeeeereeeeeersveresesereseressssonns 86
5.5  W310x60 Residual Stress Distribution ..........cceceeeeeeeeeeeeeeerrerereeeereeereessrsseeens 87
5.6  'W530x82 Residual Stress DiStribution ............c.ceeveeeeveeeeeeeeeervevesessssrereresererns 88
6.1  Test Set-up — North EIeVation.........cccueuevecueveovieceieiieseeiseseseeeneeesseesesesssnnns 100
6.2 Test Set-up — West EIeVAtON ........covveieceereieeeeeeeeceeee e ee e eseses e 100
6.3 OVEIVIEW Of TESt SEt-UP.....vrvererereieiieireeereeeeeeseeseeeseeeesessseesessessssssessesessens 101
6.4  Four Storey Shear Wall SPECIMEn ...........cceovueeeerieereeeeeeeeeseeeeeeeeeeesersressans 102
6.5  Data AcquiSition LOCALONS ......c.ceveveveieieerisieeeeeeeeeeteeeeeseeeeseseeeeesevesessesesenes 103
6.6  Tears at Top West Corner 0f Panel 1 ............coeueeuvieeeeeveceieeeeeerieeeeneeresneone 104
6.7  Tear in Panel 1 Initiated by Cyclic KinKing.............cocoevvvvveuecereserereinereeerennne 104
6.8 West Column Local DiStOrtion...............cueveeuerieeeererereeeseereseeeeeseseseeseeesseseees 105



6.9
6.10

7.1
7.2
7.3
7.4
7.5
7.6
7.7

8.1
8.2

8.3
8.4
8.5
8.6
8.7
8.8
8.9
8.10
8.11
8.12
9.1
9.2
9.3
94
9.5
9.6

9.7
9.8

Tears in Panel 1 at Conclusion of Test (North Face) .......cccceeevveriverccecneeennnns 106

Fracture at Base of West Column.........cccoccveeevieveninenencnreninnceennneenennensinnnnn 107
Storey Shear vs. Storey Deflection — Panel 1........cccoconicvinccnenvnnencnnnncne. 125
Typical Loading Cycle —Panel 1 .......cccoevvceiiivnenniiinineiiincecceceeeeeens 126
Base Shear vs. Top Deflection .........ccocevvenvenevcenenvenennen. retereeee e nanes 127
Actual Energy Dissipation During Test ........ccoceeeveninueerinvenienienrenieeresieesennenns 128
Adjusted Energy Dissipation During Test.........ccccevrneeeeeerenecreneeenisieennnns 129
Elastic and Inelastic Response of a Structural System...........cccooevervvereecrennene. 130
Envelope of Cyclic Test CUIVES.......cccvueerrentriiienierinreneertnnesssesssssassesesenennes 131
W310X118 Flange Residual Stresses......coeevvvenerenirenenienineniennsiesinesesereenens 142
Comparison of Monotonic Finite Element Analysis

with Test Results —Panel 1 ......ccoccoeiinniinniieccrecceceeecereee e 143
Comparison of Monotonic Finite Element Analysis

with Test Results — Panel 2 ..o 144
Comparison of Monotonic Finite Element Analysis :

with Test Results —Panel 3 ......ccocoovivirinnnesrn et 145
Comparison of Monotonic Finite Element Analysis

with Test Results —Panel 4 .........c.ccoeoivinivnnniicennesneeeeeeeseee s 146
Comparison of Monotonic Finite Element Analysis :

with Test Results — Overall ........ccccoccoiviniiineininiciinreeereceereer e 147
Comparison of Initial Finite Element Curves

with Test Results —Panel 1 .........ccovviviivninnicinieecceeeceeeereee e raeaees 148
Comparison of Initial Finite Element Curves

with Test Results — Panel 2 ........ccccovveievnniiininicsneeseeeereeceeree e 148
Comparison of Initial Finite Element Curves

with Test Results — Panel 3 .................. e ettt e etk aesae e e eneens 149
Comparison of Initial Finite Element Curves

with Test Results — Panel 4 .........ccccccoevniinnniinnnienneseneeeeeveeeeeseneeenens 149
Comparison of Initial Finite Element Curves

with Test Results — Overall .........ccccoiiinnrnineeieesiererereeieeeee e eenerenas 150
Comparison of Finite Element Hysteresis Analysis

with Test Results — Panel 1 ........cocoeciivivrinnieeinienicneenneses e eveennenns 151
Plane Frame Strip Model of Test Specimen..........cccovcererrvererereersreseerrnsnenenes 179
Comparison of Strip Model Analyses with Test Results — Panel 1................. 180
Comparison of Strip Model Analyses with Test Results — Panel 2................. 181
Comparison of Strip Model Analyses with Test Results — Panel 3................. 182
Comparison of Strip Model Analyses with Test Results — Panel 4................. 183
Comparison of Strip Model Analyses with Test Results — Overall ................ 184
Sequence of Plastic Hinging and Strip Yielding ........cccoeeerneeirevereveceerreeene 185

Effect of Number of Tension Strips in Strip Model —Panel 1 ............ccccceeue. 186



9.9  Hysteresis Model (Tromposch and Kulak 1987).........ccccvevevivvverieeeverenennn. 187
9.10 Comparison of Hysteresis Models with Test Results — Panel 1/ Cycle 15 ....188
9.11 Comparison of Hysteresis Models with Test Results — Panel 1/ Cycle 18 ....189
9.12 Comparison of Hysteresis Models with Test Results — Panel 1 / Cycle 21 ....190
9.13 Storey Shear vs. Storey Deflection Behaviour of Shear Wall Components....191

9.14 Proposed Hysteresis MOdel ......c.cccouvveeeeeneninninisneecseeeeeces e 192
9.15 Panel Thickness Ratio vs. Angle of Inclination of Tension Field................... 193
10.1 Bending Moment Diagrams — Storey 1/ East Column..........ccceceveervereueuennnn. 207
10.2 Bending Moment Diagrams — Storey 1/ West Column............cccoevverveeevnn... 207
10.3 Bending Moment Diagrams — Storey 2 / East Column..........ccceoeveeverevvennnnnn.. 208
10.4 Bending Moment Diagrams — Storey 2 / West Column..........c.cccevevevrvennn..... 208
10.5 Bending Moment Diagrams — Level 1 Beam..........ccocovevvemineneneecneeeenin. 209
10.6 Bending Moment Diagrams — Level 2 Beam.........ccoveveueeeeeeeeeveveeveeeeseeeennnn, 209
10.7 Axial Force Diagrams — Storey 1/ East Column ..........coovveeveevveceeersrenennnnn, 210
10.8  Axial Force Diagrams — Storey 1/ West Column........cooeeeveveeeveeeeeereererennn, 210
10.9 Axial Force Diagrams — Storey 2 / East Column............. et ae s 211
10.10 Axial Force Diagrams — Storey 2 / West Column..........covevveeevvveverereverennnn, 211
10.11 Axial Force Diagrams — Level 1 Beam .........c.ooovovieiceiecneeeeeeeeeeeeeeeessenenn 212
10.12 Axial Force Diagrams — Level 2 Beam .........c.ccoveveeinieeeeeneeeeeeeeeeeeceesennnn 212

10.13 Panel 1 Stress Distribution — Finite Element Model ......ovvvveeemeeoeooeeoeen, 213



LIST OF SYMBOLS

A, =cross-sectional area of beam

A, =cross-sectional area of column

C  =applied axial compressive force

C, =plastic axial compressive capacity

E  =error of the mean of a sample from the population mean;
modulus of elasticity

G  =elastic shear modulus

hy  =storey height

I, =moment of inertia of column

K  =steel plate shear wall stiffness

[K] =structure stiffness matrix

K¢ =moment-resisting frame stiffness
[Kg] = structure geometric stiffness matrix

K, =infill panel stiffness

p

L  =width of shear wall panel

length of column

M  =applied bending moment

M, =plastic moment capacity
n  =sample size
r =correlation coefficient

R =force modification factor NBCC 1995a)




{R} =load vector
s  =estimate of the standard deviation of a population

= estimate of the standard deviation of the mean

7}
E

t  =number of standard deviations of the mean from the population mean
t =infill plate thickness |
t.  =effective infill plate thickness

= design base shear calibration factor (NBCC 1995a)

U
U, =strain energy of a panel in pure diagonal tension
U, =strain energy of a panel in pure shear

\Y%

= storey shear;

design base shear (NBCC 1995a)
V. =elastic base shear (NBCC 1995a)

Vmax = base shear capacity of a structural system

x  =sample mean

{X} =nodal displacement vector

o =angle of inclination of the tension field from the vertical

8  =deflection

Oy =elastic deflection under a base shear V

dy. =elastic deflection under a base shear V,

dmax = maximum deflection where a base shear of V,,, can be maintained
Onpe = estimated maximum inelastic deflection (NBCC 1995a)

8, =deflection at the point of significant yielding

y



Ay =deflection recovery for moment-resisting frame to completely unload
A, =deflection recovery for infill panel to completely unload

Ays =deflection at yield point of moment-resisting frame

yf
A,, =deflection at yield point of infill panel
B =population mean

o  =standard deviation of a population;

normal stress
o, =major principal stress
c, =minor principal stress

o, = standard deviation of the mean

=vyield stress
Tmax = Maximum shear stress

Ty, =in-plane shear stress

Y







1. INTRODUCTION

1.1 Foreword

Steel plate shear walls are an innovative lateral load-resisting system capable
of effectively and economically bracing a building against both wind and earthquake
forces. This type of shear wall consists of vertical steel plates—referred to as infill
plates—one storey high and one bay wide connected to the surrounding beams and
columns. The surrounding steel frame may use either simple or moment-resisting
beam-to-column connections. The plates can be installed in one or more bays for the
full height of a building to form a stiff cantilever wall. The panels themselves can be
either stiffened or unstiffened, depending on the design philosophy. Steel plate shear
walls are well-suited for new construction and they also provide a relatively simple

means for the seismic upgrading of existing steel and concrete structures.

Steel plate shear walls possess properties that are fundamentally beneficial in
resisting seismically-induced loads. These include superior ductility, a robust
resistance to degradation under cyclic loading, high initial stiffness, and, when
moment-resisting beam-to-column connections are present, inherent redundancy and
a capacity for significant energy dissipation. Moreover, the low mass of a steel plate
shear wall—as compared with an equivalent reinforced concrete shear wall—reduces
both the gravity loads and the seismic loads transmitted to the foundation. This can

lead to considerable cost savings in construction.

In a steel framed building, the use of a steel system for resisting lateral loads
can lead to significant cost savings as compared to systems that use a steel frame in
conjunction with a concrete shear core, as is often the practice in Canada. This is
because the number of trades required on the site is reduced. Considerable
construction scheduling advantages should also be realized, especially for mid- to

high-rise structures. Other economical advantages of steel plate shear walls arise from



their relative simplicity and repetition during fabrication. In order to reduce the
amount of relatively costly field fabrication, steel shear walls can be prefabricated in

the shop in two or three storey tiers and then assembled on-site.

Most existing steel plate shear wall buildings were designed with shear panels
that are stiffened in an attempt to preclude out-of-plane buckling. Although it has
been shown that stiffening the panel heavily can produce a significant increase in the
amount of energy dissipated under cyclic loading (Takahashi et al. 1973), the cost
involved is likely to be prohibitive in most markets. Wagner (1931), however,
demonstrated that buckling does not necessarily represent the limit of useful
behaviour and that the post-buckling strength of an unstiffened shear panel can be
considerable. At the point of buckling, the load-resisting mechanism changes from in-
plane shear to an inclined tension field that develops along the elongated diagonal.
When the panel is thin, buckling will occur at very low loads and the resistance of the
panel is dominated by tension field action. The consideration of the post-buckling
strength of plates has been accepted in the design of plate girder webs for many years,

based largely on the work of Basler (1961).

The Canadian steel design standard, CAN/CSA-S16.1-94 (CSA 1994),
includes an appendix that outlines design requirements for steel plate shear walls.
These requirements are based on the unstiffened thin-panel concept that relies on
post-buckling strength. The methodology is derived primarily from an analytical
model developed by Thorburn et al. (1983), which has been substantiated by physical
tests conducted on single storey shear wall panels employing either true pins (Timler
and Kulak 1983) or standard bolted shear-type connections (Tromposch and Kulak
1987) at the beam-to-column joints. Because no large-scale multi-storey test had been
conducted on shear walls with thin, unstiffened panels, extrapolation to multi-storey
applications has had to be based on computer analysis and engineering judgement.
The research described herein includes a large-scale four storey cyclic steel plate

shear wall test. This test has provided important additional evidence supporting the
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suitability of unstiffened thin-panel steel shear walls for seismic applications. To
maximize the ability of the shear wall to dissipate energy under seismic loading,

moment-resisting beam-to-column connections were used in the test specimen.

1.2 Objectives and Scope

The primary objective of this research was to study the behaviour of steel
plate shear walls when subjected to extreme cyclic loading, such as would be
expected in a severe earthquake. To examine this behaviour, the first-ever test was
conducted of a large-scale multi-storey steel plate shear wall with thin, unstiffened
panels. The test specimen was intended to simulate as closely as practicable a steel
shear wall as it would be constructed in practice. No special or unusual fabrication
techniques were employed. The test was conducted according to established methods
for applying simulated earthquake loading and gravity loads were applied to the

columns throughout the test.

There were two general objectives in conducting the test. One was to evaluate
the performance of the details used in the test specimen. The other objective was to
evaluate the overall performance of the shear wall, particularly in the context of the
“force modification factor,” as defined in the National Building Code of Canada
(NBCC 1995a). This allows a measure of comparison of inelastic seismic
performance between the steel plate shear wall and other systems. Factors analogous
to the force reduction factor are used in design codes of other countries, and so similar

evaluations of the performance of the test specimen can be made.

Other objectives of the test were to assess how the storey shear forces were
shared between the panels and the moment-resisting frame and to conduct a detailed
evaluation of the strains at various locations in the frame and at different load levels.
The ability of the shear wall to dissipate energy during inelastic cyclic loading, and

the contribution of the moment-resisting frame thereto, was also of primary interest.



Another objective of this research was to develop' in parallel with the
experimental work an analytical tool for predicting the behaviour of steel plate shear
walls subjected to lateral loading up to the ultimate capacity. A detailed non-linear
finite element analysis, verified by the test results, was selected to achieve this

objective.

A simplified method of analysis was considered to be important for use by
structural designers. Therefore, a further objective was to assess the ability of the strip
model (Thorburn et al. 1983) to predict the observed behaviour of the four stdrey test
specimen. Furthermore, a simple method of predicting hysteretic behaviour was to be
identified. Again, the test results provide the means of verifying the validity of the

models.

Finally, a comprehensive review of the existing published body of research on
steel plate shear wall behaviour was needed. A summary of this review is presented

herein.

1.3 Organization of the Thesis

As an overview of the thesis structure, this section provides a description of

the manner in which the remainder of the manuscript is organized.

Chapter 2 provides a chronological review of the previously published
research on steel plate shear wall behaviour. Summaries of both analytical and

experimental investigations are presented.

Chapter 3 describes the finite element model that was developed to predict the
behaviour of the multi-storey shear wall specimen to be tested subsequently. As a
means of verifying the model, it was first used to simulate the test of Timler and

Kulak (1983) and a comparison of the test and analytical results is made.



In Chapter 4, an overview of the experimental programme is provided. The
objectives of the test, a description of the specimen details, and the test design
considerations are described. A summary of the preliminary numerical analysis of the

test specimen is also presented.

Chapter 5 presents the ancillary tests that were conducted as a part of the
experimental programme. A large-scale cyclic test on a corner of a steel plate shear
wall panel is described. Investigations into the material behaviour and the initial

residual stress distributions in the main test specimen are also presented.

The four storey cyclic test is described in Chapter 6. Both the test set-up and
the manner in which the test was conducted are discussed. Observations made during

the test about the behaviour of the specimen and its components are also described.

In Chapter 7, the results of the four storey test are discussed. The stages of the
hysteretic response are described and an evaluation of the performance of the test

specimen is made.

A discussion of the finite element model incorporating the as-built dimensions
and measured material properties is presented in Chapter 8. Monotonic and cyclic
analyses are described and the results of the numerical analyses are compared with the

test results.

Chapter 9 describes a simplified method of analysing steel plate shear walls. A
model for determining monotonic behaviour and two methods for predicting
hysteresis behaviour are presented. The model predictions are compared with the

experimental findings.

The strain data are evaluated in Chapter 10, where measured strains are

compared with those predicted by the finite element and simplified models.



Chapter 11 provides a summary of the research and a discussion of the

conclusions drawn therefrom. Areas of further research required are also identified.



2. PREVIOUS STEEL PLATE SHEAR WALL RESEARCH

2.1 Introduction

Research on steel plate shear walls began in the early 1970s. Although the
body of research that has accumulated since that time clearly shows that steel shear
walls provide an effective and economical way of resisting wind and earthquake
loads, relatively few buildings have been constructed using this form of lateral load-
resisting system. There are perhaps two reasons for this. First, much of the early
research was conducted in Japan and published only in Japanese, limiting its
accessibility to engineers in other parts of the world. Second, consensus on some

aspects regarding design, analysis, and detailing concepts has not yet been achieved.

The majority of steel plate shear wall buildings constructed to date are in
Japan and the United States and they take a variety of forms. Heavily stiffened thin-
pahel shear walls have been favoured historically in Japan, whereas unstiffened or
moderately stiffened thick-panel shear walls have dominated in the United States.
However, as the international interaction of researchers in this area increases, this
distinction is rapidly becoming less clear cut. Thorburn er al. (1983) present a survey
of existing steel plate shear wall buildings, with a brief discussion of the
characteristics of each. Since that report was published, several other steel shear wall
buildings have been reported in the literature, notably, the‘ five storey Veterans’
Administration Medical Center in Charleston, South Carolina (Baldelli 1983) and an
eight storey office block in Benoni, South Africa (Anon. 1989). The former is an
example of the seismic upgrading of a reinforced concrete building using steel plate
shear walls. The shear walls were connected to the existing structure with drilled-in
anchors and were stiffened using channel sections. The South African building is

thought to be the first major implementation of unstiffened thin-panel shear walls that



rely primarily on the post-buckling behaviour of the shear panels in resisting lateral

loads.

Research has been conducted on steel plate shear walls having a multiplicity
of forms. However, steel shear walls can be broken down conceptually into two types:
those in which the plate is prevented from buckling under the design loads and those
that rely on the post-buckling strength of the panels. Research on both of these types
is ongoing. A chronological review of previous steel plate shear wall research is

presented here.

2.2 Takahashi et al. (1973)

The first extensive research programme on the behaviour of steel plate shear
wall panels was conducted by Takahashi et al. (1973) in Japan. The objective was to
study various configurations of stiffened shear panels subjected to inelastic cyclic
loading in order to determine their suitability for use as a lateral load-resisting system

for buildings.

The experimental programme was carried out in two. parts. The first phase
consisted of cyclic tests on 12 panels with varying plate thicknesses (2.3 mm to
4.5 mm) and stiffener arrangements. The stiffeners were cut in various widths from
flat plate and welded to the panels on one or both sides. One of the 12 panels was a
control specimen with no stiffeners installed. All of the test panels were 900 mm in
height and 1200 mm in length. Each panel was bounded by a very stiff rectangular
pin-jointed frame and connected thereto with high-strength bolts. From four to six
complete cycles of shear loading were applied with increasing deformations in each

cycle.

The researchers demonstrated that the stiffened panels dissipated significantly
more energy than did the unstiffened panel, although both typés generally behaved in

a stable and ductile manner. The panels with stiffeners on both sides tended to show



more stable behaviour than those with single sided stiffeners. Based on the resu]ts of
these tests, Takahashi et al. (1973) recommended that stiffened steel plate shear walls
be designed so that the shear panel does not buckle elastically. Furthermore, it was
recommended that should inelastic buckling occur, it be limited to local buckling
between the stiffening elements, that is, overall buckling of the stiffened panel should
not occur. Guidance was provided as to how to achieve this. Although the benefit of
increased energy dissipation resulting from stiffening the shear panels was
demonstrated, no evaluation of the additional cost involved was made. The additional
fabrication costs encountered with heavily stiffened steel plate shear walls could

preclude their use in North America.

The second phase of the experimental programme consisted of two full-scale
tests of a section of a stiffened shear wall taken from the design of a 32 storey
building. The design was carried out using the principles established from the results
of the first series of tests. The two test specimens were one bay wide and two storeys
high, one with stiffened door openings and one without. In order to produce similar
shear stiffness and strength, the panels without openings were 4.5 mm thick and the

panels with openings were 6 mm thick.

Horizontal in-plane loads were applied at the tops of the test specimens. The
specimens were loaded and unloaded in one direction, with a few fully reversed
loading cycles interspersed. Both specimens showed good ductility and energy

dissipation characteristics.

The full-scale test specimens were modelled using the finite element method.
Elasto-plastic material behaviour was assumed, together with the von Mises yield
criterion. Fully planar behaviour was assumed so that plate buckling did not need to
be taken into account. The finite element analyses used monotonic loading, but good
agreement was achieved with the envelope of the experimental load vs. deflection

curves.



Based on the results of the second series of tests, Takahashi efal. (1973)
concluded that the principles upon which the design was based (established from the
first series) were adequate and that the equations presented for the stiffener spacing
and stiffness, formulated to prevent plate buckling, could be used for design.
Furthermore, they concluded that the stiffness and strength of the panel could be

calculated using conventional shear theory.

2.3 Mimura and Akiyama (1977)

Mimura and Akiyama (1977) developed a method for predicting the
monotonic and hysteretic behaviour of unstiffened steel plate shear walls with plates
that buckle prior to reaching the shear yield load. The method described for
monotonic loading considers the contributions of the panel and the surrounding frame
separately. The shear buckling load of the plate is calculated assuming a pinned
boundary and using classical elastic plate buckling theory. At loads greater than the
elastic plate buckling load, the panel shear is assumed to be resisted by a diagonal
tension field, as described by Wagner (1931). Assuming pure diagonal tension,
inclined at an angle in accordance with the derivation provided by Wagner, the panel
yield and ultimate shear strength can be determined. The contribution of the moment-
resisting frame to the shear wall behaviour is determined by an elasto-plastic frame
analysis. The overall monotonic load vs. deflection behaviour is taken as the sum of

the contributions from the panel and the frame.

Thelhysteresis model proposed by Mimura and Akiyama (1977) is based on
the monotonic curve described above and a number of assumptions regarding
hysteretic response. Because the model accounts for inelastic stretching of the panel
along the diagonal, slack in the panel is present upon reversal of the load. In order to
define the displacement required to redevelop the tension field after a load reversal, a
simplified representation of the shear panel is assumed. Figure 2.1 shows a single

buckled panel deformed inelastically by a load Q, to a deflection 8. The tension field
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is assumed to have an angle of inclination of 45°. The elastic portion of the
deformation is considered to be negligible and the deflection, 3, results in an applied
diagonal tensile strain equal to €,. Furthermore, .it is assumed that the inelastic
Poisson’s ratio is 0.5 and that no significant force develops in the compression
diagonal. This results in a plastic shortening strain perpendicular to the tensile strain
of 0.5¢,. Therefore, upon reversal of the loading, the panel does not have to return to
its original position for the new diagonal tension field to develop. In fact, the tension

field begins to carry load when the deflection of the panel is reduced to 0.55 .

The hysteresis model developed by Mimura and Akiyama (1977) is shown in
Fig. 2.2. The line O-A-H is the idealized load vs. deflection behaviour of the steel
plate shear wall panel subjected to monotonic loading. The panel is loaded initially up
to the yield level at point A. Thereafter, the panel behaves inelastically up to an
arbitrary deflection at point B. If the load is then removed, the panel unloads
elastically to point C'. As the panel is then loaded in the opposite (negative) direction,
the elastic curve is followed to point C, where the infill plate reaches its elastic shear
buckling capacity. At this point, the storey shear that was carried by shear stresses in
the unbuckled plate must be resisted by tension field action and the frame deflects
until this tension field force is developed at point D. Because the model assumes that
the boundary frame has zero stiffness after the panel buckles, the line C-D is
horizontal. If the panel were then unloaded along line D-D, parallel to the elastic
curve O-A, the residual deflection O-D’ would be equal to 0.5 times the deflection
O-C' because of the shortening of the diagonal due to the Poisson effect during the
inelastic deformation A-B. If, instead, the loading in the negative direction increases
from point D, an empirical linear path D-A’ is assumed where’ the deflection at
point A’ is equal and opposite to that of point A. Further loading follows the inelastic
path A-E, parallel to line A-B. At an arbitrary deflection at point E, the panel is

unloaded elastically to point F'.
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The elastic curve is followed as loading commences again in the positive
direction to the plate buckling load at point F. The panel then deflects With Zero
stiffness to point G, where the tension field resists the current storey shear. The curve
from point G to the point where unloading occurred in the previous cycle (point B) is
assumed to be linear. Any further inelastic loading in the same direction follows the
path B-H. Subsequent cycles can be derived in a similar manner. This hysteresis

model forms the basis of a proposed new model presented in Section 9.4.2.

In order to provide evidence to support their theoretical model, Mimura and
Akiyama (1977) tested a series of small scale, simply supported stiffened plate girder
specimens subjected to a single cyclic point load at midspan. The panel aspect ratio,
the web thickness, the number of panels per girder (from two to eight), and the flange
and stiffener member sizes were varied. Steel angles were used for both the flanges
and the stiffeners. Generally, only two cycles of loading were applied, although they
demonstrated reasonable agreement with the predictive model. Because of the small
number of load cycles, no conclusions about the resistance of the panels to

degradation under cyclic loading can be drawn.

2.4 Agelidis and Mansell (1980)

An innovative form of steel shear wall built-up from prefabricated stiffened
plate components was described by Agelidis and Mansell (1980). The system consists
of relatively thin steel panels stiffened by either angle, flat plate, or trapezoidal
“trough” stiffeners oriented in the vertical direction only. The prefabricated panels are
assembled to form a central building service core that has no integral heavy columns
to carry gravity loads. Rather, the continuous stiffened panéls resist all tributary
vertical loads plus the horizontal loads. In order to stiffen the system without
obscuring the corridor space within the service core, individual shear walls are

coupled by built-up beams.
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A 20 storey building with a steel service core utilizing this concept was
analysed both manually and also using a finite element computer program. For the
latter, they used plane stress plate elements with orthotropic properties to achieve a
linear, planar analysis with the stiffeners “smeared” throughout the panels.
Combinations of dead, live, and wind loads were considered for both strength and
drift. The elements of the service core were designed to an extent sufficient to
perform a comprehensive cost analysis. Costs were determined for panels having ten
different stiffener types and arrangements. Details of the analyses and design, and the
results therefrom, are presented in Agelidis and Mansell (1982). No physical tests to

substantiate the analytical methods have been reported.

2.5 Thorburn et al. (1983)

Thorburn ef al. (1983) recognized that steel plate shear walls with thin panels
buckle at very low in-plane shear loads but can resist considerable loads through post-
buckling behaviour. A model was developed based on the theory of pure diagonal
tension by Wagner (1931). The so-called strip model assumes that the resistance of
the panel pfior to buckling is negligible and that the dominant action in resisting
storey shear is the diagonal tension field. The panel is modelled as a series of discrete
pin-ended diagonal tension strips represenﬁng the tension field. The strips are
oriented so as to lie parallel to the tension field in the panel. The discretization of the
panel into a series of tension strips implies that the compressive stresses
perpendicular to the strips are negligible. The strips are assigned an area equal to the
plate thickness multiplied by the width of the strips. If a typical panel (neither the top
nor the bottom panel) is isolated from the remainder of the structure, as shown in
Fig. 2.3, the strip model assumes that the bounding beams are infinitely stiff. This
reflects the presence of opposing tension fields above and below the modelled panel.
At the top and the bottom of the shear wall, the actual stiffnesses of the bounding

members are used. In all cases, the columns are assigned their actual stiffness.
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Figure 2.3 shows beams with simple connections, but other end conditions can also be

modelled.

In carrying out an ultimate strength analysis, strips are removed from the
model as they reach the yield stress and are then replaced by their equivalent ;eactive
forces at each end. This procedure implies elasto-plastic material behaviour.
Alternatively, a non-linear analysis program can account for the yielding of the strip
automatically. Plastic hinging of the surrounding frame members is also taken into

account. A discussion of the strip model analysis procedure is given in Section 9.2.

Thorburn ef al. (1983) also studied the use of a single equivalent diagonal
brace for simplifying the analysis of multi-storey shear walls. The area of the brace is
such that the stiffness of the panel is equivalent to that derived from the strip model.
Given that column and beam sizes and infill plate thicknesses will be changed only at
intervals in the height of a building, this procedure allows the designer to analyse only
a few storeys of a multi-storey building using the somewhat more complex strip
model. A multi-storey model using equivalent diagonal braces can then be assembled.
Each storey brace is assigned an area that was derived for a panel having the same or

similar properties.

The researchers conducted a parametric study to assess the effect on the panel
stiffness and strength of the plate thickness, the panel height, the panel width, and the
column stiffness. The parameters studied were found to be closely interrelated and
their interaction complex. However, it was proposed that design aid curves could be

developed.

2.6 Timler and Kulak (1983)

Timler and Kulak (1983) tested a pair of single storey steel plate shear walls in
order to verify the analytical technique established by Thorburn et al. (1983). The test

specimen, shown in Fig. 2.4, consisted of vertically oriented beams and horizontally
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oriented columns, connected by pinned joints at the four extreme corners. The
member sizes were chosen so as to be representative of typical building construction.
By testing the two shear walls together, as illustrated in the figure, the need for an
external loading frame was eliminated. The test specimen is discussed further in

Section 3.3.

The specimen was loaded statically, with three complete cycles of loading to a
service load deflection limit of h /400, or 6.25 mm. During these cycles, the test
specimen behaved elastically. Subsequently, the shear wall was loaded to its ultimate
capacity in one direction with a maximum applied load of 5395 kN. Axial loads were

not applied to the columns.

Strains were measured at five boundary member cross-sections, with six strain
gauges at each cross-section. Extensive strain measurements were taken on the infill
panels using strain rosettes. A displacement transducer mounted on a track

continually measured the profile of the buckled panel during the test.

The test specimen was analysed using the strip model technique. In general,
the analysis provided a good prediction of the panel and member strains and the
deflection behaviour of the test specimen. The infill plate material used in the
specimen, which showed a continuously curved stress vs. strain relation characteristic
of cold-worked steel, was approximated in the analysis by a bilinear curve (linearly
elastic — perfectly plastic). If material with the classical hot-rolled behaviour had been
used, the model likely would have underestimated the elastic stiffness of the shear

wall, as is discussed in Section 9.5.

2.7 Tromposch and Kulak (1987)

Tromposch and Kulak (1987) tested a two-panel shear wall similar to the one
tested by Timler and Kulak (1983). The test specimen, illustrated in Fig. 2.5, also

represented two single storey steel plate shear walls. Important modifications from the
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Timler and Kulak specimen include the use of typical bolted shear connections in the
frame, the use of a thinner infill panel, and the use of very stiff vertical beam
members. The stiff beams were intended to provide anchorage to the infill panel
similar to that which would occur in a multi-storey condition with panels above and
below. The column size (horizontal members in Fig.2.5) was selected to be

representative of typical building construction.

Prior to the application of lateral loading to the specimen, the columns were
preloaded using two full length prestressing bars in each column, as shown in
Fig. 2.5. These loads represented the gravity loads present in a building that act
concurrently with the lateral loads. Fully reversed cyclic lateral loads were then
applied. They were of gradually increasing magnitude and reached a maximum of
67% of the ultimate load obtained subsequently, which corresponded to a maximum
deflection of hg /129, or 17 mm. This sequence comprised 28 load cycles. Beyond
this load level, the testing machine was only capable of loading in one direction and
the final test phase consisted of monotonic loading to the ultimate capacity of the
specimen. The column prestressing rods were removed prior to this final loading in
order to eliminate the possibility of restraint to the specimen occurring at large

deformations.

The response of the test specimen during the cyclic loading phase, shown in
Fig. 2.6, indicates very ductile behaviour, but the hysteresis curves are severely
pinched because of the very thin infill plate and the flexible boundary frame. The
ductility of the specimen was demonstrated even more convincingly during the final
monotonic loading excursion up to a maximum deflection of h /31, or 71 mm.

However, the cyclic behaviour at this extreme deformation was not investigated.

The envelope of cyclic response curves in the two different loading directions
were compared with the results of a series of strip model analyses. Tromposch and

Kulak (1987) demonstrated that good agreement between the test results and the

16



analysis could be achieved. This was obtained by considering the frame connections
to be fixed at low loads and pinned after slip had occurred and by including an

estimate of the welding residual stresses in the infill panel.

In order to represent the hysteretic behaviour analytically, Tromposch and
Kulak (1987) proposed a method based on the model described by Mimura and
Akiyama (1977). Two modifications to represent specifically the behaviour of the
shear wall specimen they tested were suggested. First, the strength prior to buckling
for a very thin infill plate is neglected. Second, the stiffness of the shear wall is taken
to be equal to the elastic stiffness of the boundary frame during the deflection
required to develop the tension field. Should the deflections become large enough for
the frame to form a mechanism, the subsequent stiffness becomes zero. Effectively,
these modifications mean that the line C'-C in Fig. 2.2 has zero length and the line
C-D has a shape that reflects elasto-plastic moment-resisting frame behaviour. The
revised model is described in Section 9.4.1. Although the model can be used to
predict the behaviour of steel plate shear walls with moment-resisting beam-to-

column connections, no such tests were performed.

2.8 Elgaaly and Caccese (1990)

An experimental programme conducted by Elgaaly and Caccese (1990)
investigated the behaviour of ten one-quarter scale steel plate shear wall models
subjected to cyclic loading. Six of the tests were described in the paper. These tests,
and the associated analytical study, are described in further detail in the companion
papers Caccese et al. (1993) and Elgaaly et al. (1993). The test specimens were three
storeys high and one bay wide. Parameters that were varied were the panel thickness
and the beam-to-column connection (fixed or shear-type). Panel thicknesses ranged

from 0.76 mm to 2.66 mm.
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The test specimens were loaded with a single in-plane horizontal load at the
top of the shear wall. Each specimen was loaded cyclically with gradually inéreasing
deflections up to a maximum of 51 mm (2% drift) measured at the top of the shear
wall. The peak deflection was increased in 6 mm increments, with three cycles
applied at each deflection level. The complete loading series consisted of 24 fully
reversed cycles and each specimen was subjected to two of these loading series. After

the second series was completed, the specimens were loaded monotonically to failure.

Two analytical models were considered in the study. The first was a finite
element model with beam elements representing the frame and a 6x6 mesh of shell
elements representing each infill plate. In the second, the shell elements were replaced
by a perpendicular grid of truss elements oriented in the directions of the principal

tensile and compressive stresses. Each model was subjected to monotonic loading.

In the truss model, elasto-plastic material behaviour. in the diagonals was
assumed, with a yield stress of 248 MPa. Three possible buckling stresses were
considered for the compression members. In the end, the truss members in
compression were considered to buckle at the onset of applied loading, making the

truss model analogous to the strip model proposed by Thorburn ef al. (1983).

The finite element model that used shell elements to represent the infill plate
greatly overestimated both the stiffness and the ultimate strength of the test
specimens. The mesh was considered to be too coarse to represent accurately the large
number of buckle wavelengths that were observed in the panels during the tests.
Because of the severe demands on computing resources that an adequately refined

mesh would pose, this model was abandoned.

The truss model was able to predict the ultimate strength of the test
specimens, but overestimated the stiffness by a considerable margin. The material

model was then modified to include an empirically derived bilinearly elastic —
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perfectly plastic stress vs. strain relation in order to fit the test data well. An empirical
method was also described for predicting the hysteretic behaviour of steel plate shear
walls. The parameters used for defining this behaviour were established from their

test results.

Two of the most significant conclusions from this research are summarized
here. First, based on their test results, the authors concluded that there is no
significant difference in behaviour between shear walls with moment-resisting beam-
to-column connections and those with simple connections. Second, they concluded
that panels have an optimum plate thickness that, if exceeded, produces no increase in

strength and that the wall fails by either column yielding or buckling.

The first conclusion was addressed by Kulak ef al. (1994), who pointed out
that differences in plate thicknesses and material properties among the specimens,
plus the effect of a failed weld that was reported in one of the specimens, prevent a
direct comparison with regard to the effect of the connection type. Furthermore,
Tromposch and Kulak (1987) showed through an analytical study that using moment-
resisting beam-to-column connections results in a significant increase in energy
dissipation. The effect of the connection type on energy dissipation is discussed

further in Section 7.2.

Kennedy ef al. (1994) have asserted that the second conclusion should not be
considered to be general. Rather, the columns can be designed to resist the loads
imparted to them from the other components of the structure, preventing premature

failure.

2.9 Sabouri-Ghomi and Roberts (1991)

A general method of dynamic analysis of thin-panel steel plate shear walls
was developed by Sabouri-Ghomi and Roberts (1991). The method uses a time

stepping finite difference technique to solve the governing differential equétion of
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motion. The structure is idealized as a vertical cantilever beam that has masses
lumped at each floor level. The time-dependent loading is also assumed to act
discretely at each floor. Initially, the governing equation was formulated assuming
that the floor beams and associated slab remain horizontal. Therefore, the bending
deformations within each panel were considered to be negligible and only shear
deformations were included in the model. A more general method was presented
subsequently (Sabouri-Ghomi and Roberts 1992) that includes the consideration of

both shear and flexural behaviour of the shear wall.

In ofder to include non-linear material behaviour in the proposed analytical
method, an approximate elasto-plastic hysteresis model was proposed that included
the influence of shear buckling and yielding of the web plate and surrounding frame.
The model was developed from a series of quasi-static cyclic loading tests on small
scale models. These tests (Roberts and Sabouri-Ghomi 1991) were conducted on
single panel unstiffened plates with a stiff, pin-ended boundary frame. The panels
were either 300 mm x 300 mm or 300 mm x 450 mm in size and had thicknesses
ranging from 0.54 mm to 1.23 mm. The thinnest panels were aluminium alloy and the
remainder steel. The material properties reported were the initial modulus of elasticity
and the 2% offset yield stress. However, the overall stress vs. .strain relation was not
described. The panel was loaded at two opposite corners in the direction of the panel
diagonal. Initially, a tensile load was applied until significant inelastic behaviour was
evident. This was followed by a similar compressive load. A total of at least four
complete cycles of loading with gradually increasing peak displacements were
applied to each specimen in this manner. All panels exhibited stable, ductile
behaviour and the amount of energy dissipated increased with the increasing peak

displacements in each cycle.

The researchers demonstrated the proposed non-linear analytical technique by
presenting the results of three analyses. Solutions were obtained for the dynamic

response of a five storey single bay steel shear wall subjected to periodic loading. In
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two of the analyses, equal pulse loads were applied to each storey. In the first case,
the response was elastic, whereas in the second, the pulse loads were increased to
elicit an inelastic response. In the latter case, the analysis showed that the inelastic
behaviour in the first storey tended to induce the higher modes of vibration. The final
case presented was for a sinusoidal ground motion input that was chosen to be
approximately equal to the fundamental frequency of the shear wall. This analysis
demonstrated that, although the frequency of the forcing function was similar to that
of the shear wall in its elastic state, the onset of plastic behaviour inhibited resonance

and resulted in a reduction in the amplitude of vibration.

2.10 Xue and Lu (1994)

Xue and Lu (1994a) carried out an analytical study on four thin-panel steel
plate shear wall configurations. In each case, a 12 storey three bay frame with
moment-resisting beam-to-column connections in the exterior bays and with steel
infill plates in the interior bay was used. Frames with either moment-resisting or
simple beam-to-column connections in the interior bay were studied and infill plates
were connected either on all four sides or only to the beams (with no connection to
the columns), resulting in a total of four combinations. For comparison, a frame with
all moment-resisting connections and with an infill plate fully connected and
prevented from buckling was analysed as an upper bound case. A frame with simple
beam-to-column connections in the interior bay and no infill panel was analysed as a
lower bound case. The lowest storey was 4572 mm high and the remainder were
3658 mm high. The exterior bays were 9144 mm wide and the interior bay was
3658 mm wide. The infill panels varied from a thickness of 2.8 mm at the bottom of

the shear wall to 2.2 mm at the top.

The six frame—-wall structures described above were modelled using the finite

element method. The beams and columns were modelled using elastic beam elements
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and the panels were modelled using elasto-plastic shell elements. An initial out-of-

flatness was specified for the panels based on several shear buckling modes.

The structures were loaded monotonically with lateral forces at each floor

level. Gravity loads were not applied.

From the analyses it was concluded that the type of beam-to-column
connection used in the bay with infill panels had only a small effect on the lateral
stiffness of the entire frame. It was also observed that the two structures with infill
plates connected to both the beams and the columns had a stiffness almost as high as
the upper bound case and that the two structures with infill plates connectedhonly to
the beams had a stiffness much higher than the lower bound case. Despite the
somewhat higher stiffness with the infill plates connected to both the beams and the
columns, a number of factors led to the conclusion that the system with the infill
panels connected only to the beams was superior. The main factor that led to this
conclusion is that the analysis predicted that the columns of the stiffer system carry a
proportionately larger share of the storey shears which could, in turn, lead to early
failure of the columns. The analyses also showed that, in the system with the panels
connected only to the beams, the panels resisted a significant proportion of the storey
shears at lower load levels. This behaviour was attributed to the fact that in-plane
flexural loading of the plate, causing compressive stresses that reduce the shear
buckling strength, was largely avoided. Thus, the panels were considered to be more

effectively utilized.

Xue and Lu (1994b) also studied the effect of the width/thickness ratio of the
panel and the panel aspect ratio on the load vs. deflection behaviour of a single storey,
single bay steel plate shear wall with pinned beam-to-column connections and with
the infill panel connected only to the beams. The single panel represented one storey
from the interior bay of the multi-storey, multi-bay concept, as described above (Xue

and Lu 1994a). Moment-resisting beam-to-column connections would be present in
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the adjacent bays without infill panels. In each of 20 cases, an ultimate strength
analysis was conducted using the finite element model. The researchers found that
when the load and the deflection are non-dimensionalized using the panel shear yield
load and the panel shear yield deflection, respectively, certain observations can be
made. Significantly, they observed that the influence of the width/thickness ratio on
the response was small. From the results of the 20 cases studied, simplified empirical

equations were presented to predict load vs. deflection response.

A brief discussion of a cyclic finite element analysis was also presented. A
single panel of the 12 storey three bay structure described by Xue and Lu (1994a) was
analysed. Six cycles of gradually increasing deflections were applied up to a
maximum storey drift of about h, /60 . The non-dimensionalized load vs. deflection

response was presented and significant energy dissipation was observed.

The innovative approach to steel plate shear wall design of Xue and Lu
(1994a) represents a significant departure from the more traditional single bay
configuration with the panels fully connected to both the beams and the columns.
Therefore, a comparative study is desirable to assess their relative merits. Issﬁes such
as the ability of the shear wall to dissipate energy, the failure mode, and relative
construction costs should be addressed. Cléarly, with shear panels and moment-
resisting connections, both configurations have the benefit of providing an inherently

redundant lateral load-resisting system.

2.11 Other Related Research

In addition to the research programmes described in the previous sections,
several other investigations have taken place on closely related topics. Seven tests
were performed (Aoyama and Yamamoto 1984; Yamamoto and Aoyama 1985) to
study methods of strengthening reinforced concrete frames with stiffened thin-panel

steel infill plates. Each test specimen was a one-third scale single storey, single bay
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frame. The infill plates were connected to the surrounding frame using a combination
of headed studs and drilled resin anchors. The main parameters that were varied were
the concrete frame reinforcement, the anchor spacing and the location of openings in

the steel infill plate.

The test specimens were loaded with axial column loads combined with cyclic
horizontal loads to determine the hysteretic behaviour. Either three or four cycles of
loading were applied up to a maximum deflection of about hg /50, which generally
constituted failure of the specimens. Based on the results of these tests, the
researchers drew several conclusions. First, it was observed that a major portion of
the deflection occurred as a result of interfacial slip between the steel panel and the
concrete frame. Combined with the fact that specimens that ultimately failed at the
interface showed inferior ductility, this led to the conclusion that closely spaced
anchors are required. Second, the researchers concluded that even when shear cracks
form in the concrete columns, the infill panels assist in allowing them to continue to
support axial loads. Third, when a rectangular opening occupying about 12% of the
area of the panel was present, its location and orientation had little effect on the
response. Fourth, although installing the steel panels into existing reinforced concrete
frames tended to strengthen and stiffen them, the increase in ductility was limited due

to the relatively early failure of the connectors.

Yamada (1992) investigated the behaviour of composite concrete encased
steel plate and other shear walls. A total of 11 one-fifth scale single storey, single bay
concrete encased steel moment-resisting frames were tested. Four incorporated
concrete panel infills, two were infilled with steel flat bar cross bracing encased in
concrete panels, two were infilled with a concrete encased steel panel, and two used
plain steel panel infills. For purposes of comparison, one specimen was also tested

with no infill panel.
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The test specimens were loaded monotonically in shear to failure. Responses
were examined to determine an optimum system in terms of stiffness, strength, and
ductility. The systems infilled with concrete or those utilizing concrete encasement of
the steel infill plates or cross bracing showed a high initial stiffness, apparently
arising from a diagonal compression field that formed at very small deflections. The
thicker concrete panels also exhibited very high strength. However, the ultimate
strength was reached at relatively small deflections and was followed by a rapid
decrease in strength as the concrete crushed. Conversely, the specimens with plain
steel infill plates, although initially less stiff and in some cases with a lower ultimate
strength, maintained their ultimate capacities through large deflections. This high
degree of ductility was achieved primarily through the yielding of a diagonal tension
band in the plate. From the distinct differences in the behaviour of the concrete and
steel panels, it was concluded that structural behaviour could be optimized by

selecting an appropriate combination.

Sugii and Yamada (1996) conducted an additional 23 tests on one-tenth scale
specimens in order to investigate further the optimal behaviour of concrete encased
steel plate shear walls. Each specimen, consisting of two adjacent identical panels,
was loaded as a deep beam with a concentrated load at midspan in a manner similar to
that used by Timler and Kulak (1983). The two panels were, therefore, loaded in shear
in an identical manner. In all cases, the surrounding moment-resisting frame consisted
of wide-flange steel sections encased by reinforced concrete. Both monotohic and
cyclic loading cases were investigated. Parameters that were varied included the
aspect ratio, the steel panel thickness, whether or not the steel panel was encased in

concrete and, if present, the concrete panel thickness.

Theoretical equations are presented for calculating both monotonic and cyclic
behaviour based on an assumed response of both the panels and the surrounding
frame plus an assumed effective width of the tension and compression fields.

Reasonable agreement with the test results was obtained. The method allows the steel
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panel and concrete encasement thicknesses to be selected optimally for the desired

structural behaviour.

Variations on the use of steel plate shear panels as the primary energy
absorbing mechanism in buildings during an earthquake have also been presented.
Nakashima et dl. (1994) developed a type of steel panel hysteretic damper that utilizes
a steel possessing a yield strength approximately one-third that of typical mild steels.
The damper consists of a relatively small (1200 mm x 1200 mm) stiffened steel panel
similar to the steel plate shear wall concept that is connected in each storey to the
building frame. Another application developed by Tsai and Wang (1996) uses a steel
shear panel as the ductile link that is the primary energy dissipating mechanism in an
eccentrically braced frame. Although not directly equivalent, the use of this concept
in a hysteretic damper and in a hysteretic ductile link is further confirmation of the
superior inelastic performance of steel shear panels in effectively dissipating seismic

energy.
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Fig. 2.1 Idealized Deformed Panel (Mimura and Akiyama 1977)

Fig. 2.2 Hysteresis Model (Mimura and Akiyama 1977)
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3. PRELIMINARY FINITE ELEMENT MODEL

3.1 Introduction

A large-scale multi-storey steel plate shear wall test was designed to examine
the behaviour of such lateral load-resisting systems during severe cyclic loading. Prior
to conducting the experimental programme, a method of analysis was required in
order to be able to predict the behaviour of the test specimen so that the test could be
properly designed. Using the model, the required hydraulic jack capacities and strokes
and the movements of measuring devices could be predicted. Because of the expense
of conducting a test of this scale, only one specimen could be tested. Furthermore,
based on the test data, the analytical model can be calibrated aﬁd refined as necessary,

so that other shear wall configurations can be analysed.

A preliminary finite element model of the shear wall specimen tested by
Timler and Kulak (1983) is presented. The model was developed using the
commercial general purpose non-linear program ABAQUS (Hibbitt e al. 1994).
ABAQUS runs on a 32-bit UNIX platform, and the analysis was conducted on a SUN
SPARC workstation.

A brief description of the general model criteria is presented. The elements,
the material properties, the initial conditions and the solution strategy are all
discussed in general terms. A description of the manner in which the Timler and

Kulak specimen was modelled and a brief discussion of the results are presented.

3.2 Description of Model

3.2.1 Elements

A steel shear wall system consists of beams and columns in a frame forming

rectangular openings and steel plates that fill in the regions within the boundary
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members. The columns and beams were modelled with beam-type finite elements and

the steel infill plates with plate/shell finite elements.

The beams and columns are modelled using a three-node quadratic beam
element (ABAQUS element B32). This element allows biaxial bending, axial
stretching, and warping of the cross-section. It also accounts for linearly elastic
transverse shear deformation according to the Timoshenko beam theory (Timoshenko
and Goodier 1970). The element formulation also allows for large axial strains. This
particular element was chosen from the extensive element library in ABAQUS as
being the most representative of actual behaviour of the members and allows out-of-

plane behaviour to be considered.

Figure 3.1 shows a typical I-shaped cross-section used for the beam-type
elements. The cross-section is described with 13 integration points: five in each
flange and five in the web, with two common locations. This allows an accurate
description of both the residual stress distribution and the non-linear constitutive
material behaviour. Describing the mid-surface of the flanges and web of the element

in this manner presumes that the stresses through the thickness are negligible.

The width and thickness of each flange and the web of the cross-section may
be specified individually. The only geometric constraint is that the overall cross-
section must possess symmetry about the weak axis. Because the origin of the local
cross-section may be placed anywhere in the plane of symmetry, the cross-section

may be eccentric in the strong axis direction to the actual line of the beam element.

Despite the fact that a finite cross-section is defined, the nodes of the beam
elements lie on a line. Therefore, outrigger elements of high axial and flexural
stiffness are required in some cases to link the beam and plate elements to ensure
compatibility of deformations between them and to allow loads to be applied at their

correct locations. This is discussed in Section 3.3.1 for the Timler and Kulak (1983)
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specimen and in Section 4.4 for the four storey steel plate shear wall tested during this

research.

The shear wall infill plates are modelled using an eight-node quadratic
plate/shell element (ABAQUS element S8RS). This element has five degrees of
freedom per node, although a sixth (rotation about the out-of-plane axis) is invoked
automatically under particular circumstances. Therefore, out-of-plane behaviour of
the plate is included in the model. Because the rotational degrees of freedom are
described independently from the translational degrees of freedom, transverse shear
deformation of the cross-section is automatically taken into account. Therefore, the
Kirchhoff shear constraints are relaxed. The spatial strain field distribution is sampled
at four Gaussian integration points located on the mid-surface. At each Gauss point,
the flexural behaviour of the shell element is numerically integrated across five
integration points through the thickness, allowing accurate tracing of the non-linear

constitutive material behaviour across the thickness of the infill plates.

The presence of a connection tab, or “fish plate,” to connect the infill plate to
the boundary members is not represented in the finite element model. Rather, the
infill plates are considered to be connected directly to the beams and columns. The

effects of this approximation are studied in Section 3.3.1.

3.2.2 Material Properties

All material is modelled as isotropic with a simple rate-independent elastic —
plastic constitutive behaviour, including the effects of strain hardening. The properties
are identical in tension and compression, with the constitutive parameters based on
measured material properties when they are available. The vbn Mises yield surface
model is used as the yield criterion. Other aspects such as the particular stress vs.
strain relation used for the various shear wall structures analysed are discussed in

subsequent sections.
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3.2.3 Initial Conditions

The behaviour of thin plates in real structures subjected to in-plane membrane
forces can be significantly affected by initial out-of-plane deformations, and this must
be taken into account in the analytical model. The stiffness of a perfectly flat plate is
very high under in-plane shear stresses. However, even slight initial imperfections

will substantially reduce the in-plane shear stiffness.

The geometry of steel plate shear wall infill panels is such that some out-of-
flatness, accentuated by effects such as distortion due to welding, floor beam
deflections, and eccentric fish plate connections, is certain to occur prior to the
application of in-plane shear loading. The initial plate imperfections must be
modelled prior to the strength analysis and may be obtained frém measurement of the
actual initial conditions in similar structures. Alternatively, the first buckling mode of
the plate may be used, obtained from an eigenvalue buckling analysis of the shear
wall system, with the loading applied in the same manner as for the subsequent
strength analysis. The latter approach is used in all analyses conducted during this
research. However, a series of trial initial plate configurations showed that the overall
load vs. deflection behaviour is largely independent of the geometry selected, so long

as some initial deformed configuration is imposed.

Residual stresses were not included in the modelling of the Timler and Kulak
specimen because these quantities were not measured in that research programme.
They were, however, included in the model of the four storey test specimen, as

described in detail in Chapter 8.

3.2.4 Solution Strategy

The non-linear nature of the problem dictates that an iteration scheme be used
to achieve successive solutions along the equilibrium path. In general, ABAQUS uses

a load control Newton-Raphson scheme as a default solution strategy. However, this
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method diverges in the neighbourhood of unstable response, including local
instabilities. The local instabilities of the plate as it re-oriented itself as deformations
increased made it extremely difficult to obtain a complete solution up to the ultimate
capacity using a load control strategy. Therefore, the modified Riks solution
algorithm (Riks 1979; Ramm 1981), treating both the loads and displacements as
unknowns, was used. The basic algorithm remains the Newton-Raphson metﬁod, but
the search for equilibrium is controlled based on an iterative path perpendicular to the
first iterate in any step, as shown in Fig.3.2. This perpendicular path is easily
controlled to intersect and converge on the required solution path, whether the

response is stable or unstable.

In general, the Newton-Raphson strategy is used at low load levels up to the
point where a solution can no longer be achieved. Subsequently, the modified Riks
method is used to explore higher load levels. In all cases, the step sizes used must be

small in order to achieve convergence.

Geometric non-linearity was accounted for in modelling the Timler and Kulak
specimen with monotonic loading. However, the more complex four-storey specimen
led to solution difficulties in the presence of geometric non-linearity. Therefore, the
cyclic analysis was performed without consideration of geometric non-linearity. In
order to determine the effect this has on the model behaviour, a study was performed
that includes geometric non-linearity in the initial portion of the load vs. deflection

response using monotonic loading. This is discussed in Chapter 8.

3.3 Numerical Analysis of Timler and Kulak Specimen

3.3.1 Finite Element Model

Figure 3.3 shows a diagram of the specimen tested by Timler and Kulak
(1983), and Fig. 3.4 depicts the finite element mesh used to analyse the structure.

Because of symmetry in the specimen, only one-half was modelled and the edge of
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the panel corresponding to the axis of symmetry was assigned full fixity. Because the
beam elements lie eccentric to the cross-sectional centroid of the boundary members
they represent, a rigid outrigger (as seen in the lower left corner of Fig. 3.4) was
utilized to provide a concentric reaction point. The test specimen employed a
cylindrical pin and clevis system between the column and beam members. Therefore,

these connections were modelled as pinned about the out-of-plane axis.

The test specimen was braced out-of-plane at three locations on the exterior

vertical members and these constraints were also incorporated into the model.

Geometric dimensions for the model were taken from the fabrication shop
drawing and included the dimensions of the boundary members that were fabricated
as three-plate built-up members. However, the as-built measured thickness of the

infill plate was used.

Since no material tests had been conducted for the beam and column sections,
a bilinearly elastic — perfectly plastic stress vs. strain relation was used and the values

E =200 000 MPa and Oy = 300 MPa were assumed.

Material properties of the infill plate used in the finite element model were
based on measured values. However, due to an error in conducting the tension tests,
the initial portion of the stress vs. strain curve is not well defined, although it has been
shown to be of a shape more typical of cold-worked than hot-rolled steel. A multi-
linear approximation of this curve with eight segments was used to model the material
properties of the infill plate, as given in Fig. 3.5. The figure shows both the measured
stress vs. strain multi-linear representation and also a curve modified to give an elastic

stiffness more typical of structural steels.

The coordinates of the buckled shape were used to model the initial
imperfections of the infill plate in the manner described in Section 3.2.3. The modal

amplitude of the buckled shape was set to a peak value of 7.5 mm, which is equal to
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the measured peak amplitude for the test specimen prior to the final test-to-failure
excursion. (Prior to this, three cycles were performed with loading up to the service
load level.) Figure 3.6 shows the initial geometry, with the out-of-plane deformations

amplified 20 times.

Although the infill plates of the test specimen were connected to the boundary
members by means of a fish plate connection tab, in the finite element model the infill
plates were simply connected directly to the beam and column members. In order to
assess the difference in tensile behaviour of a plate with and without fish plate
connections, a 100 mm wide strip of plate was modelled with each type of end
condition separately. These models represent a diagonal strip of the infill plate from
the specimen tested by Timler and Kulak, taken parallel to the tension field

developed.

The strip with the fish plate connections was modelled as three separate plates.
The adjacent nodes at the overlap locations (along the lines of fillet welds) were
constrained to behave as though they are joined together with a rigid link. All shell
elements used were of the same type as those used in the infill plates of the shear wall
model. For this study, a bilinearly elastic — plastic constitutive stress vs. strain relation
was used to represent the behaviour of a typical hot-rolled structural steel up to the
hardening strain. Each strip was loaded with a monotonically increasing load at one

end of the strip and the other end was fixed.

Figure 3.7 shows the load vs. elongation response of the two strips. The two
responses are similar, especially at low and intermediate load levels where they are
virtually identical. As the loading increases, the curves tend to diverge slightly. At
higher load levels, the strip with fish plates exhibits marginally stiffer behaviour
because of the sharing of the tensile load where the infill and fish plates overlap. The
similarity of the two curves supports the position that omitting the fish plates in the

shear wall model is unlikely to cause any significant change in the overall behaviour.
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3.3.2 Results of Analysis

The finite element model was loaded monotonically to a deflection
approximately equal to that achieved in the test. This corresponds to a load near the
ultimate capacity of the specimen. The load vs. panel deflection responses for both
the test and the model are shown in Fig. 3.8. The test curve represents the final

loading excursion after three cycles of loading at service load levels.

The model differs considerably from the test results. It is somewhat stiffer, but
shows a trend towards the same ultimate capacity. There are several reasons that
further refinements to the model of this specimen were not made. As discussed in
Section 3.3.1, the actual stress vs. strain characteristics of the boundary members and
the characteristics of the infill plates at low stress levels are not known. It was found,
however, that the overall behaviour of the shear wall model is sensitive to the material
properties of the infill plate, as demonstrated in Fig. 3.9. Here, the differences in
response of the model representing the Timler and Kulak specimen are shown using

the two material curves depicted in Fig. 3.5.

Another reason that further refinements to the model were not made was that
the specimen of Timler and Kulak had pinned beam-to-column connections, whereas
the proposed multi-storey test specimen had moment-resisting connections. The
ability of the model to predict the multi-storey test results is not dependent upon its
ability to model the pin-and-clevis joints. Finally, residual stresses measurements
were not part of that study and, thus, their effect on the yielding of the boundary

members could not be included.

3.4 Summary

The finite element model gave a somewhat stiffer representation of the load

vs. panel deflection curve of the test conducted by Timler and Kulak. Although the
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model was by no means complete, it served to highlight a number of significant

effects.

The material properties of the infill plate have a significant effect on the
overall behaviour, and they must be represented in the model as accurately as
possible. Although initial imperfections must be modelled in some manner, the
particular way in which they are represented is of considerably less importance. The
omission of the fish plates in the modelling of the finite element mesh does not have a

significant effect on the panel behaviour.

Within the constraints outlined above, the model provides a tool for predicting
the behaviour of the multi-storey steel plate shear wall test specimen. The model can

then be refined based on the test results.
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4. EXPERIMENTAL PROGRAMME - GENERAL

4.1 Objectives

Previous analytical work (Thorburn eral. 1983, Timler and Kulak 1983)
produced a simple method for predicting the behaviour of unstiffened thin-panel steel
plate shear walls subject to monotonic loading up to the ultimate strength. The
method was substantiated by a test of a pair of single storey shear wall panels (Timler
and Kulak 1983). An additional test on a similar specimen (Tromposch and Kulak

1987) investigated the ability of the shear wall to resist cyclic loading.

Although these tests provided much useful information, experimental
verification of the expected performance of steel plate shear walls undergoing very
large, cyclic deformations—as would be expected in a severe earthquake—was
required. Also, no large-scale tests on multi-storey shear walls had ever been

conducted.

The objective of this test was to provide information about the behaviour of
multi-storey steel plate shear walls under the effect of very severe cyclic loading
representing an idealized earthquake. The particular arrangement used moment-
resisting frame connections. Aspects of prime interest are the elastic stiffness, load
level at which yielding first occurs, ductility, energy absorption, cyclic stability, and
failure mode of the shear wall. Also of interest is the manner in which the steel infill

panels and the moment-resisting frame share the applied load at various stages.

A further objective of the main test was to substantiate the results of the finite
element model and to allow calibration of the model. In this way, other shear wall
configurations can be effectively tested through computer simulation, thereby
avoiding the expense of large-scale testing and the physical restrictions on the size of

the specimen tested.
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In order to design the test and interpret the test results, many ancillary tests
were required. In addition to material tests on all components of the test specimen, a
large-scale test was conducted on a corner of one panel of a shear wall. Because the
frame tends to stretch and pinch the panel corner cyclically, an unsatisfactory detail
could produce premature degradation of the panel. The objective of this test was to
investigate the performance of the detail proposed for connecting the panels to the
surrounding frame and to assess its suitability for use in the main test. The ancillary

tests are described in Chapter 5.

4.2 Specimen Details and Fabrication Procedures

A diagram of the specimen tested is shown in Fig. 4.1. The overall height of
the specimen, excluding the loading pedestals at the top and the base plate, is 7.4 m
and the overall width, excluding the base plate, is 3.4 m. The typical storey height is
1.83 m (top three storeys) and the first storey is 1.93 m high. The columns are 3.05 m
apart, measured from centreline to centreline. These dimensions are representative of
a shear wall at 50% scale for an office building of 3.66 m (12 ft) typical storey height,
or about 60% scale for a residential building. The test specimen was constructed
entirely in a commercial steel fabrication shop using normal industry procedures. The
loading clevises on the east side were added at the test site. The total mass of the test

specimen was 5.6 t.

The W310x118 columns run the full height of the shear wall without splices.
Beam sections at Levels 1, 2, and 3 are W310x60 and the beam section at Level 4 is a
W530x82. All beam and column members in the shear wall have the cross-sectional
proportions of Class 1 beam-columns. Connection of the beam flanges to the columns
was made using complete penetration groove welds, using a backing bar and run-off
tabs that were left in place. These welds were made using 1.6 mm flux core wire,
controlled hydrogen electrodes (E4802T-9-CH) with a specified minimum tensile
strength of 480 MPa. No pre- or post-heat was applied in the welding process.
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Welding access holes in the beam webs of 20 mm radius were used to help ensure the
continuity of the groove weld from one side of the flange to the other. The beam webs
were connected to the column flange by means of fillet welds on both sides of the
web. The columns were connected to the base plate using full penetration groove

welds for the flanges and fillet welds for the webs.

The plates used for Panels 1 and 2 are nominally 4.8 mm thick and the plates
used for Panels3 and 4 are nominally 3.4 mm thick. (Section4.5 gives a full
description of the as-built measurements.) The panel aspect ratios (height/width) for

Panels 1 to 4 are 0.59, 0.56, 0.56, and 0.48, respectively.

The grade of steel of the panels in the lower two storeys is G40.21-300W
(CSA 1992b), and the plate selected is the thinnest plate readily available in this
grade. In order to obtain the thinner plate in the upper two storeys, commercial quality
hot-rolled steel was selected, which generally exhibits a somewhat lower yield
strength than does 300W steel. Grade A569 (ASTM 1991) plate was used in Panel 3
and grade J403 GR1010 (SAE 1994) was used in Panel 4. Information obtained from

the material tests on the infill plates is given in Section 5.4.

The panels were connected to the boundary members using the fish plate
connection shown in Fig. 4.2. The continuous fish plates are 100 mm wide and 6 mm
thick and are welded to the beams and columns by means of fillet welds on both
sides. Where column fish plates and beam fish plates meet at the panel corners, they
are connected using small strap plates to provide continuity. The infill panels are, in
turn, fitted against one side of the fish plates, with a lap of 40 mm all around, and then
welded with continuous fillets on both sides. This detail allows a simple means of
compensating for normal fabrication tolerances in the plane of the plate, thereby
avoiding fit-up problems in the field. The fillet welds connecting the infill plate to the
fish plate and the fish plate to the boundary members are capable of developing the

51



ultimate strength of the infill plate. These welds were made using 3.2 mm E48024

electrodes with a specified minimum tensile strength of 480 MPa.

4.3 Test Design Considerations and Constraints

Design of the test specimen was influenced by a number of factors. The scale,
complexity, and cost of the experimental programme dictated that only one specimen
could be tested. The specimen was to be fabricated to as large a scale as practicable,
while still satisfying the constraints imposed by the physical space limitations in the
laboratory and the limitations of the testing equipment. A four storey specimen was
selected in order to provide information on multi-storey steel plate shear wall
behaviour. By using a four storey shear wall, two panels could be considered to have
typical boundary conditions, whereas the bottom and top panels in a multi-storey
shear wall have unique boundary conditions at the base and the roof beam,

-respectively.

The column spacing and storey heights were constrained by the location of
anchor holes in the laboratory reaction wall and strong floor. The storey heights were

selected to be as close to equal as this constraint permitted.

The ‘specimen was to be constructed of elements and materials commonly
available in Canada and fabricated using industry-standard details and methods. As
closely as possible, it was to be representative of a shear wall that would actually be

used in practice.

; Column sizes were selected to maintain stability throughout the test up to the
ultimate strength of the shear wall. Heavy columns such as these would be expected
as part of a lateral load-resisting system in a severe earthquake zone. A Class 1
(plastic design) beam-column section was used in order that local buckling be

precluded, at least up to the attainment of significant curvature at the fully plastic
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moment. One column size was used throughout the height of the shear wall so as to

avoid the need for a column splice.

Beams with relatively shallow depths were used at all but the top level to
reflect the fact that opposing tension fields occur above and below the beam. A stiff,
deep beam was used at the top level in order to anchor the tension field below. All
beams were selected such that out-of-plane buckling would not occur, eliminating the

need for intermediate lateral bracing.

Full moment connections were used at all beam-to-column joints. This
configuration was chosen in order to produce expanded hysteresis curves as compared
to a frame with simple connections (Tromposch and Kulak 1987), thereby increasing
the amount of energy absorbed. The requirements of Clause 27.2 (Ductile Moment-

resisting Frames) of Canadian standard CAN/CSA-S16.1-94 (CSA 1994) were met.

Plate thicknesses were selected to allow a resistance level that could be tested
effectively in the laboratory. This was achieved by selecting thicknesses that represent
the lower limits for plate that exhibits the classical linearly elastic — perfectly plastic
plus strain hardening stress vs. strain curve of hot-rolled structural quality steel, as
would be expected in a real structure. This characteristic is considered to be extremely
important in order that the test results be generally applicable. Because of the
potential for cold-working of thin plates during rolling, tension coupons were tested
before any plate was confirmed for use. This procedure ensured that the stress vs.
strain curve was characteristic of hot-rolled steel and that the steel was neither grossly

over- nor under-strength. These material tests are discussed further in Section 5.4.

Because gravity loads acting on a deflected shear wall (the P— A effect) would
have a significant effect on the overall behaviour under the action of cyclic horizontal
loading, vertical loads of a magnitude representing reasonable unfactored gravity

loads for a typical building at the lowest storey were applied to the columns. To avoid
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a significant increase in complexity of the test set-up, these full gravity loads were

applied at the tops of the columns.

Equal horizontal loads, representing the action of an idealized earthquake,
were applied cyclically at each floor level. In reality, the relative values of these
lateral loads depend upon the earthquake input being modelled, the assumed mass at
each level, the mode shapes (which change with time for non-linear behaviour), the
modal frequencies, and the damping ratios (which have different values for each
mode). Additional complexity arises because these ratios of horizontal loads are also
functions of time. Equal horizontal loads were considered to be no better or‘ worse
than other rational configurations and were adopted for simplicity. The loads were
applied at the level of the beam top flange to simulate the location of inertia forces
induced by floor masses. This loading configuration also results in varying

combinations of storey shear and overturning moment at the four levels.

4.4 Preliminary Numerical Analysis of Specimen

Based on nominal dimensions (as given on the design drawings), the finite
element model described in Section 3.2 was adapted to predict the behaviour of the
multi-storey test specimen. The deformed configuration of the steel plate shear wall
model when loaded to a base shear of approximately 2200 kN is shown in Fig. 4.3.

The deformations in the figure are magnified five times for clarity.

Because the beams were modelled as line elements, rigid vertical outriggers
were used above and below at each node, as shown in Fig. 4.3, to allow the infill
plates to extend only to the beam top and bottom flanges. In this manner, beams of
finite depth were simulated without the numerical complexity of using multiple plate
elements. The outriggers ensure deformation compatibility at the interface with the

infill plates.
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The columns were also modelled with line elements, but they were specified
as eccentric to the centroidal axis of the column cross-section. This allows the plate
elements to be connected directly to the column elements. However, additional
outriggers were required at the column tops, as shown in Fig. 4.3, in order that the

gravity loads could be applied concentrically to the cross-section.

The columns were fully fixed at their bases, as was the lower edge of the infill
plate in the lowest storey. The shear wall was braced out-of-plane at each end of each
beam, as these locations were constrained from out-of-plane movement by articulated

braces during the test. All other nodes were free to displace in any direction.

Estimated material properties were used in the preliminary model. The tension
coupon tests subsequently conducted on the infill plate material confirmed that the
parameters used for the most highly stressed panels (Panels 1 and 2) were very close
to the true values. Revisions to the stress vs. strain relations used in the final analyses
are discussed in Section 8.2.5. The material behaviour for both the infill plates and the
boundary members is taken to be linearly elastic — perfectly plastic, with linear strain-

hardening.

Initial plate imperfections were specified that model the first plate buckling
mode of the shear wall. The peak amplitude was set to a value of 10 mm in order to
represent a reasonable maximum out-of-flatness that might be present in an installed
plate of this size. However, as described in Section 3.2.3, the value selected is
unlikely to have a significant effect on the overall shear wall behaviour. Residual

stresses were not included in the model at this stage.

A 6x9 element mesh was used for Panel 1, a 4x9 mesh was used for Panel 4,
and a 5x9 mesh was used in the remaining two panels, resulting in a total of 5638

degrees of freedom in the model.
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Because the computational demands of the problem are high, monotonic
loading was used to estimate the envelope of load vs. deflection response up to the
ultimate capacity of the test specimen. The model was then completely unloaded and
then reloaded again well into the inelastic region. Non-linear geometric behaviour
was included in the analysis. The prediéted storey shear vs. storey deflection and base
shear vs. top deflection curves are shown in Figs. 4.4 and 4.5, respectively. In
predicting the behaviour of the steel plate shear wall specimen, the required jack and
reaction wall capacities and the ranges of motion required for the jacks and
instrumentation are also obtained. Figure 4.4 also shows that some plasticity was to
be expected in each panel and that the great majority of the inelastic deformation

would take place in the lowest storey.

4.5 As-built Measurements

Prior to the start of testing, as-built measurements of the steel plate shear wall
specimen were taken in great detail. Beam elevations were measured on each side of
each beam at the two ends and at the centreline, and the elevation of each loading
clevis on the specimen was determined. The distances between the columns were
measured at the elevation of the top and bottom flanges of each beam. Measurements
of the panel diagonal were also taken in order to assess whether the frame had been
fabricated squarely. In these respects, it was judged that the specimen had been

fabricated to tight tolerances and the variations are considered to be negligible.

Precise locations of the column bases were determined to compare with the
assumed locations on the base plate. Again, deviations from the prescribed locations
are considered to be negligibly small. Column orientation measurements revealed that
the west column had been welded to the base plate with approximately a one degree
counter-clockwise rotation in plan. Although this does affect the stress distribution in
the column cross-section, it is unlikely to have had any significant effect on the

overall cyclic behaviour of the shear wall. Sweep and camber were measured for all
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beams and both columns. The maximum sweep and camber for the beams were each
about 2 mm (L/1368) and the maximum sweep for the columns was also about 2 mm
(L/3780). There was no measurable camber in the columns. All cambers and sweeps
are well within the limit prescribed by Canadian standard CAN/CSA-G40.20-92
(CSA 1992a) of L./1000.

Out-of plumb measurements were taken for both columns in the directions of
the two principal axes using a plumb-line. These measurements showed that the
columns were out-of-plumb perpendicular to the plane of the wall in opposite
directions. Partial correction was achieved by careful shimming of the base plate to
create a very slight torsional deformation in the base plate. The final out-of-plumb of
the east column was 10 mm (L/755) to the north and for the west column it was 5 mm
(L/1510) to the south. The out-of-plumb of the columns in the direction parallel to the
plane of the wall were within 2 mm (L/3780) of vertical. The maximum deviation
from the vertical allowed by Canadian standard CAN/CSA~S16.1-94 (CSA 1994) is
L/1000 for exterior columns and columns adjacent to elevator shafts and L/500 for all

other columns.

Column and beam cross-sectional dimensions were determined at a total of
34 locations. Canadian standard CAN/CSA-G40.20-92 (CSA 1992a) provides
production tolerance limits for various aspects of the cross-sectional dimensions of
rolled shapes, as well as a permissible overall tolerance on the cross-sectional area.
Although in a few individual cases, these tolerances were exceeded marginally, in all
cases the mean measured values were well within the tolerances prescribed by the

standard. The thickness of all stiffeners was also measured.

The thickness of each infill plate was measured at 12 locations with an ultra-
sound probe that had been calibrated against a micrometer. The thicknesses were
found to vary in the most extreme cases by 2.2% over the area of the plate. The mean

measured panel thicknesses for infill Panels 1 to 4 are 4.54 mm, 4.65 mm 3.35 mm,
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and 3.40 mm, respectively. These thicknesses are within the permissible variations
from the specified values that are prescribed in CAN/CSA-G40.20-92 (CSA 1992a).
The thickness of the fish plates were also measured in this manner at 14 locations per

panel.

When the shear wall specimen had been bolted to the floor in the testing
location, the elevation of the top of the grouted base plate was determined. The

thickness of grout was approximately 5 mm.

4.6 Summary

A test programme was planned to investigate the behaviour of a four storey
steel plate shear wall subjected to idealized severe earthquake loading. The test
specimen consisted of a moment-resisting frame with thin steel infill panels. The infill
panel materials were tested prior to installation into the shear wall to confirm that

they had properties typical of hot-rolled structural plate.

The test specimen was fabricated using standard industry procedures. After

fabrication, detailed as-built measurements were taken for use in subsequent analyses.

The shear wall specimen was loaded with constant vertical loads at the tops of
the columns and equal cyclic horizontal loads at each of the four floor levels. The
finite element model described in Section 3.2 was adapted to model the test specimen
and was loaded in a similar manner. However, instead of loading cyclically, the
horizontal loads were applied monotonically into the inelastic range followed by a
single unloading and subsequent reloading. This procedure produced predicted load

vs. deflection curves that were used in designing the test.
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5. ANCILLARY TESTS

5.1 Introduction

Several ancillary investigations were conducted to complement the multi-
storey steel plate shear wall test. A single large-scale test was performed to
investigate the adequacy of the detail to be used in the panel corners for connecting
the infill plates to the surrounding members. Another study determined the
distribution of residual stresses in the column and beam members for use as the initial
stress state in the finite element model. The material properties of all infill plates and

boundary members were also determined for use in the model.

5.2 Corner Detail Test

5.2.1 Introduction

The single storey steel plate shear wall panels tested under cyclic loading by
Tromposch and Kulak (1987) were similar to the panels proposed for the multi-storey
test, except that shear-type beam-to-column connections were used. They reported
that after 21 cycles of loading had been applied to the specimen, corner tears
developed iﬁ the fish plates in two of the four corners of each panel. These tears then
grew somewhat during the remainder of the test. Because of the extreme and
reversing strains present in the corners of the panels during cyclic lateral loading, it
was anticipated that tears might also occur in the multi-storey specimen. In order to
investigate the effect of these tears on shear panel behaviour, a test was conducted
using a detail proposed for the multi-storey shear wall specimen that was similar to

that used by Tromposch and Kulak.
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5.2.2 Test Set-up and Procedures

The test set-up, as shown in Fig. 5.1, consisted of boundary members and a
portion of the infill plate representing a corner of a steel plate shear wall panel. For
convenience in loading, the corner was oriented at 45° relative to its position in a real
structure. The W310x129 member represents the column of the moment-resisting
frame and the W530x101 member represents the beam. The fish plate detail is
identical to that selected for the four storey shear wall specimen, shown in Fig. 4.2,
and is also seen in Fig. 5.2 where the strap plate that provides some continuity
between adjacent fish plates at the corner can also be seen. Double-acting jacks
provided a means of opening and closing the joint, simulating the action of the
moment-resisting frame oscillating in-plane under the action of cyclic lateral loads. A
vertical tensile load—simulating the tension field that develops in the infill plate—
was applied by a universal testing machine of 6000 kN capacity during the closing
cycles only. During the opening cycles, no load was applied to the plate because any
small compressive load that the plate could sustain was considered to be negligible.
This is consistent with the observation that as the tension field develops in a panel the

thin plate buckles in the orthogonal direction.

Instrumentation included cable transducers to measure the opening and
closing movement of the beam and column members and to monitor any horizontal
in-plane movement of the top of the plate. Linear variable displacement transformers
(LVDTs) monitored the out-of-plane movement of the free ends of the beam and
column members. A load cell recorded the applied testing machine load and pressure

gauges were used for determining the jack loads.

The displacement criteria selected were a 6 mm in-plane displacement of the
beam and column members during closing cycles and a 2 mm displacement during
opening cycles, measured perpendicular to the member axes. The measurement was

taken using the cable transducers adjacent to the free edge of the plate. These criteria

65



correspond approximately to movements determined from the finite element analysis,
described in Section 4.4, during cycles near the ultimate load. In this manner, all
cycles applied would be considered equivalent to the most severe cycles that would
be applied to the multi-storey shear wall specimen. During the closing cycles, the
vertical tensile load that represented the diagonal tension field was about equal to the
yield stress of the plate over a width of 300 mm. Generally, each load or displacement
was applied in two steps, alternating between the universal testing machine and the
jacks. However, for the first two cycles, three steps were used in order to allow for

frequent examination of the specimen in case of unforeseen behaviour.

During the first two opening cycles, severe yielding was apparent in the fish
plates near the free edges of the infill plate (locations “a” in Fig. 5.1). Because this
was not the area of interest, the opening displacement was reduced from 2 mm used in
the first two cycles to about 1.2 mm. (In order to keep point “b” in Fig. 5.1 from
moving horizontally, thereby inducing unintended forces in the infill plate, the
displacements on the two sides could not be identical.) This resulted in a 30%
reduction of the load from that of the first two cycles. In any case, it was anticipated
that the local distortion from the closing cycles would have the greatest effect on the
corner region being investigated. Load control was used in the opening cycle
thereafter, with a maximum intensity of 210 kN per jack. Even so, cracking was
observed at the free end of the fish plate (locations “a”) after Cycle 6. This was
repaired with out-of-plane stiffeners at each end, in order to prevent failure from

occurring there.

Displacement control continued to be used during closing cycles. However, an
increasing residual inward (closing) displacement in the order of about 0.1 mm was
observed during each cycle, although no yielding of the V-frame was apparent. By
Cycle 13, the load required to reach the prescribed closing displacement of 6 mm
from the original position had dropped substantially because of the increasing residual

displacement. Because the cycles were intended to be of equal intensity, load control
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was then adopted for the closing cycles using a load of 280 kN. This control was
based on the load required for the appropriate displacement in the first cycle. For the
remainder of the test, the loading was applied in this manner until a total of 35

complete loading cycles had been applied.

5.2.3 Test Results

The flaking of whitewash revealed yielding in many locations along both sides
of the fish plates during Cycle 1. During the first opening cycle, yielding was
observed in the infill plate along the fillet weld on the north side. (The strap plate was
connected to the north side.) Some yielding was also noted in a central vertical band

approximately 50 mm wide and 250 mm high on the south side of the infill plate.

By Cycle 6, both sides of the infill plate had yielded extensively in the lower
corner area. On the north side, yielded areas developed in the east and west corners
during opening cycles. Very little additional yielding was apparent from the

whitewash in subsequent cycles.

One and one-half wavelength out-of-plane buckles developed in the infill
plates on the line a—a (Fig. 5.1) at mid-height. During a closing cycle, the maximum
buckle amplitude between adjacent peaksv increased gradually from 27 mm in
Cycle 13 to 31 mm in Cycle 35. This reduced to about 5 mm during opening cycles,
and upon unloading at the end of a complete cycle the residual amplitude was about

13 mm.

The first two tears were observed during Cycle 16, both on the north side. One
tear (1.60 mm long as measured using a calibrated microscope) occurred in the
bottom corner of the fish plate-to-infill plate fillet weld and propagated transversely
across the fillet weld by Cycle 19. The tear widened visibly and propagated during
opening cycles. A second tear (1.27 mm long) formed along the fillet weld at the top

of the strap plate and continued to grow in the westerly direction throughout the test,
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although by the end of the final cycle the rate of growth was extremely slow. The tear
extended around the top west corner of the strap plate by Cycle 30. It tended to open
and propagate during closing cycles. These tears and the other two tears on the north
side, described subsequently, can be seen in Fig. 5.3 during the final opening cycle.

(The whitewash has been removed from these areas.)

A third tear was noted during Cycle 23 along the top of the fillet weld joining
the fish plate and infill plate on the north side. It was 20 mm long and of hairline
width when discovered, and grew to 36 mm by the end of the test. This tear appeared

to propagate during the opening cycles.

A fourth tear (1.52 mm long) was detected during Cycle 25 in the fillet weld
connecting the fish plates and infill plate on the south side at the 6 mm gap between
the column fish plate and the beam fish plate. This tear did not change in subsequent

cycles.

A fifth tear was noted during Cycle 30 that was actually an extension of the
strap plate fillet weld tear (second tear) described above, propagating in the opposite |
(easterly) direction. This tear grew from 14 mm to 20 mm by Cycle 33, after which no

change was observed. The tear appeared to propagate during closing cycles.

After the test was completed, the entire corner region around the strap plate
was cleaned and then sprayed with dye penetrant in an attempt to reveal any as yet

undiscovered tears, but none was found.

Because of the slight residual deformation of the V-frame during each cycle,
the infill plate and fish plate assembly was cut out with a torch in 10 stages, with the
rebound of the frame measured at each stage. A total rebound of about 1 mm on each
side was recorded, representing a recovery of about 25-30% of the residual

deformation.
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5.2.4 Conclusion

The test specimen behaved generally as expected. Tears did form in the corner
region that were similar to those observed by Tromposch and Kulak (1987) in their
specimen with shear-type beam-to-column connections that cause severe plate
pinching. The formation of each tear, however, caused no significant change in the
load vs. deflection behaviour of the assembly. The 35 cycles that were applied were
all severe cycles in terms of loading and deformations, so the damage imparted to the
corners of the actual shear walls (with moment-resisting frame connections) would be
less severe. It was concluded that the tears were not detrimental, and therefore the
fabrication details in the corner test specimen were judged to be adequate and suitable

for use in the multi-storey shear wall test.

5.3 Residual Stress Measurements

5.3.1 Introduction

The magnitude and distribution of the residual stresses in the hot-rolled wide
flange sections used to construct the moment-resisting frame of the multi-storey shear
wall specimen were determined because they may influence the overall behaviour. As
all members of a given section size in the test specimen were cut from one piece, an
additional 1500 mm length from the same piece was used for ancillary tests. Residual
stress specimens were taken a minimum of 450 mm from any flame-cut edge. The

specimens were cut from the ancillary piece by cold-sawing.

5.3.2 Standards and Procedures

Residual stresses were determined according to the method of sectioning
outlined in Technical Memorandum No. 6 of the Guide to Stability Design Criteria
for Metal Structures (Galambos 1988). A 150 mm length of the ancillary test

specimen was marked off and then further marked into a series of strips. Gauge points
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were located on each side of each strip 100 mm apart. At the web-to-flange junction,
four sets of gauge marks were used. Hardened steel balls of 1.6 mm diameter were
embedded at each of the gauge points by means of a special punch. The gauge lengths
were measured using a mechanical extensometer before and after the strips were cut
from the ancillary test piece. Cutting was done slowly and was carried out by cold-
sawing with cutting oil. The difference in gauge length before and after longitudinal
sectioning, as measured by the extensometer, is used to calculate the residual strains
that were previously locked into the cross-section of the member. The flange and web
moduli of elasticity used for calculating residual stresses were determined from the

tension coupon tests described in Section 5.4.

The precision of the instrument used in the strain measurements is
10.001 mm, which in a gauge length of 100 mm corresponds to an error in stress in
the elastic region of approximately +2 MPa in structural steel. In order to obtain a
statistical confidence in the recorded measurements, the number of required
measurement repetitions were determined using a particular application of the f test
(e.g., Kennedy and Neville 1976). Generally, the ¢ test is used to determine whether
two samples being compared are drawn from the same population. The same principal
can be used to determine whether a single sample is drawn from a particular
population. In this case, the principle is applied to determine whether the sample
mean (mean of the measured values) is an appropriate estimate of the population

(true) mean, within a prescribed error tolerance, E, and statistical level of confidence.

The value ¢ is defined as the number of standard deviations of the mean, -,
that the sample mean, x, is likely to be from the population mean, 1, within a certain

level of probability. Thus:

n-x=to; [5.1]
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The standard deviation of the mean is defined as the standard deviation of the
means of all possible distinct samples of size n from a certain population. When the
population size is infinite, as is the case when taking an arbitrary number of
measurements of a single quantity, this implies that it is the standard deviation of the
mean of an infinite number of samples of size n. When the population is large
compared to the sample size, the standard deviation of the mean can be calculated
from the standard deviation of the population, s, according to the equation (Kennedy

and Neville 1976):
G- = —== [5.2]

When the actual standard deviation of the population is not known but can be

estimated, the standard deviation of the mean can be estimated by the equation:
§- =-— [5.3]

where s replaces ¢ to indicate that the quantities are estimated. Substituting the

estimated quantity s for o in Eq. 5.1 leads to the equation:

- ]
pH—X =t(————] [5.4]
-5
The estimate of the standard deviation of the population can in this case be obtained
by using the standard deviation of the sample. The size of the sample does not need to
be large for this estimate to be used, as is the case for the normal distribution test,

where an approximately normal distribution within the sample is presumed.

The value of the statistic # can be obtained from tables (e.g., Kennedy and
Neville 1976) based on the number of readings and the required confidence level. The

number of readings is the same as that used for the estimate of s. The left side of
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Eq. 5.4 is set equal to the error that can be tolerated, E, in the mean value. Therefore,
the number of readings required to satisfy the error tolerance and confidence level is

determined according to the equation:

n=(?‘-E~t-]2 [5.5]

Accepting an error of 0.003 mm (6 MPa), and with a probability of 90% that
the mean of the measurements will be within this error, a value of ¢t was determined
based upon the number of measurements taken in the sample. (In the specified case,
the mean of the measured values will be within ¢ standard deviations of the mean 90%
of the time.) By calculating the standard deviation of the measurements at a set of
gauge points, the number of measurements required in order to satisfy the acceptance

criteria above was determined according to Eq. 5.5.

If the number of required measurements was greater than the number of
measurements taken, an additional measurement was made and the check performed
again incorporating the new value. When the number of required measurements was
less than or equal to the number of measurements taken, the error of the mean value
of the measurements exceeds 0.003 mm in no more than 10% of the cases. This
procedure follows the recommendations of ASTM standard E122 (ASTM 1989) for
the choice of statistical sampling sizes to estimate the average value of some property,
but has been modified to account for the relatively small number of measurements by

using the ¢ value which is a function of the number of individual readings.

Because of the labour-intensive nature of these measurements, for the purpose
of this investigation a minimum of three and a maximum of five measurements were
taken at each set of gauge points. Even with this practical limitation of taking a
maximum of five measurements, the acceptance criteria were not met in only 4.9% of

cases. If the acceptance criteria were modified to an error, E, of 0.004 mm (8 MPa),
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with a probability of 95% that the mean value will be within this error, then the
acceptance criteria would not be met in 5.4% of cases. If the requirements were
relaxed to an error of 0.005 mm (10 MPa), with a probability of 90% that the mean

value will be within this error, only 0.8% of the cases would not be satisfied.

A gauge length on an independent steel bar was also measured at regular
intervals to assess the effects of temperature fluctuations on the measurements. These
effects, although slight, were taken into account in the data analysis to determine the

net strains due only to the relaxation of residual stresses.

5.3.3 Results

The residual stress distributions for the three member types are plotted in
Figs. 5.4, 5.5, and 5.6. Each value plotted is determined as the mean for the two sides
of the strip. The moduli of elasticity used in the calculation of stresses, determined
from mean values measured in the tension coupon tests, were 204 400 MPa,
207 700 MPa and 211 200 MPa for the W310x118, W310x60 and W530x82 flanges,
respectively, and 198 800 MPa, 196 500 MPa, and 201 000 MPa for the W310x118,
W310x60 and W530x82 webs, respectively.

For each section, the residual stress pattern is typical for hot-rolled, wide-
flange steel members. Large tensile residual stresses are present at the web-to-flange
junction, where cooling of the member is slowest. Maximum measured values were
92 MPa, 95MPa, and 225 MPa for the W310x118, W310x60 and WS530x82,
respectively. However, some peak values may be significantly higher between the
measurement locations. The central portion of all webs contained large compressive
residual stresses: peak values were —152 MPa, —137 MPa, and ~115 MPa for the
W310x118, W310x60, and W530x82, respectively. The stresses at the flange tips
varied from relatively large compressive residual stresses in the W310x118 member

to small tensile residual stresses in the W530x82 member. Maximum measured
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values in these regions were —76 MPa, -31 MPa, and +21 MPa for the W310x118,
W310x60, and W530x82, respectively. The residual stresses in the flange tips of the
W310x60 member appear to have been affected by the process of rotarizing, or cold-
straightening. Other than this disturbance, the measured residual stresses are
indicative of residual stresses derived primarily from the cooling process, during and

after rolling.

In order to establish confidence in the results of the residual stress patterns
determined—and in the overall experimental method—a detailed check was
performed to determine how close the resulting axial forces were to reflecting static
equilibrium. Residual forces were calculated for each strip. This calculation was
based on the measured residual stresses (in some cases peak values between
measurement points had to be estimated) and the measured areas. The calculated
forces were then summed to determine the net cross-sectional force in the presence of
residual stresses, which should equal zero for static equilibrium. Because of the
inevitable experimental error, the tensile and compressive forces determined in each
cross-section were not precisely equal. For each cross-section, the mean of the tensile
and compressive forces was determined as an estimate of the magnitude of the true
forces. The error of the calculated forces with respect to this estimate of the true
forces gives one check on the validity of the residual stress patterns determined.
These errors were 2.9%, 7.0%, and 2.5% for the W310x118, W310x60, and
W530x82, respectively. Examination of the residual stress patterns indicates that they
are close to doubly-symmetric and therefore the moments about the x and y principal
axes are also close to zero. To correct for the slight experimental errors, a
combination of a uniform axial stress and linearly varying bending stresses about the
two axes could be added to satisfy the three equilibrium equations. The finite element
model automatically makes the correction by establishing global equilibrium prior to

application of any external loading.
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5.3.4 Summary

The results of the investigation of residual stresses across the cross-sections of
the column and beam members established an initial distribution of stresses present in
the shear wall specimen prior to the test. For the most part, the residual stress
distributions are typical of hot-rolled wide flange members with the stresses
developing as a result of differential cooling rates in the various regions of the cross-
section. In order to include the effect of residual stresses in the finite element model,

these patterns are used as the initial stress state.

5.4 Tension Coupon Tests

5.4.1 Introduction

A total of 18 tension coupons from the three different infill plates (Panels 1
and 2 were cut from the same plate) were tested in uniaxial tension to determine the
stress vs. strain behaviour. Six coupons were tested from each plate, with three taken
in each rolling direction. Because of the importance of using steel with hot-rolled
characteristics, from two to four of the coupons from each plate were tested prior to
the main test. Plates exhibiting cold-worked or other atypical characteristics were

discarded.

A total of 44 tension coupons from the three boundary members were tested in
uniaxial tension. Sixteen coupons were taken from the W310x118, 12 coupons were
taken from the W310x60, and 16 coupons came from the W530x82. In each case,
with the exception of a small region near the web-to-flange junction, the entire cross-

section was utilized.

5.4.2 Standards and Procedures

Testing of the tension coupons followed the requirements of ASTM standards

A370 (ASTM 1992a) and E8M (ASTM 1992b). The coupons from the infill plate
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materials were cut and machined to meet the requirements for “sheet-type” specimens
that may have a thickness of up to 19 mm. The coupons cut from the boundary
members were proportioned as “plate-type” specimens that are required to have a

minimum thickness of 5 mm.

All coupon tests were conducted in a universal testing machine of 1000 kN
capacity. Strains were recorded using an electro-mechanical extensometer with a
gauge length of 50 mm. In order to determine the modulus of elasticity,
approximately 20 readings were taken in the elastic region. Three static yield readings
were taken on the yield plateau and one at the ultimate load for each test. The final
elongation was determined using dividers on a gauge length of 50 mm for the sheet-

type specimens and 200 mm for the plate-type specimens.

5.4.3 Test Results

5.4.3.1 Infill Plates

The results of the tests for the plates from Panels 1 to 4 are shown in
Table 5.1. The mean, standard deviation, and coefficient of variation are given for all
the key stress and strain values for each plate. Note that the mean static yield and
ultimate stresses in the plates of Panels 3 and 4 are much lower than those of Panels 1
and 2. The strain-hardening strain of Panel 4 is much lower than those of Panels 1
through 3. All plates displayed extremely ductile behaviour, with failure strains in

excess of 34%.

5.4.3.2 Boundary Members

The results of the tests for the boundary members—W310x118 (columns),
W310x60 (beams at levels 1, 2, and 3), and W530x82 (beam at level 4)—are shown
in Tables 5.2, 5.3, and 5.4, respectively. As shown in the tables, four coupons were

cut from each beam flange and six from each column flange. Four coupons were cut
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from each of the W310x118 and W310x60 webs, while eight coupons were taken
from the deeper W530x82 web. The mean, standard deviation, and coefficient of
variation are given in the tables for all the key stress and strain values for each
member. The mean static yield stress is somewhat lower for the W310x118 member
than for the other members, although the mean static ultimate stresses are similar. In
each case, the web yield stress is higher than that for the flange, as would be expected,
although for the W530x82 member the difference is not large. The modulus of
elasticity was greater for the flanges than for the webs of each member. All coupons

failed at a strain of approximately 26%.

The top and bottom web coupons for the W310x118 (CW1 and CW4) and the
W530x82 (TBWI and TBWS8) members did not exhibit a well-defined yield plateau.
Therefore, yield stresses and yield and ultimate strains for these specimens are not
shown in the tables and are not included in the statistical calculations. This
phenomenon is either related to the final passes of the member through the forming
rolls after significant cooling had taken place or perhaps to the process of rotarizing.
When these shapes are cold-straightened by rotorizing, plastic deformation is
imparted to the flanges through rollers appiied to the webs. This results in a severe
and complex state of stress and strain from cold-working of the material in the region
of the web immediately adjacent to the flanges. Large through-thickness residual
strains—which would not be revealed by the residual stress measurements described
in the previous section—would be present in this region. These residual strains cause
early yielding and early strain-hardening of the material. All members did display
evidence that some cold-straightening had taken place. Since this phenomenon is
specific to' members that have been cold-straightened, it should not be assumed to be

generally present.
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5.4.4 Summary

The results of the tension coupon tests give detailed information on the stress
vs. strain material behaviour at all points in the shear wall specimen. This
information—in aggregate form—is included in the finite element model so as to
enable the program to simulate the material behaviour that was present in the test

specimen.
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Fig. 5.2 Corner Test Specimen (North Face)
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Fig. 5.3 Tears in Corner Region at Conclusion of Test (North Face)
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6. MULTI-STOREY STEEL PLATE SHEAR WALL TEST

6.1 Introduction

The large-scale multi-storey steel plate shear wall specimen was tested in the
spring of 1995 in the structural laboratory at the Centre for Engineering Research
(C-FER) in Edmonton, Alberta. In this facility, a 500 mm thick reinforced concrete
reaction wall, supported by concrete buttresses, was available for applying the
horizontal loads and a prestressed concrete strong floor provided the foundation that

supported the specimen at the base.

6.2 Test Set-up

The set-up for the shear wall test is depicted in Figs. 6.1, 6.2, and 6.3, and the
test specimen alone is shown in Fig. 6.4. The 90 mm thick base plate of the specimen
was anchored to the strong floor using 14 two inch diameter high strength steel
anchor bolts. The anchor bolts were prestressed to the strong floor so as to minimize
the amount of movement due to their elongation under the action of the large
overturning moments. These bolts were re-stressed part way through the test to retain

this benefit during the latter cycles where the loads were the most severe.

Horizontal loads were applied to the test specimen by means of 890 kN
double-acting hydraulic jacks located at each of the four floor elevations. Because the
jacks were supplied from a common manifold, the horizontal loads were essentially
equal. The vertical loads were applied through a distributing beam at the top of the
shear wall and four calibrated tension rods (see Figs. 6.1, 6.2, and 6.3) connected to
four 645 kN hydraulic jacks at the base. These jacks were hydraulically independent
so that they could be adjusted individually. This was necessary to keep the
distributing beam outriggers horizontal, thereby avoiding the risk of unseating the

distributing beam at the top of the columns. The position of the distributing beam was
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monitored throughout the test by means of an electronic rotation meter (clinometer)

connected to the distributing beam web.

Gravity load simulators, similar to those developed at Lehigh University
(Yarimci et al. 1966), were used to apply the vertical loads. These devices, shown in
Figs. 6.1, 6.2, and 6.3, form a pin-jointed mechanism that keeps the loads oriented
close to the vertical throughout large horizontal in-plane displacements. This is
accomplished without the need for manual adjustments and without causing
additional restraint to the specimen. The working capacity of each gravity load
simulator is 420 kN. Therefore, four were required to apply the 720 kN gravity loads

to each of the two columns of the test specimen.

The shear wall was braced out-of-plane at the ends of each beam at each floor
level (eight locations) using an articulated bracing system based on the principle of
the Watt mechanism. One such brace is illustrated in Fig. 6.2. A derivative of a
similar brace originally developed at Lehigh University (Yarimci et al. 1966), this
brace is able to accommodate large in-plane displacements of the shear wall without
offering any restraint or requiring any manual adjustments. It consists of three rigid
links connected by ball-and-socket joints, plus ball-and-socket attachment brackets at
each end. The brace point on the test specimen is connected to the Watt brace at the
mid-point of the centre link. The brace points at the lower three beams are located on
the columns 100 mm below the W310x60 beam bottom flanges in order that the
centre brace link can clear the horizontal loading clevises. At the top level, the brace
points are at the level of the top flange of the W530x82 beam. Watt braces were also
used at each end of the distributing beam to provide the lateral support required for

that member.
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6.3 Instrumentation and Data Acquisition

Loads were measured at all eight jacks and at the column tops using load cells.
Commercial, flat load cells of 890 kN capacity were used to measure the vertical
loads applied to the tops of the columns. Four strain gauges affixed to each tension
rod in a Wheatstone bridge circuit permitted calibration of the tension rods, so that
they acted as additional load cells and provided a redundant set of measurements of

the vertical loads.

Custom load cells manufactured at the University of Alberta, capable of
measuring loads in both tension and compression, were fitted to the 890 kN hydraulic
Jacks for measuring the horizontal loads applied at each level. These load cells were
cycled through ten complete load reversals slightly beyond the anticipated test load
range to be measured before applying high-sensitivity strain gauges. This
conditioning procedure improves the linearity of the calibration curve. There was no
redundancy of measurement for the horizontal loads as the reaction is taken out

through the floor.

In-plane and out-of-plane displacements were measured at each of the four
levels of the shear wall using large displacement cable transducers. The out-of-plane
measurements monitored the effectiveness of the bracing system. Additional
displacement measurements were taken using linear variable displacement
transformers (LVDTSs) to monitor any movement of the base plate. Two LVDTs were
used to measure vertical movements at the column bases and two others to measure
vertical movements at intermediate locations between the anchor bolts. From these
measurements, the anchorage of the base of the columns and the lowest infill plate
were evaluated. Two more LVDTs and two dial gauges monitored horizontal
movement and plan rotation of the base plate during the test. All translational
measurement locations are depicted in Fig. 6.5. In addition, any small inclination of

the tension rods connected to the gravity load simulators was monitored using four
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clinometers in order to determine whether the horizontal component of the load
applied to the tension rods was of significance. All electronic displacement-measuring

devices were calibrated immediately prior to use in this test.

The locations of the 98 electrical resistance strain gauges that were used in the
test are shown in Fig. 6.5. Thirty were in the form of ten strain rosettes affixed to
Panel 2 (five on each side) in order to determine the state of strains in the panel as it
stretched in one direction and buckled in the other. These data also permit the
calculation of principal stresses and their orientation. The remainder of the strain
gauges were positioned longitudinally on the beam and column flanges, clustered
around five of the beam-to-column junctions near the bottom of the specimen where
the strains were expected to be highest. From these strains, the participation of the
frame in resisting the applied loading is assessed. The gauge length of the rosette

strain gauges was 2 mm and the gauge length of the other strain gauges was 5 mm.

A total of 130 data acquisition channels—the capacity of the data acquisition
system—were required to read the input from the electronic devices. The data was
processed using a commercial software program to display the load vs. deflection
curves for each storey and for the shear wall as a whole during the test on a PC
monitor. Since the entire load and deflection history could not be predetermined in all
its details, the display was customized to provide instantaneous values of parameters
important in judging the manner in which the test would be conducted. This software

also provided a means of initializing the data acquisition channels when required.

6.4 Load and Deflection History

There are numerous load and deflection histories that could be used to
evaluate a structural component for seismic performance. Most slow cyclic tests, the
most common approach for simulating earthquake loading, employ a horizontal in-

plane load history with gradually increasing loads in successive cycles. Derecho et al.
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(1980), however, note that in many cases the maximum deformation—or an
amplitude close to the maximum—occurs early in the earthquake response. Therefore,
the gradually increasing load cycle history may be unconservative. On the basis of
studies of reinforced concrete shear walls, Derecho ef al. (1980) recommend a loading
history that has alternating large and small amplitude cycles. However, the traditional
loading approach of using gradually increasing loads, although not a particularly good
approximation of typical earthquake actions, has several advantages. First, as it is by
far the most widely used approach for investigating seismic structural performance, it
allows comparison with other experimental programmes. Second, the low intensity
initial cycles permit any unfore’seen problems to be addressed without damaging the
specimen. Third, one does not have to know a priori what the maximum excursion
should be in order to fully exploit the capabilities of the system. Finally, a “true”
equivalent earthquake load history requires many assumptions regarding aspects such
as the earthquake input, floor masses, and effects of non-structural elements. This
would limit the scope of applicability, while at the same time add unjustified loading

complexity.

As a result of this examination, it was considered that adhering to an accepted
standard would facilitate the comparison of the results to the findings of other
experimental research that has used the same standard. The load and deflection
history selected for the shear wall test was based on the method outlined in ATC—24
(Applied Technology Council 1992). This document states that its purpose is to
provide guidance in the selection of loading histories and the presentation of results
for slow cyclic loading tests, thereby simplifying interpretation and comparison
among different research projects. The guidelines are quite simple, but provide

flexibility to the experimentalist.

ATC-24 requires that a “deformation control parameter” be selected for
controlling the test. It recommends using some parameter related to interstorey drift.

In this test, the drift of the lowest storey (Panel 1) was selected because that is where
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the majority of the deformation and energy absorption takes place. The force quantity
best related to the deformation control parameter is the storey shear in Panel 1 (i.e.,
the base shear). The method for arriving at a loading strategy is described in ATC-24,
whereby a deformation, Sy , and a load, Qy , are determined to coincide with the
point where “significant” yielding has occurred in the specimen. Although judgement
is involved in selecting the point at which this occurs, the resultant terms Sy and Qy
are considered sufficiently precise for use as test control parameters. The values may
be determined experimentally (from a monotonic load test) or predicted analytically.
Because there was to be only a single test specimen, values of &, =6.1 mm and
Q, =2600 kN were initially estimated from the finite element analysis. Up to this
point, load control was to be used in the test and, subsequently, displacement was to

be the controlling parameter.

The specimen proved to be somewhat more flexible than predicted by the
analysis. The yield deflection (8,) in Panel 1 was selected as 8.5 mm, based on
observations made from the load vs. deflection curve up to that point. Prior to
reaching this value, single loading cycles of +200kN, *400kN, +£600kN,
+ 800 kN, and three cycles each of + 1000 kN and +1950 kN were conducted to
explore the elastic and the initial inelastic behaviour. These constituted Cycles 1 to
10. After three cycles with a deflection of &, =85 mm, the deflection in the first
storey was increased by 8.5 mm in each subsequent deformation step. Three cycles
were conducted at each deformation step up to a deflection of 35, (Cycles 17 to 19)
and two cycles at each deformation step thereafter, following the guidelines of ATC-

24.

At a deflection of 548, (46 mm), the limit of jack stroke at Level 3 was
reached in the direction of loading toward the reaction wall. In all subsequent cycles,
this peak deflection was maintained while the peak deflection in the opposite

direction was increased as prescribed in ATC-24.
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A slight unloading of the horizontal jacks occurred in Cycles 21+ and 24+
when the hydraulic reservoir had to be refilled to replace oil lost through leakage at
the jack seals. (Cycles designated as + or — refer to loading in the westerly and
easterly directions, respectively—i.e., away from or toward the reaction wall.) A final
unplanned unloading to zero occurred in Cycle 24— because of excessive leakage of
the jack at Level 2. Remedial measures were then taken to prevent such occurrences
in subsequent cycles. The specimen was reloaded to complete Cycle 24— prior to

proceeding to the next cycle.

For the first five cycles (up to and including the first cycle at + 1000 kN), a
gravity load of 75% of the eventual target value was applied to the top of each
column. This was a cautionary approach to evaluate the effects of these loads at lower
values in order to reduce the possibility of undesirable consequences. For the final
two cycles at +1000 kN and thereafter, the full gravity load of about 720 kN per
column was applied. This load represents 16% of the specified minimum yield
strength of the columns. At times there was some difficulty in maintaining the gravity
loads at a constant level as the shear wall was pushed horizontally back and forth.

Generally, the gravity loads were maintained within * 5% of the target value.

Approximately two loading cycles could be performed per day. In two
attempts to maintain the gravity loads overnight, leakage from the hydraulic system
caused unloading to about 50-60% of the desired value. This, in addition to safety
concerns, led to the decision that thereafter, the columns would be unloaded at the end
of each test day and reloaded prior to applying horizontal loads the next day. This
procedure is not considered to have had any effect on the overall performance of the

specimen.
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6.5 Specimen Behaviour During Test

6.5.1 Gravity Load Application

During the application of the initial gravity loads of 75% of the target value,
no yielding of the specimen was apparent. An inspection of the thin infill panels

revealed that no plate buckling occurred.

6.5.2 Cycles Prior to Significant Yielding

There was very little yielding in the first 10 cycles, as reflected by the fact that
the load vs. deflection behaviour of the test specimen remained virtually linear. The
earliest yielding, caused by the concentrated loads applied by the horizontal jacks,
was localized near the loading clevises. Yield lines were detected during Cycle 4 in
the web of the beam at Level 1 (located at the top of Panel 1), during Cycle 6 in the
web of the beam at Level 2, and during Cycle 8 in the web of the beam at Level 3.

In the first attempt to reach a base shear of 1950 kN (Cycle 8), the shear wall
base plate slipped about 5 mm (as measured by mechanical dial gauges) at a base
shear of approximately 1550 kN. To prevent significant movement in subsequent
cycles, a heavy brace designed to act in both tension and compression was welded to
the base plate and then connected to the reaction wall by prestressed anchor bolts. The
anchor bolts securing the shear wall base plate were also re-stressed to eliminate any
prestress losses that had occurred up to that time. The dial gauges were then replaced
by two additional LVDTs to monitor more precisely any subsequent movement of the
base of the specimen. The brace and anchor bolt prestressing reduced the slippage to

0.38 mm at a base shear of 1950 kN.

During Cycle 8, yielding was apparent in Panel 1 and, to a lesser extent, in
Panel 2. Most of the yielding was in the fish plates that connect the infill plates to the
boundary members or at the periphery of the infill plates. Characteristic diagonal
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tension yield patterns began to form at the top corners of Panel 1. By Cycle 10, the

yielded areas on the fish plates had grown larger.

6.5.3 Cycles Subsequent to Significant Yielding

In Cycle 11 (the first cycle with & =8, ), the existing yield patterns became
considerably more pronounced. Increased yielding was noted in the webs of the
beams at Levels 1, 2, and 3, as well as in the fish plates and infill plates of Panels 1
and 2. Panels 1, 2, and 3 all buckled visibly at the maximum deflection. In addition,
several loud bangs occurred in this cycle as the plate buckles popped through and
reoriented themselves upon reversal of the loading direction. These noises continued

to occur in all subsequent cycles.

During Cycle 14 (8 =238 y ), yield lines developed that covered virtually the
entire area of both surfaces of Panel 1. Additional yielding occurred in Panels 2 and 3,
including fairly heavy yielding across the bottom of Panel 2. The first yielding in
Panel 4 was noted along the top and bottom fish plates. Yield lines developed along
the web of the beam at Level 1 over its full length. The number of yield lines in this
area continued to increase as the test progressed. During this cycle, the amplitude of
the buckle in Panel 1 was estimated to be about 50 mm from the neutral position.
After unloading, residual buckles were clearly visible in a complex surface geometry

that did not favour the orientation that formed in either direction of loading.

It was noted in Cycle 15 that although the web of the beam at Level 1 and the
webs of the columns above and below were extensively yielded, there was no yielding
at all in the Level 1 beam-to-column joint panels. The first (very slight) yielding in

this area occurred during Cycle 17 (8 = 38y).

The first tear was detected during Cycle 18 in the top west corner of the south

face of Panel 1. It was 6 mm long and located at the corner of the weld connecting the
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infill plate to the fish plate, transverse to the weld axis. This tear did not propagate
during subsequent cycles and is considered to have had a negligible effect on the
behaviour of the test specimen. Residual buckles in Panel 2 after this cycle, although

slight, were readily observable visually.

During Cycle 20, local buckles in the west flange of the east column and the
east flange of the west column formed immediately below the beam at Level 1. These
buckles were of relatively small amplitude, but they grew in size during subsequent
cycles. After the lateral load had been removed at the end of this cycle, residual
amplitudes of 10 mm (west column) and 40 mm (east column) were measured. In
addition, a local buckle of 13 mm amplitude was discovered in the east flange of the

east column near the base.

In Cycle 22, tears in the plate were seen at the top corners of Panel 1 at the toe
of the fillet weld connecting the fish plate to the columns. The east tear was 120 mm
long and the west tear was 80 mm long. In addition, a 50 mm tear formed at the toe of
the fillet weld connecting the infill plate to the fish plate at the top west corner.
Figure 6.6 shows the tears at the west side, after they had propagated during
subsequent cycles. Also during Cycle 22, at a deflection of 58y in Panel 1, the
maximum base shear of 3080 kN was reached. The load-carrying capacity of the test
specimen declined very gradually during each of the remaining cycles with increasing

deformations.

By Cycle 24, the local buckles in the lowest storey that began forming in
Cycle 20 had become more pronounced. Local flange rotations about the longitudinal
axis at the web-to-flange junction caused substantial yielding in the adjacent column

webs.

Beginning at Cycle 25, tears in the interior of the Panel 1 infill plate formed as

a result of kinking of the stretched plate during load reversals. The plate tended to
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kink and straighten cyclically as the buckles reoriented themselves. Figure 6.7 shows
one such tear. Tears also appeared in the bottom west and top east corners of Panel 1

at the toe of the fillet weld connecting the strap plates to the fish plates.

By Cycle 26, column flange distortion in the first storey was extreme.
Figure 6.8 shows the distortion in the west column flanges. In each case, the
distortion increased when the column was in compression and the flanges tended to

straighten out partially when the column was in tension.

A total of 15 tears were present in Panel 1 by the end of the test, as shown in
Fig. 6.9. The tears were distributed over the entire plate area and included tears of the
types depicted in both Figs. 6.6 and 6.7, as well as those that developed in the corner
test, as shown in Fig. 5.3. The tears shown on the south face (inset diagrams) in
Fig. 6.9 are in the weld that surrounds the strap plate and do not extend through the

entire panel thickness. No tears occurred in Panels 2, 3, or 4.

6.5.4 Specimen Failure

In Cycle 30+, a deflection of 9, was achieved in Panel 1. The shear wall
was then unloaded and was in the process of being reloaded in the opposite direction,
when the west column fractured at its base at a base shear of approximately 1750 kN.
The fracture was sudden and was accompanied by a large release of energy. The
fracture began at the toe of the weld connecting the west flange of the column to the
base plate. The crack then propagated through the remainder of the west flange and
completely through the web, as shown in Fig. 6.10.

During the first loading excursion of Cycle 30 (the final complete excursion
prior to failure) the base shear reached was 85% of the maximum base shear achieved
(Cycle 22). The stiffness of the shear panel itself was declining in a very gradual and

stable manner, and it still maintained its integrity at the end of the test.

99



uoneAsyyq 15oM —dn-19€ 1591, 79 S1

:
'

L
i
' |
80014 1 ONOYLS
i
{
i

f

|
)
|
)
, '
G i
i i

3sve S19

.Mw HOLVINKWIS
QY01 ALAVHD

t
1
1
T

-
\4\‘ B LCE]
i INIONNO¥UNS

NQU1 SNANTOO

Jovde vEIV
Q3LVINDILYY TVYOLdAL -

1 {oom NOISN3L
- G3LVEENVD

L | el % otom

o¥l X 0L9M~

019 [+}33) o138

814

uonead[q YyuoN — dn-1og 19, 19 *Sig

M SNANT0D 9/° 060§ - 4

_
i I I
;

mood“ ozo%% |
X

]

PR~ MU

0+
° \
\\
.
SHOLYINAIS £102+713 * 0T0ZFS
avoT ALAVYD ——
SOOd NOISN3L //
QILVHEIIVD 3 wwgy SHOVE L TIvM
Nt 068 NOLLOVIY
09 X OISM | | /
= = o SNl um.? -
SINIOJ [¥RET3 S oFEERF
30vHE WVHILYT v RRET)
/o<8
NAMI00
BLi X OLEM
Y wwyg
09 % O1EM |
=t SN PR
1195+73 7 078873
132 (O T e
NAN1I0D avol
811 X DIEM
¥ uaurg
SROVF
Nt 068
78 X DFLOM /
. B
= G AT TESE = -
= T35 Jo
avor L
YLL X OLIM
3903 u&zxi..w 8
T30 avon 7 TOTRFFIT
¥ITI0Y - oFi X OLIM
z'9
()

100



Fig. 6.3 Overview of Test Set-up

101



Fig. 6.4 Four Storey Shear Wall Specimen
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Fig. 6.7 Tear in Panel 1 Initiated by Cyclic Kinking
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Fig. 6.8 West Column Local Distortion
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Fig. 6.10 Fracture at Base of West Column
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7. DISCUSSION OF SHEAR WALL TEST RESULTS

7.1 Introduction

Generally, the multi-storey steel plate shear wall test specimen performed as
expected. The ultimate load of 2890 kN predicted by the preliminary finite element
model prior to the test was approximately equal to the maximum load achieved at a
deflection of 36 y and the ultimate capacity of the test specimen of 3080 kN was 1.07
times that predicted. The stiffness of the specimen was somewhat lower than that
predicted by the finite element model, as discussed in Section 6.4. The ductility
exhibited by the specimen provided confirmation that the configuration tested,
consisting of thin plates with a moment-resisting frame, is favourable for extreme

cyclic loading representative of seismic actions.

7.2 Hysteretic Behaviour

The criterion used to control the test, and which is of prime importance for
defining the performance of the test specimen, is the storey shear vs. storey deflection
behaviour of Panel] 1. The test results are shown in Fig. 7.1, where the deflection is
given both in absolute terms and also in terms of the drift ratio, & / h,. The hysteresis
curves show many of the same characteristics that have been present in previous tests

of unstiffened, thin panel steel plate shear walls (e.g., Tromposch and Kulak 1987).

In the early (elastic) loading cycles, the panel behaved in a stiff manner. As
the extent of deformation increased, portions of the steel plate shear wall yielded and
the frame gradually softened. After significant yielding of the infill panels had
occurred, unloading and reloading in the opposite direction produced a consistent and
characteristic pattern. Consider the single representative cycle (Cycle 22, modified to

form a closed curve) shown in Fig. 7.2. The unloading curve a—b has a panel stiffness

108



similar to that in the elastic region, although with the increasing peak deflection in

each excursion, the slope of these unloading curves tended to decrease gradually.

As the load reversed, the stiffness of the frame was reduced substantially
(curve b-c). This reflects the redevelopment of the tension field of the panel in the
opposite direction to that of the previous excursion. Because the plate had been
stretched inelastically, the diagonal was longer than the opening within the moment-
resisting frame upon its return to the neutral position. This was manifested during the
test by significant out-of-plane buckles that were present when the shear wall was not
under load. For the tension field to redevelop to the point where it again became the
primary mechanism for resisting the storey shear (pointc), significant storey
deflection was required. When this had occurred, the curves showed an increase in
stiffness (curve c-d) because the tension field that acted as a diagonal tie braces the
storey. As the loads approached the ultimate strength again (curve d-e), yielding of
the various components of the shear wall (primarily the infill plate) resulted in
another decrease in stiffness. The subsequent curves representing the unloading and
reloading of the panel in the opposite direction (curve e-f-g-h-a) are a repetition of the

phenomena described for the curve a-b-c-d-e.

Each of the inelastic cycles carried out during the test resulted in the
generation of similar hysteresis curves that follow the various stages described above.
The primary difference in the curves is the stiffness of the shear panel during the
redevelopment of the tension field, and the amount of deflection required in order for

the redevelopment to occur, as seen in Fig. 7.1.

The maximum load achieved in each cycle increased slightly with each
excursion to a new deflection level, until the maximum base shear of 3080 kN was
reached in Cycle 22 at a deflection of 58, . Subsequent to this, the load-carrying
capacity of the shear wall declined very gradually from cycle to cycle. In the final

cycle—at a deflection of 93, —the test specimen carried 85% of the maximum base
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shear achieved (Cycle 22). Cycle 22 was also the cycle where panel tears began
forming. These, along with the local buckles in the column flanges that began
forming in Cycle 20, are considered to be the contributing factors in the gradual

degradation of the shear wall.

The curve in Fig. 7.1 possesses a distinct asymmetry in the two loading
directions because, as discussed in Section 6.4, the deflections in Panel 1 were limited
to a maximum of 548y in the direction toward the reaction wall. It should be noted
that this limitation was only of consequence affer the maximum capacity of the shear
wall was reached. Furthermore, it is considered unlikely that it had a significant effect
on the declining cycles for excursions in the opposite direction, where the deflections

were not limited by the loading device.

The distinct characteristics of the loading and unloading behaviour described
above for Panel 1 are also evident in the base shear vs. top deflection graph shown in

Fig. 7.3. This diagram gives a measure of the behaviour of the shear wall as a whole.

In total, 30 cycles of loading were applied to the test specimen prior to failure.
Of these, 20 cycles resulted in loading the specimen well beyond the point of
significant yielding. This is generally considered to be more severe than the number
of inelastic cycles that a shear wall would be expected to resist during an earthquake.
For example, Derecho ef al. (1980) conducted response history analyses on concrete
shear walls and determined the displacement history for earthquakes of 20 second
duration. A broad range of structural periods and seismic frequency characteristics
were studied. Using a total of 170 cases, they determined that the number of fully
reversed large-amplitude cycles was fewer than four in 95% of cases, with an extreme
value of six. (A fully reversed cycle is defined as one in which an excursion of 0.75 to
1.0 times the maximum amplitude is followed immediately by an excursion in the

opposite direction of at least 0.5 times this maximum.)
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Figure 7.1 clearly demonstrates the significant ductility exhibited by Panel 1.
Although the maximum deflection achieved was nine times the deflection at which
“significant” yielding took place, as defined in Chapter 6, the true ductility exhibited
by the system is even greater. Popov (1980) defines the displacement ductility factor
as being the ratio of the maximum horizontal deflection of a structure at a selected
storey to the deflection at the point of significant yielding. Furthermore, the
maximum horizontal deflection is taken as the fotal inelastic excursion during a half-
cycle. This recognizes the increased demand on an inelastically deformed structure
that must deform significantly to reach the neutral position prior to the next inelastic
loading excursion in the opposite direction. Although the subjective nature of
determining the point of significant yielding is acknowledged by Popov, the
definition used in this research closely parallels his. According to these definitions,
with a deflection of 543, in one direction followed by a deflection in the other of
98, , the displacement ductility factor for Panel 1 of the tested steel plate shear wall is
actually 14.4. Had the jack stroke at Level 3 not been restricted, the displacement
ductility factor based on a half-cycle would have been greater. Measures to eliminate
the local buckling of the column flanges that eventually led to fracture of the column

would also have increased the ductility.

The area enclosed by the hysteresis curves is a measure of the energy
dissipated by the system in resisting the particular load or displacement history
imparted. Figure 7.1 shows that the curves generated are relatively wide, indicative of
signiﬁcant energy dissipation during each cycle. The curves exhibit some pinching
due to the reduced stiffness in the region where the plate buckles reorient themselves
during a load reversal and the tension field is not fully developed. However, the area
enclosed is distinctly greater than the area enclosed by curves generated for steel plate
shear walls with shear-type beam-to-column connections (Tromposch and Kulak

1987). The result of constructing the shear wall with a moment-resisting frame is to
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increase greatly the amount of energy dissipated, as well as to provide an inherent

redundancy, thereby improving seismic performance.

Figure 7.4 is a histogram that shows how the amount of energy dissipated
during each cycle varies throughout the test. In the figure, the amount of energy
dissipated is shown for each displacement ductility ratio, 6 /8, excluding /8, =9
where failure of the column prevented the completion of the cycle. A steady increase
in dissipated energy occurred from 8/8, =1 to 8/8, = 6. Thereafter, the rate of
increase in dissipated energy decreased dramatically. However, as discussed in
Section 6.4, the displacement cycles starting at a displacement ductility ratio of
8/8, =6 were affected by a limitation in the stroke of one of the jacks. This clearly

has an effect on the results presented in Fig. 7.4.

To correct for the modification of the deflection sequence due to the limitation
of the loading device, estimates were made of the additional energy that would have
been dissipated had it not occurred. This is based on the assumptions that the
behaviour would have been the same in the two loading directions and that the greater
deflections in one directioﬁ would not affect the behaviour in the other in subsequent
cycles. The adjusted histogram, shown in Fig.7.5, indicates that the energy
dissipation in the final cycles continues to increase substantially up to displacement
ductility ratio of 6 /8, =8, although the rate of increase does decrease slightly. (Had
the test not been terminated due to the fracturing of one of the columns, the increase
in the amount of energy dissipated would be expected to continue for greater ductility
levels.) The continued increase in energy dissipation shows that any narrowing of the
hysteresis curves and reduction in capacity are more than compensated for by the
increased storey deflection. This means that, although the base shear that the wall was
able to carry decreased from a maximum of 3080 kN in Cycle 22, its capacity to

dissipate energy actually continued to increase. Therefore, the point of maximum
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capacity of the structure should not be considered to be the extent of its useful

ductility.

7.3 General Observations

The uniformity of the hysteresis curves indicates that the behaviour of the
steel plate shear wall test specimen under severe cyclic loading was not only very
ductile, but was also extremely stable. There were no sudden losses of stiffness and,
even after the peak load had been reached, deterioration was slow and controlled.
Tearing of the infill plates, which is a mechanism for dissipating energy, also
occurred in a gradual manner: increases in tear lengths in any given cycle were only
incremental. One of the reasons that the tearing did not result in sudden decreases in
stiffness is the ability of the continuous shear plate to redistribute loads to areas
unaffected by the tearing. Furthermore, the tearing was distributed relatively
uniformly over the area of Panel 1, as shown in Fig. 6.9, with the result that most
tears remained small throughout the test. The ability of the panels to redistribute load
effectively provides a redundancy in the lateral load-resisting system that is beneficial
for seismic applications. The efficiency of this stress redistribution is also reflected in

the fact that the tears had little effect on the overall strength of the shear wall.

Research on the behaviour of beam-to-column joint panel zones in moment-
resisting frames (e.g., Krawinkler and Popov 1982; Popov e al. 1986) has shown that
with proper proportioning they can absorb large amounts of energy through inelastic
deformations. The panel zones provide a ductile fuse for the dissipation of energy

under seismic forces, thereby reducing the demand on other components of the frame.

Although the steel plate shear wall tested had moment-resisting joints at the
beam-to-column connections, whitewash in the joint panel zones remained intact until
16 cycles of loading had been applied, indicating that there was no significant

yielding of the material in these regions. Even during Cycle 17, the extent of yielding
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was limited, with only slight flaking of the whitewash detected on the north side of
the west joint panel zone at Level 1. This point in the displacement history
corresponds to a deflection in Panel 1 of 33, . Furthermore, at the end of the test,
inelastic deformations in the joint panel zones remained small. It is emphasized that,
other than flange continuity stiffeners, no doubler plates or other forms of panel

stiffening were used.

The observation that no significant deformations occurred in the joint panel
zones supports the contention that the primary ductile fuse of the steel plate shear wall
system is the infill plate. This means that, in the terminology of Clause 27 (Seismic
Design Requirements) of the Canadian steel design standard (CSA 1994), the infill
plates would be considered the “critical elements.” (In this document, elements that
undergo large plastic deformations are termed critical elements.) In effect, the
presence of the infill plates reduces the demand on the joint panel zone and distributes
the energy dissipating mechanism over a much larger area, while at the same time
stiffening the frame significantly. Because of the presence of the infill plate, there is a
reduction in reliance on the moment-resisting frame for resisting the storey shears.
Therefore, the joint panel zone will generally not be a critical element, and can be

designed to remain essentially elastic, resulting in additional economy.

During the Northridge Earthquake in January 1994, moment-resisting joints
suffered fractures in many buildings. As a result, Engelhardt and Sabol (1994), Yang
and Popov (1995), and others have been studying the cause of this type of failure. In
the Northridge failures, the bottom beam flanges generally fractured at the column
with a number of different characteristic patterns. Slow cyclic tests have, in some
cases, been able to duplicate some of these failure modes. The reduced demand on the
moment-resisting frame in a steel plate shear wall due to the diagonal storey brace
from the infill plate tension field tends to make the situation less severe. However, it

is acknowledged that there are a number of features that may have contributed to the
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fractures in the Northridge earthquake that are somewhat different from the test
specimen discussed herein. These include the presence of concrete floor slabs and

difficulties in making the large welds in the lower flange.

Many of the Northridge fractures initiated at the natural notch formed by the
backing bar used during the welding operation at the beam flanges. The SAC Joint
Venture, a group representing a broad cross-section of industry organizations,
recommends (FEMA 1995) removal of the backing bar and run-off tabs, back
gouging, and redepositing weld material at the bottom of the flange in an overhead
operation. The procedure is then completed by grinding the weld and testing it using
non-destructive techniques. All these operations are expensive and reduce the
competitiveness 6f the system in the marketplace. Costs are further increased due to
the recommendation for various types of joint reinforcement or haunches in order to
force the plastic hinge away from the connection. The backing bars and run-off tabs
used in the fabrication of the steel plate shear wall test specimen were left in place in
all locations and no such reinforcement was used. However, no distress of any kind
was noted in the areas of the beam-to-column connections, in spite of the very large
deformations imparted to the test specimen and the large number of loading cycles

applied.

Because of the large deflections accommodated by the lowest storey, a
comparison is made with the seismic drift limitations prescribed by building codes.
The National Building Code of Canada (NBCC 1995a) specifies a limitation on
interstorey drift of 0.01hg for structures that are designed as post-disaster buildings
and 0.02h for all other buildings. For the steel plate shear wall test specimen, this is
equivalent to a deflection at Level 1 (hg =1928 mm) of 19.3 mm (238y) for post-
disaster buildings and 38.6 mm (4.53 ) for other buildings.

In a similar manner to the National Building Code of Canada,

recommendations under the National Earthquake Hazards Reduction Program
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(NEHRP) limit the interstorey drift depending upon the seismic hazard grouping
(FEMA 1994). Buildings in group 3 (those having essential facilities that are required
for post-earthquake recovery), group 2 (those that have a substantial public hazard
due to occupancy or use), and group 1 (those not assigned to groups 3 or 2) are
limited to an interstorey drift of 0.010h,, 0.015h, and 0.020h, respectively. For the
test specimen, this is equivalent to deflections at Level 1 of 19.3 mm (238y),
28.9 mm (3.48y), and 38.6 mm (4.55), respectively. In buildings of four storeys or
fewer where the non-structural elements are specially designed to accommodate large
displacements, somewhat more liberal limits may be used. The largest permissible
interstorey drift under these circumstances is 0.025h for buildings in seismic hazard
group 1. For the test specimen, this is equivalent to a deflection at Level 1 of 48.2 mm

(5.78).

Thus, the range of permissible levels of interstorey drift for the steel plate
shear wall test specimen, without special requirements for the non-structural
elements, is 19.3 mm (2.36y) to 38.6 mm (4.58y). In the test, the ultimate strength
was reached in Cycle 22 with a deflection at Level 1 of 42.5 mm (58), which is
greater than the drift limitation in these cases. Therefore, even if drift were to control
the design of the shear wall, deflections would not be expected to reach the post-
ultimate region. Even for the most liberal case, where deflections of 0.025h are
allowed, the resulting deflection in the test specimen would still not lead to any
significant strength degradation. The deflections imposed during the test were,
therefore, much more severe than would take place in a properly designed structure.
Nevertheless, the shear wall panel exhibited excellent performance throughout the

test.
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7.4 Failure Mode

The test specimen failed in Cycle 30 by the sudden fracturing of the west
column at its base. A metallurgical examination revealed that the fracture began in the
heat-affected zone of the outer column flange near the toe of the complete penetration

groove weld that connected the column to the base plate.

The crack began at the flange tip and propagated approximately 30 mm along
the flange in a relatively tough manner, as is apparent from the 45° shear lips on the
fracture surface. Examination of the crack surface showed that of the initial 30 mm,
only the last 10 mm occurred in the final cycle of loading (Cycle 30), exhibiting a
classical ductile failure surface appearance. The initial 20 mm crack surface (at the tip
of the flange) had been deformed in compression during one or more of the earlier

load cycles.

When the crack reached 30 mm in length, the cross-sectional area had been
sufficiently reduced such that a brittle cleavage fracture was initiated, with the failure
surface perpendicular to the plane of the flange. Growth occurred completely through
the outer flange and through the web to the inside of the inner flange. The final

fracture happened with a large release of energy.

Although failure of the column occurred at a very large deflection and after a
large number of inelastic reversals, the failure mode is also of importance in assessing
the suitability of a structural system for seismic applications. Certainly, the failure

mode of sudden fracture of the column is not desirable and should be avoided.

The reason for this failure mode is evident. During Cycle 20 (near the ultimate
load), local buckles began forming in the column flanges at the top and bottom of the
column segment adjacent to Panel 1. As the frame deflections became more severe,
the amplitudes of the local buckles grew. At large deflections, the buckle amplitudes

at the column bases grew to approximately 90 mm when the column was in
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compression. As the column went into tension when the loads were reversed, the local
buckles tended to straighten. This action caused a severe cyclic bending of the flanges
at the column base, eventually causing the material to fracture. The problem was
compounded by the fact that when the flange in tension, the heavy weldment at the
base plate effectively restrains the through-thickness contractions (the Poisson effect).
This creates a condition of triaxial tensile stresses that significantly reduces the local

ductility of the material.

One way to prevent the local flange movements that contributed to the fracture
of the column is to install full-depth horizontal stiffeners between the column flanges.
Adding column stiffeners near the top and bottom of the storeys in locations where
sﬁains are expected to be several times the yield strain would restrain the formation of
these local buckles. The test demonstrated that local buckles may form in the absence
of sufficient stiffening under extreme lateral deformations even if Class 1 beam-
column sections are used. This occurs because the ductility demands far exceed those
required to reach and maintain the plastic moment, which defines the width-to-
thickness ratios for elements of Class 1 sections. The most critical location for
stiffening is at the column base, where the presence of heavy welding increases the
likelihood of a low-cycle fatigue failure. Non-destructive inspection of the welds to

ensure high quality is also recommended at these locations.

Another measure that may improve the performance of the connection at the
column base is to force the plastic hinge away from the area that is restrained by
welding. One way in which this could be achieved is by strengthening the columns at
their bases by adding cover plates to the flanges. Tapered cover plates could be used

to avoid an abrupt change in stress at their ends.

Because the shear panel still maintained its integrity when the column fracture
occurred, had this failure mode been prevented there is reason to expect that the very

gradual deterioration of capacity would have continued. However, because the load-

118



carrying capacity of the test specimen during Cycle 30 had already decreased to 85%

of the maximum, no repair of the column was attempted.

7.5 Force Modification Factor, R (NBCC 1995a)

Although earthquake design methodologies vary throughout the world, a
common approach used to account for inelastic seismic performance of a particular
structural system is to reduce the elastic design forces to a level that would be
encountered if significant inelastic behaviour occurred. Structural systems that are
capable of effectively dissipating seismic energy inelastically are permitted larger
reductions than those that are not. The National Building Code of Canada
(NBCC 1995a) accomplishes this through a factor called the “force modification
factor,” R. Considerations in establishing a value for the factor include ductility, the
capability to dissipate energy through several load reversals within acceptable
deformations and without failure, redundancy, previous performance in major z;.nd
moderate earthquakes, and design and construction experience (NBCC 1995b).
Clearly, engineering judgement is required in making an appropriate assessment. No
information is available about steel plate shear wall structures that have been
subjected to major or moderate earthquakes. However, the test reported herein has
shown that the ductility of the test specimen and its energy dissipation capacity over
many cycles are excellent. Furthermore, the redundancy of the shear wall system with

both shear panels and moment-resisting frames is desirable for seismic applications.

Provisions for the design of all types of steel plate shear walls are stated in
Appendix M of Canadian standard CAN/CSA-S16.1-94 (CSA 1994). In the National
Building Code of Canada (NBCC 1995a), they have been conservatively assigned
values of the force modification factor based on engineering judgement and the

limited data available at the time. Three values were assigned as follows:
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1. R=4.0: Ductile steel plate shear walls, with moment connections
provided between the beams and columns that are proportioned in
accordance with the requirements of Clause 27.2 of Canadian standard

CAN/CSA-S16.1-94 (CSA 1994).

2. R=3.0: Nominally ductile steel plate shear walls, with moment
connections provided between the beams and columns that are
proportioned in accordance with the requirements of Clause27.3 of

Canadian standard CAN/CSA-S16.1-94 (CSA 1994).

3. R=2.0: Ordinary steel plate shear walls proportioned with no
requirements beyond the provisions of Appendix M of Canadian standard

CAN/CSA-S16.1-94 (CSA 1994).

The values of the force modification factor for ductile and nominally ductile
steel plate shear walls are the same as those assigned to the enclosing steel frames
alone and, therefore, do not recognize the potentially improved behaviour of the steel

plate shear wall.

Uang (1991) showed how the value of R can be quantified within the
framework of the NEHRP provisions (FEMA 1988). In order to determine a value
for R, the relationship between the actual response and the theoretical elastic response
and design base shear must be estimated in some manner. Although not stated
explicitly, the National Building Code of Canada (NBCC 1995a) incorporates an
implied definition of R based solely on the ductility of the structural system. The

design base shear is defined as:

V=(-Y—°-)U [7.1]
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where V. is the base shear that would result if the structure were to remain elastic,
U is a calibration factor, and R is the force modification factor. The factor U was
established with a value of 0.6 in order to maintain design base shears at the same
level as in the previous edition of the Code (NBCC 1995b). The inverse of U is
generally considered to be an “overstrength factor” that attempts to account for the
fact that buildings have a reserve strength beyond that assumed in design. Tso (1992)
suggests that some reasons that overstrength occurs are that member sizes may have
been selected to meet stability or drift requirements or strength requirements of other
load cases, redundancy not accounted for in the design may improve the actual
behaviour, and non-structural elements may contribute to the lateral strength of the
building. Materials also generally have strengths well in excess of their nominal

values.

Figure 7.6 shows three base shear vs. deflection responses of a structural
system. The actual response, an approximate bilinear response, and the response if the
system were to remain elastic are all shown. If the system were to remain elastic and

there were no overstrength, it would have to be designed for a base shear V,.

However, structures are generally able to undergo some inelastic deformation that
allows them to be designed for a lesser base shear, which is addressed by the factor R.

Therefore, from Eq. 7.1, the reduced base shear is obtained as:

VC

== [7.2]

cl<

which represents the base shear expected during the actual response, V. , as shown

in Fig. 7.6. Therefore:

Vo= YRL [7.3]

max

Rearranging Eq. 7.3 leads to the definition of the force modification factor, R:
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R=—¢ [7.4]

max

The overstrength factor 1/U reduces the base shear given in Eq. 7.3, V., to the

design value, V, as defined in Eq. 7.1 and as shown in Fig. 7.6.

The elastic deflections shown in Fig. 7.6 corresponding to the base shears V,
Vinax» and V. are 8y, 8y, and 3y, respectively. It is emphasized that 8, has the
same definition as that used previously in discussions about the test results. The
deflection 8, , defined here as the maximum deflection at which a base shear of
Vmax €an be maintained, occurs at the intersection of the actual and approximate
bilinear response curves. The National Building Code of Canada (NBCC 1995a),
gives the maximum inelastic deflection to be expected during an earthquake, &ygc, as

R times the elastic deflection resulting from the design earthquake forces, or RSy,

that is:
From Fig. 7.6, it is evident that:
%
dy =9 7.6
A\ y Vmax [ ]

Substituting the expression for 3 in Eq. 7.6 into Eq. 7.5 and solving for R:

R = 6NBC Vmax [77]

5, V

Substituting expressions for V and V_,, from Eqgs. 7.1 and 7.3, respectively:

R = OB [7.8]

Us,
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Setting the deflection 8 g, which represents the maximum inelastic deflection of the

structure, equal to the maximum inelastic deflection achieved in tests, &, , gives:

R = omax [7.9]

The value of U is 0.6 and the values 8, and 3,,, can be determined through an
experimental determination of the load vs. deflection response of the system.
Therefore, according to the procedures outlined above, the value of R can be

determined experimentally.

Figure 7.7 shows the envelope of cyclic response curves for Panel 1 of the
four storey shear wall test specimen. Assuming that the response beyond the point
where the descending curve intersects the approximate bilinear curve cannot be

utilized, then:

=6 [7.10]
and from Eq. 7.9, the force modification factor is determined to be R =10 for the
steel plate shear wall.

For comparison, another interpretation of the relationship between the elastic
and inelastic response curves is presented. For all but very short period structures, and
assuming linearly elastic— perfectly plastic response, the maximum inelastic
deflection of a structure is approximately equal to the deflection if it were to remain

elastic under the same earthquake excitation (Clough and Penzien 1993), that is:
Sve =8 nax [7.11]

Therefore, if 8y, is taken equal to &, , Eq. 7.4 becomes:
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Re_Ve _Ove _ Oma [7.12]
Vow 8, 8,

Based on the assumption stated in Eq.7.11, from Eqgs. 7.10 and 7.12, the force
modification factor is determined to be R =6 for the steel plate shear wall. Although
this method has a sound rational basis, it may be overly conservative due, in part, to
the fact that the elastic base shear itself, V,, tends to be conservative (Tremblay ef al.

1993).

The experimentally derived value of the force modification factor based on the
implicit definition of R in the National Building Code of Canada (NBCC 1995a) was
determined to be 10, while a more conservative interpretation leads to a value of 6.
Moreover, even though there was a slight degradation in the maximum base shear
carried at large deflections, the energy dissipated continued to increase up to a
deflection of &/6, =8. If an evaluation were made on this basis alone, a force
modification factor of 8 to about 13 could be assigned. The system is also inherently
redundant and exhibited excellent energy dissipation characteristics. Thus, based on
this evaluation of the test résults, the value of R = 4.0 assigned to ductile steel plate

shear walls in the National Building Code appears to be very conservative.
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8. FINITE ELEMENT ANALYSIS OF TEST SPECIMEN

8.1 Introduction

A preliminary finite element model for the analysis of steel plate shear walls is
described in Chapter 3. Basic features of the model, such as the types of elements and
the solution strategy used are discussed. An analysis using the model is compared to
the results of a shear wall test conducted by Timler and Kulak (1983). In Chapter 4,
these modelling concepts are applied to the four storey steel plate shear wall test

specimen and predictions of its behaviour are made.

After the completion of both the main test and the ancillary tests, the finite
element model was refined to represent more closely the test specimen as constructed.
This chapter presents details of the refined model and the results of the associated
analyses. Some of the most important basic features of the model described in
Chapter 3 are repeated here for completeness, together with a discussion of

modifications and refinements.

8.2 Description of Model

8.2.1 Elements

The basic components of the steel plate shear wall model were not changed
for the final analyses. The beams and columns were modelled using a quadratic,
shear-flexible beam element that allows for large axial strains. An I-shaped cross-
section was used with 13 integration points so as to allow an accurate depiction of the

stresses that vary non-linearly over the cross-section.

The shear wall infill plates were modelled using a quadratic shear-flexible
plate/shell element. Five integration points were used through the thickness to permit

an accurate representation of non-linear constitutive material behaviour. As in the
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preliminary model, a 6x9 element mesh was used for Panel 1, a 4x9 mesh was used

for Panel 4, and a 5x9 mesh was used in the remaining panels.

Further details of the elements used in the model are described in
Section 3.2.1. Figure 4.3, representing the preliminary model, is also applicable for

the refined model.

8.2.2 Geometry

Before conducting the shear wall test, the specimen was measured extensively
to determine the as-built dimensions to be used in the subsequent analyses. The
measured camber and sweep of the beams and columns and the column out-of-plumb
were considered to be negligibly small and, therefore, they were not included in the

model.

The cross-sectional dimensions of the beams and columns were measured at
34 locations. Mean values were used in the finite element model for the flange and
web dimensions of each member type. The thickness of each panel was measured at
12 locations and the mean values were used in the model. A summary of the as-built

dimensions is presented in Section 4.5.

The fish plate connection tabs were omitted from the model, as was done for
the preliminary model. The suitability of this idealization is discussed in
Section 3.3.1. The infill plate was taken to have an initial out-of-flatness
corresponding to the third plate buckling mode of the shear wall loaded in the same
manner as for the subsequent strength analyses. This mode occurred at an applied
lateral load of 49.0 kN per floor. The third mode was selected because it was the
lowest mode that resulted in the peak non-dimensional amplitude occurring within
Panel 1, where the greatest plate deformations occur. The peak amplitude was set to

an out-of-plane displacement of 10 mm, as in the preliminary model.
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8.2.3 Connectivity and Bracing

Line elements are used for both the beam and the column members. The
element nodes may be located eccentric to the centroid of the cross-section, as shown
in Fig. 3.1. The column elements lie immediately adjacent to the infill plates and are
connected directly to them at each node. Rigid outrigger elements are required at the

tops of the columns in order to apply the concentric vertical loads.

The beam elements lie on the beam centreline. Rigid elements project upward
and downward by a distance equal to one half the depth of the beam at each node and
are in turn connected to the infill plate. In this manner, deformation compatibility is

assured between the beams and infill plates.

The column bases and the lower edge of Panel 1 are fully fixed. The model
also includes the out-of-plane bracing that was present in the physical test at each end

of each beam.

8.2.4 Residual Stresses

In order to include the effects of residual stresses in the finite element model,
extensive residual strain measurements were taken at various locations on the cross-

sections of each type of member in the shear wall frame, as described in Section 5.3.

The finite element program, ABAQUS (Hibbitt er al. 1994), allows initial
stress states to be specified only at integration points. The elements were modelled
using 13 integration points across the cross-section, as described in Section 3.2.1.

Integration is then performed internally according to Simpson’s rule.

In order to incorporate the measured residual stresses into the model, certain
assumptions were made. It was clear from the measured data that the residual stress
patterns were essentially doubly-symmetric. Therefore, no distinction was made

between the two flanges of each member or between the two halves of each flange
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and web. The data was mirrored about the flange and web centrelines and the data
from the two flanges were superimposed. This results in four data points at each
measurement location for the flanges and two data points for the webs. However, the
three data points that were apparently disturbed by rotorizing of the W310x60
member (see Section 5.3.3) were discarded. The resulting data for the flanges of the
W310x118 member are presented in Fig. 8.1. The approach of mirroring the data
points necessarily results in a doubly-symmetric residual stress distribution. There are
two advantages to this. First, internal static moment equilibrium is enforced about the
two principal axes and, second, the assumed residual stress distribution is independent

of the orientation in which the member is installed into the frame.

A best-fit curve was applied to the measured data, as shown in Fig. 8.1. In all
but two cases, a second order polynomial was sufficient to result in a suitable
correlation coefficient (r* > 0.95). In one of these exceptions, use of a fourth order
polynomial was able to achieve this level of correlation. In the other case, a sixth
order polynomial limit was invoked for the W310x60 flange data, which showed
considerable scatter, resulting in a value of r* = 0.92. Residual stresses were then
determined from the curves at the integration points in the finite element model and

used as the initial stress conditions for the numerical analyses.

When a user-defined initial stress condition is imposed upon the model, a
situation may exist where global equilibrium is not satisfied in the structure.
Therefore, an initial analysis step was performed prior to the application of any
external loading that incrementally adjusted the initial stress pattern until equilibrium
was achieved. It was observed that the residual stresses were not altered significantly

by this analysis step.
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8.2.5 Material Properties

In the final analytical study, most of the material properties were taken as
prescribed for the preliminary model. A simple rate-independent constitutive
behaviour is assumed in the model that is identical in tension and compression and

the yield criterion is the von Mises yield surface model.

Measured material properties form the basis for the stress vs. strain relation
for both the infill plates and the boundary members in the final model. Because of the
large number of high level strain reversals, a kinematic hardening rule is invoked to
simulate the Bauschinger effect in the cyclic runs. When kinematic hardening is
specified, ABAQUS requires that the plastic strain relation have only a single
hardening modulus. Thus, material behaviour determined from tension coupon tests
must be modelled with a bilinear representation. The bilinear stress vs. strain response
selected extended from the origin to the mean value of the static yield point (the slope
is equal to the mean modulus of elasticity) and then to the mean static ultimate stress
and corresponding strain. Any strains beyond this point are considered by the
program to occur at a constant stress level. In order to facilitate comparisons, this

same bilinear stress vs. strain relation is also used in the monotonic loading case.

8.2.6 Geometric Non-linearity

Refinements such as the inclusion of initial residual stresses resulted in a
relatively complex model. With the consideration of geometric non-linearities, the
analysis program was unable to trace the equilibrium path fully to the ultimate
capacity. Therefore, for the monotonic loading case up to the ultimate capacity and
for the cyclic loading case, the geometric non-linearities were not considered. To
assess the impact of this approximation, a monotonic loading case was investigated

with these non-linearities included, up to the point where the solution would no
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longer converge. This is equivalent to a deflection at Level 1 of approximately

8.5 mm. The results of this comparison are described in Section 8.3.1.

8.3 Results of Analyses

8.3.1 Monotonic Loading

Using the refined model, but excluding geometric non-linearities, an ultimate
strength analysis was performed in a manner similar to the preliminary numerical
study. (A partial analysis that includes the geometric non-linearities is described
subsequently.) After the initial analysis step to equilibrate the residual stress
distributions in the beam and column members, gravity loads of 720 kN were applied
to the top of each column. This magnitude is equal to the target gravity load used in

conducting the physical test.

Equal horizontal in-plane forces were then applied at each floor level. The
horizontal loads were increased until the deflection at Level 1 reached a value equal
to 78, (59.5 mm), which is well beyond the deflection where the ultimate strength

was reached.

Figures 8.2 to 8.5 show to the same scale the resulting storey shear vs. storey
deflection response for Panels 1 through 4, respectively. Figure 8.6 shows the base
shear plotted against the horizontal deflection at the top of the model. (Figure 8.6 uses
a reduced horizontal scale as compared with Figs. 8.2 to 8.5.) In each case, there is
excellent agreement with the test results up to a base shear of about 400 kN, or about
one-eighth of the maximum value attained. At higher loading levels, where the model
is still essentially elastic, it predicts stiffer behaviour than that exhibited by the test
specimen. This discrepancy is considered to occur for two reasons. First, the non-
linear geometric effects, not taken into account in the model, tend to become more
significant as the deflections increase. Second, the cyclic nature of the loading applied

to the test specimen generally results in a slightly decreasing storey stiffness with an
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increasing number of cycles of loading applied. (It is noted that the significant yield
deflection, &, , was first reached during the eleventh loading cycle.) This slight
stiffness degradation is not modelled in the monotonic loading of the finite element

analysis.

The results for all panels and for the overall shear wall behaviour show that
the finite element model accurately predicts the ultimate load. This load level

occurred in the test at a deflection of 58, (42.5 mm) at Level 1.

The gradual post-ultimate strength degradation exhibited by the test specimen
(Cycles 24 to 30) is not seen in the finite element results because the tearing and local
buckling behaviour of the shear wall were not included in the model. This degradation
is derived primarily from these phenomena. In any case, current earthquake
engineering practice (e.g., NBCC 1995a; FEMA 1994) prohibits the utilization of
ductility levels that result in storey deflections of the magnitudes experienced in
~ Panel 1 during these cycles. However, if ductility demands of this magnitude were
required of the structure during an earthquake, the physical test has demonstrated that

no sudden loss in stiffness will occur in a properly detailed steel plate shear wall.

In order to assess the effect of omitting geometric non-linearities in the
analysis, a second monotonic analysis was conducted with the geometric non-
linearities included. The equilibrium path was traced up to a load and deflection level

where it became very difficult to achieve convergence.

The results of the two analyses (including and excluding geometric non-
linearities) are compared in Figs. 8.7 to 8.11, where the loading excursions for
Cycles 5+, 8+, and 11+ of the test are also shown. The softening effect of including
the geometric non-linearities is evident in each of the figures. The decrease in slope in
the elastic portion of the responses varies from 11% to 20%. The response that

includes geometric non-linearities also tends to deviate from the linear initial response
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at a lower load level than the response that excludes this effect. Moreover, when the
applied shear is sufficiently high in Panel 1, the softening effect of multiple loading
cycles can be seen by a comparison of Cycles 8 and 11 (Fig. 8.7). Had the test
specimen been loaded with a monotonic loading history, the results of the model that
includes geometric non-linearities would agree even more closely with the test results.
It is also evident that for Panels2 to 4 (Figs. 8.8 to 8.10, respectively), which
underwent considerably less distortion and degradation, the analysis that includes the

geometric non-linearities shows excellent agreement with the test results.

It is recommended that, wherever feasible, geometric non-linearities should be
included in the finite element analysis of steel plate shear walls. However, where
severe numerical difficulties are encountered, an excellent approximation of the
ultimate strength is obtained even by neglecting this effect. For estimating the
structural stiffness at low and medium load levels, a partial analysis including

geometric non-linearities should be conducted to as high a load level as practicable.

8.3.2 Cyclic Loading

The monotonic loading analyses provide a means of estimating the envelope
of the cyclic response up to the ultimate capacity. However, in order to fully describe
the cyclic behaviour, the finite element model must be able to trace the unloading and

reloading responses with reasonable accuracy.

A cyclic analysis was performed on the steel plate shear wall with loading
similar to that applied to the test specimen. The storey shear vs. storey deflection
results of this analysis are shown in Fig. 8.12 for Panel 1. For practical reasons, only
the loading for Cycles 5, 11, 17, 22, and 26+ was applied. A reduced gravity load was
used in the early cycles of the test, which affected only Cycle 5 of the analysis. The
target gravity load from the test of 575 kN per column was applied during this cycle

and the load was then increased to 720 kN for all subsequent cycles.
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The effects of non-linear geometric behaviour were not included for reasons
stated previously. A kinematic hardening rule was used to simulate the Bauschinger

effect during load reversals.

The stiffness at very low loading and the ultimate strength are both predicted
well by the model, as was the case for monotonic loading. The stiffness of the model
at intermediate load levels is somewhat higher than the stiffness exhibited by the test
specimen. This is considered to be chiefly due to the exclusion of the non-linear

geometric effects.

An important feature of the hysteretic behaviour that is not duplicated by the
model is the pinching of the hysteresis curves. The test specimen exhibited
significantly reduced stiffness during the early reloading phase after a load reversal,
as shown in Fig. 8.12. This occurred prior to the full development of the diagonal
tension field in the infill plate. This reduced stiffness did not occur in the numerical
analysis. This is primarily because, although the infill plate is deflected significantly
out-of-plane, the local second order effects have been neglected. Further work is
required so that the second order effects can be included in the finite element analysis
to model properly the pinching characteristic of the shear wall hysteretic behaviour. A
relatively simple behavioural model that does reflect the pinching characteristic is

presented in Chapter 9.

8.4 Summary

The preliminary finite element model presented in Chapter 3 was refined in
order to represent the four storey test specimen as closely as practicable, but the basic
features of the model such as the element types and the model mesh were retained.
As-built dimensions and measured material properties were used in the model. An
initially deformed geometry was used to represent initial out-of-plane deformations in

the infill plates and the residual stresses of the boundary members were modelled.
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The model predicts the ultimate strength of the shear wall very well for all
storeys. The initial stiffness of the model is also in good agreement with the test
results. However, at somewhat higher load levels, the model overestimates the
stiffness of the test specimen. This is attributed primarily to the fact that the second
order geometric effects were neglected in the analysis in order to be able to achieve
convergence to the solution at large deflections. A slight decrease in stiffness of the
test specimen during low and moderate intensity loading cycles also contributed to

this discrepancy.

Although the main monotonic and cyclic analyses were conducted without the
consideration of geometric non-linearities due to numerical difficulties, a separate
study including the non-linearities led to substantially better comparisons with the test
results. Additional research is required to obtain solutions at large deflections with the

inclusion of the second order geometric effects.
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9. SIMPLIFIED ANALYSIS

9.1 Introduction

The finite element method provides a powerful technique for modelling the
behaviour of complex structures. However, the resources for conducting such an
analysis are not universally available. In the case of routine analysis of building
components, designers generally require simpler methods that can be processed with

commonly available computing resources.

A simplified method for analysing thin-panel steel plate shear walls—the strip
model—was presented originally by Thorburn e al. (1983). This model represents the
buckled infill plates as a series of discrete, pin-ended strips inclined in the direction of
the tension field. The model can be analysed using any commercially available plane
frame analysis package, making the method accessible to almost all structural design

offices.

Results from a strip model analysis have been compared with good results to
the physical tests done by Timler and Kulak (1983) and by Tromposch and Kulak
(1987). However, the shear wall test conducted as part of this research affords the first
opportunity to evaluate the strip model by comparing it to a test employing a multi-

storey configuration, for which it was originally developed.

This chapter discusses the assumptions inherent in the plane-frame strip model
and the multi-step approach for determining the envelope of the load vs. deflection
behaviour. Results of strip model analyses of the test specimen are compared to the
test data and the results of the finite element analysis described in Chapter 8. The

sensitivity of the strip model analysis to various parameters is also discussed.

Two models for predicting hysteretic behaviour of steel plate shear walls are

presented. A model developed by Tromposch and Kulak (1987), which is a revised
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version of a model originally developed by Mimura and Akiyama (1977), is described
and a new model is proposed that explicitly separates the contributions of the
moment-resisting frame and the infill panel at all stages of the loading cycle. The
models are used to predict three cycles of response from the test curves and

comparisons between the two models are made.

9.2 Strip Model

9.2.1 Analysis Method

The strip model assumes that the dominant action that resists a storey shear is
the diagonal tension field that develops after the thin, unstiffened infill plate buckles.
Generally, buckling occurs at relatively low lateral loads because of the large size of
the panel with respect to its thickness and because of the inevitability of some initial
out-of-plane imperfections. Because of the dominance of this behaviour, the tension
field is modelled as a series of discrete, pin-ended strips inclined with the same
orientation as the tension field. This assumes that the compression in the orthogonal
direction is negligible and that the angle of inclination of the tension field can be
reasonably predicted. The strips are assigned an area equal to the plate thickness
multiplied by the width of the strip. In a previous study (Thorburn er al. 1983),
modelling each panel with a series of ten strips was found to provide sufficient
accuracy. However, for comparison, the use of 20 strips was also studied herein. This
comparison is presented in Section 9.3.2. Figure 9.1 shows the plane frame model

used for the analysis of the test specimen.

Because most common plane frame computer programs are only capable of
representing elastic behaviour, a full analysis up to the ultimate strength requires a
multi-step approach. When the lateral load applied to the model reaches a level such
that any strip reaches its tensile yield capacity, that strip is removed from the model

and replaced by equivalent forces at each end. This approach models the strip
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implicitly as having a bilinear elastic — perfectly plastic stress vs. strain curve, i.e., the
member maintains its yield load, but is unable to carry additional load as the applied
forces increase. Assuming that the infill plate in the real structure has properties
typical of hot-rolled structural steel, this is a good behavioural approximation. It
should be recognized that, although the yield stress of the material is generally not
known in advance, a good estimate is required for an accurate prediction of the
response of the frame. In most design situations, simply using the nominal yield
strength leads to conservative results because the mean yield strength generally
exceeds the nominal value by a considerable margin. However, in seismic design, if
the actual yield stress is greater than that assumed, overstressing of other components
can occur during an earthquake. In some cases, a pair of analyses to bracket likely
extremes may be appropriate. In the multi-storey test examined herein, the properties

of all materials used were known from ancillary tests.

Inelasticity in the moment-resisting frame must also be represented in the
analysis in order to model properly the shear wall behaviour. In a manner analogous
to that used for the material response in the tension strips, the members of the frame
are assumed to form a plastic hinge when the cross-section is fully yielded under the
combined actions of axial and flexural forces. This results in a softening of the shear
wall boundary frame. Appendix M of the Canadian steel design standard (CSA 1994)
requires that columns forming an integral part of a steel plate shear wall shall be
proportioned as Class 1 beam-columns. This means that a fully plastic condition can
be achieved without the onset of local buckling. However, the possibility of overall
member buckling is not addressed by this planar analysis and must be checked

separately.

For axial compression plus uniaxial bending about the major axis, the cross-
sectional capacity of a Class 1 I-shaped beam-column can be described (CSA 1994)
by the equation:
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where C and M are the applied compressive force and moment, respectively, and C,
and M, are the actions that cause full plasticity under the effects of compression or
bending acting alone. (The load and resistance factors have been omitted from
Eq.9.1.) When the lateral loads reach a level where this equation is satisfied
anywhere in the frame, a plastic hinge is modelled at that location. Clearly, it is
necessary that the yield strength for the material again must be estimated. The use of

nominal values of cross-sectional proportions is considered appropriate for design.

Modelling a plastic hinge in an elastic plane frame analysis requires the
introduction of a true hinge plus opposing moments on each side of this joint equal in
magnitude to the moment that was present when the hinge formed. Thus, at the hinge
location, the frame will maintain the current moment as the lateral loads increase in
subsequent loading steps. Because of the nature of the hinge in the model, the cross-
section will continue to accept axial load. Although with perfectly plastic behaviour
- this model is not strictly correct, neglected effects such as strain hardening make this

a reasonable approximation.

It should be recognized that the formation of a plastic hinge is actually a
gradual process and that varying amounts of plasticity exist over a finite length of the
member. However, the assumption that elastic behaviour is maintained up to the point
of full plastification of the cross-section and that the hinge ultimately forms at a point
are considered to be reasonable approximations. Moreover, it is considered adequate
to examine the frame for plastic hinges only at the ends of the members. Thus, plastic
hinges are modelled when they form at the end of the beams or in the columns at a

floor level only. Residual stresses in the boundary members are neglected.
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Gravity loads expected to be present in combination with the lateral loads are
applied in the first load step and maintained throughout the analysis. Some method of
accounting for second-order effects due to these gravity loads acting on a deflected
frame is required: in an ultimate strength analysis deflections can rapidly become
significant. Most commercial plane frame computer programs can accommodate the

second-order geometric effects.

The multi-step analysis procedure consists of applying lateral loads until
yielding occurs in one or more tension strips or a plastic hinge forms at some point in
the moment-resisting frame. The analysis to this point provides load and deflection
information for the frame at the limit of elastic behaviour. The model is then modified
by replacing yielded tension strips with forces and replacing plastic hinges with true
hinges and moments according to the methods described above. This softened model
is then loaded with lateral forces greater than those in the previous step. Loading
continues until yielding occurs in one or more of the remaining tension strips or
another plastic hinge forms. The process is repeated until a mechanism forms or until

the load vs. deflection curve approaches zero slope.

Experience has shown that it is good practice to rerun the analysis after
tension strips are removed or hinges inserted and the associated forces added, initially
without increasing the lateral loads. Should the results of the two analyses differ
significantly, the modelling errors can be identified and corrected. An increment in

the lateral load may then be applied.

9.2.2 Angle of Inclination of Tension Field

In order to formulate a steel plate shear wall strip model, the angle of
inclination of the tension field (and thus of the tension strips) must be estimated. A
method of estimating this angle based on the principle of least work was derived by

Thorburn ef al. (1983) and later refined by Timler and Kulak (1983). The derivation

156



was similar to that of Kuhn et al. (1952), which, in turn, was based on the theory of

pure diagonal tension originally developed by Wagner (1931).

According to Timler and Kulak (1983), the angle of inclination, o, for steel
plate shear walls having pin-ended beams is (some symbols differ from those in the

original work):

tL
I+ —
-1 2Ac

4 3
h
l+ths(«1~+ : J
A, 3601, L

o =tan [9.2]

where the variables are as defined in the list of symbols. Although the formulation of
Eq.9.2 involves a number of simplifying assumptions, Timler and Kulak
demonstrated that reasonable agreement was obtained between the predicted value

and those measured in the infill panel of their test specimen.

There is considerable added complexity in extending Eq. 9.2 for use in steel
plate shear walls having moment-resisting beam-to-column connections. This arises
because the storey shear is shared in a complex interaction between the moment-
resisting frame and the diagonal tension field. Rather than making further
approximations, in Section 9.3.2 it is demonstrated that for the four-storey test
specimen, the load vs. deflection behaviour is relatively insensitive to the angle of
inclination selected in the range near 45°. In shear walls of typical proportions, the
angle of inclination would not be expected to differ from 45° by more than a few

degrees. Therefore, an angle of 45° can be used for preliminary analyses.

The bending moments measured near the beam-to-column joints during the
four storey test were relatively low and would also be expected to be low in other
similar shear walls because of the dominance of wall behaviour observed in the test as

opposed to frame behaviour. Therefore, it is suggested for the final analysis that
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Eq. 9.2 remains a valid method for estimating this angle for shear walls with moment-

resisting beam-to-column connections.

9.3 Comparison with Test Results

9.3.1 Introduction

Strip model analyses of the test specimen were carried out in order to compare
the results with the behaviour exhibited during the physical test. In order to
demonstrate the effect of varying the angle of inclination of the tension strips, models
with two different angles, judged to be near the lower and upper end of the typical
range, were used. In each of the two cases, the same angle of inclination was used in

all four storeys.

In general, it is recommended that ten strips be used in each storey. However,
in order to investigate the effect of the number of strips used in the model, another
analysis was conducted using 20 strips in the lowest storey. The use of ten strips was

retained for the top three storeys.

In all analyses, gravity loads that were equivalent to those applied to the test
specimen were included. Equal lateral loads were applied at each floor level in a

monotonic manner until the ultimate capacity of the frame was reached.

9.3.2 Analyses and Results

The analyses presented in this section were performed using the commercial
three-dimensional structural analysis computer program S-FRAME (Softek Services
1995). The features utilized for the analysis are available in most commercial two-

dimensional frame analysis programs, however.

In conducting P-delta analyses that reflect the deflected shape, the S-FRAME

program considers both the effects of axial loads acting on a member deflected
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between its end points (the so-called P -8 effects) and the effects of axial loads
acting on a member with one end laterally displaced with respect to the other (the
P—A effects). The technique follows a two-cycle iterative approach. In this

procedure, nodal displacements, {X}, are determined initially using a linear analysis:
[K]{X} = {R} [9:3]

where [K] is the structure stiffness matrix and {R} is the load vector. Using these
displacements, the member forces are determined and used to form the structure
geometric stiffness matrix, [Kg], that accounts for both the P—8 and P~ A effects.

In the second cycle, the nodal displacements are recalculated according to:

(K]+[Kg]) {X} = {R} [9.4]

which includes an approximation of the second-order geometric effects. Final

member forces are then determined from the updated nodal displacements.

In order to create a strip model, the angle of inclination of the tension field, o,
must be estimated. As a starting point, the numerical model developed for the test
specimen was created using an angle of inclination for the tension strips calculated
according to Eq. 9.2. This equation identiﬁed‘angles for Storeys 1 through 4 of 42.0°,
41.8°, 42.4°, and 43.5°, respectively. The mean value of 42.4° (referred to in
subsequent discussions as 42°) was used in each storey for the model. Figure 9.1
shows a diagram of the model with the infill plates modelled as ten pin-ended strips in
each storey. Figures 9.2 to 9.6 show the results of the analysis for each of the four
storeys and for the shear wall as a whole. (For ease of comparison, the scales are
identical for the four individual panels.) The curve in each figure depicting the
behaviour of the moment-resisting frame acting alone serves to demonstrate the
significant contribution of the infill panels in resisting the storey shears and

increasing the stiffness of the structure.
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The areas of the tension strips were calculated using the mean measured
thickness of the infill panels of the test specimen. However, nominal values were used
for the cross-sectional properties of the frame members. Extensive measurements
showed that the mean quantities did not differ appreciably from the nominal values.
In all cases, the mean measured static yield stress was used to determine the onset of

plastic behaviour.

In the initial loading step, the full gravity loads were applied to the column
tops and equal lateral loads were applied at the four floor levels. The lateral loads
were set to a value where inelastic action first occurred, according to the criteria
outlined in Section 9.2.1. The numbers in the diagram of the frame shown in Fig. 9.7
ihdicate the loading steps of the numerical analysis during which plastic hinges
formed or tension strips yielded. Inelastic action first occurred through the formation
of a plastic hinge at the base of the column on the opposite side of the frame to the
applied lateral loads. This establishes the limit of elastic behaviour for the strip model
curves of Figs. 9.2 to 9.6. The numerical model was then modified to include the
behaviour of this plastic hinge and the lateral loads were increased further, up to a
point where a second plastic hinge formed. This took place in the same column,
below the beam at Level 1. In the third step, a plastic hinge formed in the other
column at the base. In the fourth step, three of the diagonal strips in the third storey
yielded in tension and were then removed from the model for subsequent steps. The
loading of the numerical model continued in this manner until the ultimate strength of
the shear wall was reached. Figure 9.7 shows the complete sequence of yielding.
Although a collapse mechanism was not yet present, Fig. 9.2 shows that the stiffness

of the frame was approaching zero. The complete analysis required 14 load steps.

When determining whether yielding had occurred in a tension strip or whether
a plastic hinge had formed in a boundary member, a tolerance of 5% of the theoretical

values was used in order to reduce the computational effort. This does not result in a
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significant loss of accuracy. A stricter tolerance would result in an associated increase

in the number of steps required for the ultimate strength analysis.

It can be seen from Figs. 9.2 to 9.6 that the strip model gives a good
representation of the load vs. deflection behaviour of the test specimen. In each case,
the ultimate strength is in excellent agreement with the test value, particularly for
Panel 1 (Fig. 9.2), which is the critical panel. The amount of inelastic behaviour
predicted by the analysis for Panel 4 was negligible, whereas in fact some inelasticity

in the panel was observed in the test prior to reaching the maximum base shear.

The initial stiffness of the numerical model is consistently less than the
stiffness measured during the test, as may be seen by comparing the initial slopes of
the curves. The differences in stiffness vary from 6% to 30%, reflecting the fact that
the mechanism for resisting storey shears at low load levels is not as well represented
by tension strips as it is at the higher load levels. It is noted however, that a slight
decrease in stiffness of the test specimen was observed with each cycle of loading,
even at very low load levels. Since the numerical model is elastic at these load levels,
this feature is not represented. The effective stiffness of the real structure (after some
cycling at low load levels) is somewhat less than the initial stiffness, and therefore the
discrepancies are actually somewhat smaller than those reported above. This is
because the initial cycling deforms the infill plate, increasing the role of the diagonal

tension field in resisting storey shears.

In each case, the stiffness predicted by the strip model became equal to the
stiffness measured in the test when the loads reached approximately 55% to 65% of
the ultimate capacity, which occurred at about the point of first yield in the analysis.
This represents a transition region, wherein the diagonal tension field becomes the

dominant mechanism for resisting the storey shears.
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There are several factors that contribute to the stiffness of the shear wall at
low load levels that are not modelled by the strip analysis, which is a simplified

representation of the real structure. These are discussed in detail in Section 9.5.

The analysis described above is based on the assumption that the angle of
inclination of the tension field is o =42°. For comparison, a similar analysis was
conducted on a numerical model that used o =50° in each panel. This value is the
angle measured in Panel 1 at the end of the test. The multi-step analysis was
conducted in the same manner as described for the first model and, once again, 14
steps were required to reach the ultimate strength. The results are also presented in

Figs. 9.2 t0 9.6.

Examination of the curves in Figs. 9.2 to 9.6 reveals that the change in the
angle of inclination from 42° to 50° does not have a significant effect on the ultimate
strength of the model, either for each of the panels individually or for the shear wall
as a whole. By increasing a from 42° to 50°, the initial stiffness decreases slightly.
This decrease varies from 0% to 9% for the cases depicted in Figs. 9.2 to 9.6. These
facts indicate that the behaviour of the model up to the ultimate strength is relatively
insensitive to the angle of inclination selected. A full parametric investigation is
beyond the scope of this research, and further study is desirable in order to confirm

this as a general conclusion.

As a means of substantiating the use of only ten strips to model the continuous
infill plates, the analysis for the model with an angle of inclination of 50° was
repeated using 20 strips in Panel 1. The method of analysis was identical, but 17 steps
were now required to reach the ultimate capacity. This simply reflects the larger
number of strips that require removal from the model as yielding takes place. There
was no significant difference in the sequence of yielding in the model with the larger

number of strips.
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Figure 9.8 shows a comparison of the storey shear vs. storey deflection
behaviour of Panel 1 for the models using ten and 20 strips. The figure clearly shows
that there is no significant loss in accuracy when the ten strip discretization is used as
compared with 20 strips. It is possible that further research into this aspect might

reveal that even fewer than 10 strips could be used.

9.4 Hysteresis Models

9.4.1 Hysteresis Model of Tromposch and Kulak (1987)

The ability to predict the amount of energy that a particular steel plate shear
wall configuration is capable of dissipating under inelastic cyclic loading is valuable
in assessing its seismic performance. Tromposch and Kulak (1987) have presented a
method for predicting hysteresis curves for thin-panel steel plate shear walls loaded
cyclically. The method is a modified version of a model originally developed by
Mimura and Akiyama (1977). The hysteresis curves are predicted using the
monotonic load vs. deflection curve generated by a strip model analysis and using a
series of assumptions regarding hysteretic behaviour. A full description of the method
and the assumptions upon which it is based can be found in Tromposch and Kulak

(1987).

Figure 9.9 shows the hysteresis model proposed by Tromposch and Kulak
(1987). The envelope of curves (curve O-A-P) is an idealized bilinear representation
of the strip model analysis. Identical envelope curves are used in the two loading

directions.

Consider the first cycle, O-A-B-C-D-E-F-G. During the initial stage of
loading, the shear wall response is assumed to follow the elastic curve O-A. Upon
loading beyond point A, a reduced stiffness is assumed as the wall deflects by an
arbitrary amount along the envelope of curves (curve A-B). The unloading curve

(curve B-C) is assumed to be parallel to the elastic curve (curve O-A) until the shear
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reduces to zero. Implicit in the assumption that the panel shear reduces to zero at
exactly zero applied load is that both the panel and the moment-resisting frame
behave in an elastic — perfectly plastic manner and that they both become inelastic at
the same deflection. This assumption is a reasonable approximation for most typical
steel plate shear wall configurations. This issue is discussed further in the description

of the proposed hysteresis model in Section 9.4.2.

Reloading consists of a phase wherein the stiffness is only that of the moment-
resisting frame (curve C-D), followed by a phase dominated by tension field action
(curve D-E). The first of these reloading phases occurs prior to reaching the deflection
where the stretched plate forms a tension field (point D) and it assumes elastic frame
behaviour. The extent of deflection in the first phase depends upon the amount of
permanent inelastic deformation imposed in the previous half cycle (O-C). Because of
the reduction in length of the compression diagonal during the deflection A-B (the
Poisson effect), the deflection O-C is not fully recovered at the onset of the second
reloading phase (point D). The hysteresis model assumes a Poisson’s ratio for plastic
behaviour of 0.5, and therefore the deflection along curve C-D is equal to 0.5 times
the distance O-C. This is analogous to the procedure recommended by Mimura and
Akiyama (1977), described in Chapter 2. The curve is then assumed to simply extend
linearly from point D to the cusp of the envelope of curves in the reloading direction
(point E). As the model is deflected farther in this direction by an arbitrary amount, it

follows the inelastic curve E-F. It is then unloaded elastically to point G.

In all cycles after the first, the two-phase reloading curve is determined in a
manner that reflects the inelastic behaviour from the previous cycles. Consider the
reloading curve G-H-B. Once again, the slope of the first phase reloading curve
(curve G-H) is based on the elastic stiffness of the moment-resisting frame acting
alone. However, the extent of deflection is taken to be equal to the permanent
deformation from the previous cycle in the same direction of loading (O-C) plus one-

half of the permanent deformation from the half cycle just completed in the opposite
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loading direction (O-G). This reflects the previous stretching of the diagonal plus the
shortening of the diagonal due to the Poisson effect. The second phase extends
linearly from the end of the first phase (point H) to the point on the envelope curve
where unloading began in the previous cycle (point B). Further deflections take place
along the envelope curve (curve B-I), and thereafter, unloading and subsequent
reloading take place in the manner described for curve F-G-H-B-I. For cycles with
relatively large deformations, during the redevelopment of the tension field the
moment frame may undergo deflections large enough to form a mechanism. Beyond
this deflection, the curve is assumed to have zero slope until the tension field forms.
Curve M-M'-N illustrates a curve where a mechanism forms in the moment-resisting

frame at point M'.

In order to assess the efficacy of this model, it was used to predict hysteresis
curves for Panel 1 for Cycles 15, 18, and 21. The monotonic load vs. deflection
curves of both the strip model and the moment-resisting frame acting alone were used
in the model. The comparisons between the experimental results and the predictions
are shown in Figs. 9.10, 9.11, and 9.12. The panel deflections for these cycles are

equal to 28, 33, and 48, respectively. At cycles with larger deflections and after

a greater number of load reversals, effects such as plate tearing, local buckling, and
extensive frame inelasticity render the assumptions less valid. The strip model used
had the tension strips inclined at an angle of 50° from the vertical, although there is

no significant difference for an angle of 42°, as shown in Fig. 9.2.

The procedure for generating the hysteresis curve for a single cycle with equal
deflections in the two directions can be carried out as described above. The maximum
deflection is located at a value equal to the maximum recorded for that cycle in the
test. (If the procedure is to be used to predict behaviour—as opposed to comparing

the analytical method to existing test results—this value can be selected for any
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arbitrary deflection.) The corresponding load is equal to the load at which this

deflection is reached in the strip model analysis.

Figures 9.10, 9.11, and 9.12 show that the predicted curves tend to
underestimate the energy dissipation. The test/predicted ratios of the energy

dissipation for Cycles 15, 18, and 21 are 1.63, 1.24, and 1.25, respectively.

In Cycle 15, the slopes of the predicted unloading curve and the second phase
reloading curve (where tension field action dominates) show good agreement with
those of the test curve. The primary reason that the model underestimates the energy
dissipation is that the slope of the first phase reloading curve (based on the elastic
stiffness of the moment frame) is less than the stiffness exhibited by the test
specimen. This is because any stiffness contributed by the infill plate has been

neglected.

The predicted curve for Cycle 18 shows good agreement with the test results
in the unloading region and in the reloading phase where the moment-resisting frame
remains elastic. The marked change in stiffness where the frame forms a mechanism

is not seen in the test curve.

In Cycle 21, the slopes of the prediéted unloading curve and the reloading
curve where the moment-resisting frame is elastic show good agreement with those of
the test curve. As in Cycle 18, the complete loss of stiffness at the point where the
moment frame forms a mechanism is not seen in the test curve, although a slight

decrease in stiffness did occur.

9.4.2 Proposed Hysteresis Model

In order to represent more precisely the contributions of the moment-resisting
frame and the infill panels in the hysteretic behaviour of thin-panel steel plate shear

walls, a new model is proposed. It is based on the previous work of both Mimura and
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Akiyama (1977) and Tromposch and Kulak (1987). In this model, the behaviour of
the shear wall is divided in two distinct components—that of the frame and that of the
panel. The load vs. deflection behaviour of both the frame and the panel are assumed
to be bilinear, but the deflections at which they become inelastic are not necessarily

equal. Therefore, the resulting shear wall behaviour is trilinear.

Figure 9.13 shows the idealized curves based on the strip model (& =50°) and
moment-resisting frame analyses shown in Fig. 9.2. Because the slopes of the shear
wall and moment frame curves taken from the analyses subsequent to the point where
the frame yields (K; and K, respectively) are approximately equal, the panel
stiffness in this region, K, is assumed to be zero. The shear resisted by the panel
after the moment frame yields is determined by subtracting the shear resisted by the
frame from the total shear. The deflection at which the moment-resisting frame
becomes inelastic, Ayf, is reflected by a cusp on the overall shear wall curve.
Immediately prior to this, the shear wall possesses a stiffness equal to that of the
frame, Ky, since the stiffness of the panel in this region is assumed to be zero. The
wall and frame curves are completed by initial segments having a slope equal to their
elastic stiffnesses, K; and Kg,, respectively. The intersection of the first two
segments of the shear wall curve represents the point at which the panel curve
becomes inelastic (at a deflection A yp)» establishing the elastic panel curve with a

stiffness K, .

In determining the unloading curves, the panel and frame are assumed to
unload according to their elastic stiffnesses. Because they did not yield at the same
deflection, they also do not unload through the same deflection. The panel becomes
completely unloaded in a deflection A,y . At this point, the frame (and therefore the
overall shear wall) still resists some shear. Upon further unloading of the shear wall,
the panel is assumed to buckle immediately as it begins to become loaded in the

opposite direction. Therefore, the stiffness of the shear wall decreases to that equal to
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the elastic stiffness of the moment-resisting frame acting alone. The bilinear panel
and frame curves are used to determine the hysteretic behaviour of the shear wall

based on their respective contributions during each phase of the loading cycle.

Figure 9.14 shows the proposed hysteretic model. The initial elastic curve
O-A has a stiffness equal to the initial stiffness of the wall, K,, as determined from
the strip model analysis. Beyond point A, at a deflection A, (see Fig. 9.13), the panel
behaves inelastically and the shear wall stiffness reduces to that of the moment-
resisting frame, K. At point B, at a deflection A, the moment frame yields and
the shear wall stiffness reduces to the post-yield stiffness of the moment-resisting
frame, K;,. The shear wall then deflects following this path up to an arbitrary
deflection at point C. Unloading then takes place along the line C-D with a stiffness
equal to the elastic stiffness of the shear wall, K,. Because the deflection of the panel
and frame at the limit of elastic behaviour (A, and A, respectively) are different,
they do not become completely unloaded at the same time. At point D (after a
deflection of A, during unloading from point C), the panel shear has reduced to zero
and the moment-resisting frame resists the entire remaining load. If the panel had the
same stiffness in both directions, a further reduction in load would then result in not
only a reduction in load carried by the momeht-resisting frame but also a reloading of
the panel in the opposite direction. However, as was assumed by Tromposch and
Kulak (1987), the thin panel is assumed to buckle immediately. Therefore, the panel
remains unloaded as the moment frame unloads elastically along the path D-E with a
stiffness K;,. At point E, the frame has recovered by a distance A, which is
dependent upon the deflection at point C since K¢, #0. At point E, both the panel

and the frame are completely unloaded.

Loading in the opposite direction continues along the path E-F with a slope
equal to the elastic stiffness of the moment-resisting frame, K;;. The total deflection

from point C to point F, where the moment frame becomes inelastic, is 2A ¢. From
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point F to point G, the shear wall is assumed to have the post-yield moment frame
stiffness, K¢, . The total deflection required for the tension field to redevelop in the
new loading direction (from point D to point G) is determined in the manner
described by Mimura and Akiyama (1977) and Tromposch and Kulak (1987) that
assumes a Poisson’s ratio equal to 0.5, as discussed in Chapter 2. Therefore, the
absolute deflection at point G is one-half that of point D, where the panel became
completely unloaded. (Note that the tension field may develop before the moment
frame yields. In that case, the region of reduced stiffness—curve F-G—would not
exist.) Further loading follows the path G-H, with a stiffness Koi + K¢y In this
region, the tension field is developed and the moment-resisting frame possesses its
post-yield stiffness. Point H is located on the strip model curve for the shear wall.
Continued loading in the same direction follows a path with the slope K; = Ky, up to

an arbitrary deflection at point J.

Unloading and reloading follow the path J-K-L-M-N-P-C in a manner similar
to that described above. In determining the abscissa of point N (i.e., for cycles beyond
the first), the procedure of Tromposch and Kulak (1987) is adopted. Therefore, the
deflection from point K to point N is equal to the absolute deflection at point D (in the
previous cycle in the same direction) plus one-half the absolute deflection at point K
(in the previous half-cycle). This implicitly assumes that the inelastic stretching of the
panel in the previous half-cycle begins when the overall deflection is zero. In fact, this
is not necessarily the case according to the curves generated from these models. For
example, point H does not necessarily lie on the vertical axis. However, this
assumption yields good agreement with the test results of both Tromposch and Kulak
and the four storey shear wall test and gives a resulting effective Poisson effect.
Unloading and reloading from pointC in the second cycle follows the path
C-D-E-F-G'-H'. The increase in deflection from point G to point G' reflects the
additional stretching of the panel that did not exist during the first cycle.
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By dividing the shear wall into two distinct components, the hysteresis
behaviour can be modelled with the contributions of each component known
explicitly at each stage. This is conducive to the analysis of other steel plate shear
wall configurations such as one proposed by Xue and Lu (1994), wherein the

moment-resisting frame spans several bays with infill plates installed in only one.

Figures 9.10, 9.11, and 9.12 show the hysteresis curves derived from the
proposed model for Cycles 15, 18, and 21 of the test. The test/predicted ratios of the

energy dissipation for these cycles are 1.33, 1.16, and 1.11, respectively.

In Cycle 15, the unloading curve shows good agreement with the test results.
In the loading region where the tension field has not yet developed, the stiffness of the
test specimen is greater than that predicted by the model. This indicates that the panel
stiffness, which is neglected in the model, is significant during this cycle. The slope
of the predicted curve during the phase where the tension field is developed is
somewhat greater than that of the test curve. The curves bisect one another, which
tends to offset the underestimate of the energy dissipation in the first reloading phase.
(Reasons for discrepancies between the test and predicted curves are discussed

subsequently.)

The predicted curve for Cycle 18 shows good agreement with the test results
in the unloading region and in the reloading phase where the moment-resisting frame
remains elastic. The significant loss in stiffness predicted by the model as the
moment-resisting frame forms a mechanism is not reflected by the test results. Again,
the predicted stiffness during the loading phase where the tension field is developed is

somewhat higher than that of the test specimen.

In Cycle 21, the slopes of the predicted unloading curve and the reloading
curve where the moment-resisting frame is elastic show good agreement with those of

the test curve. The model predicts a great reduction in stiffness where a mechanism
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forms in the moment frame, whereas only a small reduction in stiffness was seen in
the test. The predicted stiffness in the phase where the tension field is developed is

greater than that of the test specimen.

In each cycle, the deflection at which the tension field in the panel becomes
effective, as seen by a sharp increase in the slope of the response, is predicted very
well by the proposed model. Similarly, a reduction in slope is seen in Cycle 21 at the
deflection where the moment-resisting frame is predicted to form a mechanism. Also
in Cycle 21, and to a lesser extent in Cycles 15 and 18, the predicted reduction in the
slope of the unloading curve at a storey shear somewhat greater than zero is reflected
in the test curve by a gradual reduction in slope. This feature was even more
prominent in the hysteresis behaviour of the shear wall specimen tested by

Tromposch and Kulak (1987), as seen in Fig. 2.6.

For relatively large deflection cycles (Cycles 15 and 21), the elastic stiffness
of the moment-resisting frame alone (assuming no stiffness in the panel) gives an
excellent estimate of the shear wall stiffness up to the point where a mechanism
forms. Even for smaller deflection cycles, a good estimate of the stiffness would
likely result for very thin panels or for panels that had previously undergone severe
deformations. However, because of the incremental decrease in slope during this
loading phase in each successive cycle of the test (see Fig. 9.2), caution is advised in
extending this method to cycles with extremely large deflections. However,
approximate hysteresis curves can still be generated if a good estimate of the stiffness

can be made.

The underestimate of the stiffness during the reloading phase that occurs after
a mechanism forms in the moment-resisting frame is attributed to the forces that
develop in the corners of the infill panels that tend to prop the frame. This

phenomenon is discussed in Chapter 10. The stiffening effect becomes significant at
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relatively large deflections from the point where the panel first became unloaded.

Strain hardening may also play a role in the stiffness being higher than predicted.

The overestimate of the stiffness in the reloading phase where the tension field
action is dominant is attributed to a softening effect resulting from the deterioration of
the panel during the test. This is substantiated by the incremental decrease in slope
during this loading phase in each successive cycle of the test (see Fig. 9.2). However,
it is interesting to note that during the initial excursion at a particular peak deflection
level, the shape of the response curve at high load levels is very similar to that
predicted by the proposed model. This can be seen best by examining in Fig. 7.1 the

first excursion curves for deflections of 25, 3, and 43, where steep loading

curves followed by curves with very low stiffness near the ultimate load are evident.
The second cycles at each respective peak deflection level were presented in
Figs. 9.10, 9.11, and 9.12 because it was felt that the extra energy dissipation seen in
the first excursion cannot be relied upon should previous excursions have occurred
that are equal or greater in magnitude. Even with the reduced energy dissipation

during the second cycle, the proposed model conservatively estimates its value.

The test curves presented in Figs. 9.10, 9.11, and 9.12 exhibit all of the stages
represented in the proposed hysteresis model, although they are not as clearly
differentiated. This model, although approximate, is a relatively simple means of
estimating the hysteresis curves that would result from loading a steel plate shear wall
cyclically including significant inelastic behaviour. It is also useful in providing
comparisons of the amount of energy dissipation that can be expected among different

shear wall configurations.

9.4.3 Comparison of Hysteresis Models

An important reason for modelling the hysteretic behaviour of structural

systems is to estimate the amount of energy dissipated during inelastic cyclic loading.
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Tromposch and Kulak (1987) compared their hysteresis model with the behaviour of
the shear wall specimen they tested at two different deflection levels. During cycles
with peak deflections of about 8 mm (hg/275) and 17mm (h,/129), the
test/predicted ratios of energy dissipation reported were 1.36 and 0.83, respectively.
They attributed the discrepancies, in part, to the uncertainty of the behaviour of the
beam-to-column joints, which were bolted shear-type connections. In the case of the
four storey shear wall specimen with moment-resisting joints, the connection

behaviour can be predicted more reliably.

Test/predicted ratios of the energy dissipated by the four storey shear wall in
Cycles 15, 18, and 21 were presented in previous sections for both the Tromposch and
Kulak (1987) model and the proposed model. In all cases, the proposed model
resulted in a test/predicted ratio closer to 1.0. The mean test/predicted ratios of the
three cycles for the Tromposch and Kulak model and the proposed model are 1.37
and 1.20, respectively. Therefore, the proposed model gives a mean estimate of the
energy dissipation in these cycles that is improved by 12.4% over that of the previous
model. It should be noted that the cycles presented had peak deflections that were
considerably greater than those examined by Tromposch and Kulak, as described
above. During Cycles 15, 18, and 21, peak deflections were reached of 17 mm

(hg /113),25.5 mm (hg / 76), and 34 mm (h, / 57), respectively.

The proposed model, therefore, provides an improved estimate of the energy
dissipation of the four storey shear wall. This, combined with the fact that it explicitly
models the respective contributions of the infill panel and the moment-resisting frame
at each stage of loading, make it an effective method for predicting hysteretic shear

wall behaviour.
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9.5 General Discussion

As discussed in Section 9.3.2, the initial stiffness of the test specimen was
somewhat underestimated by the strip model. Several factors may contribute to this.
By modelling the infill panels as a series of discrete diagonal strips, only the
phenomenon of pure tension field action is modelled. However, it is obvious that the

true behaviour of the panels is somewhat more complex.

The justification for modelling the continuous panel as a series of separate
strips of plate is that the proportions of the panels and the presence of initial
imperfections lead to out-of-plane deformations at low loads. The compressive forces
perpendicular to the tension field are, therefore, limited. However, at low loads the
buckle amplitudes are small and are restrained by the perpendicular tension band. If
the compression struts were nearly fully effective, the behaviour would approach that
of a planar plate in a state of pure shear. It is recognized that this limiting condition
cannot be true even at very low levels of loading, because of the initial out-of-plane
deformations that inevitably are present in the large panels. However, it is proposed
that, up to a moderate load level, the pure shear model provides a reasonable
approximation of the true behaviour. The precise level of loading up to which this
approximation is valid is a matter of judgement, and a parametric study would be

required to make recommendations that are generally applicable.

The pure shear condition can be simulated with the strip model by using an
equivalent strain energy approach. By equating the elastic strain energy resulting from
a panel shear resisted in pure diagonal tension to the elastic strain energy resulting
from the same panel shear resisted in pure shear, an effective plate thickness can be
determined for use in the strip model. Timler and Kulak (1983) showed that the
elastic strain energy in a panel approximated as a series of discrete diagonal tension

strips (the strip model) can be written as:
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2EtL cos®a sin? o

[9.5]

[+

where the variables are as defined in the list of symbols. However, if the panel

behaves in pure shear, the elastic strain energy as an integral over the plate volume is:

Thy
U, =L dVol [9.6]

The panel shear stress, Tyy» 1S constant over the volume and is equal to the panel
shear, V, divided by tL. The volume of the panel is given by tL hy. Therefore,

Eq. 9.6 can be re-written as:

U, = J [9.7]

Equating U; in Eq. 9.5 to U, in Eq. 9.7 and referring to the panel thickness for the

pure diagonal tension case as the effective panel thickness, t, :

2 2
2Et, L\::os};soc sin? o B 2VG ?;4 8]
Solving for %he effective panel thickness:
fe = E cosz(f;ctsin2 o -1
Assuming a Poisson’s ratio of 0.3 for steel, the relationship between E and G is:
E=26G [9.10]

Therefore, the effective panel thickness can be written as:
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where t is the actual plate thickness and o is the angle of inclination of the tension
field from the vertical. As shown in Fig. 9.13, within the usual range of o values for
steel plate shear walls (say, o =40° to o =50"), the effective thickness is always
about 1.55 times the actual thickness. However, even with this increase in stiffness in
the model, the behaviour is still less stiff than that of the test specimen. This indicates

that other phenomena are present that increase the stiffness of the structure.

Although the compression field in the infill plate has limited effectiveness,
there are zones in two opposite corners (where the compression diagonals
perpendicular to the tension field are short) that can support significant compressive
loads. This region provides additional stiffness that is not present in the strip model.
Taking an effective width approach, a portion of the infill plate in the corners could
be modelled as pin-ended compression struts. Judgement is required in determining
the effective width of the compression band and further research would be required to

determine whether the effect of this stiffened region is significant.

Another stiffening phenomenon that is not included in the strip model is the
increase in axial stiffness of the tension column afforded by the continuous infill plate
along its boundary. Some portion of the plate acts with the column in resisting the
tension as a result of overturning moments, thereby increasing the shear wall stiffness.
Because the tension area of even relatively thin plates can be a significant fraction of
the adjacent column area, the stiffening effects could be appreciable. The strip model
could be modified by adding vertical strips in the region of vertical tension in order to

model this phenomenon.

A further source of stiffening is the presence of strain hardening, which has
been neglected. As each tension strip yields, it is removed from the model and

replaced by forces equal to the yield force. For higher loads, these strips have no axial
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stiffness. Similarly, modelled plastic hinges do not accept additional moments when
the material reaches the hardening strain. However, except for localized effects,
strains as high as the hardening strain are not expected to occur at low loads, which is

where the shear wall stiffness is underestimated by the model.

The foregoing discussion summarizes characteristics of steel plate shear wall
behaviour that are not represented in the simplified strip model. The results presented
in Figs. 9.2 to 9.6 clearly demonstrate that these characteristics do not have a
significant effect on the ultimate strength: it is predicted very well by the model in all
cases. However, these characteristics may be significant at lower load levels. It is
postulated that the higher initial stiffness exhibited by the test specimen comes from a

combination of the characteristics described in this section.

9.6 Summary

The strip model provides a relatively simple means of predicting the envelope
of load vs. deflection curves for a steel plate shear wall loaded cyclically into the
inelastic region. The procedure can be conveniently performed using a personal

computer and any commercial plane frame analysis computer program.

The basis of the model is the representation of the tension field in the thin
infill panels as a series of discrete, pin-ended diagonal tension strips. It was
determined that, within the scope of this study, the angle of inclination of the tension
strips has little effect on the overall behaviour, providing it does not vary significantly
from 45°. As yielding in the strips occur, they are removed from the model and
replaced by forces equal to the yield force of the strip. Plastic hinges are also
modelled so as to simulate the softening of the surrounding frame. Good agreement
with the test results was achieved for each of the panels and for the shear wall as a

whole. However, the initial stiffness of the steel plate shear wall test specimen is
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consistently underestimated by the model. Several phenomena have been described

that might account for this moderate discrepancy.

Two methods are also presented in this chapter for predicting the hysteresis
behaviour of steel plate shear walls, thereby reflecting the energy dissipation of the
system. They are both based on the results of a monotonic strip model analysis, an
analysis of the moment-resisting frame acting alone, and several assumptions
regarding hysteresis behaviour. One method is that presented by Tromposch and
Kulak (1987), which was based on a model developed by Mimura and Akiyama
(1977). Also presented is a proposed new model that explicitly separates the
contributions of the moment-resisting frame and the infill panel at all stages of the
lbading cycle. The amount of energy dissipation predicted by the proposed model for
cycles at three different levels of deformation showed very good agreement with the

test results and resulted in an improved estimate over the previous model.

The agreement of the analytical results outlined in this chapter with the test
results validates the procedures presented. The strip model, combined with the
proposed hysteresis model, provides an effective means of predicting the complete
cyclic behaviour of steel plate shear walls and of comparing different shear wall

configurations.
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Fig. 9.3 Comparison of Strip Model Analyses with Test Results — Panel 2
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10. EVALUATION OF STRAIN DATA

10.1 Introduction

Figure 6.5 shows the locations of the 98 strain gauges used in the test. Thirty
of the gauges were in the form of ten 45° strain rosettes and the others were linear
gauges. In this chapter, the strain data from the lower two storeys of the steel plate
shear wall specimen are discussed. Comparisons are made to the finite element results

and to strip models with tension strips inclined at 42° and 50° from the vertical.

Section 10.2 reports the analyses of the strain data for the boundary members
in each of Storeys 1 and 2 at two load levels. (Storey 1 includes the columns in the
lowest storey and the beam at Level 1. Similarly, Storey 2 includes the columns
between Levels 1 and 2 and the beam at Level 2.) For each storey, the greater load
level selected is near the limit of elastic behaviour for the most highly strained gauge
location in the group considered. Another, lower, load level is also considered for
each storey. In this case, the same load level is used for each of the two storeys. The
base shears selected for Storey 1 are 2021 kN and 994 kN and those for Storey 2 are
2570 kN and 994 kN. For convenience, base shears of 994 kN, 2021 kN, and 2570 kN
are referred to in the subsequent discussion Vas low, medium, and high load levels,
respectively. For the data collected from the rosettes affixed to Panel 2, all three load

levels are discussed. This information is reported in Section 10.3.

The test results from the low, medium, and high load levels were extracted
from the data obtained during Cycles 7+, 11+, and 14+, respectively. This means that
the forces applied at the four floor levels are oriented in a westerly direction. In each
case, the material at the relevant strain gauges remained elastic throughout its strain
history up to the load level considered. The finite element and strip model results are
taken from a monotonic loading case up to the load level considered. Second-order

geometric effects are included in the analyses.
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10.2 Beam and Column Strains

Comparisons of the strain data from the test with the numerical model
predictions for the beams and columns are made in the form of bending moments and
axial forces. Figures 10.1 to 10.6 show the bending moments in each member and
Figs. 10.7 to 10.12 show the axial forces, each at two load levels. Bending moments
are plotted on the compression side of the member, axial tension is designated as
positive, and axial compression is considered negative. For ease of comparison, the
same scale is used for all plots for each member type (beam or column). All plots
represent the clear extent of the members, that is, the beam-to-column joint regions

are excluded from the member length.

In order to determine the axial force and bending moment from the strain
gauges at a particular cross-section, uniaxial bending was assumed. Therefore, the
readings from the two gauges on each flange were averaged to obtain the strain at the
outer surface of each flange. Between these two points, a linear strain distribution is
assumed. The mean measured value of the modulus of elasticity (see Chapter 5) was

used to determine the associated stresses.

The bending moment diagrams resulting from the strip model analyses show a
linear variation between tension strip nodes (Figs. 10.1 to 10.6), whereas the axial
force diagrams are stepped (Figs. 10.7 to 10.12). This occurs only because of the
discretization of the infill plate into a number of tension strips. These features of the
curves (cusps and steps) are therefore dependent upon the number of strips used and
their locations. However, it is recognized that the real structure would not exhibit

these localized features.

Figures 10.1 and 10.2 show the bending moments in the east and west
columns of Storey 1. In each case, and at both the low and the medium load levels,
the bending moments predicted by all models near the top of the column agree well

with the test values. The predicted moments near the bottom of the columns are
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generally much higher than those measured, although the general trend from very
small moments at the top to much larger moments at the bottom is evident in all
cases. The shape of the curves from the finite element model and the strip models are
similar, but in all cases the finite element model gives the closest agreement with the
test results. Furthermore, the difference in the shapes of the curves for the two
columns reflects the fact that where the infill plate is on the tension side of the
column (in this case, the west column), it tends to significantly restrain the rotation of
the column at the base. The agreement of the finite element results with the test
results for the west column at the medium load level is excellent. In all other cases,
where the measured bending moments near the column bases are lower than
predicted, it appears that the infill plate in the test specimen helped restrain the
rotations of the columns at their base more effectively than was modelled by the

numerical analyses.

Figures 10.3 and 10.4 show the bending moments in the east and west
columns of Storey 2. The bending moments near the top of the columns are predicted
reasonably well by all models, although the finite element model consistently gives
the best results. The moménts near the bottom of the two columns considered are
predicted with varying degrees of success. The best prediction in this region is by the
finite element model at the low load level for the east column. The bending moment
is significantly overestimated by all models near the base of the west column at the
high load level. Because the infill plate is modelled only as a series of discrete tension
strips in the strip model, the resulting tension forces are higher than would be present
from the tension field in the actual continuous infill plate. This is reflected in the
figures by bending moments at the mid-height of the columns that are significantly
larger than those exhibited by the finite element model. There is also no evidence of
these large bending moments in the test specimen, although the data available are near
the column ends only. In general, the magnitudes of the measured moments are

relatively small in the columns of Storey 2, which is consistent with the observed
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deformed shape that exhibited a reversing curvature near Level 2. This deformed
shape is typical of shear wall structures and confirms the effectiveness of the infill

plates in contributing to the behaviour of the shear wall.

Figures 10.5 and 10.6 show the bending moments in the beams at Levels 1
and 2. All of the models predict similar moment curves, although the finite element
model generally shows the best agreement with the test results. The trend is from a
positive moment at the east end of the beam to a negative moment (or a lesser
positive moment) at the west end. This is what would be expected from a moment-
resisting frame loaded in the same manner. However, the values of moments are
relatively small. At the load levels investigated, the maximum ratio of measured
moment to plastic moment of the beam cross-section is only about 0.1. This indicates
that the contribution of beam bending to the stiffness of the shear wall is relatively
small and that the specimen behaved more like a wall than a frame when the tension
field was well developed. However, the strip model implies a higher dependence on
frame action. This is manifested by larger moments at the beam ends as compared

with the finite element model and the test results.

The measured bending moments are small at all locations of the moment
frame, with the exception of the column bases. This supports the evidence (such as
the low degree of yielding in the beam-to-column joint panel zones reported in
Section 7.3) that the infill panels significantly reduce the demand on the moment-

resisting frame.

Figures 10.7, 10.8, 10.9, and 10.10 show the axial forces in the east and west
columns of Storeys 1 and 2. The measured compression forces in the west column
and tension forces in the east column are greater at the base of the columns than at the
top. Furthermore, the differences between the forces at the top and bottom increase as
the applied horizontal load increases. These characteristics reflect the transfer of the

vertical component of the tension fields to the columns and their contributions to the
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axial force distributions. In this respect, the models provide a reasonable prediction of
the trends of the curves, but the actual values are predicted satisfactorily only in some
of the cases. The ability of the models to predict the trends indicates that they model
adequately the transfer of the vertical component of the tension field to the columns.
The best results are from the finite element model for the east column in Storey 1
(Fig. 10.7), where both the trends and the particular values are predicted well. In all
other cases, the compression forces in the west column are lower than predicted by
the models and the tension forces in the east column are greater than predicted. (The
lower tension forces in the east column are, in fact, occasionally compression forces.)
This is consistent with the observation above that in the strip model the tension forces
in the strip are greater than would be expected in the tension field of the actual infill
plate. The variation in column axial forces from the top to the bottom are, thus,
necessary for vertical static equilibrium. The predicted values are consistently closer
to the measured values for the east column than for the west column at the same load

level.

Figures 10.11 and 10.12 show the axial forces in the beams at Levels 1 and 2.
In general, these forces are predicted reasonably well by the finite element model.
However, the compressive forces are consistently overestimated by the strip model.
This is due to the steep moment gradients (high shear forces) in the columns of
Storeys 2 and 3 adjacent to the beams, which arise from the high tensile forces in the
strips. These steep moment gradients are not present in the finite element results and,

of course, are not expected to be present in the actual structure.

It should be noted that although the finite element model consistently gave
better agreement with the test results than the strip model, the simpler strip model
tended to produce conservative estimates of the member forces. This applies to all of
the bending moments and the compressive axial forces in both the columns and the
beams. The underestimate of the tensile column forces (in this case, in the east

column) is not likely to be detrimental because the design forces would be established

198



from the case where the loading occurs in the opposite direction and the column is in

compression.

10.3 Panel 2 Strains

Figure 6.5 shows the location of the strain rosettes affixed to Panel 2. In each
location, rosettes were used on both sides of the panels and the associated readings
were averaged to account for the effect of local plate bending. Stresses through the
thickness of the plate are assumed to be negligible. For convenience of reference, the
rosette pairs are numbered from 1 to S in Fig. 6.5. Results from the rosettes were
sampled at the low, medium, and high load levels, as described in Section 10.1.
Comparisons are made only with the finite element model because in the strip model

the plate is not modelled as continuous in two directions.

Table 10.1 presents the major and minor principal stresses (o; and o,,
respectively), the major principal stress direction (o, angular measurement from the
vertical), and the maximum shear stress (T,,,, ). The stresses are determined from the
strain measurements using the mean measured value of the modulus of elasticity of
the plate material, presented in Chapter 5. Results are shown at the five rosette
locations for each of the three load levels, with one exception: the results of Rosette 3
are not presented at the high load level because one of the strain gauges had ceased to

function properly. Tensile stresses are positive and compressive stresses negative.

In general, the angle o tends to decrease from the location of Rosette 1 to
Rosette 5. As the horizontal loads increased from the low load to the high load level,
the angle o determined from the test data stayed virtually constant for Rosettes 1 and
2 and decreased for Rosettes 3 to 5. This trend was reversed in the finite element
results, where the angle stayed virtually constant for Rosettes 3 to 5 and decreased for
Rosettes 1 and 2. Nevertheless, the decreases in angle described above were seldom

more than 10° and the finite element model predicted the orientation of the principal
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stresses adequately in most cases. A possible reason for any discrepancy between the
test and predicted results is the fact that the fish plate connection was not included in
the finite element model. The strain rosettes were mounted only 100 mm from the
inside edge of the fish plate, and this may have had an effect on the state of stress in

the region.

The predicted values of the principal stresses show good agreement with the
test results in some cases and relatively poor agreement in the remainder. The
predicted major principal stress magnitude is in all cases higher than the test value
and the predicted minor principal stress magnitude is lower than the test value in

nearly all cases. However, the predicted maximum shear stress, T equal to one

max *
half the algebraic difference between the major and minor principal stresses, is in
good agreement with the test values in most cases. The mean test/predicted ratio is
0.97 and the coefficient of variation is 0.16. This good agreement for the maximum
shear stress indicates that although the principal stresses are not predicted well, the
finite element model tends to underestimate the minor principal stress magnitude and
to overestimate the major principal stress magnitude by a similar amount. Therefore,
the stiffness of the infill plate in the direction of the minor (compressive) principal
stress is greater in the test specimen than in model in the region near the edge of the

panel where the strains were measured. This is likely due to the stiffening effect of the

thicker fish plates that are not present in the model.

The test results also show that the minor (in this case, compressive) principal
stresses can be very significant, a feature that is not fully represented by the finite
element model and is neglected by the strip model entirely. Moreover, the magnitude
of the experimental compressive principal stress is greater than that for the tension
principal stress in virtually all cases considered. These results indicate that although
the infill plates are relatively thin, considerable compressive stresses can be sustained

near the panel corners, partly because of the stiffening effect of the fish plates. This
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provides an additional mechanism that contributes to the shear resistance and stiffness

of the panel.

10.4 General Discussion

The models predict the test results well in some cases and rather poorly in
others. One location where the test results are not predicted particularly well by the
finite element model is at the base of the shear wall. The bending moment at the base
of the east column and the axial force in the west column are both predicted to have
higher magnitudes than those determined from the measured strains. This applies to
both the low and medium load levels. In order to gain an understanding of the
consequence of this, the internal forces were examined in the columns and infill plate
at the elevation of the lowest set of strain gauges, which were positioned 300 mm

above the base plate.

Since the axial forces and bending moments in each column are known for
both the finite element model and the test results at each load level, the net vertical
force and bending moment in the infill plate can be determined simply by the
application of the equations of global static equilibrium. These calculated force
effects are shown in Table 10.2. As a check on the resulting forces, and to investigate
the actual stress distribution across the infill plate at this elevation, the vertical
stresses from the finite element analysis were plotted. These curves are shown in
Fig. 10.13 for both the low and medium load levels. Numerical integration of the area
under the curves leads to the net vertical force and bending moment present in the
infill plate at that elevation. Based on this information, as well as the axial forces and
bending moments in the columns at the same elevation, an overall statics check can
be performed. This calculation indeed shows that the equations of static equilibrium

are satisfied at each load level in the finite element analysis.
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The general features of the two curves in Fig. 10.13 show several distinct
similarities. In the region of the tensile stresses, the stress distribution is relatively
uniform, with a slight undulation that reflects the buckled configuration of the plate.
In the compression zone, the stress gradient is steep and the compressive stresses
adjacent to the column flange are relatively high. Furthermore, the neutral axis occurs
at approximately the same location in each case. The stress magnitudes merely

increase with increasing load applied to the structure.

The stress distributions across the plate are in stark contrast to those that
would be expected in the web of a beam in bending, when the web is relatively
stocky. In that case, the web would have a linearly varying elastic stress distribution
ffom one edge to the other. The net force in the web would be compressive because of
the applied compressive axial load (the gravity loads). The force effects that would
result in the infill plate under these circumstances are also shown in Table 10.2 for

comparison.

Although the stress distribution in the infill plate of the test specimen cannot
be uniquely determined, certain qualitative statements can be made. Table 10.2
indicates that at the low load level, the axial force and bending moment in the infill
plate are better predicted by elastic beam theory than by a finite element analysis.
However, at the medium load level, the vertical force is approximately equal to the
force determined from the finite element analysis, whereas the moment is more
similar to the moment resulting from elastic beam theory. This implies that the true

behaviour lies between the two predictive models.

The infill plate in the test specimen resists significantly more of the
overturning moment than predicted by the finite element model, as shown in
Table 10.2. It is likely that improved agreement would result had the fish plates been
included in the model. The stiffening effect of the fish plates would lead to higher

stresses than those predicted adjacent to the columns. Because of the large moment
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arm from these regions to the shear wall centreline, significantly larger bending

moments would result, with a relatively small increase in stress.

Another factor may have had an effect on the comparisons between the
analytical and test results. This is the fact that the physical test specimen had
undergone numerous loading cycles prior to the sampling of the data presented,
whereas the data for the numerical models are from a monotonic loading case.
Although load levels were selected such that inelastic straining had not occurred at
the locations where the strains were measured, such straining could have occurred in
other locations. This may have resulted in a redistribution of stresses from the elastic
case. Furthermore, some damage (such as small undetected plate tears) may have
accumulated in the test specimen that was not modelled, although this effect is

expected to be small.

Residual stresses may also have had an effect on the results. Residual stresses
were included in the boundary members of the finite element model, but those in the
infill plate that result from weld shrinkage around the perimeter of the panel were not
included. Residual stresses were not included in the strip models. The presence of

residual stresses affects the load level at which material yielding occurs.

10.5 Summary

A large amount of data was collected from the strain gauges affixed to the four
storey steel plate shear wall test specimen. Longitudinal gauges were used to measure
strains in the flanges of the beams and columns and strain rosettes were used to
measure the state of strain in Panel 2. Results at three load levels were compared to

the results obtained from the finite element model and the strip model.

It was found that the moments and axial forces in the boundary members were
predicted well by the numerical models in some cases, but rather poorly in others.

Generally, the finite element model predicted the test results better than the strip
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model. In almost all cases, the two models displayed the same trends in the bending
moment and axial force diagrams. The strip model tended to produce conservative

estimates of the member forces for design.

The orientation of the principal stresses in Panel 2 were predicted well by the
finite element model in most cases. Discrepancies are attributed, at least in part, to the
fact that the strain rosettes were placed relatively close to the fish plate connection,
which is not included in the model. Although the principal stress magnitudes
generally differed from the predicted values, the maximum shear stresses showed
relatively good agreement with the test results. Although the infill plates are relatively
thin, they can develop significant compressive stresses in the corners that contribute

~ to the strength and stiffness of the shear wall.
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Table 10.2 Force Effects at Base of Panel 1

Low Load Medium Load
Axial Force | Moment | Axial Force| Moment
(kN) (kNm) (kN) (kNm)
Test Results -327 648 487 747
Finite Element 14 78 463 224
Elastic Beam Theory -411 481 -409 973
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11. SUMMARY, CONCLUSIONS, and RECOMMENDATIONS

11.1 Summary

This research project consisted of three main components: a physical testing
programme, a finite element study, and an analytical study based on simplified
models. In addition to providing a means of assessing the performance of steel plate
shear walls subjected to severe cyclic loading, the test results were used to confirm

the validity of the numerical models.

A four storey, single bay steel plate shear wall with unstiffened infill panels
and moment-resisting beam-to-column connections was tested under a sequence of
loading intended to simulate a severe seismic event. Gravity loads were applied to
each column and equal cyclic in-plane horizontal loads were applied at each floor
level. The cyclic deflection amplitudes were gradually increased according to the
recommendations outlined in ATC-24 (Applied Technology Council 1992) until
significant degradation of the shear wall was evident. The test specimen was able to
resist increasingly higher loads in each successive cycle until a deflection of five
times the deflection corresponding to the point of first significant yielding was
reached, after which degradation of the load-cérrying capacity was gradual and stable.
The cycle in which the peak capacity occurred coincided approximately to that in
which plate tears and local column flange buckling began to take place in the lowest
storey. Prior to failure of the specimen, a deflection in the lowest storey of nine times
the yield deflection had occurred. The test specimen proved to be initially very stiff,
showed excellent ductility and energy dissipation characteristics, and exhibited stable

behaviour at very large deformations and after many cycles of loading

Prior to conducting the four storey test, a large-scale specimen that
represented a corner of one shear wall panel was tested. Thirty-five cycles of loading

were applied in order to evaluate the performance of the corner connection detail
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planned for use in the main test. The detail exhibited no significant deterioration and
the detail was incorporated into the four storey specimen. Other ancillary tests
included an evaluation of residual stresses in the shear wall frame members and a

series of material tests on the members and infill plates.

A finite element model for steel plate shear walls was developed that used
quadratic beam elements to represent the beams and columns and quadratic plate/shell
elements to model the infill plates. As-built dimensions and measured material
properties were incorporated into the model. An estimate of the initial out-of-flatness
of the panels and the residual stresses obtained experimentally were also included.
Because of the difficulty in achieving a solution when geometric non-linearities were
included in the model, they were excluded for both the monotonic ultimate strength
analysis and the cyclic analysis. In order to assess the effect of this on the model
response, a comparative monotonic analysis that included geometric non-linearities
was conducted up to a point where significant yielding had occurred and severe
difficulties were encountered in achieving convergence. The non-linear analysis was
found to be in excellent agreement with the experimental data, while the analysis that
excluded the geometric non-linearities tended to overestimate the initial stiffness
somewhat. However, the full response analysis (with the geometric non-linearities
excluded) resulted in an excellent prediction of the ultimate strength. The cyclic finite
element analysis was performed using a kinematic hardening rule. The analytical
results agreed well with the test data in most respects, but because the non-linear
geometric effects were neglected the response of the model did not display the

moderate degree of pinching seen in the response of the test specimen.

The strip model, originally presented by Thorburn et al. (1983), was used to
predict the envelope of cyclic curves obtained in the test. Inelastic behaviour in both
the inclined tension strips and in the frame members was modelled. Although the
model slightly underestimated the elastic stiffness of the test specimen, excellent

agreement was obtained with the experimentally observed ultimate strength.
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Two methods were presented for predicting the hysteretic behaviour of steel
plate shear walls. A method proposed by Tromposch and Kulak (1987), which is
based on a model developed by Mimura and Akiyana (1977), and a proposed new
model were used to predict the behaviour of the four storey test specimen. The
proposed model, which is based on combining the individual contributions of the
moment-resisting frame and the infill panels, resulted in improved estimates of the

amount of energy dissipated.

11.2 Conclusions and Recommendations

The four storey steel plate shear wall test specimen exhibited excellent
performance. The hysteretic behaviour, shown in Fig. 7.1 for Panel 1, indicates that
the shear wall configuration tested possesses an extremely high degree of ductility.
This quality is generally considered to be one of the most important for structures
subjected to seismic loading. Even at the end of the test, the main ductile component
of the shear wall—the infill panel—was still able to carry shears nearly equal to those
resisted at the ultimate load level. The hysteresis curves were also very stable
throughout the response and they did not show any sudden drops in capacity. The
post-ultimate degradation was gradual and controlled and significant degradation
occurred only after a large number of diéplacement cycles and at very large
deflections. Furthermore, the amount of energy dissipated during the loading cycles
was significantly greater than that shown by similar shear walls but with shear-type
beam-to-column connections (Tromposch and Kulak 1987). The amount of energy
dissipated also increased steadily with each cycle of increased deflection. Based on
the results of this large-scale four storey test, it is concluded that the steel plate shear
wall configuration tested represents an excellent lateral load-resisting system for

seismic loading.

It was shown in Chapter 7 that the force modification factor, R, in the

National Building Code of Canada (NBCC 1995a) for a lateral load-resisting system
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can be derived from experimental data. Two possible means for determining this
factor were presented. The definition of the force modification factor that is implied
by the method prescribed for calculating inelastic deflections in the National Building
Code led to a value of R =10, whereas a more conservative alternate approach led to
a value of R = 6. The current value of the force modification factor for “ductile steel
plate shear walls” in the National Building Code is R = 4.0, equivalent to the value
assigned to ductile moment-resisting frames and ductile eccentrically braced frames.
Based on the experimentally derived values and the excellent energy dissipation
characteristics exhibited by the test specimen, it is concluded that the value of
R =4.0 in the National Building Code for “ductile steel plate shear walls” is very

conservative.

When the test specimen reached deflections greater than five times the
significant yield deflection, a gradual decrease in capacity occurred. This degradation
was from a combination of small tears that formed in the infill plate and local
buckling of the column flanges. In Chapter 7, it was noted that design codes tend to
limit inelastic deflections to values that generally do not exceed an equivalent of 4.5
times the yield deflection in the case of the shear wall specimen. Therefore, it is
concluded that in a properly designed steel plate shear wall structure, significant
degradation as a consequence of plate tearing and local buckling is unlikely to occur

in a design earthquake.

Towards the end of the test, where large deflections were imposed, severe
local flange buckling occurred in the columns of the lowest storey immediately above
the base and also below the beam at Level 1. Under dynamic earthquake loading, this
condition could occur in other storeys. It is recommended that even for Class 1 cross-
sections, column flanges be stiffened to prevent local buckling due to a potential
overload at locations in the frame where an analysis indicates that fully plastic
behaviour will occur. In any case, the interface between the shear wall and the

foundation is effectively an abrupt change in stiffness of the lateral load-resisting
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system. It was the local buckling deformations at this interface that appear to have led
to the eventual fracture at the base of the west column during the test. Therefore, it is
recommended that in all cases, precautions be taken to prevent local buckling at the
column bases and at other locations of abrupt changes in stiffness. Further research is

required to investigate the most effective means to accomplish this.

Because of the interaction of the shear panel and the moment-resisting frame,
a good estimate of the yield stress of the panel material must be made in order to
produce reliable results from an ultimate strength analysis. Furthermore, the tension
field in the infill panel is anchored by the columns and the beams, and therefore the
stress developed in the panel has a direct impact on the demands on the boundary
members. However, the yield stress of structural steel can exceed its nominal value by
a considerable amount. Therefore, to prevent overstressing the frame members due to
an unexpected material overstrength, it is recommended that both a minimum and a
maximum yield stress be specified for the infill plates in construction documents. An
alternative would be to conduct pairs of analyses using likely minimum and

maximum values of the yield stress.

Both the finite element model and the strip model gave excellent predictions
of the ultimate capacity of the test specimen. The best prediction of the elastic and
initial inelastic response was obtained through the use of the finite element model
with non-linear geometric effects taken into account. Furthermore, the finite element
model gave the best predictions of the internal member forces. Therefore, it is
recommended that for research purposes a finite element model including geometric
non-linearities be used to obtain accurate results. This method can also be used by

structural design offices that have the appropriate computing resources.

Although the strip model tended to underestimate the elastic stiffness of the
shear wall specimen by a small margin and was somewhat less accurate in predicting

internal member forces than the finite element model, the results were still considered
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to show generally good agreement with the test data and to produce conservative
results for design. Therefore, it is recommended that for design purposes the strip

model be used to predict the monotonic response of steel plate shear walls.

It was found that the hysteresis model presented by Tromposch and Kulak
(1987) generally led to reasonable predictions of the amount of energy dissipated by
the test structure. However, a new hysteresis model has been proposed that results in
improved estimates of energy dissipation and offers the ability to isolate the
respective contributions of the shear panels and the moment-resisting frame at all
stages of the cycle. It is recommended that the proposed new hysteresis model be used

to predict the hysteretic response of steel plate shear walls.

11.3 Recommendations for Future Research

The results of the large-scale four storey steel plate shear wall test described
herein represent a significant advance in the understanding of the behaviour of these
structures under severe cyclic loading. However, additional experimental
investigations would be useful for the further study of certain aspects. For example,
more detailed experimental data should be obtained about moment-resisting joints in
steel plate shear walls to confirm the assertion that the presence of infill panels allows
great ductility without severe demands on the frame joints. Because the storey shears
are resisted largely by the stiff infill panels, beam-to-column joint demands tend to be
less severe than for moment-resisting frames without infill panels. Measured joint
moments were relatively small in all cases and no signs of joint distress were
observed. This was supported by the observation that very little yielding occurred in
the joint panel zones of the test specimen, even at large deflections. However, the
possibility of a need for some of the special joint detailing requirements
(FEMA 1995) to prevent failures of the kind that took place in the 1994 Northridge
earthquake should be investigated further.
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The infill plate in Panel 1 maintained its integrity throughout the test despite
the large deflections and the large number of cycles imposed. This suggests that
means to prevent the severe local buckling that led to the fracturing of the column
should be studied in order to enhance the ductility of the system even further. It is
likely that there are cost-effective ways to delay further the degradation of steel plate

shear walls associated with local buckling of the column flanges.

Steel plate shear walls with nominally ductile moment-resisting frames and
those with shear-type beam-to-column connections—assigned values of R = 3.0 and
R =20, respectively (NBCC 1995a)—should be tested in a similar manner to the
shear wall test conducted during this research to determine the appropriateness of
these values. It is likely that these force modification factors are conservative
representations of their actual performance. It might also be found that the current

requirements for achieving R = 4.0 may be relaxed, resulting in economies.

In order to allow for the passage of electrical and mechanical services through

steel plate shear walls, the effect of panel penetrations should be investigated.

The finite element model developed during this research gave an excellent
prediction of the ultimate strength and, when the effects of geometric non-linearities
were included, was also able to give a good prediction of the elastic and initial
inelastic response and the internal member forces. Additional work is required to
refine the model such that the complete response can be traced with the inclusion of
the non-linear geometric effects. It is likely that this would also lead to improved

predictions of the hysteretic behaviour.

This study supports the use of the strip model as a relatively simple means of
analysing the monotonic behaviour of steel plate shear walls. However, the
discretization of the panel into a series of strips results in a moderate underestimation

of the stiffness of the shear wall. It is desirable to develop a means of accounting for
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the small but significant effects of the compressive stresses in the panel that tend to
stiffen the shear wall. It is suggested that this may also result in improved estimates of
the internal column and beam forces. However, the method must be relatively easy to

implement so as not to detract from the advantages of the simplicity of the model.
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